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Abstract 

The research presented in this thesis describes the seismic assessment of 

perforated unreinforced masonry (URM) walls subjected to in�plane loading 

through accurate analysis of the wall lateral capacity and seismic demand.  

Current assessment methods for determining the capacity of perforated URM walls 

loaded in�plane, as outlined in the New Zealand guideline document (NZSEE 

2006), are based on the assumption of infinitely rigid spandrel elements. From 

observations of damage after the 2010/2011 Canterbury earthquake sequence, this 

assumption has been proven to be invalid for certain perforated wall geometries. 

The research reported in this thesis was conducted with the primary aim of 

developing a practitioner focused assessment tool that accurately captured the 

global and local response of a perforated URM wall, with an emphasis placed on 

defining the influence of the spandrel geometry on the system level response of 

perforated URM walls responding in�plane. 

Pseudo�static cyclic testing of six full�scale pier�spandrel substructures and a two 

storey half�scale isolated perforated URM wall was conducted to investigate the 

variables which control spandrel failure mode and the influence of spandrel failure 

on the lateral capacity of multi�storey URM walls. Testing showed that the 

behaviour of the spandrel has a significant effect on the failure mode of the piers 

and hence the strength, stiffness and energy dissipation capacity of the system.  

A non�linear Equivalent Frame modelling method for perforated URM walls using 

the structural analysis software SAP2000 was appropriately validated using 

modelling results and experimental data. Spandrel behaviour was included within 

the modelling through the use of a moment�axial failure domain and a shear�axial 

relationship. 

Finally, a modified linear elastic procedure for assessing the demand on the in�

plane loaded walls of URM buildings with flexible diaphragms was developed and 

validated through the use of non�linear time history modelling. 
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Notation 

Roman 

�� Distance between inertia centre and compression edge of a pier mm 

a Ground acceleration m/s2 

A Gross cross�sectional area mm2 

Aveff Effective shear area mm2 

Av Shear area mm2 

bp Width of pier out�of�plane mm 

bs Width of spandrel mm 

bw Width of wallette mm 

B Width of diaphragm m 

c Cohesion MPa 

�̅ Reduced cohesion MPa 

C1 Modification factor to relate expected maximum inelastic 

displacement to that calculated for linear elastic response 

� 

C3 Modification factor to represent increased displacements due to 

dynamic P�delta effects 

� 

C(T) Elastic site hazard spectrum � 

Cd(T) Horizontal design action coefficient  

Ch(T) Spectral shape factor � 

c.o.v Coefficient of Variation % 

d Displacement mm 

de Elastic displacement from bilinearisation mm 

dmax Maximum displacement corresponding to a 20% strength loss mm 

du Ultimate displacement from bilinearisation mm 

dVmax Test unit displacement at Vmax mm 

Dcrack Lateral displacement at first cracking mm 

Ds Depth of spandrel  mm 

E Young’s Modulus MPa 

ED Energy dissipation by damping kNmm 

Emx Young’s Modulus of masonry in the horizontal direction MPa 

Emy Young’s Modulus of masonry in the vertical direction MPa 
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f’b Compressive strength of bricks MPa 

fbt Direct tensile strength of bricks MPa 

fc Average axial compression stress on a pier MPa 

fdt Diagonal tensile strength of masonry MPa 

f’j Compressive strength of mortar MPa 

f’m Compressive strength of masonry MPa 

ftu ‘Equivalent’ tensile strength of a URM spandrel MPa 

g Acceleration due to gravity m/s2 

g Diagonal gauge length mm 

G Shear Modulus MPa 

Gd Shear stiffness of diaphragms kN/m 

heff Effective height of pier mm 

hp Height of pier mm 

hw Height of wallette mm 

�� Interstorey height mm 

Ho Effective pier height accounting for boundary conditions (Ψ’.hp) mm 

Hp Tensile capacity of the tensile resistant element within a 

spandrel 

kN 

I  Moment of inertia mm4 

Icr Cracked moment of inertia mm4 

Ig Gross moment of inertia mm4 

Ieff Effective moment of inertia mm4 �∗  Generalised stiffness  

kc Reduction factor applied to moment of inertia to account for lost 

cohesion 

� 

KB Elastic stiffness determined from bilinear idealisation of 

experimental data 

kN/m 

Ke Elastic stiffness of bilinear model kN/m 

KM Elastic stiffness determined from experimental testing kN/m 

KSAP Elastic stiffness determined from SAP2000 modelling kN/m 

��� Effective length of a rocking pier/wall (assumed to be 10% of Lp) mm 

L Span of the diaphragm m 

Ls Length of spandrel  mm 

Lp Length of pier in�plane mm 

lw Length of wallette mm �∗  Generalised mass  ��   Mass per unit length kg/m 

MOR Modulus of Rupture MPa 
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Nb Axial force at the base of the pier kN 

P Applied force to wallette kN 

PD Super�imposed dead load at the top of a pier kN 

t Time s 

Ti The period of the diaphragm at storey i s 

Ts The characteristic period of the design spectrum s 

Tw Period of the in�plane loaded wall s 

V Applied lateral force kN 

Vb Shear strength corresponding to diagonal tensile failure kN 

Vcrack Base shear at first crack kN 

Vd Shear force transferred from the diaphragm kN 

Vdi Shear force transferred from the diaphragm at level i kN 

Vmax Maximum base shear kN 

Vn Nominal shear strength kN 

Vr Shear strength corresponding to the onset of rocking kN 

Vs Shear strength corresponding to sliding kN 

Vu Ultimate base shear from bilinearisation kN 

Vw Horizontal seismic shear force induced in the in�plane loaded 

wall 

kN 

Wd Total seismic weight tributary to the diaphragm kN 

Ww Total self�weight of the in�plane loaded wall kN 

z Distance from extreme compression fibre to the line of action of 

the normal force (N) 

mm 

 

Greek 

α Aspect ratio  � 

αv Shear ratio � 

Αw Modification factor for period of diaphragms to account for out�

of�plane wall stiffness 

 

� Shear strain � ∆   The maximum in�plane deflection of the diaphragm, due to a 

lateral load in the direction under consideration equal to the 

weight tributary to the diaphragm 

m 

∆!!  Mid�span deflection for a fixed�fixed ended flexural beam m ∆#!  Mid�span deflection for a pin ended flexural beam m ∆$%  Mid�span deflection for a shear beam m ∆� Horizontal extension mm 
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∆& Vertical extension mm ∆' Length of a single brick mm ∆( Height of a single brick mm 

)� Compression strain � 

)* Tension strain � 

θ Drift % 

+����� Drift associated with first cracking % 

+��' Drift at maximum lateral force % 

κ Coefficient to account for stress distribution � 

μ Coefficient of friction � ,̅ Reduced coefficient of friction � ,- Displacement ductility � 

,) Strain ductility � 

η Ratio of ‘equivalent’ spandrel tensile strength to masonry 

compressive strength in the horizontal direction 

� 

ξ Parameter dependent on aspect ratio � ./0 Equivalent viscous damping ratio � 1 Axial stress perpendicular to the bed�joint MPa 

τ Shear stress MPa 

23 Initial bond strength MPa 

4 Poisson’s ratio � 

ω Frequency rad/s 56 Natural frequency rad/s 

Ψ Factor equal to 1 for cantilevered piers, and 0.5 for fixed�fixed 

boundary conditions 
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Chapter One  

Introduction 

1 Number 

The vulnerability of unreinforced masonry (URM) buildings to partial or complete 

collapse in large earthquakes has been recognised for decades. With a number of 

large earthquakes occurring across the world in the past five years, the poor 

seismic performance of URM buildings has once again been highlighted. On the 

12th of May 2008 more than 216,000 buildings collapsed, killing over 80,000 people, 

following the Wenchuan earthquake. In Dujiangyan alone, approximately 51% of 

all URM buildings collapsed (Su and Zhou 2009). L’Aquila experienced a 

magnitude 6.3 earthquake on the 3rd of April 2009, resulting in the death of more 

than three hundred people, with many being crushed by debris from collapsing 

buildings.  San Gregorio, Onna, Paganica and L’Aquila were closed off to the public 

following the L’Aquila earthquake due to the danger imposed by semi�collapsed 

and unstable URM buildings (Oyarzo�Vera 2009). The Canterbury earthquakes of 

2010 and 2011 highlighted the intrinsic seismic weaknesses of the URM buildings 

in New Zealand, and have caused seismic assessment and retrofit techniques to be 

moved to the forefront of the interests of structural engineers, city councils, and 

building owners. 

In New Zealand, the fragility of URM buildings when subjected to seismic 

excitation was first acknowledged following the 3rd of February 1931 magnitude 7.8 

Hawkes’ Bay earthquake, which struck Napier causing the total collapse of most 

URM buildings within the city’s central business district (Dowrick 1994), as shown 

in Figure 1�1.  Reinforced concrete was primarily used for the reconstruction of the 
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town and the practice of using steel reinforcement to add ductility translated into 

the development of reinforced concrete masonry, in turn leading to the rapid 

decline of URM in New Zealand (Ingham 2008). Unreinforced masonry 

construction was eventually prohibited in 1965 due to the propensity for 

earthquake activity in New Zealand and the recognized vulnerability of URM 

buildings to seismic loading. 

Very few URM buildings were constructed in New Zealand after 1931, meaning 

that the approximately 3700 URM buildings that remain throughout New Zealand 

are over eighty years old (Russell and Ingham 2008).  When compared to the vast 

history of URM construction in Europe, this narrow time period of only fifty five 

years during which URM construction was popular in New Zealand translates into 

a relatively homogenous nature of the national URM building stock, allowing 

assessment tools and the results from experimental programmes to be applicable to 

the majority of URM buildings nationwide.  These seismically at�risk buildings are 

a significant component of New Zealand’s heritage and landmark buildings and 

therefore research into seismic upgrading that does not infringe on their historical 

architectural significance is important. 

 

Figure 1+1 View down Hastings Street, Napier after the earthquake in 1931 

[taken by an unidentified photographer, Alexander Turnbull Library,  

RN: 1/2+002945+F] 
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This doctoral study formed an integral part of the Seismic Retrofit Solutions 

research collaboration that addressed the comparative absence of a national 

platform of knowledge and expertise associated with seismic retrofit or 

rehabilitation of New Zealand’s earthquake risk multi�storey buildings.  This 

research assists in the development and articulation of appropriate 

recommendations and seismic retrofit interventions for unreinforced masonry 

buildings. For the purposes of this doctoral study, unreinforced masonry 

construction is typified by individual solid clay brick units bound together with a 

lime and/or cement based mortar, without the use of tensile reinforcement.  

1.1 Motivation for Study 

This doctoral study coincided with the national implementation of Earthquake 

Prone Building Policies by all Territorial Authority’s policy as required by The 

Building Act 2004. The Building Act 2004 expresses the New Zealand 

Government’s objective for earthquake prone buildings to be improved to 

appropriate seismic standards, or to be demolished. This policy has an overarching 

objective to reduce the risk of injury or death to occupants or damage to other 

property that may result from the effects of an earthquake on buildings: 

“A building is earthquake prone for the purposes of The Building Act 

2004 if, having regard to its condition and to the ground on which it is 

built, and because of its construction, the building — (a) will have its 

ultimate capacity exceeded in a moderate earthquake (as defined in the 

regulations); and (b) would be likely to collapse causing — (i) injury or 

death to persons in the building or to persons on any other property; or 

(ii) damage to any other property,”(DBH 2007).  

Furthermore, 

“a moderate earthquake is legally defined as: in relation to a building, 

an earthquake that would generate shaking at the site of the building 

that is of the same duration as, but that is one�third as strong as, the 

earthquake shaking (determined by normal measures of acceleration, 

velocity and displacement) that would be used to design a new building 

at the site” (DBH 2007). 
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The policy first requires a preliminary assessment of each district’s building stock 

to identify potentially earthquake prone buildings. Each Territorial Authority (TA) 

can take either a passive or active approach to identifying and retrofitting 

earthquake prone buildings, depending on the size of the district under the 

jurisdiction of the particular TA and the number of potentially earthquake prone 

buildings in the TA’s district. Once a building is identified as earthquake prone, 

significant remedial work will be required to meet compliance standards.  With all 

TA’s having adopted policy on Earthquake Prone Buildings as at the 31st of March 

2006, accurate analysis methods developed in conjunction with implementation of 

the legislation will act to reduce the level of seismic retrofit required by being less 

conservative and therefore less expensive for the building owner.  Economic benefit 

will also accrue through prevention of damage to multi�storey buildings and social 

benefit will result from lives saved. 

1.2 New Zealand Seismicity 

New Zealand is located on the Pacific ‘Ring of Fire’ which defines a zone of contact 

between the Pacific and Australian tectonic plates.  This zone of plate contact is 

aptly named as it is recognised as an area of frequent seismic and volcanic activity, 

with 90% of the world’s earthquakes and 80% of the world’s largest earthquakes 

occurring along the Ring of Fire (USGS 2009).  The major faults which run along 

the plate boundaries are responsible for the over 14,000 earthquakes that occur in 

and around New Zealand each year (GNS�Science 2008).   The majority of these 

earthquakes are small, with only as few as approximately 250 being large enough 

to be felt. In the past century, there have been eleven significant earthquakes (over 

Mw 6.0), all resulting in damage to buildings. 

1.3 Seismic Response of URM Buildings 

Unreinforced masonry buildings in New Zealand are characterised by solid or 

cavity perimeter walls constructed with solid brick/block and mortar, with 

comparatively light timber floor and roof diaphragms.  The perimeter walls are 

identified as either responding out�of�plane or in�plane depending on their 
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orientation with respect to the dominant direction of the earthquake motion.  

The typical load path for URM buildings subjected to lateral loads identifies the 

out�of�plane walls as the critical structural component (Priestley 1985). During an 

earthquake, the ground accelerations are transmitted through the foundations to 

the stiff in�plane loaded walls, which are then filtered through to the out�of�plane 

oriented walls via excitation of the flexible diaphragm (Doherty 2000).  The seismic 

excitation is amplified by the flexible nature of the timber diaphragm, which 

results in high inertial forces being induced in the out�of�plane loaded walls. These 

high inertial forces, coupled with often inadequate or non�existent connections 

between the diaphragms and the perimeter walls, cause displacements in the out�

of�plane direction such that the wall loses integrity and collapses. Magenes and 

Calvi (1997) note that once out�of�plane failure is prevented by providing sufficient 

anchorage to each adjacent diaphragm, the in�plane loaded walls become the 

critical structural component, and are required to provide the stability needed to 

avoid collapse of the building. It is recognised that in high seismic areas, such as 

New Zealand, in�plane damage to the perimeter URM walls can be extensive, as 

seen following the 2010 and 2011 Canterbury earthquakes. Accordingly, the 

research reported herein focuses on the in�plane response of perforated URM walls. 

1.4 Seismic Behaviour of In+Plane Loaded Walls 

All New Zealand URM buildings have one or more openings for windows and doors, 

in one or more walls.  These openings define the geometric configuration of 

perforated unreinforced masonry walls. A solid in�plane URM wall responds to 

lateral loading differently than a perforated wall, with the latter often idealised as 

a frame composed of URM pier, spandrel, and joint elements, where the piers are 

the main vertical load resisting elements for both gravitational and seismic loads, 

spandrels are the horizontal elements with the role of coupling the piers when 

subjected to lateral loads, and the joints are the sections of masonry where the 

piers and spandrels intersect. 

Extensive testing programmes and analytical studies have been conducted on the 

in�plane response of isolated piers, identifying failure modes, force�displacement 

relationships, and equations to predict their ultimate strength (Abrams 1992; 
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Calderini et al. 2009; Corradi et al. 2003; Erbay and Abrams 2002; Magenes and 

Calvi 1992; Mann and Müller 1982; Page 1978; Priestley 1985). Comparatively 

little research effort has been directed towards integrating this knowledge with the 

assessment of in�plane global behaviour of walls within real URM buildings, and in 

particular within perforated URM walls loaded in�plane. 

For individual piers, the predicted failure mode and lateral associated strength can 

be determined using analytical equations based on the key parameters that 

determine the pier behaviour, being; effective height, aspect ratio and boundary 

conditions. Although the principal failure mechanisms identified for individual 

piers are observed within the elements of a damaged perforated wall, the key 

parameters that define the governing pier failure modes are interconnected with 

the behaviour of the spandrel and joint elements, and therefore are not as easily 

determined compared with single isolated walls, or individual piers. In addition, 

the global behaviour of the perforated wall in terms of energy dissipation, ultimate 

lateral strength, and displacement capacity are controlled by the mechanisms of 

failure within many elements, rather than by the response of just one element as is 

the case for solid walls.  

The merit of analysing an in�plane URM wall as an isolated component has been 

evaluated by Yi et al. (2006) using a number of full scale experimental and 

analytical models. In a controlled experimental full�scale two�storey URM building 

test, the system level test revealed little coupling between parallel in�plane loaded 

walls due to the flexible diaphragm, with this finding therefore supporting the 

analysis of wall behaviour using a two�dimensional approach (Yi et al. 2006).  This 

statement is also supported by the brick veneer house testing performed by 

Thurston and Beattie (2009). 

1.5 Research Objectives and Summary 

Implementation of the Building Act policy by all Territorial Authorities has created 

the need for seismic retrofit solutions that are efficient and effective, and this in 

turn can only be achieved through accurate assessment of the as�built capacity of 

an existing building. Current New Zealand assessment guidelines for perforated 

URM walls (NZSEE 2006) delineate the wall into vertical piers and horizontal 



Research Objectives and Summary 

   
� 7 � 

spandrels principally based on the geometric configuration of the openings.  The 

capacity of the wall is based on the ‘strong spandrel – weak pier’ interaction 

approach where only the shear strength of the piers is accounted for, ignoring any 

contribution from the spandrel.  Observations of spandrel damage from recent 

earthquakes in Christchurch, New Zealand and L’Aquila, Italy have indicated that 

in certain cases this simplification is not justified. It is envisaged that a veracious 

assessment of perforated shear wall behaviour will in turn assist in the design of 

effective and efficient retrofit interventions. Consequently, the overarching 

objective of this research was to investigate the response of perforated URM walls 

subjected to in�plane seismic loads. 

The focus of this research was placed on the behaviour of multi�storey perforated 

URM walls exclusively loaded in their in�plane direction. The analysis methods 

presented in Chapter 7 and 8 and subsequent retrofit solutions were based on the 

assumption that the in�plane loaded walls are the primary lateral load resisting 

components, implying that the out�of�plane loaded walls are tied into the 

diaphragm sufficiently. This assumption justifies the in�plane loaded walls being 

treated as the critical structural components of a URM building. 

As stated above, the main objective of this doctoral research was to develop an 

understanding of the global seismic response of perforated URM walls when 

subjected to in�plane loading. To achieve this objective, a characterisation of the 

typical fenestration configurations and wall geometries of New Zealand URM 

buildings was conducted. Furthermore a background to URM construction, with a 

focus on the architectural features common to New Zealand URM building facades 

is presented in Chapter 2. Further to this, three representative perforated URM 

walls are detailed, with these walls forming the basis for the entire research 

programme presented herein. 

The poor seismic performance of unreinforced masonry buildings has been an area 

of significant research focus for a number of years, if not decades. Chapter 3 

provides a detailed background of the failure modes in perforated URM walls as 

developed in the technical literature. Following from this, an experimental 

programme is presented in Chapter 4 that aimed to investigate the interaction 

between piers and spandrels by performing pseudo�static testing of pier/spandrel 

substructures. Variables of pier aspect ratio, spandrel depth, axial load on the pier, 

and spandrel aspect ratio were investigated within the substructure test 
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programme.  

Chapter 5 presents a series of diagonal wallette tests and masonry material tests 

conducted to investigate the effect of scale on masonry compressive strength, 

Young’s Modulus and Shear Modulus, with the aim of providing material 

properties relevant to the two storey half scale perforated wall test reported in 

Chapter 6. To extend the findings from the substructure testing reported in 

Chapter 4 to a full�scale multi�storey wall, a two storey perforated wall (with 

geometry from ‘Representative Perforated Wall A’ as defined in Chapter 2) was 

tested pseudo�statically.  

Chapter 7 and 8 detail proposed methods of linear elastic and non�linear static 

modelling techniques, respectively. The modelling approach used is based on the 

‘Equivalent Frame’ idealisation of a perforated wall, and provides a simple method 

that is applicable for use by engineering practitioners for everyday use.  Chapter 9 

summarises the assessment procedure recommended for in�plane loaded perforated 

walls, and compares predicted ultimate strength and displacement capacities of 

different simplified approaches.  

Chapter 10 presents a simplified method for calculating demand on perforated 

URM walls, and compares the calculated base shear demand with the equivalent 

base shear force derived from a series of non�linear time history analyses for the 

three ‘representative perforated walls’.  

Finally, Chapter 11 contains a summary of the conclusions drawn from this 

doctoral investigation. 
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Chapter Two 

Structural and Architectural 

Trends in URM façades 

2 Number 

The performance of unreinforced masonry buildings in large earthquakes has been 

repeatedly proven to be inadequate. In the L’Aquila earthquake in Italy (Celebi et 

al. 2010), the Wenchuan earthquake in China (Zhao et al. 2009), the Chile 

Earthquake (EERI 2010), and more recently, in the Darfield and Christchurch 

earthquakes in New Zealand (Ingham and Griffith 2011), the partial collapse of 

URM buildings has resulted in fatalities and casualties. In order to provide 

efficient and effective seismic retrofit solutions for this category of building, 

accurate assessment of the seismic capacity of the existing building must be 

completed. As the perforated wall of an unreinforced masonry building is most 

commonly the street�facing façade, which has a significant role in the architectural 

character of the building, any retrofit intervention is required to be aesthetically 

and historically sensitive. Therefore the analysis of the building should incorporate 

both structural and architectural considerations. 

This chapter begins with defining the architectural character of the New Zealand 

unreinforced masonry building stock, with a focus on the history of these buildings 

and key features that define the façade structure.  The second half of the chapter 

details the structural geometry of representative URM buildings, with this 

information providing a reference for the experimental and computational work 

that is detailed in the subsequent chapters. 
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2.1 Architectural Analysis 

Architectural analysis with reference to seismic strengthening is concerned with 

identification of the architectural character and preservation of the unique physical 

features of the building. These features can be attributed to the architect, the era of 

construction and the location of the building, which can be collectively thought of 

as the history of URM construction. 

2.1.1 Architectural Character  

Unreinforced masonry is recognised as one of the original construction techniques 

in European New Zealand (Shaw 1991) and therefore unreinforced clay brick 

masonry buildings are regarded as a significant component of New Zealand’s 

heritage and landmark buildings (New Zealand Historic Places Trust 2010). These 

heritage buildings are a tangible link to the past, providing valuable evidence of 

cultural progression. Sufficient consideration needs to be given to the historic 

architectural qualities of these buildings when designing seismic retrofit solutions 

in order to avoid causing visual damage or the removal of important historic 

materials.  

Each historic URM building is unique, and possesses many attributes that help 

define it as being distinct from all others. These attributes collectively are known 

as the building’s character (Goodwin et al. 2009). Architectural character is the 

physical presence which gives a building its distinguishing qualities, and is defined 

by overall shape (architectural form), materials, method of construction, the size 

and arrangement of openings (fenestration) and projections, interior spaces and the 

relationship between these, and the setting and surroundings of the building (Lee 

1988). Goodwin et al. (2009) identify heritage value in New Zealand URM buildings 

and outline steps for analysing architectural character. Although the façade of a 

building is not the only important element when considering architectural 

character, it is always a perforated wall, and therefore important within the scope 

of this study. 

The first step in the technique that Goodwin et al. provide to identify historic value 

is to identify the overall visual aspects of the building, starting with the primary 

form, which can be identified as its shape, size, colour, texture, and organisation. 
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Goodwin et al. also emphasise the importance of fenestration properties: where the 

primary openings are, the location and relationship of the main entrance to the 

façade, the pattern and rhythm of the windows, and whether these openings are 

regular or random, deep or surface set, or have any other distinctive features. The 

fenestration creates the structural form of the perforated wall by defining the 

masonry piers and spandrels. The depth and articulation of façade, piers and 

cornices, and the layering of these elements, all contribute to the primary form. 

2.2 History of URM Construction in New Zealand 

New Zealand’s masonry construction heritage is comparatively young when 

considered against the European timeframe, with records indicating that the Stone 

Store on the Keri Keri Mission Station, built by ex�convict stonemasons from New 

South Wales, was the first masonry building in New Zealand and dates from 1833 

(Stacpoole 1976). The popularity of unreinforced masonry construction in New 

Zealand peaked between the 1880’s and 1930 (Russell and Ingham 2010), meaning 

that the majority of the current unreinforced clay brick masonry building stock in 

New Zealand is approximately 100 years old.  

2.2.1 The First Settlers and Colonisation 

The first inhabitants of Aotearoa New Zealand were the Polynesians who settled on 

the islands in the period AD800 – 1000 and developed the distinct Maori culture, 

based on kinship and land  (King 2003).  The expedition of 1769 by James Cook to 

explore the eastern tip of the Tasman coast that had been earlier sighted by Abel 

Tasman in 1643 led to the mapping of the entire New Zealand coastline, and forged 

New Zealand’s links with Britain.  

In 1839 William Wakefield arrived in New Zealand as Chief Representative for the 

New Zealand Company, which was an organisation formed in 1838 by his brother 

Edward Gibbon Wakefield to establish British settlements in the colonies. The New 

Zealand Company had hurriedly sent William Wakefield to purchase land ahead of 

the annexation of New Zealand by the British Government, who would then control 

the sale of land by Maori. The first European settlers came from England, drawn to 

the antipodes by land sales orchestrated by The New Zealand Company. The 
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settlers arrived in Petone on the 22nd of January 1840, founding the settlement 

that would become Wellington (New Zealand Ministry for Culture and Heritage 

2008).  

The arrival of Captain William Hobson to Auckland in early 1840 as the First 

Governor General of New Zealand marked the beginning of New Zealand as a 

British Colony. The Government purchased 1215 hectares of land from the Ngati 

Whatua chiefs in July 1840 for the site of Auckland, which became the new capital 

of New Zealand (Shaw 1991). By the end of the year, over 1200 settlers had arrived 

in New Zealand. 

The street structure for the new towns of Auckland, Wellington and Christchurch 

was designed almost immediately by British surveyors sent out to the new colony 

to help foster civilisation in the European manner. Acting Surveyor�General of 

Auckland, Felton Mathew, had grand urban pretentions, which centred around the 

main street, Queen Street. Surrounding the main street, the town was set out in 

clearly defined areas: in the centre was Official Bay where Britomart stands now, 

neighbouring Commercial Bay, to the east was Mechanics Bay for the industrial 

activity and to the west of the main settlement was a brickworks at Freemans Bay 

(Wolfe 2002). Construction in the early period of colonisation was primarily of 

timber for the residential and smaller commercial buildings due to the proximity 

and abundance of the local resource. By the end of the 1840’s a cluster of timber 

buildings inhabited the west side of lower Queen Street, having a strong uniformity 

to their style and height. The simplicity of the early timber buildings was seen as 

imposed out of necessity, and as something to be outgrown as soon as possible 

(Wilson 1984).  

2.2.2 The Transition to Masonry Construction 

The change from timber to more substantial materials such as clay bricks and 

stone was initiated by three factors: the combustibility and low durability of timber 

buildings; a period of wealth and prosperity due to local resources; and the 

changing architectural influences. A number of significant fires are documented in 

the history of early colonisation. The precarious nature of a city built of timber was 

realised by Aucklanders in 1873, when a large fire destroyed fifty�four buildings 

along Queen Street (Wolfe 2002). The use of masonry was prompted in 
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Christchurch after a number of fires in the inner city that quickly spread along the 

streets between the row type timber buildings.  It has been recorded that there 

were severe fires, firstly in Cashel Street in 1861, in Colombo Street between 

Hereford and Cashel Street in 1864, and then in 1866 when Armagh and Colombo 

Streets were destroyed. The centre of Lyttelton was also destroyed in a fire on 

October 24th, 1870 (Christchurch City Libraries 2006; Wilson 1984). The 

combustibility of timber structures therefore prompted the move to URM 

construction due to its fire resistant properties.  

In the late 1850’s, Christchurch became prosperous from wool and this prosperity 

allowed the transition from wood to stone and clay brick masonry for the 

construction of public buildings. The founders of Canterbury envisaged their colony 

as a direct transfer of a mature social order, intact from the old country to new. 

The spirit in which the Canterbury settlement was founded therefore instructed a 

building style that imitated the style of the home country (Wilson 1984). The city’s 

second town hall was built in stone in 1862�1863, the first stone building of Christ’s 

College was constructed in 1863, and the city’s architectural jewel, the stone 

Provincial Council Chambers, was completed in 1864 (Wilson 1984). The aesthetic 

quality of Christchurch city was also regulated in terms of building size and style 

in order to maintain a regular appearance.  The city was populated with mostly 

two and three storey buildings that were complementary in height to their 

neighbouring buildings. This regularity in style and size was accentuated by the 

rigid regular gridded streets (Rice 2008).  

The discovery of gold in Thames and Otago in 1867 provided an economic rise and 

a stimulus to growth and development (King 2003). The ‘gold rush’ resulted in an 

influx of immigrants which can be linked to the period of extensive construction of 

public and commercial buildings in the 1870’s. Dunedin experienced a rapid 

population growth and the resulting infrastructure demand lured architects from 

Auckland and from other colonies such as Australia.  

2.2.3 Architectural Influences 

As a colony, there was a desire to replicate the culture of the ‘mother country’ and 

this desire transcended architectural style. In the early period of construction there 

was a direct transfer of architectural style through the British trained and 
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practiced architects and a less direct transfer through the architects who travelled 

to New Zealand from other British colonies. The architectural styles that were in 

trend in Britain at this time were Victorian, Edwardian, Classical and Gothic 

Revival styles. The Gothic Revival was most active in the 1855�1885 period when it 

was the standard style for Catholic and Anglican churches and vied with the 

Classical style for public buildings. Gothic architecture can be characterised by 

exuberant forms and decoration, turrets, polychrome brick work, steeply pitched 

roofs, gables, pointed arches and bay windows. Classicism is the adoption of the 

Greek and Roman design philosophies. This style of architecture is described by 

the Romanesque features of round�headed arches, as opposed to the Gothic styles 

which favour pointed�headed arches (Ferguson 1855). The Classical styles were 

used to inspire confidence with strong storey form and intricate detailing and were 

therefore well suited for commercial buildings such as banks. Victorian 

architecture was developed during the reign of Queen Victoria (1819 – 1901) and 

can be defined by three phases: Early, Middle and Late, each lasting about 20 

years beginning from 1837, which coincides almost exactly with the construction 

periods of New Zealand. Victorianism is described as a battle of the Gothic and 

Classical styles.  Its use of massive construction and elaborate ornamentation tells 

of a society caught between technological progress and tradition (Melvin 2006).  

The Edwardian Baroque style was popular for public buildings in the British 

Empire during the reign of Edward VII 1901�1910. Regarded as a Neo�Baroque 

architectural style, its characteristics include rounded arches, dormer windows, 

and colonnades of columns in the ionic order (sometimes paired). 

By the late 1870’s New Zealand born and trained architects were starting to 

practice, and antipodean variations of the Victorian and Gothic styles emerged. In 

the 1860’s and right through to the 1880’s a vogue for Venetian Gothic architecture 

for commercial buildings was indulged, distinguishing the buildings of 

Christchurch from those of other New Zealand cities that were embracing classical 

and Renaissance styles. William Armson, who arrived in Dunedin in 1862 from 

Melbourne, was a principal architect in the history of New Zealand. Armson 

worked for the Otago Provincial Government before setting up a practice in 

Christchurch, concentrating on designing commercial buildings in the Classical 

and Venetian Gothic styles. Of the many substantial buildings Armson designed 

for Christchurch city only a couple remain. Armson’s wedged shaped Fisher 

Building, 280 High Street Christchurch, designed in the Venetian Gothic style, is 
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shown in Figure 2�1 and was registered as a Category I heritage building in 1985 

by the New Zealand Historic Places Trust.  Armson added a distinctly Venetian 

touch to the Gothic detailing on the Anderson’s building on Cashel Street by using 

round�headed windows on the window surrounds on the façade. The Bank of New 

Zealand (1883) in Dunedin is an excellent example of High Renaissance proportion 

and a love of embellishment, typical of Victorian structures. The Bank was 

designed by Armson, showing off his aptitude for Renaissance Classical design. The 

façade of the bank includes the classical features of Ionic columns flanking the 

round�headed windows on the ground floor, and pilasters framing the square�

headed windows on the upper floor, capped with segmental arched pediments. 

Another principal architect was John Campbell, Government Architect, who was 

responsible for the ‘proliferation of Edwardian Baroque style buildings’ across New 

Zealand. One of his more iconic buildings is Auckland’s Ferry Terminal, designed 

in 1912 and shown in Figure 2�2. The Portland Buildings of Kingsland (1914) are 

also an example of the Edwardian Baroque style. 

By 1914 the central areas of Christchurch, Auckland and Wellington had been 

largely rebuilt as the initial timber buildings had either burnt down or were 

weathered and deteriorating. This second phase of building activity was concurrent 

with the formation of the Institute of Architects (Wilson 1984). Several of the 

pioneering architects made substantial and lasting contributions to the built 

environment of New Zealand.  J.C Maddison (1850�1923) made a significant 

contribution to the style of Cathedral Square with the Government Buildings, 

whose design was inspired by the Renaissance style, shown in Figure 2�3. J.J 

  

Figure 2+1 Fisher Building – built 

in 1881, photo c.1910 

(Christchurch City Libraries, File 

Reference: PhotoCD 1, IMG0002)  

 

Figure 2+2 Auckland Ferry Terminal – built in 1912 

(Alexander Kirk, March 2006) 
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Collins (1855–1933), who in partnership with R.D Harman (1859�1927) chose brick 

masonry as their medium for large commercial and institutional buildings, 

designed the Press Building, Cathedral Square. The carefully detailed and varied 

fenestration of the Press Building indicated the growing trend in increasing 

natural light in commercial properties. Alfred Luttrell and Sydney Luttrell’s 

Lyttelton Times Building, shown in Figure 2�4, is also distinguished in the 

carefully detailed fenestrations. Their design increased the natural light into the 

building and by clever detailing of the façade, gave the appearance of greater 

height. By recessing the spandrel beam between the first and second floors, the 

piers appear to extend over two levels, exaggerating the verticality of the façade. 

The Luttrell’s were also influential in introducing modern American commercial 

architectural trends to New Zealand. The New Zealand Express Company building 

(1905), seen in Figure 2�5, designed by the Luttrell’s and inspired by Chicago 

skyscrapers, was New Zealand’s first skyscraper. By the 1920’s wooden structures 

in Christchurch City were rare, and were seen as small irregular relics of the past. 

  

Figure 2+3 Government Buildings, Cathedral 

Square, Christchurch – built in 1911. The 

buildings were designed in the Renaissance 

style by J.C. Maddison 

(Christchurch City Libraries, File Reference 

CCL PhotoCD 2, IMG0070) 

 

Figure 2+4 Lyttelton Times Building 

1903, view from the frontage on 

Cathedral Square.  

(Christchurch City Libraries, File 

Reference: PhotoCD 2, IMG0062) 

 

2.2.4 Decline of Unreinforced Masonry 

Brick masonry was seen as a symbol of permanency, rather than the temporary air 

of timber buildings. Influenced from the construction styles of the motherland, the 

large stone masonry gothic buildings had a positive influence on the number of 

unreinforced masonry (URM) buildings constructed in the early years of 

settlement. 
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The fire�proof nature of masonry led to it being readily adopted as the appropriate 

building material for high importance structures such as government buildings, 

schools, churches, and commercial buildings. The high level of seismic activity in 

New Zealand did not influence the decision, as the poor lateral resisting properties 

of URM were unknown at this time of mass URM construction. 

The magnitude 7.8 Hawke’s Bay earthquake struck Napier on the 3rd of February 

1931, causing the total collapse of most URM buildings within the city’s central 

business district, which was then followed by a fire that destroyed much of what 

was left (Dowrick 1998). The 1931 Hawke’s Bay earthquake highlighted the poor 

seismic performance of unreinforced masonry, resulting in a rapid decline in 

popularity and subsequent prohibition of use in 1965  (Ingham 2008).  Few URM 

buildings were constructed in New Zealand after 1931, meaning that the 

approximately 3700 URM buildings that remained throughout New Zealand prior 

to the Darfield earthquake in 2010 and the Christchurch earthquake in 2011 were 

over eighty years old (Russell and Ingham 2010; Russell and Ingham 2008) 

On Saturday 4th September 2010 at 4.35 am a magnitude 7.1 earthquake occurred 

40 km west of Christchurch City with a depth of about 10 km. The September 

earthquake was followed on the 22nd of February 2011 by a significant aftershock 

having a magnitude of 6.3 and centred under Lyttelton, located 10 km to the east of 

Christchurch City and with a depth of about 5 km. The current data from initial 

building assessments after the February 2011 earthquake suggests that over 80% 

of the URM buildings in Christchurch City, many of them being registered heritage 

buildings, sustained significant damage and have been demolished or 

deconstructed (Ingham et al. 2011).  

Figure 2+5 New Zealand Express Company 

building, Christchurch’s first ‘skyscraper’, photo 

circa 1910 (Brittenden Collection  1910) 

 

Figure 2+6 Demolition of Manchester 

Courts 

(Photo taken October 2010, Dizhur) 
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The Manchester Courts building, formerly known as the New Zealand Express 

Company building (1910) was New Zealand’s first sky scraper (shown in Figure 

2�5). The building suffered severe damage following the September earthquake. 

Attempts to salvage the heritage building were unsuccessful and it was demolished 

on the 19th of October 2010 (see Figure 2�6). This is one example of the extensive 

loss of heritage masonry architecture due to the two Canterbury earthquakes. 

2.2.5 Modifications to URM Buildings 

The destruction of Napier during the 1931 Hawke’s Bay earthquake was the 

turning point in the history of building design standards in New Zealand. In 

response to that earthquake the Building Regulations Committee presented a 

report to the Parliament of New Zealand (Cull 1931), which prompted formation of 

the New Zealand Standards Institute and led to building codes being developed 

and updated, with attention subsequently given to the performance of existing 

buildings in earthquakes. Amendment 301A to the Municipal Corporations Act in 

1968 was the first legislation to address the earthquake performance of existing 

buildings (New Zealand Parliament 1968). This act empowered City Councils to 

require building owners to strengthen or demolish buildings which were considered 

earthquake prone, which resulted in a number of buildings being demolished 

and/or the removal of parapets and cornices. Most major cities and towns took up 

the legislation, with Wellington City Council taking an active approach, 

strengthening or demolishing 500 out of the 700 buildings identified as earthquake 

prone (Hopkins et al. 2008), whereas Christchurch City Council adopted a passive 

approach, generally waiting for a change in use or other development to trigger the 

requirements. New Zealand historian John Wilson describes this process as an 

effectual destruction or mutilation, as the elaborate façades provided by the 

parapets, cornices and pilasters defined the architectural style of the building. 

Figure 2�7shows the Art Gallery on Durham Street North (constructed in 1890) as 

it was seen in 1905, and Figure 2�8 shows the current facade of the building, with 

its parapets and cornices removed and with horizontal banks applied an as 

earthquake strengthening intervention. 
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Figure 2+7 Art Gallery, Durham Street North 

1905    (Wheeler and Son 1897) 

Figure 2+8 282+286 Durham Street North, 

2010 

2.3 Construction Features 

Key construction features which influence the form of the façade are discussed in 

the following sections. 

2.3.1 Bond Pattern and Wall Thickness 

In cross�section, a wall that is two bricks thick is a two leaf wall. Typically a two 

storey URM building has a three leaf wall from the ground to the first floor 

diaphragm, and then the wall thickness reduces to two leafs for the upper level. 

The step in thickness will occur at the diaphragm level, and acts as a seat for the 

joists to bear onto. If there is no step in thickness, such that the wall remains of 

uniform thickness up the height of the building, then the joists can be pocketed 

into the masonry wall.  It is not uncommon to find load bearing unreinforced clay 

brick masonry walls up to five leafs thick on the ground floor level of a multi (three 

plus) storey building. 

The bond pattern defines the arrangement of the bricks, by describing the 

relationship between stretcher (bricks laid in the plane of the wall) and header 

units (bricks rotated 90 degrees and laid into the wall).  The header bricks are 

required to adequately connect each leaf of masonry at appropriate intervals. 

Russell (2010) found that the common (also called American) bond pattern is the 

prevailing bond pattern for New Zealand URM buildings. Common bond has layers 

of stretcher courses with header courses placed every 3�6 courses. The bond pattern 

adopted for the experimental component of this study is the common bond pattern 

with header courses located at every 4th course. 
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2.3.2 Lintels 

A lintel is a horizontal structural member that spans an opening, carrying and 

transferring the load from above. From observation, lintels above window openings 

in New Zealand URM buildings take three forms: horizontal, creating a 

rectangular window opening; semi�circular, creating a high arch�headed window; 

and curved, creating a low arch�headed window. A study of 318 URM buildings 

from ten towns and cities throughout New Zealand, being approximately 10% of 

the total population of URM buildings, resulted in the following statistics: 

• For two storey buildings, the ground floor was predominately open with no 

masonry frame present. Rectangular windows were most common (62%) on 

the upper floor, followed by high arch�headed windows (22%) and low arch�

headed windows (16%). 

• For three storey buildings an open ground floor was most common (41%), 

followed by the existence of a ground floor masonry frame having 

rectangular window openings (29%).  On the first floor the variation in lintel 

style across buildings was composed of 61% rectangular, 21% high arched, 

and 18% low arched. On the upper floor there were an equal percentage of 

rectangular and high arched lintels (40%). 

• High arched�headed windows were most common on the second storey of 

two storey row type buildings in both Auckland and Christchurch, but were 

less common in Wellington. The gothic pointed window headings are more 

prevalent in Christchurch, reflecting the different architectural trends 

across New Zealand.  

 

Lintel style was found in almost all cases to be consistent within a storey in a 

building, but was commonly found to vary across storeys. Figure 2�9 shows a four 

storey building with high�arched windows on the ground and first floor, low�arched 

windows on the second storey and rectangular window openings on the upper 

storey. Opening shape and lintel type are used to create a sense of proportion, and 

therefore it is common to find the top storey window openings on a three or more 

storey building having a lower aspect ratio than do the ground floor openings, to 

give a sense of height to the top floors. Lintel shape can also help define the 

proportion of the façade.  
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Figure 2+9 Different lintel types on a 

Christchurch building 

Figure 2+10 Carlton Club Hotel, built in the 

late 1880’s on the corner of Kyber Pass Rd 

and Broadway, Newmarket, Auckland. 

(Holman, H) 

 

With three and more storey buildings, lintel style often starts with high arch�

headed openings at the ground floor, reducing the arch�angle to low for the first 

storey, and finally to rectangular openings on the upper floor. 

Although a pediment is not a structural component as is a lintel, it also gives 

definition to the geometry of an opening. The pediment is placed above a 

rectangular lintel, and is either triangular or arched for a building designed in the 

Classical style. Triangular pediments add extra detailing above the upper storey 

windows of the Carlton Club Hotel, Newmarket, Auckland, built in the late 1880’s 

(see Figure 2�10). 

2.3.3 Street+level Openings 

Russell (2010) characterised New Zealand’s current URM building stock as having 

large ground floor openings encompassing up to 90% of the length of the façade. 

From the analysis of historical photographs of the streetscape of Auckland, 

Wellington and Christchurch it is evident that these large ground floor openings 

were the original form in some cases but that in other buildings the ground floor 

structural form has been modified. Figure 2�11 and Figure 2�12 show the Universal 

in Christchurch in 1890 and the intersection of Durham Street west and Queen 

Street in Auckland in 1870 respectively. Both images show buildings having large 

ground floor openings, indicating that long spanning lintel beams were part of the 

original design. During building inspections for the Christchurch City Council after 

the September 2010 Darfield earthquake and the Christchurch earthquake of 
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February 2011, steel I�beam sections and deep timber beam lintels were visible 

above the ground floor openings of URM buildings. Cast�iron columns supporting 

lintel beams on the ground floor were also originally used to create open street 

fronts. Some of these original columns are visible in the Astra�Bridal shop front 

located at the top of Symonds Street, Auckland, as seen in Figure 2�13 and inside 

the a URM building in Whanganui in Figure 2�14. 

 

Figure 2+11 The Universal, advertised as the most up+to+date establishment in 

Christchurch 1890 

(Christchurch City Libraries, File Reference: PhotoCD 10, IMG0052) 

 

 

 

 

Figure 2+12 Durham Street West and Queen Street, Auckland 1870   (Wolfe 2002) 
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Figure 2+13 Astra Bridal shop on Symonds 

Street, Auckland 

Figure 2+14 Cast iron columns inside a 

URM building in Whanganui 

 

Throughout New Zealand, historical unreinforced masonry buildings have been 

renovated and modernised to allow for commercial use. Ground floor modifications 

involved the removal of the URM piers and spandrel and replacement with steel or 

concrete columns and beams, which allowed for greater opening lengths, thereby 

increasing the commercial value of the building by making it suitable for retail 

tenants.  This modification process makes an old building suitable for a new use, or 

as a result of the renovation extends its functional life.  Many two storey row 

buildings have been significantly modified in the form of street�level modernisation 

because they occupy prime retail locations along main roads, and these 

modifications are therefore necessary in order to increase the usefulness of the 

buildings. Although this process alters the original façade and changes the 

architectural character of the buildings, without this modernisation the buildings 

would more than likely have been lost due to deterioration through lack of use.  As 

Auckland has experienced rapid growth and development and is New Zealand’s 

largest city based on population and land mass, it has undergone significantly 

more infrastructure development than the other main centres of Christchurch, 

Wellington and Dunedin. This high rate of development has resulted in a 

substantial loss of heritage buildings as well as a multitude of URM buildings 

being modified for an updated use. For this reason, URM façades that remain 

today in their original form are scarce in Auckland. 

Figure 2�15 shows Kings Theatre on the left, formerly the Palace Hotel (Beatty’s 

building), which opened in 1910 at 156 Gloucester Street Christchurch. The 

Theatre building was used for plays and exhibitions until 1918. The second Theatre 

Royal, shown on the right in Figure 2�15, was sold for shops in 1910. Figure 2�16 
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shows the King’s Theatre as it was in 2009, before the Christchurch earthquakes.  

The ground floor has been modified with the masonry piers removed in favour of 

opening up the ground floor to retail. The heavy ornamental parapet has been 

removed, creating a more simplistic and plain façade. On the upper level there are 

high arch�headed windows, arranged in pairs, and the window openings are 

unusually narrow.  The modification of the ground floor structure suggests that a 

new long�spanning lintel beam must have been installed. The original plaster/stone 

facings remain in place, with the addition of a large awning which is tied into the 

façade.  

  

Figure 2+15 Kings Theatre (left) and 

Theatre Royal (right) 

(Christchurch City Libraries, File 

Reference: PhotoCD 5, IMG0033) 

 

Figure 2+16 156 Gloucester Street  

 

 

The original Press Company building on Cashel Street, Christchurch has had 

similar modifications to the King’s Theatre. Figure 2�17 shows the Press Building 

on Cashel Street as it stood in 1900, and Figure 2�18 shows a photo of the same 

building taken in 2009 before the Christchurch earthquakes.  

The large doorways framed by masonry piers have been removed to allow for the 

ground floor to be converted into retail premises. The ornamental parapet has been 

removed, leaving just the cornice. The first and upper floors of the façade are 

unchanged. The first floor has arch�headed windows with a more gothic style due 

to the slight point in the arch, whereas the upper floor has rectangular headed 

windows.  The fenestration pattern is unique in the grouping of windows � 

individual, paired, and grouped in three and four, and in the pattern – which is 

symmetrical within the length of the façade. Also, the window pattern of the first 
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floor is not repeated on the upper level. The upper floor openings have a similar 

overall width to the first floor window openings but with an extra mullion. 

The Von Sierakowski Building, located on the corner of Colombo and Tuam Street 

in Christchurch, originally had masonry piers on the Tuam Street side of the 

building and an open ground floor on the Colombo street side (Figure 2�19). Figure 

2�20 shows that the Tuam street ground floor had since been modified to create an 

open street�front. 

 

 

Figure 2+17 The original Press Building on 

Cashel Street, [1900] 

(Christchurch City Libraries, File 

Reference: PhotoCD 6, IMG0013) 

 

 

 

 

 

Figure 2+18 Original Press Building on 

Cashel Street, Christchurch  

Photo taken 2009 (Russell 2010) 

 
Figure 2+19 The Von Sierakowski Building, 

Corner Tuam and Colombo Street (1906)  

(Christchurch City Libraries, File 

Reference: PhotoCD 6, IMG0051) 

 

Figure 2+20 The Von Sierakowski building 

in 2009, now occupied by R & R Sports, 

Tuam street front, Christchurch 
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2.3.4 URM Columns  

Neoclassical architecture arose from the ancient styles of Hellenic and Romanic 

Classicism and is characterised by the assertion of the primacy of the columns 

which form large colonnades (Melvin 2006).  Unreinforced masonry buildings 

designed in the Classical style have used this key feature by recessing the 

spandrels over the openings, and forming the piers over the height of the building, 

creating a sense of verticality and prominence. The Manchester Courts building, 

one of New Zealand’s first skyscrapers, exemplified this architectural feature (see 

Figure 2�21).  The extrusion of the masonry columns, and the plaster detailing on 

the façade of the Whanganui Chronicle Company building, exemplify this 

technique (shown in Figure 2�22).  

 

 

  

Figure 2+21 Manchester 

Courts Building 

Figure 2+22 Whanganui Chronicle Company Ltd  

(photo taken July 2009, Russell) 
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2.4 Structural Analysis 

In order to design efficient and effective seismic retrofit solutions, accurate 

assessment of the seismic response of the as�built URM structure is required. The 

seismic response of buildings is directly associated with the distribution of mass 

and stiffness within the building, and for unreinforced masonry perforated walls, 

the greatest source of mass is the building material itself, with the stiffness being a 

function of the opening geometry. Therefore it can be reasoned that accurate 

geometric characteristics need to be ascertained as an introductory step in the 

assessment process. 

2.4.1 Typologies 

The concept of typologies originates in the architectural classification of buildings 

according to type. Russell (2010) described the configuration of the New Zealand 

URM building stock on a national level through the use of seven typologies which 

are based upon number of storeys and geometry of building footprint.    An 

overview of Russell’s typologies is given in Table 2�1, with each typology having an 

importance level defined by AS/NZS 1170.0. An explanation of importance levels is 

given in Table 2�2.  Four of the five perforated URM wall typologies that are 

presented in section 2.6 are based on the typologies presented by Russell (2010).  

For the in�plane seismic assessment of perforated URM walls undertaken in this 

study, only four of the seven typologies (C to F) have been included for geometric 

characterisation in order to account for variations in height (two to five storeys) 

and footprint configuration (both row and isolated buildings).  The excluded 

typologies A and B are one storey row and one storey isolated buildings (section 

2.4.2 details why these typologies are excluded). Typology G buildings are 

institutional, industrial and religious buildings and have been excluded due to the 

diversity of their geometric characteristics such that they cannot be adequately 

represented by a single perforated URM shear wall. The fifth representative wall 

type is a new typology covering street�level modified buildings and is further 

detailed in section 2.6.5. 
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Table 2+1 URM Building Typologies (Russell 2010) 

 

 

Typology Footprint Prevalence 

(rank) 

Importance 

Level 

(AS/NZS 

1170.0) 

Description 

A 
One storey, 

isolated 
buildings 

4 II 

One storey URM buildings, 
often with an open front. 
Examples include convenience 
stores in suburban areas and 
small offices in a rural town. 
 

B 
One storey, 

row 
buildings 

3 II 

One storey URM buildings in a 
row joined with common walls. 
Typical in main commercial 
districts, especially along the 
main street in a small town. 
 

C 
Two storey, 

isolated 
buildings 

2 II/III 

Two storey URM buildings, 
often with an open front. 
Examples include small 
cinemas, a professional office in 
a rural town and post offices. 
 

D 
Two storey, 

row 
buildings 

1 II 

Two storey URM buildings in a 
row, joined with common walls. 
Typical in commercial districts. 
 

E 

Three plus 
storey, 
isolated 

buildings 

7 III/IV 

Three+  storey URM buildings, 
for example office buildings in 
older parts of Auckland and 
Wellington. 
 

F 
Three plus 
storey, row 
buildings 

6 III/IV 

Three+ storey URM buildings 
in a row, joined with common 
walls. Typical in industrial 
districts, especially close to a 
port (or historic port). 
 

G 

Institution
al, 

industrial 
and 

religious 
buildings 

5 III/IV/V 

Churches (with steeples, bell 
towers etc), water towers, 
chimneys, warehouses. 
Prevalent throughout New 
Zealand. 
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Table 2+2 Building Importance Level from AS/NZS 1170.0 

Consequences of 

failure 
Description 

Importance 

Level 
Comment 

Low 

Low consequence for loss of 
human life, or small or 

moderate economic, social 
or environmental 

consequences 

1 

Minor structures 
(failure not likely to 
endanger human 
life) 

Ordinary 

Medium consequence for 
loss of human life, or 

considerable economic,  
social or environmental 

consequences 

2 

Normal structures 
and structures not 
falling into other 
levels 

High 

High consequence for loss 
of human life, or very 

great economic,  social or 
environmental 
consequences 

3 
Major structure 
(affecting crowds) 

4 

Post�disaster 
structures (post 
disaster functions of 
dangerous activities) 

Exceptional 
Circumstances where 

reliability must be set on a 
case by case basis 

5 
Exceptional 
structures 

 

2.4.2 Variation with Height 

The seismic performance of masonry buildings varies with increasing height 

because there is typically a significant difference in the mass and stiffness 

distribution between one storey and multiple storey URM buildings (Abrams 2000). 

The variation in mass and stiffness distribution is often because multi�storey URM 

buildings tend to have perforated walls on at least the street facing sides of the 

building, and commonly both the front and rear faces, when compared to the solid 

walls of one storey URM buildings. Moreover, the thickness of the ground floor 

walls increases with increasing height in multi�storey URM building. The variation 

in seismic performance due to height can be identified by the fact that the relative 

difference in seismic response between a one and a two storey URM building is 

significantly more distinctly different than the relative difference in response 

between a three and a four storey URM building.  

For one storey URM buildings (typology A and B), the side walls are often solid and 

contain no perforations and the façade is primarily open, with up to 90% of the 

width of the front wall comprised of windows and doorways.  One storey URM row 
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buildings are the third most prevalent typology, but as up to 95% of these buildings 

have had street�level modifications, original one storey URM row façades are now 

the least common form of perforated URM walls. The aim of this study was to 

accurately assess the seismic performance of perforated URM walls and hence one 

storey URM buildings (typologies A�B) are not incorporated within this study. 

Representative perforated walls with heights of two, three and five storeys have 

been chosen to cover variation of seismic response with increasing height.   

In addition, failure mechanisms are related to the axial stress level (Abrams 2000), 

which is a function of height within the building. The higher axial stress levels 

experienced by the lower level piers of multi�storey perforated walls result in piers 

that are more likely to fail in a shear mode than are the piers located higher up the 

building and having lower axial stress levels. 

2.4.3 Variation with Footprint 

Generally, URM buildings have a regular footprint geometry, with isolated 

buildings having a square footprint, and row buildings having a rectangular 

footprint, with the dimension parallel to the street front being extended. Buildings 

with regular footprints, and with well distributed walls of similar stiffness in the 

two orthogonal planes, will generally have a greater torsional resistance than will 

buildings with less evenly distributed lateral force resisting walls (Robinson and 

Bowman 2000). Long row structures have different torsional properties than 

isolated buildings (Russell 2010).  A full scale experimental study of the seismic 

performance of a two storey URM building with timber diaphragms resulted in 

little coupling between parallel walls and therefore justified the analysis of 

perforated walls responding in�plane as isolated walls, ignoring any torsional 

effects (Yi et al. 2006). 

2.4.4 Row Buildings 

Surveys of the New Zealand URM building stock revealed that for the purposes of 

assessing the in�plane seismic response of perforated walls there are two types of 

row buildings. The distinction between these two types of row buildings is based on 

the effect of flanges and pounding concerns in type one and type two row buildings 

respectively, which provide justification for defining two different types of row 



Structural Analysis 

   
� 31 � 

buildings for perforated wall analysis.  

A type 1 row building can be described as a single building that has been divided 

into a series of discrete units by providing walls that are orientated perpendicular 

to the street front. This type of building was constructed as a single structure, and 

therefore has uniform appearance and geometry across the units. In type 1 row 

buildings, each discrete unit shares its side wall with the unit adjacent, and 

therefore the walls that are perpendicular to the street front are common to two 

units. These out�of�plane oriented walls, that connect to the perpendicular in�plane 

oriented wall, have a significant effect on the response of the perforated wall as 

discussed by Yi et al. (2006). Yi et al. identified flanges as contributing mass to the 

in�plane oriented pier components. More recently Russell (2010), completed an 

experimental programme on flanged walls and made recommendations on how to 

include flange effects in the component analysis of in�plane loaded URM walls and 

piers. For the purposes of this study, type 1 row buildings are classified as a single, 

long isolated building. 

A type 2 row building is defined as a row of discrete joined buildings. Each of the 

discrete buildings can have variable geometry and architectural features as they 

were constructed as individual structures. The distinction between the two types of 

row buildings can be made from inspection of the walls that are oriented 

perpendicular to the street front (side walls). In Type 2 row buildings, each discrete 

building has its own exterior side walls, which are built directly abutting the 

adjacent building’s exterior side walls. Each discrete building is therefore a 

building in its own right having its own exterior side wall on both sides. In the 

assessment of perforated walls, pounding is of concern in Type 2 row buildings. 

Pounding can increase the lateral forces on a wall, and result in failure 

mechanisms that would not be predicted if the building was analysed as an isolated 

building. Where adjacent buildings have lumped masses at different heights, which 

occurs when the floor or ceiling diaphragms in neighbouring buildings are at 

difference levels, pounding damage can be particularly severe as it may result in 

situations such as mid�height horizontal point loads being applied to masonry piers 

(Cole et al. 2011). Figure 2�23 shows pounding damage to adjacent URM buildings 

after the February 2011 Christchurch earthquake. The effects of pounding have not 

been further considered in this doctoral study. 
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a) Sliding at the top of the external 

pier 

b) Diagonal shear cracking mid pier 

height 

 

Figure 2+23 Pounding damage from neighbouring buildings after the  

February 2011 Christchurch earthquake 

 

 

Row buildings are often maintained by multiple owners, and therefore the owners 

may have differing prerogatives on seismic strengthening. If not all owners decide 

to retrofit, or alternatively decide to implement different levels of seismic 

improvement, then the effect on the seismic behaviour of the whole row of 

buildings will need to be assessed to ensure effectiveness. 

  



Geometry Definition 

   
� 33 � 

2.5 Geometry Definition 

Figure 2�24 shows an example perforated wall delineated into piers, spandrels and 

joints.  For the purpose of discussing common geometry within a perforated wall, a 

pier is defined herein as the vertical section of masonry located between openings, 

with a height measured to the top of the adjacent opening, and a spandrel is 

defined as the horizontal section of masonry that spans over the opening width.  

Figure 2�25 a and b illustrate the definition of the pier and spandrel dimensions 

respectively. The joint region is located where the pier and spandrel intersect. 

Where a pier is located between two openings of different height, the effective 

height of the pier is governed by the height of the tallest adjacent opening. 

Spandrel depth is categorized as shallow – when the depth of the spandrel is less 

than the width of the opening, common – when the depth of the spandrel is similar 

to the width of the opening, and deep – when the depth of the spandrel is larger 

than the width of the opening. 

 

Figure 2+24 Geometry definition for a perforated wall 

 

 

2.5.1 Pier Aspect Ratio 

Pier aspect ratio is defined as the ratio of effective pier height over the pier length 

7ℎ/!! 9#:  ;. As is discussed in section 3.7.4.1 there are a number of definitions of 

effective pier height, which are based on idealisation of the perforated wall. Any 

discussion herein regarding pier aspect ratio will reference the method of 

idealisation. In addition, pier aspect ratios are often discussed as being high 

Spandrel

Pier

Joint



Chapter Two � Structural and Architectural Trends in URM façades 

    
� 34 � 

(slender) or low (squat), which for the purposes of this document are defined as 

‘high’ when 
ℎ/!! 9#: ≥ 1.5, and ‘low’ when 

ℎ/!! 9#: < 1.5. 

2.5.2 Spandrel Classification 

A dual classification system has been used to describe spandrel geometry. Firstly, 

the depth of the spandrel in relation to the adjacent pier length 7@$ 9#:  ; is described 

as either shallow (ratio is less than 0.75), common (where the ratio lies between 

0.75 and 1) or deep (where the ratio is greater than 1). Secondly, the spandrel 

aspect ratio, defined as spandrel depth over spandrel length A@$ 9$B C, is classified as 

low (less than 0.5), average (between 0.5 and 1) and high (greater than 1). 

a) Pier dimensions b) Spandrel dimensions 

 

Figure 2+25 Pier and spandrel element dimension definitions 

2.6 Geometry 

2.6.1 Perforated Wall Type C 

Perforated Wall Type C is directly associated with a typology C building, which is a 

two storey isolated building.  Typology C buildings are the second most prevalent 

URM buildings in New Zealand (Russell 2010).  These buildings are often located 

on corners and therefore perforated walls can be present on two adjoining sides of 

the building.  This type of building is found in small rural towns and also in older 
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suburban areas.  Real estate companies, local pubs, diaries and boutique shops 

commonly occupy these buildings.  Examples of Typology C buildings are shown in 

Figure 2�26.  Type C perforated walls are representative of a URM façade in its 

 

  

(a) Gisborne  

 

(b) Temuka 

  
(c) Whanganui 

 

(d) Wellington 

  

(e) Lytttelton 

 

(f) Whanganui 

Figure 2+26 Examples of Perforated Wall Type C – Two storey isolated 
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original structural form, having had no additional lateral load resisting 

components added or gravity load resisting elements removed or modified.  The 

fenestration pattern is typically regular, meaning that the upper storey 

perforations are vertically aligned with the ground floor perforations. A high aspect 

ratio for window openings, of between 1.5 and 2.5, is characteristic of all perforated 

URM walls, whether the windows are individual as seen in Figure 2�26(b) or paired 

by dividing a perforation into two openings by a mullion as seen in Figure 2�26(a). 

The tops of the ground floor perforations are commonly horizontally aligned, 

resulting in a spandrel beam at the ground level below the base of the window 

openings. The inter�storey height of the ground floor of a Type C perforated wall 

has a range of 4�6 m, and the inter�storey height of the upper floor is typically less, 

with a range of 3�5 m.  It is common for the ground level walls to be three leafs 

thick and the top level walls to be two leafs thick (Russell 2010).   

2.6.2 Perforated Wall Type D 

Perforated Wall Type D is directly associated with a typology D building, which is a 

two storey row building.  These buildings are the most prevalent URM buildings in 

New Zealand (Russell 2010), and are found in the commercial centres and along 

suburban main streets, particularly in the larger cities such as Auckland, 

Wellington and formerly in Christchurch.  It is common for the ground floor of 

these buildings to be used for retail purposes and therefore a large proportion of 

these buildings are classified as street�level modified for the purpose of this study.  

As typology D buildings are row buildings, the perforated wall type has two distinct 

groups: Perforated Wall Type D1 – which covers two storey row type 1 buildings, 

and Perforated Wall Type D2 – which covers two storey row type 2 buildings.  

The perforated walls shown in Figure 2�28 are representative of Type D1 

Perforated Walls that are still in their original condition with URM piers on the 

ground floor. Where the perforated wall is the street�facing façade wall, the 

openings are often regular in spacing and aspect ratio, whereas where the 

perforated wall is a side wall the openings are generally irregularly spaced. The 

spandrel is generally of shallow proportion at the ground floor and of common to 

deep proportion between the ground and upper floor. The inter�storey height for 

the ground floor typically has a range of 5�6 m, and the upper floor has a range of 

4�6 m. 
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(a) Oamaru 

 

(b) Oamaru 

  

(c) Auckland 

 

(d) Christchurch 

Figure 2+27 Examples of Perforated Wall Type D1 – Two storey row 

 

  

(a) Christchurch 

 

(b) Dunedin 

Figure 2+28 Examples of Perforated Wall Type D2 – Two storey row 

 

 

 

Figure 2�28 shows examples of Type D2 Perforated Walls. As previously mentioned 

this building typology has a high percentage of largely open ground floors, meaning 

that Type D2 Perforated Walls with URM piers on the ground floor are uncommon.  
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Type D2 Perforated Walls are a conglomerate of individual two storey buildings 

and therefore take the general characteristics of Type C Perforated Walls. 

2.6.3 Perforated Wall Type E 

Perforated Wall Type E represents a perforated wall having a height of three or 

more stories, that is part of an isolated building, referred to by Russell (2010) as a 

typology E building. Typology E buildings are the least prevalent of the seven URM 

building typologies in New Zealand (Russell 2010).  Examples of typology E 

buildings are shown in Figure 2�29, and are primarily found in the main city 

centres of Auckland, Wellington and formerly in Christchurch.   

These buildings are different from the other types, not only in their number of 

storeys, but also in their number of perforated walls.  Typology E buildings will 

commonly have two or more perforated walls.  These perforated walls are typically 

homogenous, with regularity of the size and positioning of window openings.   

Paired window openings often have a high aspect ratio brick pier mullion, which 

can be excluded when analysing the structural integrity of the frame. From the 

typology work of Russell (2010) the mean inter�storey height of the ground floor of 

a type E perforated wall is 6 m, and can range from 4 to 7 m. The subsequent inter�

storey heights of the above stories have a mean of 5 m, with the exception of the 

upper storey which is typically less, with a mean of 4 m. Opening widths generally 

range from 1.0 to 1.8 m, and the height ranges from 1.0 to 2.5 m. The piers of the 

lower ground and second stories have a higher aspect ratio relative to the piers of 

the upper stories, which are generally more squat. Spandrel depth is highly 

variable, with a lower bound of approximately 0.5 m and an upper bound of 2.5 m. 

The thickness of type E perforated walls varies with height, stepping in at the 

diaphragm level. The wall thickness at ground level can be up to five leafs, 

depending on the total wall height. URM columns are a common feature of Type E 

Perforated Walls as can be seen in Figure 2�29 (a), (c) and (d).  
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(a) Central Wellington 

 

(b) Timaru 

  

(c) Auckland 

 

(d) Auckland (Australis House) 

Figure 2+29 Examples of Perforated Wall Type E – Three or more storey isolated 

 

 

2.6.4 Perforated Wall Type F 

A perforated wall classified as Type F is three or more stories in height and part of 

a type 1 or 2 row building, referred to as a typology F building by Russell (2010).  

Typology F buildings, as per typology E buildings, are found predominantly in the 

downtown areas of Auckland, Wellington and formerly in Christchurch. 

Photographic examples of this building type are shown in Figure 2�30. Type 2 row 

buildings of three of more stories are most common in the downtown commercial 

areas of the larger cities of New Zealand. This type of perforated wall was found in 
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abundance along High street and Lichfield street in Christchurch (before the 

Canterbury earthquakes of 2010 and 2011), and along Quay street, Customs Street 

East and Queen Street in Auckland.  As is typical of type 2 row buildings, Type F 

row type 2 perforated walls are at risk of pounding damage in an earthquake as 

they are generally located within a row of buildings of different overall height, 

inter�storey height, and number of storeys.  Within a Perforated Wall Type F, 

variation in window lintel shape over the different stories is common. Regularity is 

often found in the vertical alignment of the window openings within the facade 

fenestration pattern of the perforated wall. General dimensions of Type F 

perforated walls are the same as the dimensions given in section 2.6.3 for Type E 

perforated walls. 

 

2.6.5 Perforated Wall Type M 

Perforated Wall Type M is representative of the multitude of URM buildings that 

have had extensive changes made to the ground floor structural system and 

materials. The façade of ‘street level modified’ URM buildings have had the ground 

floor piers removed and replaced by steel sections. Photographic examples of this 

building type are shown in Figure 2�31. The first and above stories are generally in 

their original form with window openings perforating the wall, flanked by URM 

piers. 
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a) Christchurch 

 

b) Christchurch 

  
c) Christchurch 

 

d) Christchurch 

  
e) Dunedin 

 

f) Wellington 

Figure 2+30 Examples of Type F Perforated Walls – Three or more storey row 
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a) Auckland  

 

 

b) Auckland 

  

c) Auckland   

 

 

d) Auckland 

  

e) Christchurch  f) Whanganui 

 

 

 

Figure 2+31 Examples of Type M Perforated Walls – modified ground floors 
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2.7 Representative Perforated Walls for Study 

Three representative perforated walls are detailed below, which were selected to be 

representative of typical fenestration patterns and overall geometry of New 

Zealand unreinforced masonry building façades. The perforated walls are based on 

isolated buildings of two, three and five stories in height, with varying opening 

arrangements and lintel designs. The representative perforated walls form the 

geometric characteristics for the experimental and modelling programmes reported 

herein. 

2.7.1 Representative Perforated Wall 1 

Wall 1 is representative of a typical Perforated Wall Type C, and is consistent in 

overall length and height and lower level opening size, with the average 

dimensions suggested by Russell (2010) for Typology C buildings.  The perforated 

wall shown in Figure 2�32 has three openings on the ground and first floor, with 

one central door opening. The central and outer window piers on the first floor have 

an aspect ratio of 1.0, 2.4 and 1.8 respectively. The ground floor piers adjacent to 

the door have an aspect ratio of 2.0 with height measured from the ground to the 

top of the door opening. The outer piers on the ground floor have an aspect ratio of 

3.4 and 2.5.  The spandrel depth at first floor diaphragm height is 1020 mm, which 

characterises the spandrel as shallow/common with respect to the inner piers, and 

deep with respect to the external piers, with average to high aspect ratios for all 

spandrel elements. The first floor window openings have arched lintels, which 

results in a variation in spandrel depth above the openings, and creates a minimal 

spandrel depth above the highest point of the arch.  The inter�storey height of the 

ground and first floors respectively are 4100 mm and 3700 mm.  As typical of two 

storey buildings, the ground floor has a thickness of three leafs (350 mm), reducing 

to two leafs (230 mm) at the location of the diaphragm and creating a seat for the 

joists. The strength and stiffness contribution from a parapet is ignored for 

Representative Perforated Wall 1, although the additional mass of a 1000 mm 

high, one leaf thick rectangular parapet is allowed for in the experimental and 

analytical programmes reported within this doctoral research. 
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a) Side View b) End 

View 

 

Figure 2+32 Representative Perforated Wall 1 (all dimensions in mm) 

 

2.7.2 Representative Perforated Wall 2 

Representative Perforated Wall 2 is a three storey isolated wall with a fenestration 

pattern typical of Perforated Wall Type E. The repeating pattern of openings on the 

first and second floors is modified on the ground floor, where the two central 

openings are joined together, with the central pier removed to create one extra 

wide opening. The fenestration pattern retains vertical and horizontal alignment of 

the openings, resulting in a uniform spandrel depth across the complete width of 

the wall. The openings on the ground floor have arched lintels, whilst the first and 

second floor windows have rectangular lintels. The height of the openings and the 

width of the piers combine to define mainly high aspect ratio piers, ranging from 

3.8 for the internal ground floor piers, down to 1.5 for the external piers on the 

second floor. The ratio of spandrel depth to pier width classifies all the spandrels as 

deep, and the ratio of spandrel length to spandrel depth identifies the individual 

spandrels as having high aspect ratios.  A 750 mm two leaf wide parapet is present 

above the roof diaphragm. 
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a) Side view 

 

b) End view 

Figure 2+33 Representative Perforated Wall 2 

 

2.7.3 Representative Perforated Wall 3 

Representative Perforated Wall 3, shown in Figure 2�34, is based on Australis 

House (façade shown in Figure 2�29d), located in downtown Auckland.  The 

fenestration layout is defined by vertical and horizontal regularity within and 

between the stories. The windows on the first to fourth stories are paired with a 

space of 370 mm, creating a high aspect ratio pier (6.75). Between the sets of 

windows there are piers with an aspect ratio of 1.25. The ground floor is perforated 

by two large door openings and two sets of windows. The ground floor piers 

adjacent to the door openings have an average aspect ratio of 1.75. The spandrel 
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depth varies from 2200 mm between the ground and first floor, getting shallower 

with increasing height up the wall, to a minimum of 900 mm between the third and 

top floors.  The ground/first floor spandrel is classified as common, with an average 

aspect ratio, whereas the spandrels located above the first floor are all shallow 

compared to the adjacent pier width, and have average to low aspect ratios. The 

3.1 m high parapet located above the roof diaphragm is included when defining the 

height of the top spandrel, resulting in a 3.6 m deep spandrel element. 

 

a) Side view 

 

b) End view 

Figure 2+34 Representative Perforated Wall 3 + Australis House, Auckland Central 
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2.8 Conclusions 

The history of unreinforced masonry construction in New Zealand was discussed 

with reference to the prevailing architectural fashions during this construction era 

and the influence that these fashions have had on the geometric form of typical 

URM façade walls. Based on building height and footprint, multi�storey perforated 

URM wall typologies were presented. The key geometric characteristics of the 

perforated wall typologies were discussed with accompanying photographic 

examples. The distribution and abundance of perforated wall typologies throughout 

New Zealand was detailed, with mention of the economic interest in the retrofit of 

New Zealand’s unreinforced masonry building stock.  

A perforated wall with a regular arrangement of openings was defined as a 

composition of pier, spandrel and joint elements, and the key dimensions of pier 

and spandrel elements were illustrated. To aid discussion of typical geometry and 

determine whether certain failure mechanisms can be associated with particular 

geometric characteristics, a grouped classification system was proposed to describe 

the geometry of the piers and spandrels based primarily on aspect ratio. 

Finally, three representative perforated walls were presented with specific 

geometry and fenestration patterns that are used to define the geometric 

characteristics of the experimental and computational modelling programmes 

reported in the following chapters.  
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Chapter Three 

Background to failure modes in 

perforated URM in�plane walls 

3 Number 

An extensive literature review is presented herein with the aim of summarising the 

key published theoretical developments and experimental findings associated with 

the assessment of perforated URM walls subjected to in�plane loads.  An 

introduction to the failure modes of perforated walls is examined through the 

observations made from post�earthquake reconnaissance. Extending from the 

observed failure modes, the development of unreinforced masonry pier and 

spandrel failure theory is detailed from a theoretical background.  A full synopsis of 

the three main failure mechanisms associated with unreinforced masonry piers is 

presented, with a strong focus on rocking behaviour.  The review first follows the 

past�to�current understanding of the mechanics of rocking, originally developed 

when considering an isolated rigid block. Research on pier shear failure 

mechanisms is then outlined and discussed, with reference to material 

homogeneity assumptions.  

System level response due to seismic excitation from real world evidence and from 

as�built static and dynamic testing of perforated wall systems is reviewed. This 

observational analysis leads into the examination of frequently adopted simplified 

models used in a desktop studies for the theoretical assessment of perforated URM 

walls, and more complex models used in conjunction with software to predict 

failure modes and non�linear response of perforated URM walls when subjected to 

seismic loading.  These models allow an assessment of the behaviour of perforated 
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walls by delineating the structure into three types of components, being piers, 

spandrels and joints.   

3.1 Role of the In+plane Loaded Walls 

During an earthquake, lateral forces are induced in the components of a building. 

These forces must find a path to the ground by transferral to other components via 

connections.  The load path invariably determines the critical components of a 

structure as insufficient strength in any component of a building will result in an 

unsatisfactory seismic response.  In new buildings, the load path is determined as 

part of the design process, and is selected in order to achieve a satisfactory 

structural response.  For existing buildings, the load path is commonly dictated by 

the connections between walls and diaphragms, as seen in historical URM 

buildings where the connection between the out�of�plane loaded walls and the 

diaphragms are often inadequate such that the out�of�plane loaded wall is the 

critical component (Priestley 1985).   

The load path varies significantly when adequate wall to diaphragm connections 

are present. When subjected to seismic ground motion, the foundation of a URM 

building transmits seismic energy to the stiffest component of the URM building, 

  

 

Figure 3+1 Seimic load path in a URM building 

[taken from Doherty (2000)] 

 



Failure Observations of Perforated Walls 

   
� 51 � 

being the in�plane loaded walls. The response of the in�plane loaded walls is 

filtered through to the out�of�plane loaded walls via excitation of the flexible 

diaphragm (Doherty 2000).  The components of a typical URM building, and the 

seismic load path explained above, are shown in Figure 3�1. 

Research into wall to diaphragm connections has found that if the connections are 

sufficient, in that they prevent the collapse of the out�of�plane oriented walls, the 

role of the in�plane shear wall becomes more critical. Tomazevic et al. (1993) 

showed that the addition of tension connectors between the out�of�plane wall and 

the timber diaphragms effectively switched the critical component to the in�plane 

wall, by preventing the collapse of the out�of�plane loaded walls. 

In general, in�plane loaded walls in a URM structure are considered as primary 

lateral�load resisting components, while the main role of the out�of plane loaded 

walls is their vertical load capacity, and in some cases their additional lateral 

shear resistance, which in most codes is considered negligible. 

New Zealand URM buildings predominately have timber diaphragms which are 

characterised as flexible in comparison to the stiff masonry (Paquette and Bruneau 

2003; Wilson 2012). It is generally recognised that the stiffness of the diaphragm 

dictates the level of coupling between individual URM walls, and it is therefore 

accepted that the behaviour of perforated walls in URM buildings can be isolated 

from the system level response of the building, as the flexible diaphragm uncouples 

the individual wall response from the other walls, and that a perforated wall can be 

analysed as an isolated wall (Yi et al. 2006).  

3.2 Failure Observations of Perforated Walls 

The poor seismic performance of URM structures has been extensively documented 

in published earthquake reconnaissance reports (Cross and Jones 1991; Deppe 

1988; Ingham and Griffith 2011; Kariotis 1984; Miyamoto et al. 2008). Consistent 

damage observations have identified key failure patterns within perforated in�

plane loaded walls, which suggests that perforated wall response due to lateral 

loading can be explained by delineating the wall into elements, being vertical piers 

and horizontal spandrels (Abrams 2000; Thurston and Beattie 2008; Yi et al. 2006).  

Damage is typically confined to either the pier or spandrel elements, where shear 
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and flexure failure modes are characteristic of both element types. The underlying 

hypothesis states that the failure mode of the wall is defined by the failure mode of 

the individual elements. Figure 3�2a shows the failure mode of a wall controlled by 

pier failure in a rocking response, and Figure 3�2b shows the failure mode of a wall 

that is controlled by shear response of the piers. 

  

a) Rocking of piers 

 

b) Diagonal cracking of piers 

Figure 3+2: Failure modes of a perforated URM shear wall 

 

3.2.1 Christchurch Reconnaissance 

On Saturday 4th September 2010 at 4.35 am a magnitude 7.1 earthquake occurred 

with its epicentre located under the town of Darfield, 40 km west of Christchurch 

city, with a depth of about 10 km.  Over a 72 hour period assessments and 

reassessments due to the aftershocks resulted in buildings being tagged red, yellow 

or green, and cordons were placed around buildings having potential falling 

hazards. Of all the damage to commercial buildings in Christchurch CBD, the 

majority was to the unreinforced masonry (URM) building stock. Of the 595 URM 

buildings that were assessed in Christchurch following the Darfield earthquake, 

21% were assessed as unsafe and tagged red, 32% were assessed as yellow – 

limited accessibility, requiring further inspection, and 47% were assessed as green 

– safe for public use.  Despite the known vulnerability of URM buildings to 

earthquake loading and the 11% New Building Strength (NBS) obtained from the 

Initial Evaluation Process (IEP) exercise, 395 of the 595 buildings (66%) were rated 

as having 10% damage or less, with only 162 (34%) of the buildings assessed as 

having more than 10% damage. Following the September earthquake, a magnitude 

6.3 earthquake occurred on the 22nd of February 2011, with an epicentre located 

approximately 10 km from the centre of Christchurch, at a depth of 6 km. A 

comparison of the median response recorded in the 4 September 2010 and 22 
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February 2011 earthquakes, clearly identified that the February earthquake was 

far more severe in terms of the loading that it applied to unreinforced masonry 

buildings (and all other buildings having a period of less than 2 seconds) (Ingham 

and Griffith 2011). The September 2010 earthquake resulted in loadings that were 

approximately two thirds of the design level for new buildings whereas the 22 

February 2011 event generated approximately twice the 500�year design load for 

new buildings or about three times the loading from the September 2010 

earthquake (Ingham et al. 2011). This increase in seismic loading during the 2011 

Christchurch earthquake was reflected in the damage to the building stock, and 

consequently the death toll which reached 181, with 42 people being killed by the 

collapse of unreinforced masonry buildings (Heather 2011). Following the 22nd 

February 2011 earthquake, Ingham et al. (2011) conducted a transect through the 

Christchurch central business district and reported that of the 155 URM buildings 

surveyed, 27% were tagged green, 25% were tagged yellow, and 48% were tagged 

red. 

In general, the observed damage to URM buildings in the 2010 Darfield 

earthquake and 2011 Christchurch earthquake was consistent with the expected 

seismic performance of this building form, and consistent with observed damage to 

URM buildings in past earthquakes both in New Zealand and overseas (Dowrick 

1998; Edwards et al. 2010; EERI 2010; Page 1991).  

The weak out�of�plane strength of unreinforced masonry construction was 

highlighted during the earthquakes, with numerous parapet and gable end wall 

failures observed along both the building frontages and along their side walls. 

These failures often resulted in further damage due to individual bricks or larger 

masonry sections falling through the roofs of neighbouring buildings, and also due 

to large sections of parapets landing on the street canopies, resulting in 

overloading of the canopy braces which caused punching shear failures in the 

masonry.  Inspection of out�of�plane wall failures typically indicated poor or no 

anchorage of the wall to the supporting timber diaphragm.  One example was 

located at 184�186 Manchester Street, where two perpendicular walls both failed in 

an out�of�plane mode, leaving behind anchors attached to only the roof diaphragm.  

It was noted that the bricks that were lying on the ground after the shaking were 

whole bricks and that failure appeared to be partly attributable to poor quality 

mortar. This observation was further emphasized by the failure patterns visible on 
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a number of façade walls, that mimicked the damage observed in dry stack 

masonry experiments (Restrepo�Valez and Magenes 2009). Unsupported or 

unreinforced brick chimneys performed poorly in the earthquake, with numerous 

chimney collapses occurring in domestic as well as small commercial buildings and 

some churches.  

A key feature of New Zealand URM buildings is the presence of flexible timber 

diaphragms, which result in much larger diaphragm lateral deflections than occurs 

in rigid reinforced concrete diaphragms. Many instances of large diaphragm lateral 

deformation relative to the in�plane loaded walls, contributing to partial failure of 

an out�of�plane loaded wall or parapet, were observed. Other types of damage such 

as pounding due to irregularities in wall height and height of diaphragm, and 

return wall separation were noted.  

3.2.1.1 In+plane Failures 

In�plane damage caused by the 2010 Darfield earthquake was observed, although 

this failure mode was not prevalent. Analysis of the damage induced by the 

February 2011 Christchurch earthquake found that in�plane damage was 

widespread, with diagonal shear cracking, toe�crushing, bed�joint sliding and 

evidence of in�plane rocking noted. Diagonal shear cracking was observed in both 

piers and spandrels of perforated URM walls.  

Observations from the February 2011 Christchurch earthquake confirmed that 

several URM buildings had sufficient diaphragm connections such that the full 

lateral earthquake loads were transferred into the in�plane oriented masonry walls 

which then acted as shear walls. These walls were generally perforated by window 

and door openings and acted as a wall frame consisting of piers and spandrels. 

Significant cracking was observed in both elements, however, rarely in both piers 

and spandrels within a single frame. 

Cases of in�plane shear sliding were found to be contained to low aspect ratio URM 

piers and walls having few penetrations (see Figure 3�3a). In one case, shear 

sliding of the entire upper storey was noted, as shown in Figure 3�3b. 
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a) Sliding of a low aspect ratio pier b) Sliding of entire upper storey 

 

Figure 3+3 Shear sliding examples from 2011 Christchurch earthquake 

 

 

In�plane damage observed while conducting building assessments after both the 

September 2010 Darfield and February 2011 Christchurch earthquake is detailed 

below using four case studies. The four multi�storey unreinforced masonry 

buildings all experienced in�plane damage to the facade walls, and were 

subsequently deconstructed. 

3.2.1.2 Manchester Courts 

Manchester Courts was built for the New Zealand Express Company in 1905�1906 

and at the time of its construction was the tallest commercial building in 

Christchurch, see Figure 3�4a.  The forty metre high, seven storey building 

designed by Alfred Luttrell, was a mix of British Edwardian and Chicago 

skyscraper style of the 1880’s and 1890’s. The foundation and first two storeys of 

the New Zealand Express building were constructed of reinforced concrete, and this 

was probably the first use of reinforced concrete in a commercial building in 

Christchurch, with the external walls of the top five stories constructed from 

unreinforced masonry, with a light steel internal gravity frame.  The URM 

spandrels of the exterior frame were rendered with cement to enhance the 

verticality of the piers, and arched windows on the top three stories were designed 

to further accentuate the building height.  

The configuration of the openings was uniform across levels one to five, ensuring 

vertical and horizontal alignment of piers and spandrels. The ground floor openings 
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alternated between single width openings, and double width openings, which was 

similarly adopted on the top floor. The geometry of the openings defined high 

aspect ratio piers. The depth of the spandrels was approximately equal to the pier 

width, defining ‘common’ depth spandrels. In addition, the opening width defined 

the spandrel aspect ratio, which in this case was average (see section 3.4.5.2). 

The North and West elevations of the building were designed to be the visible 

façade as the building was located on a corner, and therefore these elevations had 

identical fenestration and architectural features, whereas the South and East 

elevations had simple window openings which pierced the plain brick walls of these 

elevations.  

The building was badly damaged after the September 2010 Darfield earthquake 

with diagonal shear cracks visible in the piers, notably on the third floor. The shear 

cracks shown in Figure 3�4b were confined to a single storey pier height as defined 

in Figure 2�24. 

 

 

 

a) Manchester Court Building 

facade elevations 

 

b) Diagonal shear cracking in third floor pier 

Figure 3+4 Damage to Manchester Court post Darfield earthquake 

 

 



Failure Observations of Perforated Walls 

   
� 57 � 

3.2.1.3 192 Madras Street 

The building at 192 Madras Street was designed by the Christchurch architectural 

firm of England Brothers and was constructed in approximately 1918�1919 on a 

narrow plot on the east side of Madras Street. The building was not listed with the 

New Zealand Historic Places Trust but had significant historical and social 

significance as the original headquarters of the Nurse Maude Association. The 

building was gifted to the Nurse Maude Association and Nurse Maude herself lived 

in the building’s upstairs flat and died in the property in 1935.  The building was 

turned into office space in the mid 1990’s (Christchurch City Council 2010). 

The building had a footprint of approximately 8.8 m by 27 m, with one heavily 

perforated wall located on the eastern side (façade) and the other three walls 

having minimal perforations. The construction was of unreinforced masonry with 

timber diaphragms and a lightweight roof. The external walls were solid load�

bearing masonry and stepped from three leaf to two leaf at the first floor level and 

to one leaf at parapet level. Diaphragm anchors at the first floor and roof level were 

installed in 1998, providing some earthquake strengthening, but no remedial 

strengthening work was applied to the façade wall (Christchurch City Council 

2010). 

During inspection after the Darfield earthquake, comprehensive damage to the 

façade wall was identified, with the spandrel panels at the first floor and roof level 

having extensive cracking, both vertically and diagonally (see Figure 3�5a and b). 

There appeared to be some movement of the façade at the diaphragm level in the 

horizontal direction perpendicular to the plane of the wall. The side walls suffered 

diagonal shear failures that were visible internally, extending into the stairway 

wells (Christchurch City Council 2010). The parapet remained attached, as it was 

supported to some extent by masonry columns that were an extension of the side 

walls. A diagonal crack extended from the intersection between the top east corner 

of the side wall and the masonry column diagonally across in the plane of the side 

wall (seen in Figure 3�5a), indicating possible rocking of the parapet block out�of�

plane. Following the Christchurch earthquake the facade wall collapsed, as shown 

in Figure 3�5c, and the building was deconstructed soon after. 
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a) Nurse Maud + cracking through top and 

central  spandrels after Darfield 

earthquake 

b) Diagonal cracking through top 

spandrel after Darfield 

earthquake 

 
c) Nurse Maud building after the February 2011 Christchurch earthquake 

 

Figure 3+5 Earthquake damage to 192 Madras street + Nurse Maude building 

 

3.2.1.4 Coachman Inn 

The Coachman Inn was constructed at 144 Gloucester Street, in 1902. The facade 

of the building was oriented towards the north (in the East�West plane). The three 

storey unreinforced masonry building was registered as a Category II historic 

place. 

The openings in the front façade were positioned with vertical and horizontal 

regularity across each of the three floors, ensuring alignment of the piers vertically 

and the spandrels horizontally. All openings, both windows and doors, had arched 

lintels. The inter�storey height reduced up the height of the building, which 
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resulted in the pier aspect ratio being high on the ground floor, reducing on the 

first floor, and then becoming less than 1 on the top floor. The critical spandrel 

depth (over the apex of the arch) was shallow when compared to the width of the 

adjacent piers, and the central spandrel had an average aspect ratio. 

Figure 3�6 depicts the damage to the facade of the Coachman Inn after the 

February 2011 Christchurch earthquake. The damage was concentrated in the 

spandrels, with diagonal shear cracking occurring over the arched lintels. The pier 

components were undamaged. 

 

Figure 3+6 Damage to Coachman Inn following the February 2011 Christchurch 

earthquake 
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3.2.1.5 T & G Building  

The T & G Building (more recently known as Kenton Chambers) was a five storey 

unreinforced masonry building with a basement that was constructed in 1929. The 

building appeared to have unreinforced masonry exterior walls with an internal 

reinforced concrete frame (Weng 2011).  

The formation of the brickwork of the facade shown in Figure 3�7 again shows 

recessed spandrels with the intention of emphasizing the height of the pier 

columns, which were a common feature of multi�storey unreinforced masonry 

buildings of the early 1900 era. The layout of the openings results in vertical and 

horizontal alignment of the piers and spandrels. The ground floor openings have 

arched lintels, and are oversized, balanced by the ground floor inter�storey height 

being significantly greater than the inter�storey heights for the above floors. The 

window openings on the first to fourth floor are almost square, which influences 

the adjacent pier aspect ratios. The facade piers have different widths, as seen in 

Figure 3�7, which results in both high aspect ratio, slender piers, and also more 

squat piers within each storey. The spandrels are classified as either deep or 

common depending on the adjacent pier width, and had average aspect ratios. 

  

a) Damage to the external perpendicular 

perforated walls 

 

b) Diagonal shear cracks on the 

facade wall 

Figure 3+7 Damage to T & G Building 

 

Damage caused by the February 2011 Christchurch earthquake was significant on 

the North face (along the East�West direction), but was minimal on the East face 

(along the North�South direction) as shown in Figure 3�7a, allowing a statement on 

dominant shaking direction to be made. On the North face, the in�plane failure was 
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concentrated in the piers, with diagonal cracking most evident in the central piers 

in all levels, and more hairline diagonal cracking visible in the higher aspect ratio 

piers and in some spandrel panels. 

3.2.1.6 Avonmore House 

Avonmore House, formerly known as Interiors House/Eastside Saloon, at 203 

Hereford Street was a protected Historic building listed with the Christchurch City 

Council and dated from circa 1910. The three storey unreinforced masonry building 

with a basement level was designed with two perpendicular perforated walls, with 

the other two walls being solid masonry. The architectural Romanic Classicism 

style of the building was highlighted in the embossed columns which extruded from 

the masonry façade and the large parapet with its capitol features. 

The South facing façade wall shown in Figure 3�8 had a regular opening layout 

with three large openings per level that were vertically aligned with the openings 

on the first and top floors. The ground floor had two square based windows with 

one doorway opening, all with high arched lintels. The first floor had square based 

windows with low arched lintels, and the top floor had semi�circular window 

openings. The opening heights defined low aspect ratio piers, particularly for the 

top floor. The wide rectangular geometry of the openings defined high aspect ratio 

spandrels which were more evident in the spandrel between the first and top floors 

due to the reduction in spandrel depth when compared to the ground/first floor 

spandrel. The ratio of spandrel depth to pier width defined the spandrels as 

common/shallow for the ground/first floor spandrel, and as shallow for the first/top 

floor spandrel. 

The damage to the South facing facade from the Christchurch earthquake is shown 

in Figure 3�8(a�c). The damage was focused in the spandrel panels, with diagonal 

shear cracking in the first/ground floor spandrels, and what appeared to be 

flexure/shear cracking in the first/top floor spandrels. Figure 3�8b shows brick 

fallout above the apex of the arch due to the diagonal shear cracking from repeated 

cyclic loading.  The concentration of the diagonal shear cracking over the high 

arched lintels is shown in Figure 3�8c, where the cracking extends from the corners 

of the above opening diagonally across the central region of the arch. In addition to 

the spandrel damage, cracking within the ground floor piers is visible. The 
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horizontal nature of the cracking to the base of the piers, as shown in Figure 3�8b, 

suggests a rocking response, and although the crack across the left pier in Figure 

3�8a is diagonal, it is proposed that this is also a flexure induced crack, positioned 

due to the opening geometry and loading direction. The lack of cracking within the 

first floor piers suggests multi�storey rocking of the ground and first floor piers. 

The distinct region of damage at the base of the top floor piers extended across the 

entire width of the wall, and was possibly due to a sliding shear response of the 

entire top floor. 

  

a) Avonmore House 

 

 

b) Spandrel partial collapse 

 

 

c) Diagonal shear cracking concentrated above arch 

 

 

Figure 3+8 Damage to Avonmore House following Christchurch earthquake 
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3.2.2 Key damage observations from the Canterbury 

earthquakes 

Analysis of the failure modes and crack patterns observed in perforated 

unreinforced masonry walls after recent earthquake events in Christchurch New 

Zealand, L’Aquila in Italy, and in Chile, has found that damage is generally either 

to the piers or to the spandrels, with combined failure in both types of panels 

uncommon. Pier shear failure is contained in the pier region defined by the vertical 

spanning section of masonry on either side of an opening (see Figure 2�24). Rocking 

in piers is difficult to confirm as it leaves no definitive crack pattern as evidence 

within the pier itself. However multiple spandrel failures coupled with a lack of 

cracking to the body of the pier is suggestive of pier rocking.   

Shear failure in the spandrel panels is recognised by the same characteristic ‘X’ 

crack that occurs in piers. Diagonal shear failure in arched lintels in concentrated 

over the shallowest part of the spandrel associated with the peak of the arch. The 

narrowing of the spandrel depth is linked with a concentration of shear stresses 

and hence a reduction in shear capacity. Shallow spandrels, when compared to the 

pier width, and low spandrel aspect ratios are features in perforated walls where a 

weak spandrel response was observed, and therefore it is proposed that there is a 

relationship between the dominant failure mode, being either weak pier or weak 

spandrel, and the classification of the spandrel relative depth and aspect ratio. 

3.3 Experimental Testing of Masonry 

Components 

The New Zealand guidelines for assessment of in�plane loaded URM walls and 

piers (NZSEE 2006) are based on the experimental and analytical work of overseas 

researchers (Gambarotta and Largomarsino 1997a; Magenes and Calvi 1992; 

Magenes and Calvi 1997; Magenes and Della�Fontana 1998; Mann and Müller 

1982). A review of the key results and implications of the experimental work is 

presented below. The review is separated into experimental programmes conducted 

on URM components (piers and spandrels), and those conducted on URM systems.  
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3.3.1 Piers 

A number of researchers have conducted tests of isolated unreinforced clay brick 

masonry piers (Anthoine et al. 1994; Drysdale et al. 1979; Erbay and Abrams 2002; 

Franklin et al. 2001; Magenes and Calvi 1992). From these studies it is generally 

accepted that piers have failure modes that are similar to those of shear walls, and 

will fail in the weakest mode of: sliding shear, rocking, diagonal shear, or toe 

crushing.   

Several works have described the phenomenology of shear failures in unreinforced 

masonry piers subjected to vertical loads and increasing horizontal displacements, 

including the well referenced works of Abrams (1992), Magenes and Calvi (1992) 

Turnšek and Sheppard (1980) and Turnšek and Čačovič (1971).  

Benedetti and Casella (1980) presented results and analysis from shear tests on 

clay brick masonry piers. They concluded that after first cracking the pier can still 

support further load increases and can sustain considerable displacements. Konig 

et al. (1988) performed shake table and quasi static tests on a series of wall 

elements with a range of aspect ratios and axial load levels. From the results it was 

concluded that the axial load level was a key variable influencing the type of 

cracking and the post�cracking seismic behaviour.  

In the United States Epperson and Abrams (1989) presented findings from in�

plane static tests of full�scale walls extracted from an existing building. Although 

shear was found to be the dominant failure response for the five walls, the lateral 

resistance continued to increase following the onset of initial flexural cracking. 

Abrams (1992) tested a series of unreinforced clay brick walls. He discussed that 

masonry walls or piers can possess a large inelastic deformation capacity if they 

fail in a rocking mode, and therefore do not need to be considered as brittle. It was 

also noted that the behavior of walls subjected to in�plane cyclic loading was not 

influenced by previous damage due to rocking, that is, essentially zero strength 

deterioration and stiffness degradation were observed.  

Magenes and Calvi (1992) reported on the failure modes of five pier specimens that 

were tested to evaluate the resistance and ductility of unreinforced masonry walls 

as a function of material properties, aspect ratio and load combinations. The 

results showed that a friction failure of the mortar joints was typical for a lower 
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axial load, and that tensile cracking of the bricks was typical for a higher axial 

load. The influence of the failure mode on the post�peak hysteretic behaviour was 

also noted. Walls with lower aspect ratios were found to have higher shear strength 

under the same axial load when compared with walls with higher aspect ratios. 

The increase in horizontal compression stress for piers with low aspect ratios was 

found from finite element analysis, and it was concluded that the best correlation 

between experimental and numerical analysis was made when the cohesion in the 

head joints was assumed to be zero for high aspect ratio piers, and equal to an 

assumed cohesion of the head joints in low aspect ratio piers. 

Anthoine et al. (1994) reported on cyclic in�plane tests of unreinforced masonry 

piers with different aspect ratios. The pseudo�static tests showed that the more 

slender piers rocked while the stockier piers failed by diagonal cracking. When the 

slender piers were retested with larger axial loads, they too also exhibited diagonal 

cracking. 

Magenes and Calvi (1997) reported on a series of pier tests conducted in Pavia and 

Ispra. Nine piers were tested, with five being three leafs thick and four being two 

leafs thick. All the piers had an aspect ratio of either 1.35 or 2.0, but had different 

absolute sizes. The test rig was designed so that the base and top of the pier 

remained parallel during testing, creating a fixed�fixed boundary condition. It was 

found that diagonal cracking through the mortar joints was the dominant failure 

mode for the specimens that were tested with an axial load between 0.6�0.7 MPa 

and had an aspect ratio of 1.35. Diagonal cracking through the bricks governed for 

the specimens with a higher axial load of 1.0�1.2 MPa and an aspect ratio of 2.0.  

Erbay and Abrams (2002) tested three full scale clay brick unreinforced masonry 

walls with low aspect ratios. The first specimen was tested with a constant axial 

load of 0.62 MPa and the second and third specimens were tested with an axial 

load of 0.90 MPa. Different to the other tests discussed in this literature review, 

the three specimens tested by Erbay and Abrams were intended to emulate a 

cantilevered wall, fixed only at the base. The results from the tests indicated that 

for walls with low aspect ratios (Ar < 1), sliding shear dominates, and that the wall 

can possess high post�cracked strength coupled with large deformation capacity, in 

excess of a ductility of 5. 
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In studies on old brick masonry, it has been shown that the onset of visible shear 

cracking can be associated with the achievement of peak lateral strength after 

which strength degradation takes place (Anthoine et al. 1994; Magenes and Calvi 

1992). In all failure modes, the cracking load generally lies between 85�100% of the 

peak lateral force. 

3.3.2 Spandrels 

Interest in the seismic behaviour of unreinforced masonry spandrels has only 

developed in the last decade. Reviews of the experimental programmes that have 

focused on the spandrel component are discussed below. 

The research by Gattesco et al. (2010) provided experimental data on the structural 

response of unreinforced masonry spandrels when subjected to cyclic loads.  Two 

full�scale brick�masonry specimens having the same geometric dimensions but with 

different lintel arrangements were considered in the research.  The influence of a 

typical timber lintel, compared to a brick lintel, was investigated by designing 

specimens to test the shear resistance, stiffness, ductility and energy dissipative 

capabilities of spandrels. This comparison was achieved by constructing a 

spandrel/pier substructure that incorporated half the pier height above and below 

the spandrel. The testing procedure involved fixing the left pier and cyclically 

controlling the vertical displacement of the right pier. A 0.5 MPa axial load was 

applied to both piers to account for the self�weight of above levels and diaphragm 

reactions. The failure patterns in the two tests indicated a shear response in the 

masonry lintel specimen and a flexural failure in the timber lintel specimen. The 

shear displacement plot of the wooden lintel specimen showed that the spandrel 

reached a maximum shear strength of 70 kN. At 1% drift (vertical) the shear 

capacity had reduced to 40% of the maximum measured value. The shape of the 

hysteretic loops indicated reasonable energy dissipation, which is common for a 

shear failure.  The crack propagation indicated a flexural response, with sub�

vertical cracks occurring at the ends of the spandrel. The shear displacement plot 

for the masonry lintel showed that the spandrel reached a maximum shear 

strength of 50 kN. Similar to the timber lintel specimen, the spandrel shear 

capacity had reduced to 40% of the maximum measured value at 1% drift (vertical). 

After the peak shear capacity was obtained there was a dramatic reduction in 

capacity, which then remained constant over the subsequent cycles. The crack 
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propagation for the masonry lintel showed diagonal stepped cracks crossing the 

length of the spandrel. 

Parisi et al. (2010) conducted three tests on a full�scale unreinforced masonry wall 

with an opening. The pier/spandrel substructure was designed to avoid any given 

boundary conditions at the ends of the spandrel section. The spandrel component 

had a length of 1700 mm and a height of 1000 mm, which corresponds to an aspect 

ratio of 0.60 (average). The ratio of the spandrel depth to the adjacent pier width 

was 0.6, which results in the spandrel being classified as shallow. A monotonic 

push and a pseudo�static cyclic test were conducted on the as�built specimen, 

followed by a repeat cyclic test after the specimen had received strengthening of 

the spandrel component. The as�built response was reported as diagonal shear 

damage to the spandrel, and masonry crushing in the compressed toe of the pier, 

which was supported by the hysteretic shape of the force�displacement plot. 

Calderoni et al. (2011) conducted scale testing of unreinforced masonry spandrels 

with different masonry arrangements pertaining to construction in the eighteenth, 

nineteenth and current centuries, to study the mechanism of spandrel failure.  

Focusing on the specimens with bond patterns similar to common bond found in 

New Zealand (specified as modern ordinary masonry), three samples with different 

aspect ratios were tested. A slender spandrel with an aspect ratio of 0.5, an 

average spandrel with an aspect ratio of 0.7, and a stocky spandrel with an aspect 

ratio of 1.07 were constructed by keeping the length consistent and varying the 

height between the specimens. The testing set�up constrained the spandrel 

between two rigid columns imitating rigid piers. The failure mechanisms exhibited 

varied for the different aspect ratios, with horizontal sliding at the interface of the 

mortar joints and the bricks for the slender spandrel, diagonal cracking for the 

stocky spandrel, and a mixed failure mode for the average spandrel. In addition, for 

all the failure modes observed, significant post�peak deformation capacity was 

recorded, with toe�crushing failures having a characteristic ductile response, 

diagonal shear cracking failures exhibiting a significant strength reduction 

accompanied with a reasonable deformation capacity, and horizontal sliding 

failures showing a slight strength reduction post�peak with a high deformation 

capacity. 

A research project carried out at ETH Zürich involved the testing of several full�

scale test units of different types of spandrels (Beyer and Dazio 2012). The 
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experimental programme was completed in two parts, with the second part 

focusing on spandrels of older URM buildings where reinforced masonry beams are 

not present.  The test units, similar to the form of the substructure tested by Parisi 

et al. (2010), consisted of two piers with an adjoining spandrel element. The 

spandrel geometry is classified as having a high aspect ratio (1.07), and having a 

ratio of spandrel depth to pier width of 0.60, and therefore is classed as a shallow 

spandrel. Two test units were constructed with rectangular timber lintels, and two 

with arched masonry lintels.  A key focus of the testing involved investigation of 

the effect of axial force in the spandrel, and axial elongation of the spandrel due to 

cracking.  To this end, a prestressed steel tie along the horizontal axis of the 

spandrel was applied to one of the test units for each of the spandrel lintel types. 

Failure of the shallow timber lintel unit having an applied axial stress on the 

spandrel initiated with vertical cracks at the spandrel/joint interface, which is 

characteristic of a flexural response. With increased drift demand, a diagonal shear 

failure occurred. For the equivalent unit with an arched masonry lintel, the failure 

mechanism was dominated by diagonal cracking in both loading directions. The 

hysteretic response of the two test units differed significantly with respect to 

strength degradation in the post�peak phase. The strength degradation after 

reaching the peak shear stress for the arched lintel was larger than for the test 

unit with a timber lintel. This level of strength loss was related to the failure 

mechanism, as a shear response is characterised by a higher rate of strength 

degradation than is a flexural response, which generally can be characterised by an 

elastic�perfectly plastic response. In addition, the arched masonry spandrel 

partially collapsed at a drift of 3.5%. The peak shear force of both test units was 

greater than the applied axial force, and therefore it was concluded that the 

masonry spandrels were able to carry shear over a large deformation range. 

The results from the experimental programmes described above confirm the failure 

modes observed from post�earthquake inspections and give insight into the key 

variables that define the shear strength of both piers and spandrels. With respect 

to spandrel failure, the results from the experimental programmes provide 

evidence of a relationship between spandrel geometry and relative pier/spandrel 

strength with failure mode. 
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3.3.3 Experimental Testing of Systems 

Further to the research carried out on the individual elements of perforated walls, 

researchers have also considered the behavior of perforated URM walls as part of a 

system (Abrams 2000; Costley and Abrams 1995; Paquette and Bruneau 2003; 

Thurston and Beattie 2008; Yi et al. 2006).  A major experimental test program 

involving unreinforced masonry (URM) walls subjected to earthquake loading was 

conducted by ABK (1981). These tests showed that the resistance to collapse 

depends more on the peak velocity input at the base and top of the walls than on 

the peak relative deformations induced between the top and bottom of the walls.   

Costley and Abrams (1995) performed dynamic testing of two 1/3 scale, two storey 

URM structures constructed from half scale standard clay bricks, with window and 

doorway perforations which were varied between the two structures to create piers 

with a range of aspect ratios. The lintels for the openings were constructed from 

bricks placed vertically to create rectangular masonry lintels. The central 

spandrels for the two perforated walls of each building were deep when compared 

to the adjacent pier width, and had low aspect ratios. At each storey height a 

flexible diaphragm was built from steel bars that were firmly tied to the exterior 

walls. The structures were placed individually on a shake table and subjected to 

1985 Nahanni earthquake excitations. The primary observed failure mechanism 

was the stable rocking of the in�plane piers. As illustrated by the crack pattern in 

Figure 3�9, this rocking mechanism effectively isolated the second storey from 

significant displacement, which remained undamaged while the first floor rocked 

beneath it. It was shown that the flexible diaphragm system amplified the in�plane 

wall displacement prior to cracking, and provided negligible coupling between the 

in�plane loaded walls. 

Foraboschi (2009) conducted fifteen quasi�static monotonic tests on perforated 

unreinforced masonry walls to investigate the coupling effect between the spandrel 

and the piers. The walls were constructed in full�scale and included one window 

opening with a non�structural rectangular brick lintel beam over the opening. Five 

different bond patterns were tested over three different levels of applied axial load.  

Foraboschi proposed four rocking failure mechanisms and one sliding failure 

mechanism to explain the variation in performance of historic unreinforced 

masonry building in earthquakes and the conservative prediction for lateral 
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strength in current seismic structural standards. 

At the University of Pavia, a full�scale two storey URM building prototype was 

constructed and tested as part of a co�ordinated research programme involving 

several research institutions which included static, dynamic and pseudo�dynamic 

experimental tests on URM materials, element and structural systems. Magenes et 

al. (1995) presented preliminary results from cyclic testing of the full scale two�

storey unreinforced masonry building. The building consisted of two leaf solid brick 

walls, with perforated walls on two parallel sides, and unperforated walls on the 

adjacent two sides. The ‘Pavia Door Wall’ as it is commonly referred to in the 

literature, was disconnected from the adjacent transverse walls, whilst the ‘Pavia 

Window Wall’ was connected to the adjacent transverse walls by interlocking 

bricks. 

 

a) Final crack pattern of S1 door wall 

 

b) Final crack pattern of S1 window 

wall 

 

c) Final crack pattern of S2 door wall 

 

d) Final crack pattern of S2 window 

wall 

Figure 3+9 Wall crack patterns [taken from Costley and Abrams (1995)] 
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During pseudo�static cyclic testing of the structure, the nature and location of 

damage changed significantly with increasing drift. Initially the damage was 

concentrated in the spandrels for both in�plane loaded walls. For both walls, the 

spandrel panels had high aspect ratios (1.8), and were defined as deep spandrels 

based upon the ratio of spandrel depth to adjacent pier width (0.92�1.9). At higher 

drift levels, diagonal shear cracking was evidenced in the central piers (which had 

an aspect ratio of 1.2 in the door wall, and 1.4 in the window wall). At the 

maximum drift level, diagonal shear cracking in the external ground floor piers of 

the ‘Pavia Door Wall’ was observed, whereas in the ‘Pavia Window Wall’ the 

exterior piers exhibited a rocking response. The effective rocking height of the 

external piers was noted to be greater than the pier height defined by the opening. 

The experimental results confirmed the complex interaction of shear and flexural 

response within a perforated wall and highlighted the effect that global rocking has 

on the response of the in�plane loaded walls, and it was concluded that simple 

models which idealise URM walls as a series of independent piers should be used 

with discretion.  

Damage patterns were discussed by Abrams (2000) for two reduced scale two�

storey unreinforced clay brick masonry buildings subjected to simulated 

earthquake motions on a shake table. The two walls had different pier aspect 

ratios, resulting in variations in stiffness and relative strength. Initial cracking 

was observed at 0.1% drift for the first storey, followed by rocking of the ground 

floor piers up to a drift of 0.9%. Experimental evidence from this test validated the 

idea of controlled rocking providing a mode of response that allowed for 

displacements and energy dissipation and also allowed the structure to remain 

stable. 

Paquette and Bruneau (2003) performed pseudo�dynamic testing of a full scale one 

storey unreinforced brick masonry building having a wooden diaphragm, with the 

intention of experimentally quantifying the flexible�floor/rigid�wall interaction. The 

construction of the building left a vertical gap between one of the perforated end 

walls and the side walls so that the effect of the corners could be identified and a 

comparison made with the results obtained from two�dimensional models that are 

generally used for analysis. As illustrated in the crack pattern in Figure 3�10, the 

governing failure mode was rocking of the piers in the west wall, with the flexural 

cracks extending diagonally across the base of the external window pier.  No 
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inclined cracks were reported in the spandrel regions of the west wall which was 

discontinuous; conversely, extensive inclined cracking was reported for the 

spandrel regions of the east wall (which was continuous with the transverse walls). 

A rocking response of the piers in the east wall was observed. The diagonal 

propagation of the cracks, as opposed to horizontal cracking, resulted in a change 

in effective height of the pier which directly affected the lateral capacity of the 

wall. 

 

a) West wall b) East wall 

 

Figure 3+10 Crack patterns after La Malbaie excitations [taken from Paquette and 

Bruneau (2003)] 

 

The Mid�America Earthquake (MAE) Centre embarked on a significant 

experimental research programme aimed at identifying the extent to which 

component testing can be extrapolated to predict system level response of URM 

buildings.  As a capstone to the MAE�Centre projects, Yi et al. (2006) conducted 

quasi�static testing of a full�scale two storey URM building with flexible timber 

diaphragms to investigate the system�level response of URM buildings. The 

building consisted of three types of walls with different fenestration typologies. 

Walls A and B were parallel and had identical geometry, consisting of one door 

opening and two windows on the first floor and three windows on the second floor. 

This wall type created a deep spandrel beam (2.47 m) between the openings, and 

low aspect ratio piers between the windows. The crack patterns, shown in Figure 

3�11, confirmed that the response was governed by the flexural behavior of the 

ground floor piers, and some of the top floor piers. For piers A�7 and A�9, where the 

pier was flanked by different height openings, the flexural crack propagated 

diagonally across the pier. The adjacent walls, Wall 1 and Wall 2, had different 

arrangements of openings. Wall 1 had only one door opening on the second floor, 

creating a low aspect ratio pier (less than 1) on the first floor, and two windows on 

the second floor again creating low aspect ratio piers, and Wall 2 had one wide 
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opening on the first floor adjacent to a door opening, creating three high aspect 

ratio piers. The force�displacement plots for Walls 1 and 2 suggested that the wall 

behaviour was governed by a rocking response of the ground floor piers, while the 

failure mechanisms of the test structure were dominated by rocking and sliding of 

the first floor piers. A significant increase in lateral capacity was measured due to 

the participation of the out�of�plane loaded walls to the in�plane response (labeled 

‘flange effects’). Overturning moments were identified as important as they 

distributed the vertical stresses amongst the piers and contributed to the 

deformation of the entire structure. In addition, little coupling between the two 

parallel walls was reported, which was attributed to the presence of flexible 

diaphragms. This finding is key as it allows investigation of the response of URM 

walls as individual components. 

 

    Wall A Wall 2 Wall B Wall 1 

Figure 3+11 Crack pattern for tests structure for in+plane wall tests (Yi et al. 2006) 

 

 

More recently, a half�scale two storey URM building was constructed at the 

University of Canterbury and subjected to different ground motions with 

increasing intensity (Bothara et al. 2010). The front and back wall were perforated, 

with a regular layout of openings on the front wall, and irregular positioning of a 

window and a door on the back wall. One of the transverse walls was solid, whilst 

the other had a window on each level. Although the focus of the testing was to 

assess the dynamic properties of the building, failure modes of the walls and crack 

patterns were reported. Shaking in the longitudinal direction, so that the front and 

back walls responded in�plane, resulted in rocking of the external ground floor 

piers of the front wall. The crack propagation extended from the top corner of the 

openings, diagonally up and across the pier, and similarly, from the bottom corner, 

diagonally down and across the pier, creating an extended effective pier height. 

This same crack pattern was noted by Kingsley et al. (1996). The geometry of the 
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front wall defined low aspect ratio, deep spandrels that experienced little to no 

damage. The test results indicated that rocking can lead to a stable non�linear 

response, with high deformation capacity. 

3.4 Component Analytical Models  

The following sections provide a review of simplified models presented in the 

literature for the mechanics of failure modes and the development of current 

assessment equations for prediction of the strength of unreinforced masonry piers 

and spandrels. 

3.5 Pier Behaviour 

Observations of seismic damage to perforated unreinforced masonry walls, as well 

as laboratory experimental tests, have shown that masonry piers subjected to in�

plane loading fail in one of two responses (shear or flexure), with which different 

failure modes and crack patterns are associated.  

A flexural response covers both a rocking failure and a toe�crushing failure (see 

Figure 3�12(a�b)). If the applied vertical load is low when compared with the 

compressive strength, the lateral load produces tensile flexural cracking at the 

base corners along the bed�joints and the pier begins to rotate about the 

compressed toe. For a rocking response, final failure is obtained by overturning of 

the wall, whereas a toe�crushing failure occurs when the compression stress in the 

compressed toe exceeds the masonry compression strength, resulting in crushing of 

the masonry. 

A shear response can produce two different failure modes. A shear sliding mode 

occurs when sliding planes form due to the formation of tensile horizontal cracks in 

the bed�joints, which eliminate any shear strength due to cohesion. Diagonal 

cracking failure is characterised by diagonal cracks, which can either take a stair 

stepped route following the path of bed and head joints, or can take a straight 

diagonal line through the brick units.  Figure 3�12(c�d) illustrates the two shear 

failure modes. 
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a) Rocking/Toe crushing b) Shear Sliding 

 

                       

c) Diagonal cracking through the 

bricks 

d) Stair stepped diagonal cracking 

 

Figure 3+12 In+plane behaviour modes for laterally loaded URM piers 

(reproduced from Marzham 1998) 

 

 

In general, it is recognised that rocking prevails in slender piers, whereas bed�joint 

sliding tends to occur only in very squat piers (Abrams 1992; Anthoine et al. 1994; 

Magenes and Calvi 1992; Magenes and Calvi 1997; Mahmoud et al. 1995). Diagonal 

cracking governs over rocking in moderately slender piers where the axial load 

level is high (Bosiljkov et al. 2003; Vasconcelos and Lourenco 2009). 

Numerous experimental programmes have focused on the failure mechanisms of 

isolated piers and have found that aspect ratio, boundary conditions and axial load 

levels are the key variables influencing their response to lateral load (Calderini et 

al. 2009; Drysdale et al. 1979; Franklin et al. 2001; Magenes and Calvi 1992). 

These variables determine the piers’ mechanism to resist lateral force, and are the 

variables in a series of equations used to calculate the shear resistance associated 

with the four main failure mechanisms of piers.  
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3.5.1 Rocking Failure 

Fundamental mathematical models of rocking behaviour originated from the 

requirement for a more scientific measure of earthquake intensities. Before the 

development of accelerometers, individual felt intensities were used to gauge the 

size of an earthquake.  The purpose of John Milne’s 1881 study was to 

quantitatively scale the intensity of ground motion by studying the overturning 

motion of rectangular columns.  Through applying the principle of static 

equilibrium to Japanese gravestones, Milne developed an equation that 

represented the acceleration level that may cause the gravestone to overturn 

(Milne 1881).  Equation (3�1) was derived by equating the overturning moment and 

the gravitational restoring force about the corner of the gravestone 

� > D. E� (3+1) 

 
where � is the ground acceleration, g is gravitational acceleration, and 

FG is the 

ratio of width to height. The implied outcome from this equation is that the more 

slender the column is, the more likely it is to overturn and conversely a more squat 

column is more stable.   With the advent of this phenomenology of rocking columns, 

overturning became widely accepted as a measure of earthquake intensity.  Milne 

concluded his book with a disclaimer that this approach was at best only 

approximate.  This preliminary rocking model was unchallenged for the next forty 

years before the work of Ikegami and Kishinouye was published in 1946, who 

investigated the post�earthquake displacements of gravestones following the 1946 

Nankai earthquake.  The 1946 Nankai earthquake is now thought to have had a 

moment magnitude of 8.1, as it not only caused the destruction of tens of thousands 

of homes due to ground shaking, but also led to a tsunami, land�slides and ground 

upheavals (USGS 2009).  This subsequent investigation highlighted the 

deficiencies of Milne’s study, as Ikegami and Kishinouye noted the phenomena 

where slender gravestones that equation (3�1) deemed to be unstable, were still 

standing after the earthquake, whilst some squat gravestones had overturned 

(Ikegami and Kishinouye 1946).  These observations were later explained by the 

dynamic interactions of the rocking motion and the ground motion.  By analysing 

the gravestones using static equations Milne had not considered dynamic effects. 

The modern understanding of rocking mechanics is typically attributed to George 
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W. Housner’s Simple Rocking Model (SRM).  Housner (1963), intrigued by the 

elevated water tanks that survived the Chilean earthquake of 1960 despite their 

appearance of instability, investigated how the geometry of structures affected 

their rocking behaviour.  In his seminal paper he denounced the concept of 

representing seismic loads by a static lateral force, confirmed by the damage that 

squat reinforced concrete tanks sustained when compared to the damage sustained 

by tall slender elevated tanks.  Housner identified that contrary to common sense, 

tall and slender structures were more stable during rocking than were short, squat 

structures. 

Housner’s SRM was developed by considering a rigid block that rocked on a rigid 

foundation.  The block model assumes that the coefficient of friction is sufficiently 

large to ensure that the block does not slide. The model is shown in Figure 3�13. 

 

 

 

Figure 3+13 Housner’s rocking block model 
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By applying Newton’s second law in the rotational direction for the block model, 

Housner developed a piecewise differential equation describing the free vibration of 

the block:  

HI -J+-*J = −MNO�PQR − +S  �T + > 0 

 

(3+2) 

 

HI -J+-*J = MNO�PQR + +S   �T + < 0 

 

(3+3) 

 

Simplifying the above equation pair for slender blocks with R < 20°, and setting 
XYZ[ = \J results in, 

+] − \J = −\JR  �T + > 0 

 

(3+4) 

This equation, subject to the conditions  + = +I �P- +̂ = 0 �* * = 0, has the solution: 

+ = R − QR − +IS �3Oℎ \* 
 

(3+5) 

Equation (3�5) describes the rotation of the block about the point 0 as it rotates 

back to the vertical position.  From this equation Housner developed an expression 

for the time period T (equation (3�6)), required for the block to start from a nominal 

initial angular displacement, +I, and rotate about point 0 until it returns to the 

vertical position, and then tilts about O’ through an angle of −+_, then falls back to 

the vertical position again and tilts about point O until it reaches its initial 

displacement, +I and completes one full cycle.  The cycle period, as defined by 

Housner, infers that there is total conservation of energy at the points of impact, at 

O and O’: 

` =  4\ �3Oℎbc d 1
1 − +IR e 

 

(3+6) 

 

Equation (3�6) implies that the time period is dependent upon amplitude rate  f[g .  

When this rate is close to unity, the period is long, and when it is close to zero, the 

period is short.   
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Housner assumed that when the block is set in motion, the moment of momentum 

about the point of impact is conserved.  This assumption is consistent with the 

statements that 1) the transfer of motion from rotation about point O to rotation 

about point O’ is smooth and 2) the impacts are inelastic, meaning that no 

bouncing of the block occurs.  Equating the moment of momentum about the point 

of impact immediately before impact to that immediately after impact, Housner 

deduced an expression for the reduction in energy by the impact, or the apparent 

“coefficient of restitution”, r: 

� =  12 HIf̂hh12 HIf̂ih
= j+̂J+̂ckJ

 

 

(3+7) 

 

Housner concluded that after each impact during free rocking the amplitude 

decreases.   Adding to this theory, an equation for successive half periods showed 

that at first there would be a few oscillations of large amplitude, decreasing with 

each impact, and corresponding with this would be an increase in rocking 

frequency until complete energy absorption and the block comes to rest. 

Housner (1963) also published equations of motion for a block subjected to 

sinusoidal acceleration, constant acceleration, pulse acceleration and random 

earthquake motion.  In order to develop these equations, constant acceleration was 

considered as a force acting through the centre of gravity of the structure. 

Housner’s equation of motion confirmed equation (3�8) as the specific value of 

acceleration required to initiate overturning, which is similar to Milne’s conclusion. 

�D  ≥  R (3+8) 

Returning to his original question regarding how structural geometry affects 

rocking behaviour, Housner concluded that there is an unexpected scale affect 

resulting in not only the aspect ratio affecting the behaviour but also the absolute 

size.  If two blocks have the same aspect ratio, the larger block will be more stable. 

Housner’s SRB model has been validated by numerous experimental researchers 

using free rocking tests, simple harmonic ground motion and earthquake ground 

motion tests.  Aslam and Godden’s (1980) highly referenced study into the rocking 

motion of large scale concrete radiating shielding systems validated Housner’s 
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equations of motion whilst highlighting the importance of boundary condition on 

the coefficient of restitution, stating that the aspect ratio was not as significant a 

variable as previously thought.  Free rocking tests were performed on a 30 inch x 

6 inch concrete block. To maintain Housner’s SRB plastic point assumption a 

concave aluminium plate was cemented to the bottom of the block to ensure that it 

rocked on its edges.  Free rocking tests were used to determine the experimental 

coefficient of restitution by fitting the analytical response to the experimental 

angular displacement.  Simple harmonic tests using a shake table were then 

preformed to compare the equivalent analytical results with experimental 

observations.  Simple harmonic tests were found to be repeatable as opposed to 

earthquake motion tests that were found to have variable time�history responses 

when repeated.  Aslam and Godden used a parametric analytical study to assess 

the rocking response of free rigid blocks to strong motion earthquakes, 

incorporating aspect ratio and coefficient of restitution as variables.  The behaviour 

of the blocks was found to be highly sensitive to the value of the coefficient of 

restitution, as a small change in the coefficient of restitution resulted in a complete 

change in the dynamic response.  The response was found to generally decrease in 

amplitude with the decreasing values of the coefficient of restitution.  Aslam and 

Godden concluded that rocking response is controlled in part by the base boundary 

conditions.  Housner’s recognition of absolute size as a factor in stability was also 

confirmed.  The observations of Aslam and Godden were the starting point for 

many studies, including those by ElGawady et al. (2006) and Peña et al. (2007). 

An experimental study of the rocking behaviour of single rigid blocks of blue 

granite with different geometric properties was performed in order to assess the 

accuracy of various tools that model rocking motion. Peña et al. (2007) initially 

compared experimental behaviour with the theoretical response based on 

Housner’s theory. Comparing the three main parameters for planar rocking, being 

α the static critical angle, p the frequency associated with the system due to 

interaction between the block and its base, and � the coefficient of restitution, it 

was shown that the experimental values did not match the theoretical predictions.  

The differences were attributed to detailed measurement of the blocks, the rotation 

surface shape and 3D effects. 

Subjecting the granite blocks to harmonic motion, Peña et al. were able to describe 

the rocking motion space in terms of frequency and amplitude of motion.  As the 
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frequency of the harmonic motion increased and amplitude remained constant, the 

rocking angle decreased.  As the amplitude of the harmonic motion increased 

whilst frequency remained constant, the rocking amplitude increased.  In parallel, 

it was observed that the dynamic critical angle (the angle at which the stone 

overturns due to dynamic motion) is larger than the static critical angle, implying 

that the use of the static critical angle as an overturning limit is conservative. 

Housner’s equations are still accepted as the original reference for rigid block 

mechanics.  Further work has focused on the interface assumptions between block 

and foundation, and the conservation of angular momentum assumption.   

The rocking strength of unreinforced masonry piers in the New Zealand 

assessment guideline (NZSEE 2006) is determined using a rigid block model. The 

maximum shear strength associated with rocking of masonry piers under static in�

plane loading is approximated using a proper stress distribution for the masonry in 

compression and neglects any tensile strength.  With reference to Figure 3�14, 

rotational equilibrium about the centre of the pier leads to: 

&l = 9#J*�I
m29#* j1 − m9#*nT′pk 

 

(3+9) 

where Lp is the pier length, Ho is the pier effective height, t is the pier thickness, N 

is the axial load, n is the coefficient which takes into account the compressive 

stress distribution at the compressed toe which is commonly taken as 0.85 as per 

the equivalent rectangular stress block adopted for reinforced concrete design, and T′p is the masonry compressive strength. The pier effective height is defined as the 

distance from zero moment, and is determined by the boundary conditions on the 

pier according to equation (3�10), 

Rq = r&9# = �I9# = stℎ#9#  
 

(3+10) 

where ψ’ is generally taken as 1 when the pier is fixed at one end and free to rotate 

at the other (cantilevered conditions), and as 0.5 when both ends of the pier are 

fixed. It is important to note that both these conditions are idealisations and are 

unlikely to be truly representative of the boundary conditions for a pier within a 

perforated unreinforced masonry wall.  The recognisable form of equation (3�9) is 
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shown in equation (3�11), where z is the distance from the compression edge of the 

pier to the line of action of N, and is generally taken as Lp /2. 

r6 = &l . �I = m 7u − 12 m0.85T′p*; 
 (3+11) 

 

 

a) Rocking pier variable definitions 

 

b) Stress+block idealisation in a rocking 

pier 

 

 

Figure 3+14 Rigid block model for a rocking governed pier 

(reproduced from Magenes and Calvi (1997)) 

 

Other equations have been proposed for predicting the rocking strength of piers, 

including equation (3�12) from the American code for Seismic Rehabilitation of 

Existing Buildings (ASCE 2007) and equation  (3�13) proposed by Yi et al. (2008). 

&l = 0.9Rxy 9#ℎ/!!  
 (3+12) 

where heff is the height to the applied lateral load, Lp is length of the pier, PD is the 

superimposed dead load at the top of the pier, and R is a factor to account for the 

boundary conditions, which is taken as 0.5 for cantilevered piers and 1 for piers 

with both ends fixed – note this is opposite to the New Zealand, Italian and 

Eurocode definition. 
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Equation (3�13) is a simplified version of the rocking capacity equations suggested 

by Yi et al. (2008). An assumption is made that for a URM wall to fail in a rocking 

mode, nearly the whole base of the wall must be cracked and hence the effective 

length of wall, ler, is assumed to be 10% of the wall length, lw. Neglecting the tensile 

strength of masonry, the effective length in rocking represents the distance from 

the extreme compression fibre of the wall to the neutral axis depth at the base of 

the wall, which is assumed to be 10% of the length of the wall. No definitive 

statement is made on how to determine h, or how to account for different boundary 

conditions. 

&l = m%ℎ# 7�z − �/l3 ; 

 

(3+13) 

A comparison of the three models is made by calculating the predictive shear 

strength domain for a rocking failure in a pier having a full height of 2 m, length of 

0.86 m, a thickness of 0.23 m (two leaf), and masonry compressive strength equal 

to 5.74 MPa. Note the difference in axial load definition between the models is 

accounted for by adding the pier self�weight to the axial load for the calculation of 

rocking strength in the Yi et al. equation. The effect of assessment of height is also 

shown, by calculating the domain for both a cantilevered pier, and a pier with 

fixed�fixed boundary conditions. The shear�axial load domain is normalised on the 

horizontal axis by a limiting axial load Nlim, where m|zp = 9#. *. T′p. Figure 3�15 

shows the rocking shear strength – axial force domain. For a cantilevered pier, it is 

shown that the three equations give similar predictions in the low axial load range, 

whereas in the mid to high axial load range the ASCE and the Yi et al. strength 

domains are similar but vastly different to the NZSEE strength domain. For the 

pier with fixed boundary conditions, the difference between the different equations 

follows the same general trend as for the cantilevered conditions, with the 

exception of the Yi et al. equation for which the strength domain does not change. A 

strength domain for a modified Yi et al. equation is shown in Figure 3�15, where h 

in equation (3�13) is replaced with sℎ where s is defined as per the NZSEE 

guideline. 
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Figure 3+15 Rocking equation predictions 

 

 

A rocking response has been classified by ASCE (2007) as a “deformation controlled 

action” because of the large displacement capacity without any significant strength 

loss. Unlike rocking, the toe crushing failure mode leads to loss of stiffness and 

strength of a URM wall, pier or spandrel. Toe crushing is a compressive failure of 

masonry that occurs at the toe of the wall, pier or spandrel and initiates when the 

maximum compressive stress exceeds the maximum compressive strength of the 

masonry. The extent of the toe crushing that occurs is dependent upon the ratio of 

applied axial stress to axial strength. 

Despite being considered separate failure modes, rocking and toe crushing are 

often intrinsically linked such that they represent a single failure mode. In this 

instance failure is defined by overturning of the wall and simultaneous crushing of 

the compressed toe of the wall. 
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3.5.2 Boundary between Rocking and Shear Failure 

Aslam and Godden (1980) based their analytical model on the equations of motion 

developed by Housner.  Using Housner’s theory they described the boundary 

between rocking and sliding by equation (3�14), where # is the coefficient of 

friction.   

�E > 1 ,B  

 

(3+14) 

This equation appears in a modified form in Priestley’s analysis of unreinforced 

masonry walls with openings.  Priestley (1985) formed an equation that 

represented the aspect ratio that is required to ensure that rocking occurs before 

shear failure. This equation is based on moment equilibrium around the base of a 

pier that is fixed between two spandrels (equation (3�15)), 

�E > 1 ,B Q1 − T}0.85T′pS 

 

(3+15) 

where fc is the average axial compression stress on the pier. Priestley’s equation is 

based on the loading that would be present in a fixed�fixed system, whereas other 

analyses consider free rocking and fixed�free systems. 
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3.5.3 Shear Failure  

Masonry walls subjected to in�plane loading commonly provide the horizontal force 

resisting system for a URM structure.  When subjected to both gravity and lateral 

forces during earthquakes, shear failure may occur.  Current research summarizes 

shear failures induced by seismic actions into diagonal shear cracking and shear 

sliding as was shown in Figure 3�12.  The former is described by the propagation of 

inclined diagonal cracks which may follow the bed/head joint path to produce a 

stepped pattern or may go directly through the bricks, depending on the ratio of 

mortar strength to brick strength.  The latter is due to the formation of tensile 

horizontal cracks in the bed�joints which when subjected to reversed seismic 

actions can potentially become sliding planes. 

Different models have been developed to describe shear failure in masonry, but 

they are all based on the theory from either of two fundamental models. The two 

models used to describe shear failure mechanisms differ on one key principle, 

which is the idealisation of the masonry material properties.  One approach is to 

assume that masonry is by definition an assemblage of individual stone or brick 

units, laid in and bound together by mortar.  Therefore it follows that masonry is a 

composite, anisotropic material. The alternative approach idealizes masonry as an 

equivalent isotropic homogenous continuum.   This second approach has no 

correlation to the physical composition of masonry but has the merit of producing 

response equations based on only one parameter. 

3.5.3.1 Fundamental Work 

The original work published by Mann and Müller (1973) represents the 

fundamental work in fracture criteria of unreinforced masonry walls in shear, and 

is founded on the treatment of masonry as a non�homogenous material.  The 

reasoning for this assumption corresponds with a realistic view of masonry.  

Masonry is not a homogenous material as it is constructed from two differing 

components, being brick and mortar.  Masonry does not behave as a uniform 

material as it is affected by the mortar joints, coupled with the fact that it is made 

up of bricks and vertical and horizontal mortar joints, all of which can fail 

individually and for different reasons.  The failure theory that Mann and Müller 

proposed was based on equilibrium of a single isolated brick subjected to both 
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vertical and shear stresses.  Crucial to this concept was the finding that no shear 

stresses can be transferred in the vertical mortar joints, as the model assumes 

horizontal compressive stress is negligible and therefore no horizontal axial loads 

exist to produce vertically oriented friction. This finding was supported by the 

observation that shear cracks nearly always originate in the vertical joints. 

Figure 3�16 depicts a shear wall element from a panel, with applied horizontal and 

vertical stresses. The element experiences axial stress in the vertical direction 1~, 

and shear stress on the boundaries 2.  The shear stresses acting along the 

horizontal joints produce a force couple in each brick. To attain equilibrium of each 

brick, a vertical force couple is required.  The subsequent stress distribution in the 

vertical direction is shown in Figure 3�17.  Equation (3�16) represents the altered 

vertical stress, 1c,  and 1J. 

 
 

 

Figure 3+16 Element subject to shear and 

axial stress 

Figure 3+17 Stress on an isolated brick unit 

  

1c:J =  1~ � 2. 2∆(∆'  

 

(3+16) 

It follows that shear failure in the bed joint will occur first on the brick half with 

the reduced vertical stress 1J.  Shear failure by sliding of the horizontal bed joint is 

explained using a modified Mohr�Coulomb formulation, shown in equation (3�17).   

Mann and Müller introduce the concept of a ‘reduced’ cohesion coefficient and a 

‘reduced’ friction coefficient, defined as � ̅ and ,̅ respectively, that are functions of 

the brick geometry and represent the reduction in 1~ to 1J.  Shear failure by 

diagonal cracking in a stepped pattern is explained using the same theory coupled 
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with the fact that the brick halves subjected to σ2 are positioned diagonally 

opposite each other.  
2 = �̅ + ,̅. 1�  (3+17) 

�̅ = �. 1
1 + , 2∆(∆'  

 
,̅ = ,. 1

1 + , 2∆(∆'  
 

(3+18) 

 

The theory for shear failure by diagonal cracking through the bricks returns to the 

finding that no shear stress can be transferred through the vertical head joints.  

Figure 3�18(a) shows the shear forces in equilibrium, but if a cut is made down the 

middle, the shear stress now has to be transferred through the brick, as shown in 

Figure 3�18(a). This stress transfer therefore results in the transfer of double the 

shear force in every second course of bricks, as shown in Figure 3�18(b).  Elastic 

theory was used to show that at the centre of the brick, the maximum inclined 

principal stress is tensile and therefore cracking of the bricks occurs when this 

stress exceeds the bricks tensile strength. This behaviour is expressed in equation 

(3�19). 

2 = T%��2.3 . �1 + 1~T%�� 
(3+19) 

 

a) Brick unit in equilibrium 

 
b) Brick subject to shear 

Figure 3+18 Shear path through the bricks 
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Mann and Müller proposed a shear stress failure envelope based according to the 

failure criteria related to vertical stress, which is shown in Figure 3�19.  The 

enveloping curve path for failure stresses is defined by four lines in the axial 

stress, shear stress domain.  Line one defines failure associated with a compression 

failure of the masonry, line two a shear failure by diagonal cracking through the 

brick, line three is associated with gaping of the horizontal joint, and line four 

defines a shear failure by sliding along a horizontal bed joint. The conclusions of 

Mann and Müller represent the starting point for many subsequent researchers. 

 

 

 

Figure 3+19 Failure Envelope 

(Mann and Müller 1973) 

 

 

The other widely used approach that considers the development of a diagonal crack 

was originally proposed by Borchelt (1970), and then later by Turnšek and 

Sheppard in 1971.  This approach originated from an experimental test programme 

performed in Ljubljana (Slovenia) on individual URM piers that had fixed 

boundary conditions at both ends. The proposed equation for determining shear 

strength was founded on the assumption of masonry as an equivalent homogenous 

isotropic continuum when constructed with high strength mortar.  The hypothesis 
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of the approach pertains to the reaching of a critical constant principal stress value 

at the centre of the pier, which is defined as the reference tensile strength of 

masonry. With this approach, a shear strength formulation was proposed in the 

form: 

& = T �9#�. �1 + T}T �  
 

(3+20) 

 

where fdt is the diagonal tensile strength of masonry, which is based on 

experiments on masonry panels, ξ is a parameter which was assumed to be 

dependent on the pier aspect ratio and accounts for the non�linear stress 

distribution, and T}  is the average vertical stress. In the original work by Turnšek 

and Čačovič (1971), ξ was assumed to equal 1.5.  Later Benedetti and Tomaževič 

(1984) proposed a more detailed expression for ξ, where ξ = ℎ �B  with limitations of 

1 ≤ . ≤ 1.5. An alternative proposal was made by Magenes and Calvi (1997) after 

numerical simulations confirmed the importance of the boundary conditions as well 

as the aspect ratio, and therefore defined a modification coefficient of 1 + Rq where Rq is the shear ratio which is defined in equation (3�10). 

3.5.3.2 Diagonal cracking 

Through experimental testing programmes and finite and discrete element 

modelling, the modification and development of the fundamental theories of 

diagonal shear cracking have led to the equations currently adopted by codes 

internationally. An overview of some of the key developments is provided below. 

Building on the work done on stress fields within seismically loaded masonry piers, 

Yokel et al. (1976) published findings from their experimental study considering 

the failure hypothesis for masonry shear walls. Their testing matrix included 

thirty�two square masonry walls with applied diagonal compressive loads and 

simultaneous distributed edge loads. The analysis assumed that strength could be 

correlated with stress levels at failure that were hypothesised from an isotropic 

linearly elastic model. 

The diagonal tension failure criteria of masonry developed by Drysdale (1984) is 

derived from ideas similar to the original approach by Borchelt.  Drysdale 
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discussed the tensile strength of masonry modelled as a homogenous material by 

developing an equation for the diagonal tensile strength as a function of the tensile 

strengths oriented parallel and perpendicular to the bed joints.  The orientation of 

the tension to the bed joint, and the strength and geometric properties of the 

masonry are identified as characteristics which determine the overall behaviour.  

Two possible failure modes are identified that are associated with tensile strength 

parallel to the bed joints, and are congruent with diagonal cracking in a stepped 

pattern and diagonal cracking through the brick.  Drysdale’s capacity for splitting 

of the brick, mode one, is governed by the tensile strength of the brick and the 

mortar’s tensile bond strength along the head joint.  For the stepped failure, mode 

two, the capacity does not rely on the strength of the brick but instead relies solely 

on the brick�mortar interface properties, specifically being the tensile bond 

strength of the head joints and the shear bond strength of the bed joints.  The 

implied conclusion was that the tensile capacity for tension oriented parallel to the 

bed joints is the lesser strength of the two modes.  From this conclusion it was 

suggested that the mode of failure is affected by the interlocking of the brick based 

on the bond pattern, and the brick tensile strength to mortar tensile/shear bond 

strength ratio.  The aspect ratio AJ∆�∆~ C of the brick is also seen as a factor in Mann 

and Mueller’s equations.  A higher aspect ratio implies that a failure by splitting of 

the bricks is more likely.  Higher strength ratios increase the possibility of a failure 

by a diagonal stepped crack pattern. 

A study of the in�plane seismic response of brick masonry walls by Magenes and 

Calvi (1997) had the primary aim of addressing the problems of evaluation 

strength, deformability and energy dissipation of URM walls within the context of 

seismic assessment.  Examination of the Mann and Müller fundamental equations 

based on the Mohr�Coulomb formulations was made in terms of different 

interpretations that have been given for the practical use of the equations in the 

evaluation of an ultimate applied load.  One approach considers the expression for 

shear stress given in equation (3�17) as an expression for the average ultimate 

shear stress, and therefore the parameters for cohesion and friction should be 

representative of global strength parameters and hence are not equal to local 

strength parameters due to the non�uniform stress distribution within the pier. A 

second application of the Mann and Mueller equation involves considering the 

interaction between shear and flexure by taking into account wall cracking due to 
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flexure. This application was adopted by Eurocode 6 (1994) and NZSEE (2006), 

where the length of the uncracked section (9tS is calculated assuming a simple 

linear distribution of compressive stresses and neglecting any tensile strength in 

the bed�joints, which can be shown to equal: 

9t =  �9# = 3 712 − &m Rq; = 3 j12 − &m �I9# k 9# 
 

(3+21) 

 

Substituting equation (3�21) into the standard Mohr�Coulomb expression allows 

the ultimate shear capacity of a wall to be calculated as: 

& = �9#�2� = �9#� j� + , m�9#�k = 9#� d1.5� + ,T}1 + 3 �R�m e 
 

(3+22) 

 

 

Magenes and Calvi (1997) conducted a programme of numerical simulations using 

the constitutive model for solid brick masonry developed by Gambarotta and 

Lagomarsino (1997a; 1997b) calibrated against an experimental programme. A 

total of 33 simulations were performed, investigating the influence of variability in 

a number of parameters including cohesion, coefficient of friction, mean vertical 

stress, aspect ratio and shear ratio.  Two key findings were made, with the first 

being on the interaction between shear and flexure in masonry. Unstable 

propagation of cracks was localised to the extreme regions of the pier which were 

subjected also to flexural cracking, or could be initiated in the central region of the 

pier where no flexural cracking was present, or, a combination of the two. Secondly, 

shear ratio rather than aspect ratio was found to be a key parameter, and therefore 

a correction factor of 1 + Rq was proposed.  

Good agreement was found when comparing the results from the finite element 

simulations with the predictions using equation (3�23a), with equation (3�23b) 

governing for piers where flexural cracking was noted, and equation (3�23c) 

governing for cases where shear cracking initiated at the centre of the pier. 
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& = 9#�2� (3+23a) 

2}$ = 1.5� +  ,T}1 + 3� RqT}
 (3+23b) 

2�$ = � + ,T}1 + Rq  
 

(3+23c) 

 

A similarly modified version of the Mann and Muller equation for diagonal 

cracking through the bricks (equation (3�19), that introduces a correction factor of 1 + Rq to take into account the influence of aspect ratio and boundary conditions, 

was also proposed (equation (3�24)).  

2 = T%��2.3Q1 + RqS . �1 + T}T%�� 
 

(3+24) 

 

From a comparison of the proposed equations (equation (3�23a) and equation 

(3�24)) it was found that the experimental results matched closely with the 

predictions from the equations for diagonal shear through the joints based on the 

whole section, and diagonal cracking through the bricks from the Mann and 

Mueller formula with corrections made for global cohesion and friction parameters. 

The strength predictions were found to be satisfactory, slightly conservative and 

consistent with the failure modes which were experimentally reported. The 

modification to the diagonal cracking equation to account for shear ratio was found 

to be effective, and a limit of 2.5 for the modification factor 1 + Rq was proposed.  

Calderini et al. (2009) conducted a critical review of the simplified equation 

discussed above for the prediction of the in�plane lateral strength capacity, and in 

particular focused on the reliability of the hypothesis on which the models are 

based. Through parametric analyses, it was determined that material anisotropy is 

a key factor when determining whether to use the Mann and Müller equation or 

the Turnšek and Čačovič equation. As suggested by the adopted hypothesis, the 

Turnšek and Čačovič criterion was shown by Calderini et al. to be more suitable 

when masonry behaves as a homogenous and isotropic material, as is the case 

where the ratio between the strength/stiffness parameters of mortar and brick is 

close to unity.  Alternatively, when the masonry behaves as an anisotropic 

material, Mann and Müller’s theory was deemed to be more appropriate. 
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Calderini et al. also discussed the effect of horizontal stress on the diagonal failure 

mode. Both the Mann and Müller and the Turnšek and Čačovič theories neglect 

any strength contribution from the head joints, based on the assumption of a null 

horizontal stress state within the pier at failure. The Gambarotta and Lagomarsino 

(1997a) constitutive equation accounts for horizontal stress, not by including head 

joint effects, but by including its influence on the limit domain by reducing the load 

shear stress action of the bed joints and by reducing the strength of the bricks. 

Good correlation was found between the numerical analysis and the Mann and 

Müller theory, leading to the conclusion that although the horizontal stress state 

does effect the limit strength domain the increment is small. Further to this, the 

results from lateral load tests on piers of two different aspect ratios (1.33 and 2) by 

Magenes and Calvi (1992), found that the Mann and Müller equation 

underestimated the strength of the squat pier, but was closely predicted by a 

modified version of the Mann and Müller theory developed by Dialer (1991) to 

include the effects of head joints. 

 

3.5.3.3 Bed Joint Sliding 

Horizontal cracking along one or more bed joints, proceeded by a lateral translation 

along the bed joint, has been repeatedly identified during experimental research as 

one of the recurrent failure modes.  Hamid et al. (1979) have shown that the 

assemblage capacity is governed by shear�strength characteristics in the critical 

bed joint for some loading combinations. 

Bed joint sliding behaviour is commonly modelled using the laws of friction and 

cohesion.  Research into surface topography has found that the interface area 

between two materials is much smaller than the apparent contact area due to tiny 

peaks called asperities.  The surface of dry materials such as mortar and brick are 

not smooth, but instead covered in asperities.  The interaction between the 

asperities is what governs the friction behaviour.  Previous investigators have 

shown that an increase in normal compressive stress increases the horizontal shear 

strength linearly up to a point.  The generally accepted justification for this 

observation is derived from a combination of initial shear bond strength and 

Coulomb friction at the brick�mortar interface.  Consequently bed joint sliding has 
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been described by a Mohr�Coulomb relationship between the initial shear bond 

strength between the mortar and bricks, 2o, and vertical compressive stress T}: 

2 = 2I +  ,. T} 

 

(3+25) 

Hamid et al. (1979) performed experimental tests with the aim of investigating the 

effects of mortar type, grout type, bed�joint reinforcement, and varying levels of 

precompression on the shear strength characteristics of masonry. The failure mode 

for the four brick � two bed joint arrangement, shown in Figure 3�20, was 

consistently a shear�slip failure of the bed joints, initiated by debonding at the 

brick�mortar interface.  An increase in frictional resistance, considered to be 

proportional to the stress level, was given as the justification for the increase in 

shear resistance with precompression levels. 

 

Figure 3+20 Test setup for shear with no precompression 

(Hamid et al. 1979) 

 

Mann and Mueller (1982) extended the basic Mohr�Coulomb friction equation by 

substituting the reduced vertical stress 1J into the equation for 1~. Equation (3�17) 

is the governing reduced friction equation, with ��  defined as the reduced cohesion 

coefficient and ,̅ as the reduced friction coefficient, defined by equation (3�18). 

According to Hamid et al.’s research discussed previously, shear stress is directly 

correlated to vertical stress, implying that using the reduced vertical stress will 

produce a conservative result.  
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Magenes and Calvi (1997) attempted to describe a sliding failure by discounting 

any contribution from cohesion considering that sliding is often pre�empted by 

flexural behaviour causing tension cracking of the bed joints. 

Calderini et al. (2009) examined the prevalence of bed joint sliding and observed 

that based on the stress domains defined by the equations for diagonal shear 

cracking, bed joint sliding may only occur for low values of applied axial stress, and 

that it is meaningful only for piers with aspect ratios less than unity. It was 

concluded that bed joint sliding is mostly irrelevant for existing masonry buildings. 

3.5.3.4 Biaxial Stress Criterion 

Page et al. (1981) applied a unique method to predict the shear strength of masonry 

through the use of a biaxial stress criterion established experimentally.  Their 

work clearly identified masonry as an anisotropic material describing the mortar 

as a non�linearly elastic material that creates planes of weakness in the masonry, 

and describing the bricks as linearly elastic. Their experimental work was 

performed using bricks at one sixth scale.  The experimental work validated the 

aforementioned research, concluding that at high shear stress to normal stress 

ratios, failure was characterised by a horizontal crack, whereas otherwise failure 

mostly occurred as a stepped diagonal crack.  Major cracks initiated in a diagonal 

line between the toe and loading position, resulting in a stepped diagonal crack.  At 

low levels of precompression, vertical tensile bending cracks were also visible.  At 

failure the majority of the wall was in a biaxial compression state, and conversely 

crack propagation always began in the tension�compression biaxial region.  It is 

noteworthy that the initiation of failure in masonry can be predicted using a 

biaxial stress (tension�compression) failure criteria.  A final comment of the paper 

proposed that shear strength varies with panel geometry for constant axial load 

level, therefore questioning the validity of the mohr�coulomb stress criterion (Page 

et al. 1981). 

The biaxial stress criterion proposed by Page et al. (1981) was later investigated by 

Magenes and Calvi (1992), who stated that the dominant failure modes in shear 

and compression tests were associated with the biaxial tension�compression state 

of stress at the centre of the panel.  Magenes and Calvi used a linear elastic finite 

element analysis to evaluate the state of stress in a pier at the onset of the first 
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shear crack.  It was noted that the finite element analysis showed that the ratio of 

shear stress to normal stress in the centre of the pier was higher for piers with 

lower height/width aspect ratios.  This higher ratio corresponds to a higher shear 

strength.  Magenes and Calvi concluded that although they were unsure as to what 

caused this increase in performance, it could possibly be due to the head joints and 

therefore a closer evaluation of the role of the head joints was required.  The 

possibility of estimating masonry strength based on the properties of the 

constituent materials was considered.  

3.6 Component Response – Spandrel Behaviour 

Post�earthquake inspections have shown that unreinforced masonry buildings 

frequently suffer damage within the spandrel region. Further to this observation, 

recent research has identified that spandrel behaviour strongly influences the 

overall seismic response of perforated URM walls as the spandrels are the coupling 

mechanism between the piers (Benedetti and Magenes 2001; Dizhur et al. 2010; Yi 

et al. 2006). Contradictory to these findings, current seismic analysis methods do 

not provide any rules to account for the non�linear response of spandrel panels, and 

instead present simplified assessment methods for perforated walls which idealise 

the spandrel as having either infinite strength and stiffness, or null strength and 

stiffness. These simplified methods therefore base the response of the perforated 

wall solely on pier behaviour, effectively eliminating the need for any 

understanding of spandrel behaviour.  Eurocode 8 allows for the inclusion of 

spandrel panels in equivalent�frame capacity models only in cases where tensile 

resistant elements are present, such as in reinforced�concrete bond beams, or steel 

ties, which is most commonly not the case for New Zealand URM buildings which 

have flexible timber diaphragms and URM lintels. 

The deformation modes of spandrels are not as well defined as for piers, but are 

generally considered to be diagonal tension cracking through a stair�stepped 

pattern or through the bricks, toe�crushing, and bed�joint sliding. 

Proposed equations for predicting the shear strength of spandrel panels for use 

within Equivalent Frame models were initially based on the codified equations for 

piers, rotated by 90 degrees. The fundamental issue with applying the same 
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equations is that the axial load is approximately zero when shear forces are not 

acting, and develop with the increase in shear force due to applied lateral loads. In 

addition, the masonry bed�joints are perpendicular to the axis of axial load, and 

therefore the capacity of the spandrel in compression is a function of the masonry 

compressive strength in the horizontal plane.  Further to this, in piers governed by 

a flexural rocking failure mode, horizontal cracks form at the base of the pier along 

a plane of weakness, at the mortar/brick interface or within the mortar joint. The 

construction pattern of the spandrel means that there is an interlocking brick at 

the joint/spandrel interface, so there is no direct plane of weakness to form the 

rocking base.  

The recent Italian code of practice (NTC 2008) puts forward two equations to 

determine the spandrel shear resistance, with the capacity being the lesser of the 

two. Equation (3�26) is based on failure in pure shear ignoring any contribution 

from axial force or the effects of aspect ratio, and equation (3�27) is based on failure 

in bending. The bending equation is based on a strut and tie mechanism and 

requires a horizontal tie element to be present. If no tie elements are connected to 

the spandrel then the bending equation results in zero shear resistance and 

therefore removes the spandrel contribution to the lateral resistance of a 

perforated in�plane shear wall. 

&!c = @$ . �$. TqI (3+26) 

&!J = @$�#2 71 − �#n. @$ . �$. T′p�; 
 

(3+27) 

 

where �# is the minimum of the tension resistance of the tensile resistant element, 

and 0.4T′p�@$�$.  

FEMA 306 (1998) recognised that at the time of its print there was no research into 

spandrel strength and no predictive equations for estimating the moment and 

shear capacity of uncracked spandrels, but proposed two equations (equations (3�28 

and (3�29)b)) as placeholders. In equation (3�29)a the moment capacity of a 

spandrel is derived from the interlocking between the bed�joints and the collar�

joints at the interface between the spandrel and the joint. 
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 &$#$ = Tt � . @$ . �$ Q�S. Q1 + T�/Tt �Sc JB  
 

(3+28) 

 

 r$#�6 = 23 . -$#. �Tq% . �� . �/!! + Tq}. �� . �/!!.QmE − 1S��    
 

(3+29)a 

 

 &$#% = 2. r$#/9$# 
 

(3+29)b 

 

 

Cattari and Lagomarsino (2008) developed a criterion to assess the flexural 

capacity of spandrels based on the assumption that the response of a spandrel may 

be modelled as an ‘equivalent strut’ due to the interlocking phenomena of the 

bricks at the interface of the spandrel and joint region. This interlocking of the 

contiguous masonry allows an ‘equivalent’ tensile strength (T��S to be defined with 

is associated with the spandrel as a component, rather than being associated with 

the masonry material. The ‘equivalent’ tensile strength is defined as the minimum 

of tensile strength associated with two main failure mechanisms; tensile failure of 

the bricks, and shear failure of the horizontal mortar joints.  Encompassing the 

‘equivalent’ tensile strength into the stress�strain relationship for masonry, and 

solving the translational and rotational equilibrium equations for the flexure 

critical section of the spandrel, the failure domain can be described. Noteworthy is 

that the failure criterion for the section is defined by the extreme compression fibre 

reaching a pre�defined ultimate compression strain, i.e crushing of the masonry. 

Validation of the proposal was conducted by performing a set of parametrical non�

linear analyses. Cattari and Lagomarsino noted that for an aspect ratio of 1.35, two 

phases of damage were recognised. Following attainment of the maximum shear 

force, activation of a damage mechanism characterised by opening of the head 

joints in the tensile corners of the spandrel was observed, following which the 

spandrel started to behave as an equivalent strut, forming diagonal cracks which 

developed at the centre of the spandrel and spread out to the corners. With a high 

aspect ratio spandrel, a rocking mechanism was activated, where cracks developed 

in the tensile corners with no diagonal cracks forming. From the first phase of the 

loading which corresponded approximately to the elastic region of response, it was 

determined that the axial stress on the flexure critical section of the spandrel was 

equivalent to approximately 65% of the mean compressive stress acting on the 
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piers. This finding has been used in subsequent studies as a guide to the horizontal 

stress in the spandrel for determining the shear strength of the spandrel. 

Calderoni et al. (2011) developed an analytical model to describe spandrel capacity 

based on the concept of an ‘arched strut’. Through numerical simulation of the 

experimental programme conducted by Calderoni et al. (2011) and briefly discussed 

in section 3.3.2 above, the distribution of shear stresses within the spandrel panel 

at failure was investigated. From the numerical simulations, Calderoni et al. were 

able to determine that within a spandrel panel subjected to seismic forces a strut 

along the diagonal of the panel will form. Further to this, the effective width of the 

strut remains practically unchanged as external actions on the panel increase, and 

the ‘active’ zone of the spandrel is dependent on the aspect ratio of the spandrel 

only, and can therefore be determined ‘a priori’ independently of the external forces 

which are often difficult to determine. By defining the shape of the strut which is 

active in the spandrel, Calderoni et al. developed two equations to define the 

failure of the spandrel: Vcomp shown in equation (3�30), which describes crushing of 

the edges of the panel; and Vtens shown in equation (3�31), which describes a 

tensional tear of the middle zone of the strut. 

&}Ip# = T′p��$. �. 2�9$  
 

(3+30) 

 

where f’mx is the compressive strength of masonry in the horizontal direction, c is 

the effective zone, and e is the eccentricity of the axial compressive force. 

&�/6$ = T� �$. O�PR. 29$J
8. T. �3OJR  

 
(3+31) 

 

 

where ftd is the tensile strength of masonry along the diagonal direction, R is the 

angle of inclination of the strut, and f is the height of the arched strut. 

Comparison between the experimental results and the analytical model found good 

agreement with the predicted and measured peak shear strength. The key 

difference between the equations proposed by Calderoni et al. and the other 

analytical models discussed above is that the shear capacity of the spandrel based 

on the arched strut model is a function of the geometry of the strut and does not 

require the external forces to be known a priori to assessment.  
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Parisi et al. (2011) proposed analytical equations using a stress�based approach to 

evaluate the lateral strength of URM spandrels associated with the failure modes 

of toe�crushing, diagonal tension, stair�stepped diagonal sliding and bed�joint 

sliding. The equation corresponding to toe crushing was formulated from the 

rocking equation used for piers, presented in equation (3�9), but uses the masonry 

compressive strength in the horizontal direction. The equation for diagonal tensile 

cracking is based on the yield criterion proposed by Turnšek and Čačovič (1970). 

The transformation is purely theoretical and is reported in Augenti (2000).  The 

equations for stair�stepped diagonal sliding and bed�joint sliding are formulated 

from the Mohr�Coulomb theory. Noteworthy is that the equation for bed�joint 

sliding is related to a sliding mechanism occurring in the plane parallel to the 

direction of shear force, which for spandrel panels is irrelevant as the shear force 

acts perpendicular to the bed�joints, and the nature of the bond pattern means that 

the head�joints are not in alignment, preventing sliding. Again the equations 

proposed by Parisi et al. for the prediction of spandrel shear strength require an 

estimate of the axial force on the spandrel. 

3.7 Non+linear Analysis Approaches 

The assessment of perforated shear walls in URM buildings responding in�plane is 

complex due to the interaction of the components and the multiple variables that 

affect the failure mode of the components.  Common to the assessment codes are 

simplified assessment methods that idealise the response of the perforated wall. 

The ‘strong pier – weak spandrel’ theory and the ‘strong spandrel – weak pier’ 

theory are outlined below and the reliability of the assumptions which they are 

based on is discussed in relation to the application for existing buildings.  

More complex computational assessment models are becoming popular as the role 

of the spandrel is being evaluated and the demand for non�linear static analysis 

grows. The seismic performance of existing buildings evaluated through the 

application of non�linear static analysis, commonly referred to as a ‘pushover 

curve’, defines the capacity of the structure in terms of overall lateral strength and 

ultimate displacement. Different strategies have been developed for the 

computation of pushover curves, including the ‘Equivalent Frame’ approach, 

macro�models, and very detailed models based on the Finite Element Method.  



Chapter Three � Background to failure modes in perforated URM in�plane walls 

    
� 102 � 

3.7.1 Simplified Idealisation Theories for Assessment 

The NZSEE (2006) recommendations for the assessment of a perforated URM wall 

utilise a simplified idealisation of the wall by assuming a ‘strong spandrel – weak 

pier’ model. A ‘strong spandrel�weak pier’ model assumes that the spandrel has 

infinite strength and stiffness, and therefore the piers will fail first. This concept is 

generally acceptable in the case of assessing new buildings where the URM 

spandrels are connected to rigid diaphragms or reinforced concrete (RC) lintels, 

which ensure a consistent coupling between piers, making the shear strength of the 

masonry redundant.  

A ‘weak spandrel � strong pier’ model hypothesis of null strength and null stiffness 

of spandrels results in the piers being completely uncoupled. Fundamentally the 

‘weak spandrel – strong pier’ model is more representative of the structure in a 

historical URM building, because the spandrels are intrinsically weak elements as 

there are no RC tie beams, the diaphragms are flexible, and the lintels are 

constructed of URM.  

The key distinction between the two models is the definition of the effective pier 

height. For the ‘strong spandrel�weak pier’ model the pier height is defined by the 

dimensions of the adjacent opening, and is assumed to have fixed�fixed boundary 

conditions. Conversely, the ‘weak spandrel – strong pier’ model by definition 

assumes the piers to be un�coupled and thus the spandrels cannot be assumed as a 

reference to define the height of piers. In most cases the pier effective height (Heff) 

is assumed equal to the entire wall height, defining a cantilevered multi�storey 

pier. However, due to the minimum translational coupling provided by the 

diaphragm, which reduces the free span of the pier, it has been proposed that Heff 

can be taken as the inter�storey height, with the total wall height only acting as an 

upper limit. 

A subsequent issue with defining the effective height of a pier arises when the 

openings are not of a regular pattern in size and location, and therefore defining 

the pier height becomes complicated.  This problem has been discussed by Cattari 

and Lagomarsino (2009), with reference to typical Italian URM perforated wall 

configurations, and is less of an issue with New Zealand buildings, as the opening 

configuration is generally more regular. 
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As discussed in section 3.4, the shear ratio/aspect ratio and effective height are key 

variables in defining the lateral strength of piers. As the hypothesis of spandrel 

and pier interaction defines the boundary conditions and effective height of the 

piers, which in turn dictate the shear ratio and aspect ratio, the prediction of 

lateral strength for any given perforated URM wall will be resolutely different 

depending on the choice of idealisation model. Adopting a ‘strong spandrel’ 

approach in the assessment of a perforated shear wall, rather than a ‘weak 

spandrel’ approach, reduces the effective height of the piers and greatly increases 

the expected strength (Cattari and Lagomarsino 2009). Experimental studies show 

that in many cases a ‘strong spandrel’ assumption is unjustified as seen in the 

cracking patterns reported by Magenes and Calvi (1992), Bothara et al. (2010) and 

Yi et al. (2006), and yet the ‘weak spandrel – strong pier’ model has been proven to 

significantly over predict the strength of the wall (Bruneau 1994).  This finding 

suggests that both of these idealisations are inappropriate for certain walls, in 

particular where both types of response are observed in different regions of the 

wall. In addition, the assumption of a ‘fixed�fixed’ or ‘fixed�free’ (cantilevered) 

boundary condition represent only two extreme idealisations, where in actuality, 

the shear ratio is a function of the effective stiffness of the spandrels in relation to 

the stiffness of the piers, and therefore an intermediate scheme may be more 

appropriate.  

A comparison can be made to design methods for reinforced concrete wall 

elevations. Simple structural walls are coupled by bending and shear action of 

floors and possibly by concrete beams. Coupling beams provide additional stiffness 

and energy dissipation to the system, modifying the lateral load resisting 

behaviour from the individual flexural response of each wall to one where 

overturning moments are resisted partially by an axial compression�tension couple 

across the coupled walls.  In well�proportioned and designed coupling beams, the 

input energy will be dissipated across the height of the building, resulting in 

plastic hinges forming in most of the coupling beams as well as at the base of the 

walls.  The coupling beams must yield before the piers, and must behave in a 

ductile manner.  For masonry, a cantilevered wall system coupled with flexible 

floors rather than a stiff coupling beam minimises the moment transfer between 

the walls, and the energy dissipation is assessed to occur purely in the base of the 

walls in the form of a plastic hinge mechanism (Paulay and Priestley 1992). 
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3.7.2 Micro+scale Modelling  

Micro�scale modelling describes a URM structure in detail by discretising the 

mortar and brick units into multiple elements and adopting suitable constitutive 

laws. The discretization of the structure follows the actual geometry of the brick 

and mortar joint arrangement, and adopts different constitutive models for each 

component. Special attention is given to the interfaces, as they are considered to be 

the weakest locations, where tensile�sliding failure can be expected. In most cases, 

it can be considered that all the non�linear behaviour of the combined material will 

occur in the mortar joints. A complete micro model must include all the failure 

mechanisms of masonry, namely: cracking of joints, bed�joint sliding and cracking 

or crushing of the masonry units (Lourenco 2004). 

In micro�scale modelling, the Finite Element (FE) method with discrete elements, 

and the Discrete Element Method (DEM) are the most effective and widely used 

approaches to represent unreinforced masonry walls. 

In the DEM, the structure is considered as an assembly of rigid or deformable 

blocks, connected through elasto�plastic link elements (non�linear springs). These 

elements follow a degrading hysteretic rule to represent the brittle behaviour of the 

masonry. Discrete element techniques have the main advantage of simulating the 

cracking process with relatively simple techniques compared to finite element 

modelling, while their disadvantage is that crack propagation depends mainly on 

the element shape, size and arrangement (Meguro and Tagel�Din 2000).  

Casolo and Peña (2007) developed a rigid�body spring model for the dynamic 

analysis of in�plane loaded unreinforced masonry walls. The model was an 

assembly of mass and spring elements, where the core model was four 

quadrilateral elements connected on each side by three springs. The DEM is able to 

replicate the failure mechanisms of rocking, shear cracking and sliding. 

Comparisons with pseudo�static testing on individual piers and two�storey 

unreinforced masonry buildings show that the model is capable of capturing the 

hysteretic response, base shear and strength/stiffness degradation. 

Calió’s (2008) discrete element model is an adaptation of a plane macro�element. 

By upgrading the two dimensional macro�element to a three dimensional element 

by the addition of a degree of freedom allowed out�of�plane response as well as in�
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plane response to be assessed. The element was constituted of an articulated 

quadrilateral panel with four rigid edges and four hinged vertices connected by two 

diagonal non�linear springs. The diagonal springs simulated shear behaviour 

whilst interface springs allowed for sliding and rotation. Figure 3�21 shows a 

simulation of the main in�plane failure mechanisms of a masonry panel. 

 

Figure 3+21 Simulation of the main in+plane failure mechanisms of a masonry panel by 

means of the proposed macro+element (a) Flexural failure: (b) Shear+diagonal failure; 

 (c) Shear+sliding failure [taken from Caliò et al. (2008)] 

 

 

In general non�linear FEM models can be distinguished based on the approach 

used to model the non�linearity’s as either smeared crack models (also called the 

continuum approach) or discrete crack models (Bruneau 1994). Finite element 

discrete models involve the micro�modelling of single elements and employ 

interface elements that allow for the large cracks and separation that occur in 

masonry. The behaviour of these interface elements is based on the tension and 

shear limits at the boundary between elements. In this group of micro�models, 

remarkable works are the studies conducted by Lourenco and Rots (1997) and 

Gambarotta and Lagomarsino (1997a; 1997b) and, more recently, the research of 

Sacco (2009).  

3.7.3 Meso+scale Modelling  

Continuum finite element modelling is a meso�modelling approach that bypasses 

the bi�material nature of masonry. The continuum models involve altering the 

material properties of a composite material to represent crack propagation inside 
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an element. URM is considered as a homogenous material with properties that are 

equivalent to the average properties of the combined material. Extensive research 

has been carried out to identify suitable constitutive laws capable of including the 

behaviour related to the mechanics of composite materials at micro�scale within a 

continuum. Homogenisation is one of the most widely adopted methods as it allows 

the description of the composite material behaviour to be made on the basis of the 

mechanical characteristics of its constituents (in the case of masonry these are the 

bricks and mortar), and of the geometry of the construction. Homogenisation has 

been widely applied for elastic analysis (Anthoine 1995; Cecchi and Sab 2002; 

Zucchini and Lourenco 2002), but there are still complex conceptual problems 

associated with its application in the field of non�linear analysis. 

Recent developments in the meso�scale modelling method include the continuum 

model for in�plane anisotropic inelastic behaviour of masonry, developed by 

Calderini and Lagomarsino (2008), which presents a constitutive law for masonry 

based on a simplified homogenisation approach. The model considers a reference 

volume of masonry that includes the brick unit, mortar head joints, and mortar bed 

joints. The mortar bed joints are modelled as interfaces as opposed to joints with 

finite thickness, and the head joints are considered as geometrical discontinuities. 

The mortar joint model proposed by Gambarotta and Lagomarsino (1997a) is 

utilised for the inelastic mortar joint behaviour. The bond pattern of the masonry is 

described using one synthetic parameter, being the angle of interlocking. 

Validation of the model was conducted using ABAQUS, where it was found that the 

proposed continuum model for masonry was able to predict the failure mode and 

lateral strength achieved in reported experimental programmes. 

3.7.4 Macro Modelling 

Due to the high computational demand and technical skill required to construct 

finite element models, and the small range of validity that each model has, Finite 

Element models with discrete elements do not constitute a suitable tool for the 

analysis of whole masonry buildings or for everyday engineering practise, 

especially when assessing low value low�rise URM buildings. For this reason, 

several methods based on macro�modelling techniques have been developed. In this 

category are included lumped�mass models, equivalent frame models and macro 

element representations. These models are especially recommended for time�
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history analysis using ground motion records and non�linear constitutive material 

models. 

The macro element model proposed by Gambarotta and Lagomarsino (1996) is 

representative of a whole masonry panel, for example, a pier or spandrel. The 

macro element has three layers, being a central layer (2) which models the shear 

deformations only, and an inferior (1) and a superior layer (3) in which the bending 

and axial effects are concentrated, as shown in Figure 3�22. With 8 degrees of 

freedom the model is able to represent the two main in�plane masonry failure 

modes, bending�rocking, and shear�sliding (with friction). The macro�model is also 

able to take into account toe�crushing due to the limited compressive strength of 

masonry, through the use of a non�linear constitutive law with stiffness 

deterioration in compression based on the work of Penna (2002). The macro�

element has also been modified by Resemini (2003) for the 3D non�linear modelling 

of masonry bridges, where the element has a truncated�pyramid shape. Numerical 

simulations using the macro�element, of the experimental programme reported by 

Magenes and Calvi (1997), were conducted by forming 2D walls with pier and 

spandrel elements modelled using the macro�element. The results validated the 

approach, with good correlations in terms of the cyclic base shear�top floor 

displacement and the damage patterns. Implementation of the 2D macro�element 

to construct 3D models of existing building using the TREMURI programme has 

also been presented by Galasco et al. (2004). 

A simple three degree of freedom macro�element has been proposed by Chen et al. 

 

Figure 3+22 Kinematic model for the macro+element  

[taken from (Gambarotta and Lagomarsino 1996)] 
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(2008), that is capable of being directly incorporated into a standard Equivalent 

Frame model as a substitute for the linear beam elements with plastic hinges. The 

non�linear spring model was originally developed for Reinforced Concrete buildings 

by Kabeyasawa et al. (1982). The modified model for unreinforced masonry consists 

of non�linear shear springs in series with rotational springs and an axial spring, as 

shown in Figure 3�23. The axial spring is a linear elastic spring, with a spring 

stiffness calculated from the compressive strength of masonry. The two non�linear 

rotational springs that model the flexural response of the element are located at 

the two ends of the element. The non�linear rotational behaviour is determined 

from the moment�curvature output from a fibre model. Noteworthy is the stress�

strain relationship for masonry adopted for use in the fibre model, where a tension 

response is included by scaling the compression stress�strain relationship, which is 

based on the formulation of Naraine and Sinha (1989). In series with the rotation 

springs, two shear springs are calibrated based on the Mohr�coulomb theory to 

represent the bed�joint sliding failure mode. Lastly, a centrally placed spring 

accounts for a failure due to diagonal tension, where the spring constant is 

calculated from the FEMA 356 code. Comparison of the model response against a 

number of pier component experimental tests found that the model correctly 

predicted the pier failure mode in 67% of cases. An error of 37% was reported for 

the prediction of lateral strength for diagonal tension failure modes. 

 

Figure 3+23 Proposed macro+element based on non+linear springs  

[taken from (Chen et al. 2008)] 
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Equivalent Frame (EF) models are an idealisation of a perforated wall as a frame, 

with pier and spandrel beam elements and rigid offsets to model the joints. There 

are two general approaches to modelling the non�linear response of the piers and 

spandrels. The first approach employs elastic beam elements and plastic hinges 

located at the critical deformation points, which are activated when the shear or 

moment reaches the code defined strength for a particular failure mode. The 

second approach uses a non�linear beam with a defined non�linear material 

constitutive law. The Equivalent Frame model was adapted from non�linear 

analysis tools used for reinforced concrete frames, and can consider the non�linear 

behaviour of both the spandrel and the pier (Kappos et al. 2002).  

The Equivalent Frame model has been used to model experimental programmes 

and existing buildings to verify its application to unreinforced masonry buildings 

(Belmouden and Lestuzzi 2009; Magenes and Della�Fontana 1998; Pasticier et al. 

2008; Sabatino and Rizzano 2010; Salonikios et al. 2003).  This approach to 

modelling unreinforced masonry in�plane loaded perforated walls is presented as 

an attractive option for practicing engineers as the elements required are available 

in many commercial programmes, and specialist software with added complexity 

are becoming more accessible. 

Software packages for non�linear pushover analysis of masonry buildings have 

become more widely available, such as the SAM programme (Magenes and Della�

Fontana 1998), TREMURI (Galasco et al. 2002), RAN (Augenti 2000), and FREMA 

(Rizzano and Sabatino 2010), and other programs have incorporated modelling 

resorts to represent the masonry behaviour (Carr 2004).  

An original application of the Equivalent Frame approach was presented by 

Milani et al. (2009). The approach involves using an Equivalent Frame model for 

the global analysis of perforated URM walls, coupled with a FE upper bound limit 

analysis of the spandrels. The application of this approach allows the simplicity of 

Equivalent Frame model to be utilized whilst accommodating for a refined 

spandrel strength assessment. In addition this approach overcomes the problem of 

determining the spandrel shear and moment capacity a priori. In order to 

determine the ultimate moment and ultimate shear force of a particular spandrel, 

the finite element method with discrete elements was adopted by Milani et al. The 

limit analysis is carried out for a range of expected axial loads in the spandrel 

beam, and expected relative rotations of the adjacent piers. The obtained strength 
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domains are then stored in a database. 

The EF model was then constructed with elastic pier elements with plastic hinges 

defined from codified equations for shear and moment capacity. The spandrel 

elements were modelled as Timoshenko elastic beam elements with rigid�plastic 

rotational hinges that draw from the spandrel strength database to define the 

ultimate strength. Rigid end offsets were applied to the joint region in the EF 

model, as from FE modelling of the spandrel it was found that deformations of the 

boundary zones did not significantly affect the capacity of the spandrel. From the 

EF model, the pushover curve of the perforated URM wall is then obtained. 

Equivalent Frame modelling is examined and applied to the experimental 

programme reported herein, in Chapter 8, where a more extensive review of the 

Equivalent Frame approach is presented. 

3.7.4.1 Pier Effective Height 

For a perforated URM wall with a regular pattern of openings, the delineation of 

the wall into a frame with vertical piers and horizontal spandrels, each with cross�

section dimensions, height/length and mechanical properties is rather simple. The 

contested feature of Equivalent Frame models is the idealization of the connections 

between the piers and spandrel, referred to as the joints. In order to take the 

coupling effect between piers and spandrels into account rigid end offsets are 

assigned at the ends of frame elements. Milani et al. (2009) confirmed that it is 

appropriate to define the full rigid end�offsets for the horizontal joint section such 

that the effective span of the spandrel is equal to the opening width. For the 

vertical end�offsets, which define the effective height of the piers, there are a 

number of approaches found in the literature. Two common approaches include: 1) 

Full joint depth rigid end offsets which is based on the ‘strong spandrel – weak 

pier’ model where the effective pier height is taken as the height of the adjacent 

opening; 2) Dolce defined pier effective height (see Equation (3�32)) – this method, 

proposed by Dolce (1989), assumes a portion of the joint as rigid (see Figure 

3�24). The Dolce pier effective height definition has been validated by 

observations from experimental tests where the flexural cracks propagate 

diagonally across the pier, and have been measured at an angle of 

approximately 30degrees. 
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ℎ/!! = ℎt + @ Q�� − ℎtS3ℎt  
 

(3+32) 

 

where �� is the inter�storey height, D is the length of the pier, and ℎ′ is defined as 

shown in Figure 3�24. 

 

Figure 3+24 Pier effective height as proposed by Dolce (1989) 

 

3.7.5 Comparison of Different Modeling Techniques 

Within the early developmental years of the Equivalent Frame model for use in 

assessing the strength of unreinforced masonry buildings, a number of studies 

were conducted comparing its relative accuracy with Finite Element (FE) models. 

Kappos et al. (2002) presented a study which investigated the effect of different 

rigid�end offset assumptions for use in Equivalent Frame (EF) models, and mesh 

dependency within Finite Element models. For linear analysis, Kappos et al. found 

that for FE models mesh size did not have a significant effect on the response, 

whereas for EF models, the assumption regarding the rigid�end offset length is 

critical to the elastic stiffness of the model. Comparing the pushover curve 

calculated by the two different modeling approaches for a two storey isolated 

perforated URM wall, good agreement was found in the initial stiffness, ultimate 

strength and failure mode.  

The following year Salonkios et al. (2003) reported on a similar comparison, where 

Equivalent Frame models were constructed in SAP2000 and the pushover curves 

for a two storey one bay frame, and a two storey seven bay frame were compared 
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with the pushover curves generated by Finite Element models in CAST3M, where 

models for both a continuous (homogenized) material, and a discrete 

(heterogeneous) material were constructed. From modal analysis it was found that 

all the approaches gave similar fundamental frequencies and mode shapes. Of 

interest in this study was the influence of the distribution of loading forces. Three 

distributions investigated were mass proportional, inverse triangular, and modal. 

For the EF model, the different load distributions had minimal effect on the force�

displacement response of the structures. Conversely, for the continuous and 

discrete FE models differences in failure mode and ultimate strength were noted 

between the differing load distribution patterns. 

Yi et al. (2006) utilized a selection of analysis methods to investigate the response 

of URM buildings controlled by in�plane wall behaviour. Wall coupling behaviour 

was analysed using ABAQUS, which is a 3D non�linear finite element program. 

Three dimensional continuum elements were used to model the bricks and soft 

contact elements were used to model the mortar. The contact elements used a 

Coulomb friction model to describe shear capacity, replicating the crack path 

between the mortar and the brick surface. In this model, crack propagation paths 

were predefined by a set of crack rules based on the fact that cracks usually occur 

at the corner of openings due to high stress concentrations, and propagate 

diagonally. From the ABAQUS model, Yi et al. were able to conclude that the 

coupling stiffness proved to be negligible when compared to the in�plane stiffness, 

and therefore each wall could be analysed individually. Finite element modelling 

was recognised as being increasingly more complex and labour intensive due to 

hypothesizing homogeneity, isotropy, iso�strength and elastic behaviour for 

masonry.  

As the accuracy, and hence the complexity of Finite Element modelling continued 

to increase, the focus moved to macro�models that could be packaged for 

practitioner use. Augenti and Romano (2008) highlighted the usefulness of seismic 

design of masonry through macro modelling.  By modelling an experimentally 

tested two storey perforated URM wall and comparing the failure mechanisms 

predicted by the RAN, SAM and 3MURI macro models it was shown that 3MURI 

and SAM detected no shear failure, only failure, whereas the RAN model correctly 

predicted a shear collapse in the lower storey.  Differences were noticed in the 

prediction of the ductility and stiffness of the structure. These differences were 
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explained by the use of force controlled non�linear analysis in the RAN model, 

compared to displacement controlled analysis in the SAM and 3MURI models.  

Overall, macro modelling was shown to be a tool that reduces the computational 

effort for rather regular structures by reducing the degrees of freedom.  

Calderini et al. (2009) discussed in detail the issues related to the state�of�the�art 

Equivalent Frame and detailed Finite Element approaches. The capability of the 

two approaches to model the ‘Pavia Door Wall’ was analysed. Both approaches 

were found to capture the linear elastic portion of the response of the wall, with the 

FE model slightly over�predicting the global strength, and the EF model 

significantly over�predicting the global strength. Both approaches predicted 

damage patterns consistent with the observed damage in the cyclic experimental 

test. 

3.8 Pushover Procedure 

The basic assumption of a non�linear static analysis is that the pushover curve is 

an envelope of the dynamic response of the structure. The validity of this 

assumption is strongly related to the method of force or displacement distribution, 

as highlighted by Augenti and Romano (2008) where the pushover procedure had a 

significant effect on the response of the model, influencing both initial stiffness, 

and global ductility. The two commonly used approaches for fixed force patterns 

are the model distribution which is able to model the dynamic amplification of 

forces on higher stories (often approximated by an inverse triangle), and the 

uniform distribution where equal forces are applied to all diaphragm levels. The 

uniform distribution has been shown to be representative of typical inertial forces 

experienced by a dynamically excited structure (Kingsley et al. 1996), and is 

representative of the behaviour of a structure with extensive damage where force 

redistribution between levels is prevented (Magenes and Penna 2011).  These two 

distributions are generally considered the upper and lower bounds of the true 

response of a regular building.  It has been noted that in several cases the 

structure for lower levels of seismic input has a dynamic response which can be 

well represented by a modal force distribution, but that as damage in the structure 

progresses, the structural response evolves and at ultimate limit state its 

behaviour is governed by the inelastic mode of deformation which is better 
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described by the uniform force distribution. Galasco et al. (2006) completed a study 

which highlighted the limitations of a fixed force distribution and presented 

evidence of the merits of an adaptive procedure.  

A number of alternative pushover procedures have been developed in order to 

consider progressive building damage by evolutive change of force ratios (Antoniou 

and Pinho 2004b; Chopra and Goel 2002). In the force�based adaptive pushover 

approach, a modal analysis is performed step by step to update the force modal 

ratios; whereas in the displacement�based adaptive pushover, the modal shape is 

directly imposed to the structure, using a displacement control analysis. 

3.9 Conclusions 

An extensive literature review was presented to establish the current state�of�the�

art relating to the in�plane performance of perforated URM walls.  

Pier failure modes have been comprehensively studied through experimental 

testing and analytical modelling. Research has shown that pier failure can be 

described as either shear or flexure governed, where analytical models can 

accurately predict the lateral rocking strength, but there is less confidence 

associated with the equations for predicting diagonal shear strength. Compared 

with the vast amount of experimental programmes and analytical studies 

dedicated to the seismic behaviour of piers, there has been little focus on the 

spandrel elements, until recently, with as yet no approach to quantify the spandrel 

contribution to the global wall response being adopted in any assessment codes. 

The ‘strong spandrel – weak pier’ simplified model, that has been adopted by 

NZSEE (2006) for the assessment of perforated URM walls excited in�plane, 

assumes that the spandrel is effectively rigid relative to the strength and stiffness 

of the pier elements, therefore eliminating the need for the determination of 

spandrel capacity. 

Current assessment procedures adopt simplified idealisations which neglect the 

spandrel behaviour, leading in general to strength predictions which exceed the 

true strength, often excessively. Many of the computational based studies have 

found that the assumptions made regarding the modelling of the spandrel beam 
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behaviour affect the global response of the URM perforated wall significantly. 

To establish the relevance of this study, a review of recent earthquake 

reconnaissance undertaken by the author was included, detailing the failure modes 

common to perforated URM walls responding in�plane, and general failure modes 

of URM buildings that contribute to the weakening of the structure. The presence 

of damage to the spandrel panels following the 2010 and 2011 Canterbury 

earthquakes has shown that this simplified model is fundamentally flawed. 

Spandrel damage has been observed in multi�storey perforated URM walls, not 

only in Christchurch but also recently in Italy, China, and Chile. The damage 

observed illustrates that the ‘strong spandrel � weak pier’ simplified model is not 

valid for all URM buildings in New Zealand and therefore justifies the requirement 

for further research into the seismic behaviour of unreinforced masonry spandrel 

elements, and their interaction with piers, in the overall response of the perforated 

shear wall. 

Using the specific knowledge gaps identified in this review on the background to 

the current understanding of the failure modes and behaviour of perforated URM 

walls, an integrated experimental and modelling programme was conducted with 

the aim of adding to the knowledge base and providing assessment tools that are 

practical for everyday use by practising engineers. 
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Chapter Four 

Substructure Pseudo�Static 

Testing 

4 FOUR 

Six full�scale unreinforced masonry (URM) frame substructures, constructed of two 

piers with a connecting spandrel, were built in the laboratory and subjected to in�

plane pseudo�static cyclic loading. The sub�structures were all 4420 mm long, two 

leaf (230 mm) thick, and had varying pier and spandrel aspect ratios. The objective 

of the testing reported herein was to acquire further experimental data regarding 

the influence of the spandrel geometry and relative strength on the seismic 

behaviour of coupled piers, in the context of a perforated URM wall. This testing 

was performed using a test set�up that included the appropriate boundary 

conditions for the piers, therefore avoiding artificial boundary conditions based on 

assumptions of spandrel strength. The design of the six pier�spandrel 

substructures was selected to identify failure patterns and key performance 

characteristics that define the seismic behaviour of in�plane perforated URM walls.  

4.1 Introduction 

Current assessment methods for establishing the in�plane strength of perforated 

URM walls can be divided into two groupings. The first grouping involves 

delineation of a wall into two elements, being the vertical piers which are the 

primary lateral load resisting elements, and the horizontal spandrels which couple 
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the piers and provide secondary lateral resistance (ASCE 2007; NZSEE 2006). The 

second grouping involves treatment of the perforated wall as an equivalent frame 

with pier, spandrel and joint elements (Eurocode 8 2005; NTC 2008), where the 

joints are considered to be rigid elements and the spandrels are modelled as 

rotated piers.  Whilst extensive experimental research has been undertaken to 

investigate the in�plane seismic response of piers, few researchers have considered 

the non�linear seismic response of spandrel panels. The role of the spandrel in 

defining the boundary conditions of the piers was explained in Chapter Three, with 

these boundary conditions in turn governing the available shear strength of the 

piers, and therefore the shear strength of the masonry frame. Consequently the 

experimental programme reported herein aimed to provide valuable experimental 

data on masonry spandrels having different configurations.  

 

  

a) Spandrel failure in Avonmore House, 

Christchurch 

b) Pier failure in Kenton Chambers, 

Christchurch 

 

Figure 4+1 Failure patterns from the Canterbury earthquakes 

 

 

The 2011 Christchurch earthquake highlighted the problem with assuming that 

spandrels are effectivly rigid, and that all the deformation in an unreinforced 
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masonry frame occurs in the piers.  Figure 4�1(a) shows extensive spandrel failures 

in Avonmore House, Christchurch. The piers in the façade of Avonmore House 

appear to have responded in a rocking mode, as the characteristic ‘X’ cracks of 

diagonal failure are evident in the spandrels and horizontal cracks were observed 

at the base of the piers on the ground floor. Figure 4�1(b) shows the opposite 

occuring, where diagonal shear failure occurred in the piers at levels one, two, 

three and four, located both in the interior piers which had a low aspect ratio, as 

well as in the high aspect ratio piers that were located one column in from the 

exterior. 

4.2 Pseudo+static testing 

Six substructures were constructed with varying pier aspect ratios and with 

varying spandrel depths. Each tested substructure consisted of two piers separated 

by an opening, with a spandrel laterally connecting the top of the piers.  These 

substructures were designated PS1�PS6 and the justification for the selected 

geometric configurations of each substructure is presented below. Substructures 

PS3 and PS5 had an identical geometry but were subjected to different axial stress 

levels. 

4.3 Specimen form 

Photographs of typical masonry facades are shown in Figure 4�2 to Figure 4�7, from 

which representative pier/spandrel geometries were identified. 
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(a) Typology E building with shallow 

spandrel depth, Wellington 

 

 

 

 

(b) Typology E building with shallow 

spandrel depth, Christchurch  

 

(c) Example of PS1 location 

 

 

 

(d) PS1 structure 

 

Figure 4+2 PS1 Characterisation 

Pier A Pier B

Shallow Spandrel
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a) Typology G building with 

different pier aspect ratios, 

Christchurch 

 

b) Typology E building with shallow 

spandrel depth, Christchurch 

 

c) Example of PS2 location 

 

 

d) PS2 structure 

 

Figure 4+3 PS2 Characterisation 

  

Shallow Spandrel

Pier A Pier B
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(a) Typology C building with 

average spandrel depth, 

Auckland 

(b) Typology F Building with average 

spandrel depth and consistent pier 

aspect ratios, Wellington 

 

 

 

(c) Example of PS3 location (d) PS3 structure 

 

Figure 4+4 PS3 Characterisation 

 

Pier B

Average Spandrel

Pier A
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(a) Typology F building with a deep 

spandrel, Christchurch 

(b) Typology F building with a deep 

spandrel, Christchurch 

 

 

 

(c) Example of PS4 location 

 
(d) PS4 structure 

Figure 4+5 PS4 Characterisation 

 

Pier A Pier B

Deep Spandrel
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(a) Typology D building with average 

spandrel depth, Christchurch 

 

(b) Typology C building with average 

spandrel depth, Auckland 

 

(c) Example of PS5 location 

 

 

 

(d) PS5 structure 

 

Figure 4+6 PS5 Characterisation 

Pier B

Average Spandrel

Pier A



Specimen form 

   
� 125 � 

  

 

 

(a) Typology F building with squat 

piers and a deep spandrel, 

Auckland 

(b) Typology E building with low aspect 

ratio piers and deep spandrels, 

Wellington 

 

 

 

(c) Example of PS6 location (d) PS6 structure 

 

Figure 4+7 PS6 Characterisation 

 

Deep Spandrel

Pier BPier A



Chapter Four � Substructure Pseudo�Static Testing 

    
� 126 � 

4.3.1 Substructure specifications 

Dimensions of the six substructures are listed in Table 4�1. The prefix PS refers to 

the testing method (pseudo�static). Figure 4�8 shows the typical geometry and 

layout of the substructure test units, with pier height defined as per an equivalent 

frame model for the sole purpose of discussing geometry. 

Table 4+1 Substructure Dimensions* 

  Pier A Pier B Spandrel Opening 

Wall t 

(mm) 

Hp+A 

(mm) 

Lp+A 

(mm) 

Hp+B 

(mm) 

Lp+B 

(mm) 

Ls 

(mm) 

Ds 

(mm) 

Lo 

PS1 230 1795 1190 1795 1190 4420 590 1240 

PS2 230 1795 1190 1795 710 4420 590 1740 

PS3 230 1795 1190 1795 1190 4420 940 1240 

PS4 230 1795 1190 1795 1190 4420 1260 1240 

PS5 230 1795 1190 1795 1190 4420 940 1240 

PS6 230 1280 1190 1280 1190 4420 1450 1240 
 

4.4 Testing Matrix  

The test configuration was selected in order to experimentally investigate the 

influence of spandrel geometry on the response of a pier/spandrel substructure. 

Three spandrel depths were investigated, being 590 mm (shallow), 940 mm 

 

a) Side elevation b) End elevation 

 

Figure 4+8  Typical geometry and layout of substructure for pseudo+static test 
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(average) and 1450 mm (deep). The effect of spandrel aspect ratio was investigated 

by varying the spandrel depth between three otherwise identical substructures 

(PS1, PS3 and PS4). Two forms of comparison were used to investigate the 

influence of pier aspect ratio; firstly with one substructure having piers of different 

aspect ratio (PS2), and secondly by comparing two substructures where the 

spandrel depths were different but the overall height of the substructures was 

maintained, so that the pier height when measured to the bottom of the spandrel 

differed between the two substructures (PS5 and PS6). The role of axial stress level 

was also considered, with two stress levels applied, being approximately 0.2 MPa 

(low) and 0.5 MPa (high), see Table 4�2.  These axial stress levels represented piers 

on the top storey of a perforated wall (≈ 0.2 MPa), and piers having two stories of 

masonry construction above (≈ 0.5 MPa). 

Details of the pseudo�static testing matrix for the six substructures are presented 

in Table 4�2.  PS1 and PS2 were constructed with shallow spandrels and tested 

with a high axial load centred over each pier. The aspect ratio of the spandrels in 

these two substructures differed as the opening length was increased in PS2.  The 

two piers in PS2 had different aspect ratios, with Pier A having the standard 

aspect ratio of 1.5, whereas Pier B had a higher aspect ratio of 2.5. 

Table 4+2 Pseudo+static testing matrix 

 
Spandrel 

Depth 

Axial 

Stress 

(MPa) 

Pier Aspect Ratio  

(Hp/Lp) 

Spandrel 

Aspect Ratio 

(Ds/Ls) 

Total  

Height 

(mm) 

PS1 Shallow 0.52 1.5 0.48 2385 

PS2 Shallow 0.36/0.58 1.5 / 2.5 0.34 2385 

PS3 Average 0.48 1.5 0.76 2740 

PS4 Deep 0.50 1.5 1.17 3245 

PS5 Average 0.22 1.5 0.76 2740 

PS6 Deep 0.23 1.07 1.17 2740 

 

PS3 had two piers with the standard aspect ratio of 1.5, and the same opening 

length as for PS1, but with an average spandrel depth (940 mm).  PS4 also had the 

same pier and opening dimensions as those of PS1 and PS3, but with a deep 

spandrel (1450 mm). All three substructures were subjected to a high axial stress. 

The similarities in geometry of PS1, PS3 and PS4 were specifically chosen so that 

it was possible to assess the influence of the spandrel depth and the validity of the 
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strong spandrel theory (see section 3.5.2), by comparing the lateral strength 

capacity of the three specimens.  The geometry of PS5 was identical to that of PS3, 

but PS5 was subjected to a low axial stress, and PS3 was subjected to a high axial 

stress which allowed for the influence of axial stress level to be determined. 

PS6 was a deep spandrel substructure with low aspect ratio piers. The total height 

of PS6 was the same as that of PS5 so that the aspect ratio of the piers, with the 

height measured to the top of the spandrel, was consistent (Aspect ratio = 2.3). 

4.4.1 Construction Details 

The substructure test units were constructed by an experienced mason under 

supervision.  Two�leaf (wythe) walls are considered to be the most commonly 

occurring thickness for the bottom storey of one and two storey New Zealand URM 

structures (Russell and Ingham 2008), and consequently two�leaf thick 

substructures were constructed. Common (American) bond employs header bricks 

located in every 4th  course, and has been found to be the most prevalent bond 

pattern used in New Zealand (Russell and Ingham 2008), hence the Common bond 

pattern was used to simulate a section from the front façade of a multi�storey URM 

structure. The mortar was a 1:2:9 (cement:lime:sand) mix, corresponding to ASTM 

type ‘O’ mortar with nominally 10 mm thick mortar joints. This mortar mix was 

found to be representative of the current strength of historical mortar 

(Lumantarna 2012).  

The substructures were intentionally constructed in a way that replicated the 

observed, and often deteriorated, finished quality of walls in real URM buildings.  

Testing of the specimens took place approximately 28 days after construction of the 

specimen was complete. The curing time allowed the mortar to reach its target 

compression strength. 

4.5 Material Properties 

All substructures were constructed using recycled vintage clay bricks obtained 

from a demolished building. The original mortar was removed and the surfaces of 

the bricks were prepared for new mortar before being reused in the test 
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substructure. The bricks were estimated to be 80 years old as the demolished 

building was known to have been constructed in the 1930’s. These vintage bricks 

were required because the manufacturing processes for making new bricks are 

sufficiently different to substantially alter the brick properties and characteristics. 

In particular, the difference in porosity between currently manufactured bricks and 

old bricks results in the bond at the brick�mortar interface being much weaker in 

new bricks using the mortar required for this test. Recognising that within a 

building there is significant variability in brick properties, the reuse of vintage 

bricks introduced realistic material variability into the test.  

Random samples of bricks were taken during construction and tested in 

compression (ASTM 2001b). Prisms were also built during construction of the wall 

using randomly selected bricks, and tested in compression and flexural tension. All 

material tests were conducted according to ASTM standards (ASTM 2001a; ASTM 

2001c; ASTM 2002; ASTM 2003). The results of these tests are shown in Table 4�3. 

A high coefficient of variation for each property, compared to what is reasonable for 

concrete material tests for example (10�15%), indicates a large variability in the 

materials used. This large variability was considered acceptable because of the real 

variation in material properties in existing URM buildings.   

A weak mortar mix, being ASTM type ‘O’, was selected to simulate weather 

deteriorated mortar in heritage URM buildings as recommended from research by 

Lumantarna (2012).  Portland cement was becoming more widely available in the 

early part of the 20th Century when URM was the building material of choice in 

New Zealand, as was hydrated lime, hence Standard Portland cement, hydrated 

 

Table 4+3 Substructure average material properties 

Parameter Mortar 

compressive 

strength 

Brick 

compressive 

strength 

Masonry 

compressive 

strength 

Masonry 

bond  

strength 

Cohesion Coefficient 

of friction 

Symbol f’j f’b f’m f’fb c h 

Strength 

(MPa) 
2.9 25.4 9.2 0.08 0.3 0.7 

COV (%) 41 19 26 29 15 16 

Method of 

Test 

ASTM 
C109/C109

M�02 

ASTM  

C67�03a 

ASTM  

C1314�03b 

ASTM  

1072�05 

2011 
NZSEE 

guideline 

2011 
NZSEE 

guideline 
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Table 4+4 Material properties from  NZSEE Assessment Guide (NZSEE 2011) 

Parameter Mortar 

compressive 

strength 

Brick 

compressive 

strength 

Masonry 

compressive 

strength 

Modulus of 

Rupture 

Cohesion Coefficient 

of friction 

Symbol f’j f’b f’m MOR c h 

Strength 

(MPa) 
7.4 35.5 18.5 4.6 0.33 0.65 

 

lime (Calcium Hydroxide) and river sand were used in the mortar. For the case 

where extensive material testing is not realistic, the NZSEE Assessment Guide 

(2011) presents details of a simple scratch test to identify brick and mortar 

strength classes from which the results are used to estimate material properties. 

Using the scratch test for mortar, it was found that the mortar would be considered 

‘hard’, and that the bricks would also be considered ‘hard’. Table 4�4 summarises 

the material properties found using the NZSEE Assessment Guide (2011) 

procedures.  

4.6 Test Setup 

All substructures were tested as shown in Figure 4�9. The bottom masonry course 

of each pier was seated one course down into the large concrete bases, which were 

bolted onto the strong floor. Setting the piers into the concrete bases prevented  

 

a) Side elevation 

 

b) End elevation 

Figure 4+9 Pseudo+static testing set+up 
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sliding along the artificially smooth strong floor when horizontal load was applied 

to the sub�structure, but allowed for a sliding shear failure to potentially occur in 

the bed joint between the first and second course of bricks.  

The horizontal shear force was applied evenly over the vertical end of the spandrel 

using a hydraulic�powered actuator, which reacted against the laboratory strong 

wall.  Flat steel plates measuring 10 mm thick × 230 mm wide × 500 mm long were 

positioned on the top of the spandrel at the centre�line of the piers, to provide a 

smooth horizontal rolling surface for a set of rollers which were then placed on top 

of the steel plates. The rollers were positioned to reduce any friction transfer of the 

horizontal load between the fabricated steel section1 and the spandrel. A steel 

loading beam was seated on the rollers.  A 20 mm thick steel plate was welded on 

each end of the steel section so that the horizontal load could be transferred from 

the actuator into the spandrel directly. Flybraces mounted on the steel channel 

were designed to strengthen the connection between the endplate and the beam so 

that the endplate did not deform, ensuring that the horizontal load was fully 

transferred into the test substructure. The loading beam was 50 mm longer than 

the test unit, and was not fixed to the test unit, and therefore contributed no 

strength to the spandrel.   

The unbonded post�tensioning tendons positioned on the outside of the wall were 

used to apply the axial load to the top of the wall. Springs were connected in series 

with the tendons to help eliminate additional stress being applied to the test unit if 

rocking induced uplift of the piers was to occur. An independent frame was 

positioned at one end of the wall, against which displacement of the spandrel in the 

horizontal direction was measured, which eliminated any effects from flexing of the 

strong�wall. 

4.6.1 Data Acquisition 

Horizontal force was measured using a load cell that was connected in parallel to 

the hydraulic pump. Displacement gauges were placed at locations that measured 

the overall lateral displacement and vertical displacement of the spandrel and the 

piers, as shown in Figure 4�10, enabling the force�displacement behaviour of the 

test substructure to be plotted and the rotations of individual elements within the 

                                                
1 Fabricated section was an I section, d = 220mm, bf = 250mm, tf = 10mm, tw = 8 mm 
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test substructure, such as the piers, to be determined. Small scale plaster 

modelling was utilized to identify possible crack locations in the post�elastic phase. 

The plaster models were constructed at a 1:9 scale. Dental plaster was used as the 

construction material, which idealised the masonry as a homogenous isotropic 

material. Figure 4�11 shows the crack patterns observed in the plaster models, 

which indicated that additional gauges should be placed in the spandrel to measure 

crack widths due to flexural failure. Strain gauges were calibrated to output 

displacement and were defined so that compression was measured as positive 

displacement (push cycle), and tension (extension) was measured as negative 

displacement (pull cycle). 

 

 

a) Side elevation 

 

b) End elevation 

Figure 4+10 Instrumentation plan for pseudo+static testing 

 

  

Figure 4+11 Crack patterns in the plaster models of the substructures 

 

 

Z1

Z2

P
C

1
A

X1A

H2A

H3A

H1A

B1A B2A B3A

X2A

SH3A

SH2A

SH1A

P
C

2
A

S
V

1

M
ode

l: xyz
C

apcity
: 500kN

              5.09t
S

trok
e: 300m

m
S

/N
: A

DA
234Z

Strong Floor

SW1

S
tr

o
n
g
 W

a
ll

P
C

2
B

X2B

H2B

H3B

H1A

B3BB2AB1B

X1B

SH3B

SH2B

SH1B

P
C

1
B

S
V

3

S
V

2

Box Beam

Strong Floor

PullPush

SX1
SX2



 

   
� 133 � 

4.7 Testing Procedure 

The cyclic loading history that was adopted for all tests is shown in Figure 4�12.  

This displacement�controlled pseudo�static procedure was employed to capture the 

non�uniformly accumulated damage in the wall, and to enable observations of 

damage and failure mechanisms.  It is recognised that dynamic tests simulate with 

more accuracy the seismic actions on a structure, however pseudo�static tests 

enable more accurate measurements of forces and displacements and allow the 

damage evolution to be documented more easily (Calvi et al. 1996).  

The substructure was first subjected to displacements of 0.5 mm in each direction, 

with displacements then increased by increments of 0.5 mm in each cycle until 

2 mm was reached, after which the increments were increased to 2 mm each cycle, 

measured at the top course of bricks in the spandrel.  This loading history was 

based on loading histories previously used by researchers employing pseudo�static 

cyclic test methods to test unreinforced masonry walls (Gattesco et al. 2010; Parisi 

et al. 2010; Russell 2010) and was originally based on a load history proposed by 

Park (1989) for pseudo�static experimental testing. The push direction was defined 

as positive and the pull direction as negative.  

Failure was defined as a measured reduction in lateral strength of 20% or more 

when compared to the maximum lateral strength previously recorded during 

 

Figure 4+12 Loading history for testing of the pier/spandrel substructures 
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testing. In substructures where a flexural response dominated, a 20% strength 

reduction was typically not attained as a flexural response is characterised by 

minimal strength loss with increasing displacement until ultimate drift levels are 

developed, and therefore for this condition the testing was instead terminated 

when either the data acquisition or the loading actuator reached their accuracy 

limits, or when stability of the substructures was affected by twisting in the out�of�

plane direction.  

4.8 Test Results 

In this section the test observations and overall performance of the six tested 

substructures are presented.  

4.8.1 Observations 

The initial response of all test units was almost identical, with cracks initiating in 

the top left corner (Pier A side) of the opening for the pull cycle and in the top right 

corner (Pier B side) for the push cycle (see for example Figure 4�13a). In all test 

units, a failure (either shear or mixed mode) of the spandrel element pre�empted 

any discernible cracking within the pier element. In the test units where the pier 

aspect ratio was 1.5 and the spandrel depths were either average or deep, the 

spandrel failure mode was diagonal tension, indicated by the characteristic ‘X’ 

cracks as shown in Figure 4�19(c, d, and e) for PS3, PS4 and PS5 respectively. 

Crack propagation generally followed the path of the mortar head and bed joints, 

occurring along the brick�mortar interface, as is common in unreinforced masonry 

where the ratio of the mortar compressive strength to the brick compressive 

strength is low.  

For test unit PS1, where the spandrel was shallow and had the same length as the 

spandrels in test units PS3, PS4, PS5 and PS6, the spandrel failure mode was 

initially a flexure induced mode and with increased lateral displacement developed 

into a combined flexure/shear failure mode (see Figure 4�13b). The first crack in 

PS1, which initiated at the top right corner of the opening at the bottom of the 

spandrel, propagated vertically up the head joint, stepping around the bricks.  An 

equivalent crack initiated above the left corner of the opening during the following 
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pull cycle.  At a drift of 0.15% a vertical crack propagating downwards was visible, 

initiating at the top of the spandrel directly above the top left corner of the 

opening, effectively cracking at the joint�spandrel interface above Pier A.  This 

crack was mimicked on the Pier B end of the spandrel. At a total base shear of 

88.9 kN a long horizontal crack spread through the bed joints in the spandrel, with 

cracking developing through the header joints in three courses and joining the 

cracks located between the different courses, finally linking the vertical cracks over 

Pier B to the vertical cracks over Pier A. Testing was terminated at 17.3 mm 

lateral displacement (0.97% drift) due to out�of�plane twisting of the substructure. 

The initial crack location observed during loading of PS2 was identical to that of 

PS1 (a vertical crack developing at the top right corner of the opening (Pier B end 

of the spandrel)). In the reverse (pull) cycle, a mirrored crack did not eventuate 

from the left corner of the opening, as did occur in PS1.  At a drift of 0.25% the 

overhanging spandrel bricks at the Pier B end broke off, which was attributed to an 

uneven stress distribution caused by the positioning of the vertical loading plate on 

the end of the spandrel.  In the subsequent loading cycles the initial crack extended 

along the entire length of the spandrel and was observed in all layers of the bed 

joints through the depth of the spandrel, creating four parallel horizontal cracks 

(see Figure 4�14a).  Loading of PS2 was terminated at a drift of 1.40%, at which 

point it was observed that the spandrel was visibly sagging between the piers. 

In substructure PS3 cracking initiated on the pull cycle, and was located four 

courses down from the top of the spandrel, above the top left corner of the opening. 

The cracking in the spandrel was confined to two main diagonal cracks, with the 

crack widths increasing steadily to 1.5 mm in the final cycles. At the maximum 

recorded drift (0.89%) the diagonal crack reached the top of the spandrel directly 

above the joint�spandrel interface, and extended the entire depth of the spandrel. 

At this lateral displacement, the Pier A end of the spandrel began to twist out�of�

plane and therefore testing was terminated. Photographs from the testing of 

substructure PS3 are shown in Figure 4�15. 

A test error occurred prior to the loading of substructure PS4 due to a malfunction 

in the loading actuator during set�up, causing a large push force to be applied 

which caused a diagonal crack to form in the spandrel. The crack immediately 

extended from the top of the spandrel above the joint�spandrel interface on the Pier 

B side and stepped diagonally downward, extending along the brick�mortar 
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interface until it reached the top left corner of the opening (see Figure 4�16). The 

pull cycle crack formation initiated at the joint�spandrel interface on the Pier A 

side, at the top of the spandrel. During the larger displacement cycles (≥18 mm) 

spandrel rotation was visible, in which the diagonally opposite corners of the 

spandrel element rotated, creating a curved spandrel alignment. Testing of PS4 

was terminated when the peak force for the displacement cycle had degraded below 

80% of the maximum recorded lateral force. 

In substructure PS5, initial cracking was recorded in the pull cycle where a crack 

formed in the top right corner of the opening and extended up, and also from the 

top of the spandrel, directly above the left corner of the opening and extended 

down. These initial diagonally opposed cracks were mirrored in the subsequent pull 

cycle. The crack locations suggested possible initial failure of the spandrel in a 

flexural mode. The crack that initiated at the bottom of the spandrel on the Pier B 

side, propagated to the right towards the joint region, following the bed and head 

joints, and occurring along the brick�mortar interface. From analysis of crack 

patterns from dynamic and static laboratory testing of in�plane loaded unreinforced 

masonry walls (Bothara et al. 2010; Magenes and Calvi 1997; Paquette and 

Bruneau 2003), and from post�earthquake field observations (Dizhur et al. 2010), it 

is unusual for cracking to extend into the joint region, and in this case the crack 

continued along the bed joints located three courses from the bottom of the 

spandrel, across the top of the pier, and created a sliding plane. In larger 

displacement cycles in the pull direction the crack at the top of the spandrel, that 

formed in the push cycle, propagated in a stepped formation down through the bed 

and head joints, across the length of the spandrel. Loading in the push cycle 

resulted in a similar set of diagonal stepped cracks, mirroring the cracks that 

formed in the prior push cycle. Cracking that formed in the pull cycle propagated at 

a steeper angle, horizontally crossing the push�direction cracks at a location one 

brick to the right of centre and two courses below the centre. At a displacement of 

40.3 mm (1.78% drift) the maximum actuator extension was reached and testing 

was terminated.  

Substructure PS6 behaved differently to the response of the substructures 

described above.  Crack propagation initiated at the top right corner of the opening, 

and extended horizontally across the top of Pier B (see Figure 4�18a). This cracking 

was followed in the reverse (pull) cycle by the formation of a crack propagating 
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from the top left corner of the opening at the bottom of the spandrel, oriented 

diagonally up and across the full depth and length of the spandrel. The diagonal 

crack formed a stair stepped pattern following the head and bed joints, along the 

brick�mortar interface. On the first cycle to 8 mm displacement in the push 

direction the diagonal crack in Pier A was visible. With increasing displacement 

cycles the top section of Pier A rotated at the bottom right corner of the pier, 

resulting in increased bearing stress due to a reduced contact area, which resulted 

in cracking through the bricks (see Figure 4�18d). Rocking at the base of Pier B was 

visible, providing evidence that Pier B was governed by a flexural (rocking) failure 

mode. The horizontal crack located over the top of Pier B appeared to stop at 

approximately half the pier length, suggested that Pier A may have been rocking 

over the full height to the top of the spandrel. Testing of PS6 was terminated at 

16.5 mm in the push direction due to instability of Pier A, as the diagonal crack 

width exceeded 27 mm. 

For all test units excluding PS6, flexural cracks propagated horizontally along the 

bed joints at either one or two courses of masonry above the level of the concrete 

base, and the piers proceeded to rock with increasing displacement cycles. No 

crushing of the masonry at the compressed toe of the rocking piers was noted. 
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(a) Crack at top right corner of opening (b) Push to 12.5 mm, horizontal crack 

extending across spandrel 

 

Figure 4+13 Photos from testing of PS1 

 

  

(a) Spandrel cracking in all bed joints 

 
(b) Rocking at base of Pier B 

Figure 4+14 Photos from the testing of PS2 

 

  

(a) PS3 with portal gauges in place 

 
(b) Rocking at the base of pier B in PS3 

 

Figure 4+15 Photos from the testing of PS3 
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(a) PS4 in the lab with loading rig set+

up 

(b) Development of the diagonal cracks 

in the final push cycle of PS4 

 

Figure 4+16 Photos from the testing of PS4 

 

 

 

 

 

 

 

Figure 4+17 Rotation in spandrel of PS5 
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(a) Initial crack over pier B (b) Diagonal shear failure cracks in the 

spandrel 

  

(c) Rotation of the top of Pier A at 

14 mm lateral displacement 

(d) Diagonal shear cracks both through 

the bricks and along the mortar 

joints 

 

(e) Final crack pattern in Pier A. Some evidence of possible crushing on the bottom 

right corner of the pier 

 

Figure 4+18 Photos from PS6 testing 
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4.8.2 Crack Patterns 

Figure 4�19 shows the crack patterns that were evident at the conclusion of testing. 

The images all show Pier A on the left and Pier B on the right, with the Push load 

(positive force) applied to the centre of the right end of the spandrel. 

4.8.3 Experimental Results 

General results are presented in Table 4�5, where Vmax is the maximum lateral 

force as recorded by the load cell, DVmax is the lateral displacement (measured at 

the top of the spandrel) associated with Vmax, +max is the associated drift expressed 

as a percentage, Vcrack is the lateral force when cracking was first observed, θcrack is 

the drift corresponding to Vcrack, and d80 and θ80 are the ultimate lateral wall 

displacement and drift, respectively, corresponding to the point at which the lateral 

force had degraded to 80% of Vmax.  

The effect of testing substructure PS4 in its pre�cracked condition in the push cycle 

is evident by the approximately 30 kN difference between the maximum lateral 

force recorded in the push and pull directions. In the positive loading direction no 

data is shown corresponding to the development of the first crack, as this data 

could not be accurately determined due to the loading error described previously. 

Table 4+5 Experimental results for pseudo+static testing of substructures 

 
Vmax 

( kN) 

DVmax 

(mm) 

�max    

(%) 

Vcrack 

(kN) 

Dcrack 

(mm) 

�crack  

(%) 

D80 

(mm) 

�80       

(%) 

PS1(+) 88.9 14.94 0.626 34.5 0.95 0.04 17.3 0.73 

PS1 (�) �96.3 �15.0 0.629 �37.9 �1.02 0.042 >15 >0.63 

PS2(+) 60.98 18.74 0.786 27.2 2.52 0.11 > 25 > 1.19 

PS2(�) �55.52 �24.93 1.045 �25.86 �2.14 0.090 >25 >1.19 

PS3(+) 102.8 12.15 0.443 44.4 1.95 0.071 > 24 > 0.87 

PS3 (�) �104.90 �23.74 0.867 �59.0 �1.69 0.061 >23.7 > 0.87 

PS4(+) 70.36 10.70 0.329 � � � > 26.4 > 0.81 

PS4(�) �99.67 �25.81 0.795 �68.40 �4.208 0.129 > 25.8 > 0.80 

PS5(+) 75.3 40.26 1.47 35.6 2.04 0.0745 > 40.2 > 1.47 

PS5(�) �59.95 �38.18 1.39 �28.39 �2.39 0.087 > 38.2 > 1.39 

PS6(+) 33.85 5.94 0.217 25.1 1.12 0.041 14.7 0.538 

PS6(�) �26.88 �16.44 0.600 �24.30 �0.971 0.035 > 16.5 > 0.602 
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a) PS1 

 

 

b) PS2 

 
 

c) PS3 

 

 

d) PS4 

 

  

e) PS5 

 

 

f) PS6 

 

Figure 4+19 Crack patterns in substructures after cyclic pseudo+static testing  

(Pier A on the left) 
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For these reasons, the results from the testing of PS4 have been omitted when 

calculating average drift at the onset of cracking. 

For the substructures tested, a limited elastic range of response was noted, with 

the average drift at which cracking occurred being 0.09%. Cracking at the base of 

the piers was visible at an average drift of 0.40% in all test units excluding PS6. 

For test unit PS6, initial cracking was observed at a displacement of 1.12 mm (drift 

of 0.04%) with a corresponding force of 25.1 kN. 

The ultimate drift was measured to be between 0.63% and >1.47% for the 

substructures with rocking piers, and was approximately 0.6% for substructure 

PS6 where the overall response was governed by shear failure of Pier A. 

4.8.4 Force+displacement response 

The force�displacement response of the six substructures is presented in Figure 

4�20 to Figure 4�25. The displacement plotted was measured at the top of the 

spandrel, and the corresponding drift represents lateral displacement over the total 

height of the specimen, expressed as a percentage.   

The force�displacement plot for specimen PS1 shows hysteretic loops having 

moderate energy dissipation and moderate stiffness and strength degradation with 

increasing displacement. The ultimate displacement was governed by the onset of 

twisting at the base of Pier B.  

The narrow hysteretic loops and the almost constant strength with increasing 

displacement that is exhibited in the force�displacement response of specimens 

PS2, PS3, PS4 and PS5 indicates that their non�linear response was governed by a 

flexural (rocking) failure mode.  In specimens PS2, PS3, and PS4, failure as defined 

in section 4.7 could not be reached and therefore the tests were terminated when 

the displacement had exceeded 1% drift. The testing of PS5 was terminated due to 

the stroke capacity of the hydraulic actuator being reached. The force�displacement 

response of PS4 was highly non�symmetrical (Figure 4�23). This non�uniformity 

occurred because the wall was effectively pre�damaged in the push direction due to 

a malfunction in the loading during set�up. 

The force�displacement plot for specimen PS6, shown in Figure 4�25, is strongly 

characteristic of a shear failure mode. The large hysteretic loops, and severe 



Chapter Four � Substructure Pseudo�Static Testing 

    
� 144 � 

strength and stiffness degradation after peak lateral strength was reached, is 

consistent with the observed pier failure mode. The significant loss in stiffness and 

lateral strength following the attainment of maximum lateral strength, as evident 

in the positive quadrant of the force�displacement plot, was due to the diagonal 

shear failure of Pier A.  As diagonal shear failure was evident only in Pier A, the 

force�displacement plot was highly unsymmetrical. As per the characteristics of the 

force�displacement relation of a rocking dominant element, the measured force in 

the negative quadrant of the force�displacement plot for PS6 reached its maximum 

strength and then remained constant with increasing displacement.  As the 

stability of the wall and its ability to support gravity loads was reduced 

considerably after shear failure of the pier, the ultimate displacement of PS6 was 

approximately half that of the specimens that responded in flexure. 

The six tested unreinforced masonry substructures generally exhibited highly non�

linear characteristics, with the measured hysteretic shape being dependent on the 

failure mode of the pier element. The force�displacement response of test units 

where the piers exhibited a horizontal crack at the base and proceeded to rock with 

increasing displacement, display no indication of strength loss up to a drift of 1.0%. 

Where the piers exhibited a shear failure, significant strength and stiffness losses 

resulted. Small strength losses are evident between cycles one and two at the same 

displacement amplitude, indicating that in�plane unreinforced masonry component 

performance is mildly affected when repeatedly loaded to the same displacement. 

The force�displacement plots reported in this section are used in section 4.9.8 to 

determine the equivalent hysteretic damping for each of the substructures and to 

determine bi�linear approximations of the response. 
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Figure 4+20 Force+displacement plot for PS1 

 

 

Figure 4+21 Force+displacement plot for PS2 
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Figure 4+22 Force+displacement plot for PS3 

 

 

Figure 4+23 Force+displacement plot for PS4 
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Figure 4+24 Force+displacement plot for PS5 

 

 

Figure 4+25 Force+displacement plot for PS6 
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4.9 Analysis 

4.9.1 Pier Horizontal Displacements 

As detailed in section 4.6.1, strain gauges were placed up the pier height to 

measure horizontal displacement and to capture the deformation profile of the 

specimen with increasing displacement amplitudes.  Pier displacement profiles for 

both Pier A and Pier B for each of the six substructures are shown in Figure A�1. 

The horizontal displacement of each pier is plotted against pier height at 

nominated intervals of the total displacement. Where the slope of the displacement 

profile is constant, the joint and the adjoining pier can be assumed to have rocked 

as a rigid block, with no differential rotation between the joint and pier. For 

substructures PS2, PS3, PS4 and PS5 the slope is approximately constant 

accounting for variations in the readings. This observation is consistent with the 

crack patterns for these substructures, which showed no failure planes between the 

joint and the adjacent pier (see Figure 4�19).  

In Figure A�3 the displacement of the pier at the pier/joint interface is plotted 

against test progress for Pier A and Pier B of substructure PS2. In the larger 

displacement cycles, after cracking was visible in the spandrel, the horizontal 

displacement of Pier B was clearly larger than the horizontal displacement of Pier 

A for the positive loading cycles. The stiffness of the spandrel decreased post�

cracking, and therefore more lateral load was transferred to the pier closest to the 

location of load application, in this case Pier B, resulting in a larger displacement 

amplitude. 

The displacement profile of Pier A for substructure PS6 (see Figure A�1f) indicates 

differential horizontal movement between the brick courses in the pier, with a 

maximum total lateral displacement of 15.6 mm at the pier half height (602 mm). 

This profile is indicative of a diagonal shear failure having formed in Pier A.  

Maximum displacement at the centre of the pier correlates with the location of 

maximum shear force.  During testing of PS6 it was evident that sliding on the 

stepped crack pattern in Pier A (see Figure 4�19(f)) occurred during the push cycle, 

and that minimal sliding occurred in the opposite direction during the pull cycle, 

resulting in a residual displacement in the push direction. The resulting 

displacement profile of Pier A for the final displacement amplitude was therefore 
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skewed to the left. The displacement profile for Pier B was more typical of a 

rocking block, with linearly increasing displacement up the height of the pier, 

indicating a constant rotation at the pier base. The displacement profile of 

substructure PS6 (see Figure A�1f) shows a change in slope where the pier and 

joint intersect.  The relative displacement between the location of the pier and joint 

intersection (at 1966 mm height) and the top of the substructure (2654 mm height) 

is shown to be minimal, suggesting that for substructure PS6 where pier A failed in 

shear, the spandrel translated horizontally rather than rotating as a rigid block 

with the pier, as occurred in substructures PS1, PS2, PS3, PS4 and PS5. 

4.9.2 Pier Rotation 

Strain gauges were placed at the base of each pier to measure vertical 

displacement caused by rocking of the pier on a horizontal base crack. The gauges 

were positioned to capture the progression of uplift with increasing lateral 

displacement. The relationship between the rotation at the base and the lateral 

displacement at the top of the pier (gauge H3A or H3B) is shown in Figure A�2 for 

each pier (A and B) for all substructures. Uplift of the pier is represented as 

positive rotation. The linear relationship shown in Figure A�2 (a, b, c, d, and e) 

between lateral displacement and rotation indicates that the piers rotated as rigid 

blocks, with little or no secondary displacement effects within each pier.  The angle 

of rotation for the central gauge (B2) and the heel gauge (B1 for loading in the pull 

(negative) cycle and B3 for loading in the push (positive) direction) is shown to have 

been comparable for all substructures, excluding PS6 where rocking was not the 

dominant pier failure mode. The constant angle of rotation along the length of the 

pier base was again indicative of rotation of a rigid block. 

The angle of rotation at the base of the piers in substructures PS1, PS3, PS4 and 

PS5 is shown to be comparable in Figure A�2 for both the push (positive 

displacement) and pull (negative displacement) directions for increasing lateral 

displacement.  For substructure PS2, the angle of rotation was lower for the pull 

cycle (negative displacement) than it was for the same lateral displacement in the 

push cycle (positive displacement). This observation was true for the rotational 

behaviour of both Pier A and Pier B, suggesting that there was an effect induced by 

the different aspect ratio piers (Pier A had an aspect ratio of 1.5 and Pier B had an 

aspect ratio of 2.5).  Some negative rotation is reported for substructures PS1 and 
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PS4, signifying toe compression of the rocking pier. As the pier rotation increased, 

the depth of the compression stress block reduced and the compressive stress 

increased, which caused elastic compression strains in the masonry. Toe crushing 

was not evident in any of the test units at the largest displacement amplitude, 

signifying that the compressive stress in the toe had not exceeded the critical value 

for crushing to occur. 

The plots showing the relationship between rotation and lateral displacement (see 

Figure A�2) also indicated that rotation of the piers initiated at low lateral 

displacement amplitudes, verifying the limited elastic response range of 

unreinforced masonry elements when subjected to in�plane loading. 

4.9.3 Spandrel Deformation Modes 

As discussed in section 4.8.1, extensive diagonal cracking occurred within the 

spandrel panel of those substructures that had ‘average’ or ‘deep’ spandrel depth, 

whereas for the two substructures that had a shallow spandrel depth the lateral 

loading resulted in a spread horizontal crack pattern in the spandrel.  Figure 4�26 

shows photographically the two distinct crack patterns that were observed at the 

final stages of testing. The failure modes of the spandrel can be described by three 

distinct modes, as shown in Figure 4�27.  

Mode A (see Figure 4�27) is representative of a flexural response where the 

spandrel panel acts as a rigid block effectively rocking between the two rigid joint 

panels. Cracking at the spandrel/joint interface was noted as the initial crack 

location in the average and deep spandrels (substructures PS3, PS4, PS5, and  

  

a) PS2 – rotation in the spandrel b) PS5 – diagonal cracking in the 

spandrel 

 

Figure 4+26 Spandrel failure modes from experimental testing 
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Mode A : Flexural cracking Mode B:  Diagonal cracking Mode C: Bending – bed joint 

sliding 

 

Figure 4+27 Spandrel deformation modes 

 

 

PS6), signifying that deformation Mode A occurred first. The initial flexural crack 

only propagated vertically for the depth of one brick as the bond pattern resulted in 

a discontinuous vertical mortar joint. This observation is in agreement with 

proposals for determining the flexural strength of spandrels, which identify the 

interlocking phenomena as a source of flexural strength. The interlocking 

originates at the interface between the end section of the spandrel and the joint, 

due to the contiguous masonry (Cattari and Lagomarsino 2008).    

Mode B (see Figure 4�27) was the most frequently observed failure mode, with 

stair�stepped diagonal cracking following the mortar joints at increased 

displacement amplitudes (see Figure 4�26b).  

The proposed Mode C describes the failure pattern that was observed in 

substructures PS1 and PS2 which both had shallow spandrel depths, and spandrel 

aspect ratios (Ds/Ls) of 0.48 and 0.34 respectively. Mode C (see Figure 4�27) is 

characterised by horizontal cracking that extends over the full length of the 

spandrel and is evident in multiple courses. This type of failure has not previously 

been reported as a failure mode for as�built URM spandrels, although Augenti et 

al. (2011) reported a spread horizontal crack pattern as the failure pattern for a 

low aspect ratio spandrel panel (0.65) which was retrofitted with an inorganic 

matrix�grid strengthening system, and subjected to cyclic lateral loads. It is also 

noted that Mode C results in a high energy dissipation capacity. 

The spandrel modes in Figure 4�27 were based on the crack patterns observed 

during laboratory testing, but generally compare well with the damage sustained 

by perforated URM walls that was reported following the 2010 and 2011 

Christchurch earthquakes. Photographic evidence of failure Mode A and failure 

Mode B can be identified in the spandrel elements shown in Figure 4�28, with 



Chapter Four � Substructure Pseudo�Static Testing 

    
� 152 � 

further examples presented in Appendix B.  In Figure 4�28(a) and (b) vertical 

cracking at the ends of the spandrel element can be seen, which is characteristic of 

a pure flexural response, and in Figure 4�28(c) ‘X’ cracks characteristic of diagonal 

shear cracking are visible. During assessments of the damaged URM buildings no 

evidence of Mode C spandrel failure was found. 

In addition to the cracking seen on the face of the substructure, cracking in the 

collar joints between the brick leafs was evident in the lower aspect ratio 

 

a) Flexural cracking in the central spandrel of a two storey perforated URM 

façade 

 

  

b) Flexural cracking in a spandrel 

element in Avonmore House 

c) Diagonal shear cracking in the 

spandrel above a high arched 

lintel in Avonmore House 

 

Figure 4+28 Photographic examples of spandrel deformation modes observed following 

the earthquakes in Christchurch 
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spandrels. With an increase in strain ductility the gradient of the linear strain 

profile increases, which results in increased longitudinal shear flow. 

Simultaneously, due to the Poisson’s ratio effect, an expansion of the section width 

occurs, which induces a tension force that is oriented at right angles to the line of 

action of the compression force, causing splitting. The weak plane across the width 

of the wall is the collar joint between leafs and therefore this joint cracks, and 

opens up. This mechanism is similar to the splitting of concrete around shear studs 

in composite beams and slabs. 

In the substructures that were classified as having ‘average’ or deep’ spandrels, the 

crack pattern within the spandrel region suggested a diagonal shear failure 

initiated by a flexural mechanism. The initial flexural behaviour was characterised 

by the formation of vertical cracks that opened in the head joints at the tensile zone 

of the interface between that spandrel and joint regions for a particular direction of 

loading. This cracking was then followed by the formation of diagonal cracks that 

extended from the original flexural cracks that occurred in the opposite loading 

cycle. This observation suggests that the spandrel behaves as an equivalent strut. 

Cattari and Lagomarsino (2008) found a similar crack progression and failure 

mode in their finite element model when it was subjected to monotonic loading, but 

proposed that the diagonal cracking initiated from the centre of the spandrel. In 

contrast to the modelling results, the cyclic loading in the experiments reported 

here caused a flexural crack to initiate for a direction of loading, and in the 

opposite direction of loading the diagonal crack continued to propagate from the 

initial flexural crack. Adding to the visible evidence of failure modes within the 

 
Figure 4+29 Vertical displacement of Spandrel in PS3 
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spandrel of substructure PS5 and PS6, three gauges were placed to measure the 

vertical displacement along the spandrel length (SV1, SV2 and SV3 as shown in 

Figure 4�10). In Figure 4�29 the spandrel displacement profile is shown for PS3 for 

four horizontal displacement steps. The deformed shape corresponds to that of a 

beam subjected to double bending at low displacement amplitudes, and the sagging 

at the centre of the spandrel is a result of the extensive diagonal cracking at high 

displacement amplitudes. The presence of the timber lintel had negligible influence 

on the vertical displacements of the URM spandrel as the lintel was bending in its 

weak axis and was only held in place by two nails embedded in the piers at each 

end, resulting in the ends being effectively pinned. 

4.9.4 Spandrel Extension 

For testing of substructure PS5 and PS6 additional gauges were placed at the top 

and bottom of the spandrel to measure the extension of the spandrel element 

length. Figure 4�30 shows spandrel extension as recorded from the lower gauge 

(see Figure 4�10), plotted against drift.  The plot shows that there was an almost 

linear relationship between increasing drift and spandrel extension. Figure 4�31 

shows the same spandrel extension recordings plotted against spandrel axial load, 

which was assumed to be equal to half of the applied lateral load. The circular 

markers on Figure 4�30 and Figure 4�31 mark the maximum extension for each 

displacement cycle. The data suggests that spandrel extension initiated at an axial 

load of approximately 18 kN in the push cycle and at 10 kN in the pull cycle, which 

correlates well with the force at which cracking was first observed for each loading 

direction (see Table 4�5). 

4.9.5 Bilinear Modelling 

The envelope of the force�displacement relationship for the individual 

substructural responses was idealised as an elastic�perfectly plastic relationship. 

Bilinear idealisation of the masonry substructure in�plane cyclic response is a 

simplification tool for evaluating key global response parameters, that has been 

extensively reported in past literature (Augenti et al. 2011; Magenes and Calvi 

1997; Shing et al. 1989; Vasconcelos and Lourenco 2009). This idealisation method 

was chosen as it captures the essential performance characteristics whilst 
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Figure 4+30 Spandrel Extension against drift for Substructure PS5 

 

 

 

 
Figure 4+31 Spandrel extension against estimated spandrel axial load for substructure PS5 
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remaining simple enough to apply to desktop procedures. The bilinear idealisation 

parameters of the URM substructural performance allowed comparison between 

the test units in terms of elastic stiffness, strength and ductility.  

Experimental force�displacement envelopes were defined by considering the 

maximum force reached in the first cycle to a displacement amplitude and the 

corresponding displacement on the hysteresis loop.  Following the Tomaževič 

(2000) method, the bilinear relationship was defined by three observed limit states 

for the tested specimen: (1) Cracking, which determines Vcr and Dcr at the instance 

when the first cracks are visible; (2) Maximum Strength, which defines Vmax and 

dHmax as the parameters where the maximum lateral strength is recorded; and (3) 

Ultimate state, which defines dmax, which is defined by the displacement 

corresponding to a strength degradation to 0.8Vmax, or a 20% loss of the maximum 

lateral strength. Where the global response was governed by the flexural failure 

mode of the piers, a 20% reduction in the maximum lateral strength was not 

reached and therefore the ultimate displacement was taken as the maximum 

displacement attained during the test. The elastic stiffness (Ke) of the bilinear 

model was assumed to be equal to the secant stiffness measured at the first crack 

limit state (Vcr and Dcr). The ultimate strength of the idealised envelope (Vu) was 

evaluated by equating the energy dissipation capacity of the actual structure to 

that of the idealised response. By equating the area under the cyclic envelope of the 

first cycle peaks (Aenv) to the area under the bilinear envelope and knowing Ke, Vu 

can be defined as, 

&� =  �/ d-p�� − �-p��J − 2�/6q�/ e (4+1) 

 

Figure 4�32 graphically represents the linearization procedure for generating the 

three limit states which define the bilinear response curve. The bilinear envelope 

was found for both positive and negative loading directions. The parameters for the 

bilinear idealisation for each substructure for loading in both directions are 

reported in Table 4�6. 

The ratio between the ultimate and maximum lateral strengths was found to be 

0.89, which is in good agreement with past experimental results on URM walls, 

where it has been suggested that Vu/Vmax is 0.9 for unreinforced masonry walls 

failing in a shear governed mode (Sheppard and Lutman 1988; Tomaževič 2000). 
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Figure 4+32 Bilinear approximation of a nonlinear response 

 

Table 4+6 Bilinear parameters for substructures when using the Tomaževič method* 

 Vu 

(kN) 

de 

(mm) 

du 

(mm) 

du/H 

(%) 

Ductility 

T 

������ 
Ke 

(kN/m) 

����������  
Failure 

mode^ 

PS1 (+) 86.36 4.25 16.75 0.702 3.94 0.97 20312 0.41 P�R 

S�X PS1 (�) �83.63 �2.99 (�15.04) (0.63) 5.02 0.86 27901 0.45 

PS2 (+) 57.10 4.46 (24.54) (1.03) 5.50 0.94 12802 0.45 P�R 

S�X PS2 (�) �49.30 �4.08 (�24.94) (1.04) 6.10 0.89 12070 0.47 

PS3 (+) 95.43 4.191 (28.20) (0.89) 6.73 0.93 22769 0.43 P�R 

S�X PS3 (�) �83.24 �3.14 (�23.74) (0.87) 7.56 0.79 26511 0.54 

PS4 (+) 64.02 2.74 (26.48) (0.82) 9.66 0.91 23365 � P�R 

S�X PS4(�) �89.72 �5.52 (�25.81) (0.79) 4.67 0.90 16253 0.68 

PS5 (+) 64.64 3.71 (40.26) (1.47) 10.85 0.86 17450 0.47 P�R 

S�X PS5 (�) �48.64 �4.09 (�38.18) (1.39) 9.33 0.81 11884 0.47 

PS6 (+) 26.67 0.20 14.70 0.54 73.5 0.88 147841 0.69 P�R/X 

S�X PS6 (�) �24.89 �0.17 (�16.41) (0.600) 96.5 0.93 143933 0.90 

Average � � �  6.90+ 0.89 � 0.49+  

 

 

 

In the Tomaževič procedure the elastic stiffness of the bilinear model is assumed to 

be equal to the experimental secant stiffness at first cracking. Magenes and Calvi 

(1997) proposed that the elastic stiffness of the bilinear model (Ke) be selected as 

the secant stiffness to 0.75Vu (where Vu = 0.9Vmax), which is consistent with code 

Vmax

Vcr

Vu

dcr de du dmaxdVmax

0.8 Vmax

V

d

Ke

Experimental

Idealised

* Numbers in parenthesis are calculated from the maximum recorded displacement where a 20% reduction in the 

maximum strength was not reached and therefore an ultimate displacement was not found. 

+Average calculated excluding values from PS6 

^P�R = pier rocking, P�X = pier shear cracking, S�X = spandrel shear cracking 
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provisions that specify modelling the elastic stiffness as a cracked section stiffness 

(Eurocode 8 2004; FEMA 356 2000). The Italian Building Code (2008) and 

Eurocode 8 (2004) present a bilinearization procedure for representing the cyclic 

envelope of URM walls by assuming cracking to occur at 0.7Vmax, which closely 

matches the Magenes and Calvi proposal (0.675Vmax).  Note that the calculated 

values of displacement ductility capacity are lower if the elastic stiffness is selected 

as a secant stiffness to 0.675Vmax, in which case the average ductility is reduced by 

25% for these test results, see Table 4�7. 

Table 4+7 Bilinear parameters for substructures when using the Magenes and Calvi (1996) 

method 

 Vu 

(kN) 

De 

(mm) 

Du 

(mm) 

Ke 

(kN/m) 

Ductility 

Td 

PS1 (+) 79.98 4.234 17.904 18888 4.22 

PS1 (�) �86.68 �4.995 �15.56 17351 3.11 

PS2 (+) 54.83 5.466 25.97 10031 4.75 

PS2 (�) �49.97 �6.44 �25.81 7758 4.00 

PS3 (+) 92.55 4.84 29.34 19120 6.06 

PS3 (�) �94.40 �8.43 �23.77 11196 2.819 

PS4 (+) 63.32 2.43 26.60 26045 10.94 

PS4(�) �89.71 �5.50 �25.81 16307 4.69 

PS5 (+) 67.81 5.90 39.57 11484 6.70 

PS5 (�) �53.96 �10.41 �37.78 5180 3.627 

PS6 (+) 30.46 1.17 18.42 26087 15.77 

PS6 (�) �24.19 0.767 �16.30 24305 16.37 

Average � � � � 5.1+ 

 

It is interesting to note the significant variation of elastic stiffness between the 

rocking governed substructures and the shear governed substructures which is 

highlighted in the Tomaževič bilinearisation method (see Table 4�6). Using the 

Tomaževič bilinearisation method where the elastic stiffness is based on the 

strength and displacement at first cracking, the elastic stiffness of substructure 

PS6 is approximately 7.5 times stiffer than the elastic stiffness for the 

substructures where the piers responded in a flexural mode (substructures PS1, 

PS2, PS3, PS4 and PS5). Figure 4�33 shows the hysteretic loops of the first four 

loading cycles from the testing of PS6, with the bilinear elastic stiffness as listed in 

Table 4�6, shown in red, plotted over the top of the loading and unloading branches 
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of the loops. It can be seen that the high elastic stiffness was representative of the 

loading and unloading stiffness of the shear governed substructure (PS6). 

 

Figure 4+33 Elastic stiffness of substructure PS6 failing in shear 

 

4.9.5.1 Ductility 

The general term ‘ductility’ is defined by Paulay and Priestley (1992) as 

 “the ability of a structure or its components, or of the materials used to 

offer resistance to the inelastic domain of response ... (and) includes the 

ability to sustain large deformations, and a capacity to absorb energy by 

hysteretic behaviour.”   

Unreinforced masonry walls subjected to in�plane loading are not typically thought 
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current seismic codes (NZSEE 2006).  The idealised bilinear models shown in 
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loss in the inelastic domain of response and therefore demonstrate some ductile 
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typified in seismic codes as the limit to ductility, but as noted in section 4.7, a 

rocking response is characterised by minimal strength degradation with increasing 

displacement and therefore this assumption is not appropriate. For the calculation 

of displacement ductility as reported in Table 4�6, where strength degradation was 

minimal, the ultimate displacement was defined as the experimental value 

corresponding to the maximum strength degradation observed during the tests, 

and is reported in brackets. Although the attainment of this limit is sometimes 

termed ‘failure’, it is important to note, especially in regards to a rocking response, 

that significant additional inelastic deformations are still possible without 

structural collapse.  As outlined in Table 4�6, despite using conservative 

definitions, the ductility capacity of the six substructures was found to be between 

4.6 and 16.0, which considerably exceeded typical values adopted in the current 

New Zealand seismic assessment procedure (NZSEE 2006). The reported ductility 

for PS6 in Table 4�6 using the Tomaževič (2000) method is artificially high due to 

the high initial elastic stiffness. 

4.9.6 Ultimate Drift 

The dependency of displacement ductility on the adopted definition of the elastic 

displacement creates a critical deficiency in the use of displacement ductility to 

provide a representative measure of the non�linear behaviour of unreinforced 

masonry walls subjected to in�plane loading, as demonstrated in section 4.9.5.1. 

Furthermore, the growing trend towards displacement based design has moved the 

research focus away from defining the performance of individual structural 

components in terms of strength, to instead consider that of ultimate drift of 

individual structural components.  

Substructures PS2, PS3, PS4 and PS5 exhibited high ultimate drift capacities with 

no corresponding drop in lateral strength. For the purpose of limiting non�

structural damage in a URM building current structural assessment codes 

(Eurocode 8 2005; NTC 2008; NZSEE 2006) suggest an ultimate drift limit of 0.8% 

for a flexural response, and 0.4% for a shear response.  Priestley et al. (2007) also 

suggest a drift limit of 0.4% for URM walls failing in a shear dominated response. 

At a drift of 0.8% substructures PS2, PS3, PS4 and PS5 were not in danger of 

collapse and had not lost their capacity to support gravity loads.  Substructure PS6 

exhibited diagonal shear failure in the piers early in the test, and an ultimate drift 
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of 0.56% was recorded. At this drift, large cracks had opened, sliding was occurring 

on the bed joints, and some damage due to crushing of the masonry was evident. To 

assess the current drift limits proposed by NSZEE (2006), the ratio of ultimate 

measured lateral displacement (d80) to the code proposed lateral displacement limit 

for a flexural/shear response is presented in Table 4�8.  The NZSEE assessment 

code adopts the ‘strong spandrel – weak pier’ simplified model for the assessment 

of perforated walls, and therefore it follows that all the deformation is associated 

with the pier elements. As such, the code proposed lateral displacement limit is 

calculated as the lateral displacement for a pier with a height equal to the height of 

the adjacent opening.  Table 4�8 shows ratios all in excess of 1.0 with an average 

ratio of 1.77. The drift limits currently set by NZSEE (2006) have been found in 

this doctoral investigation to be in the range of accurate to conservative, which is in 

agreement with the conclusions of Russell (2010) for in�plane loaded URM walls 

and flanged URM walls. 

 

 

Table 4+8 Assessment of drift levels achieved in the substructure testing 

Substructure θ80 

(%) 

�������Q�� ¡¡S 

PS1 (+) 0.73 1.20 

PS1 (�) >0.63 1.04 

PS2 (+) > 1.19 1.74 

PS2 (�) >1.19 1.74 

PS3 (+) > 0.87 1.67 

PS3 (�) > 0.87 1.65 

PS4 (+) > 0.81 1.84 

PS4(�) > 0.80 1.80 

PS5 (+) > 1.47 2.80 

PS5 (�) > 1.39 2.66 

PS6 (+) 0.538 1.43 

PS6 (�) > 0.602 1.61 

Average  1.77 
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Figure 4+34 Bilinear idealisation and backbone curve of PS1 

 

 

Figure 4+35 Bilinear idealisation and backbone curve of PS2 
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Figure 4+36 Bilinear idealisation and backbone curve of PS3 

 

 

Figure 4+37 Bilinear idealisation and backbone curve of PS4 
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Figure 4+38 Bilinear idealisation and backbone curve of PS5 

 

 
Figure 4+39 Bilinear idealisation and backbone curve of PS6 
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4.9.7 Stiffness Degradation 

The force�displacement responses shown in Figure 4�20 to Figure 4�25 illustrate 

the lateral stiffness degradation of the URM substructures with increasing lateral 

displacement. The stiffness degradation in each hysteretic cycle was determined 

using an effective stiffness as shown in equation (4�2) below, 

�/z = &z¢ − &zb
∆z¢ − ∆zb 

 
(4+2) 

 

where &z¢ is the maximum force in the positive quadrant for cycle i, with a 

corresponding displacement of ∆z¢, and &zb is the maximum force in the negative 

quadrant for cycle i, with a corresponding displacement of ∆zb. Figure A�5 shows 

the stiffness degradation for each substructure, with the stiffness for the first cycle 

to a displacement amplitude shown in blue and the second cycle stiffness shown in 

red. It is shown that there was no stiffness degradation with repeated cycling to 

the same displacement. Softening of the lateral resistance of URM elements was 

attributed to loss of cohesion after initial cracking and progressive crack growth, 

reducing the effective area of the element which resisted lateral force. 

Normalised effective stiffness (relative stiffness), which was calculated by dividing 

the effective stiffness of the relevant cycle (Ki) by the effective stiffness of the first 

cycle (Kinitial), is plotted against drift in Figure 4�40 for the six substructures. Only 

the effective stiffness of the first cycles to a displacement amplitude are shown as 

there was no significant stiffness degradation between the first and second cycle.  

Figure 4�40 shows that the rate of stiffness degradation was reasonably consistent 

for the five substructures that exhibited pier rocking, and slightly increased for 

substructure PS6 which exhibited diagonal pier failure. High stiffness degradation 

is evident at low drift ratios, preceding any significant shear cracking. Stiffness 

degradation before cracking has been reported by Ruiz García and Alcocer (1998) 

who explained this behaviour by the formation of flexural cracking, micro�cracking 

not visible by naked eye, local loss of mortar bond and adjustment of brick position. 

Following initial cracking, the reduction in effective stiffness increased with drift 

until maximum strength was reached, and at larger drift ratios the stiffness 

remained nearly constant at approximately 0.1Kinitial. 
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Figure 4+40 Relative stiffness against drift 

 

For the rocking dominated substructures, on average the effective stiffness had 

almost halved to 0.55Kinitial when lateral displacements corresponded to 0.1% drift, 

the stiffness was 0.26Kintial at 0.3% drift, the stiffness was 0.17Kinitial at 0.5% drift, 

and from 0.9% drift and above the stiffness remained constant at 0.08Kintial. The 

following simple equation is proposed to correlate the stiffness and drift of the 

tested substructures: 

��/ = R 7-�;¤ 
 

(4+3) 

 

where R and β are parameters of stiffness degradation. From the data of the five 

substructures where flexural failure of the piers was evident as the dominant 

failure mechanism, the line of best�fit results in parameters R = 0.108 and β = �

0.640, and for PS6 where the dominant deformation mechanism was diagonal 

shear, the line of best�fit results in parameters R = 0.043 and β = �1.00. 

4.9.8 Energy Dissipation 

Energy dissipation capacity is an important variable in the evaluation of the 

seismic response of a structure. The dissipation of energy in a structure can result 

in reduction of the ductility demand (Shing et al. 1989). The energy dissipating 

capability of each substructure was determined by integrating numerically the 

force�displacement hysteresis loop for each complete loading cycle. For all 
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substructures the general trend was increasing energy dissipation with increasing 

drift, with the exception of PS3 for which the shape of the loop was narrow and 

therefore the energy dissipation was low and varied erratically between cycles. 

To estimate the damping ratio for each of the substructures the dissipated 

hysteretic energy was examined in the form of equivalent viscous damping.  The 

method presented by Chopra (2007) was used with the knowledge that the 

idealisation is generally not satisfactory for structures responding in their inelastic 

range, but as the method has been used by various other researchers it was again 

used to enable comparisons with values reported in the literature.  

The energy dissipated in one complete cycle of a pseudo�static cyclic test is found 

and equated to the energy dissipated in an equivalent viscous system (Chopra 

2007).  The equivalent viscous damping ratio is found by equating the energy 

dissipated in one cycle of the actual structure, ED, to the energy dissipated in an 

equivalent viscous system EDV. The energy dissipated by viscous damping in one 

cycle of harmonic vibrations for the steady state motion of a single degree of 

freedom (SDOF) system due to sinusoidal excitation is: 

¥y� = ¦ Ty-§ =  ¦ Q�§̂S§̂-*J¨/©
_ = � ¦ ª5§_ �3OQ5* − «S¬J-* =  �5§_J = 2® 556 �§_J

J¨/©
_  

 
(4+4) 

 

When these two systems are equated, the equivalent viscous damping ratio for one 

cycle of loading in a pseudo�static cyclic test can be expressed as: 

®/0 =  14 15 56B ¥y¥$  
 

(4+5) 

 

where Es is the strain energy at peak displacement (do), do is the average of the 

peak displacement in the positive and negative direction, and k is the secant 

stiffness to the corresponding force. 

As discussed in section 4.8.4, the shape of the force�displacement loops was 

strongly related to the deformation mode of the unreinforced masonry element. It 

therefore follows that the energy dissipated in one cycle of loading, and therefore 

the equivalent viscous damping for that cycle, is a function of the deformation 

mode also.  
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Equivalent viscous damping for cycle 1 and cycle 2 plotted against drift for all 

substructures is shown in Figure 4�41. Equivalent viscous damping for 

substructures PS3, PS4 and PS5 was relatively constant with increasing drift, and 

overall was low, with a mean of 2.85%. This finding is consistent with the notion 

that hysteretic energy dissipated during a flexural deformation mode within URM 

is generally low.  Equivalent viscous damping for substructure PS6 began high at 

36.4% and decreased rapidly with increasing drift up to approximately 0.2% drift 

where damping became more constant.  The high equivalent viscous damping 

reported is an anomaly due to the high elastic stiffness for low levels of 

displacement. The high elastic stiffness in substructure PS6 resulted in large 

lateral forces being developed for the first displacement increments of the loading 

regime, which combined with the relatively large values of hysteretic damping 

results in high equivalent viscous damping. The high damping values are not 

realistic and should not be interpreted as such. The levelling off of the damping 

rate in substructure PS6 can be associated with the damping rate becoming steady 

after peak lateral strength was reached, as noted by Magenes and Calvi (2006).  

The equivalent damping for substructure PS1 followed the same general pattern as 

measured for PS6, with a high equivalent damping for the first four cycles of 

displacement and flattening out at 0.2% drift. For all substructures, less hysteretic 

energy was expended during the second cycle to any displacement level when 

compared with the first displacement cycle. 

 

Figure 4+41 Equivalent viscous damping for cyclic testing of substructures 
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based on the shape of the force�displacement plot, is listed in Table 4�9. The 

average values for shear, and for flexure with Mode B spandrel deformation modes 

(see Figure 4�27), were evaluated after peak lateral strength was attained. 

Table 4+9 Equivalent damping evaluated from hysteretic energy dissipation 

Deformation Mode Mean (%) c.o.v (%) 

Flexural & Mode B  

(PS3, PS4, PS5) 
2.85 45.8 

Shear & Mode B (PS6) 11.4 20.8 

Flexure & Mode C 

(PS1, PS2) 
6.3 24.6 

 

Magenes and Calvi (1997) presented the damping ratio of unreinforced masonry 

piers tested under pseudo�static cyclic conditions by calculating equivalent viscous 

damping per complete cycle of the force�displacement plot. They reported that the 

equivalent viscous damping for a flexural response was relatively constant with 

increasing drift, having a mean of 5.3% and a coefficient of variation of 22.4%, that 

for a shear response a mean of 13.3% and a c.o.v of 14.1% was determined, and that 

for a mixed mode response a mean of 6.5% and a c.o.v of 16.3% was calculated.  

Although the Magenes and Calvi results were for individual piers tested with fixed�

fixed boundary conditions, the average damping values compare well with the 

results from the pier�spandrel substructure specimens reported in this chapter, 

indicating that the deformation of the spandrel contributes little to the energy 

dissipation of the URM substructure. 

4.10 Summary of Findings 

The results and analysis from testing of the six substructures are discussed below 

with reference to the aims of the testing programme. 

4.10.1 Strong Spandrel – Weak Pier Model 

As discussed in Chapter three, the strong spandrel – weak pier model for analysis 

of perforated unreinforced masonry walls is adopted by the NZSEE Assessment 

Guide (2006), and it was therefore a primary aim of the testing programme 
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reported to assess the suitability of this simplification tool for the assessment of 

URM perforated walls. Within the context of this experimental programme, the 

strong spandrel � weak pier model was found to be not justified for simplified 

analysis of the URM substructures. The crack patterns and force�displacement 

characteristics of the six pier�spandrel substructures reported on have shown that 

initial failure of all six substructures occurred in the spandrel region. With 

increased displacement demand, extensive cracking propagated through the 

spandrel, effectively uncoupling the piers. The test programme provided evidence 

of spandrel failure for spandrel aspect ratios of 0.34, 0.48, 0.76 and 1.17, for three 

levels of spandrel depth being 590 mm, 940 mm and 1450 mm, and for axial stress 

levels in the adjacent piers of between 0.22 MPa and 0.58 MPa. 

4.10.2 Influence of Spandrel Depth 

The influence of spandrel relative depth and spandrel aspect ratio was evaluated 

using the observations and results from the testing of substructures PS1, PS3 and 

PS4.  All three substructures had the same pier height measured to the adjacent 

opening, with increasing spandrel depth, and were tested with a high axial load of 

0.52, 0.48 and 0.50 MPa respectively. PS1 had a shallow spandrel depth and a low 

aspect ratio and reached an average maximum strength of 92.6 kN, PS3 had a 

common spandrel depth and an average spandrel aspect ratio and reached an 

average maximum strength of 103.8 kN, and PS4 had a deep spandrel with a high 

spandrel aspect ratio and reached an average maximum strength of 99.7 kN.  The 

absolute peak lateral strength of substructures PS1, PS3 and PS4 for both loading 

directions is plotted against spandrel aspect ratio in Figure 4�42.  From the 

comparison of maximum lateral strengths recorded for substructure PS1, PS3 and 

PS4 no definitive statement on the effect of spandrel contribution to the overall 

substructure lateral strength could be made. The conclusions drawn from this 

experimental study cannot distinguish between the variables of spandrel aspect 

ratio and spandrel relative depth as the only altered dimension between the three 

relevant substructures (PS1, PS3 and PS4) was the depth of the spandrel, and 

hence the classification of the spandrel aspect ratio, and spandrel relative depth 

based on the dual classification system for spandrel geometry detailed in section 

2.5.2, resulted in comparative values. 
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Figure 4+42 Peak lateral strength plotted against spandrel aspect ratio 

 

The failure mode of all three substructures meant that the lateral force was 

predominantly resisted by pier rocking. The crack pattern suggested that the 

effective height of the rocking piers could be taken as the full height of the 

substructure. Accepting this assumption, it is concluded that by taking into 

account the variation in axial load between the substructures, and the different 

failure modes of the three spandrels, in general as depth increases, the shear 

strength of the spandrel increases. The minimal difference between the maximum 

lateral strengths recorded for PS1, PS3 and PS4 also indicates that the effective 

height of the piers is not a function of the joint depth, giving more support to the 

Dolce (1989) proposal that the pier effective height is a function of the pier length, 

and that the spandrel made minimal contribution to the lateral resisting capacity 

of the substructure. 

The difference in failure modes between the shallow spandrel (590 mm) and the 

common and deep spandrels (943 and 1452 mm respectively) indicated that 

relative spandrel depth and or spandrel aspect ratio is a factor influencing the 

spandrel capacity.  

4.10.3 Effect of Pier Aspect ratio  

For the case where the two piers of a substructure had different aspect ratios 

(PS2), the data showed that rocking initiated in the piers at approximately similar 

lateral drift and that their rotations with increasing lateral drift were comparable, 

as shown in Figure 4�43. 
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Figure 4+43 PS2 pier rotation 

 

The total height of substructures PS5 and PS6 was equal, hence the pier plus joint 

height was consistent between the two substructures and the spandrel depth 

influenced the height of the pier to the opening. Substructure PS5 (average 

spandrel depth) responded with the piers rocking and the spandrel failing in 

diagonal shear, and with the measured force�displacement response being 

approximately symmetrical. The failure mode of PS6 (deep spandrel) was unusual 

as the piers had different failure mechanisms. Pier A failed in diagonal shear, with 

a stair�stepped crack pattern, whereas Pier B exhibited no shear cracking, and 

rocked on its base. The spandrel of PS6 developed diagonal shear cracks initially in 

the pull cycle, which propagated into multiple diagonal shear cracks having 

parallel orientation. Less extensive diagonal shear cracking was noted in the 

spandrel in the push cycle direction. The characteristics of the data in the negative 

quadrant of the force�displacement plot for substructure PS6 are consistent with a 

rocking/flexure failure mode, suggesting that the pull cycle response was governed 

by the rocking behaviour of Pier B, and likewise the data in the positive quadrant 

of the force�displacement plot are consistent with a shear failure mode, hence the 

push cycle response was governed by the behaviour of Pier A.  From the 

experimental observations, a proposed explanation for this difference in failure 

mode between the two identical piers is that the shear strength of the deep 

spandrel was similar to the pier strength for the diagonal shear failure mode and 

the rocking failure mode. 
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The results from the substructure testing support the conclusion that the 

comparison of the relative ‘demand to capacity’ ratio of the pier and adjoining 

spandrel element determines the weaker element and therefore the boundary 

conditions on the pier, which governs the maximum lateral strength of the 

substructure. 

4.10.4 Axial load Effect 

The influence of axial load was investigated by comparing the response of PS3 and 

PS5, where both substructures had identical geometry but PS3 had a high axial 

load applied (0.48 MPa) and PS5 had a low axial load applied (0.22 MPa).  The 

failure mode of the piers and spandrel in both substructures was identical and the 

crack patterns were similar, leading to the conclusion that the relative change in 

axial stress was insufficient to cause a change in failure mode for consistent pier 

geometry. The maximum lateral force for PS3 was 35% higher than the maximum 

lateral force recorded for PS5. The drift at maximum force for PS5 was 3.4 times 

the drift at maximum force for PS3. These results indicated that axial load 

increases the capacity of rocking governed piers when subjected to lateral forces, 

but decreases the ductility. 

4.11 Conclusions 

Pseudo�static testing of six full�scale pier�spandrel URM substructures was 

conducted to investigate the effect of spandrel depth on the performance of a 

perforated wall. In addition, the key variables that control the deformation mode of 

piers were assessed by testing geometrically identical test units with different pier 

axial stress levels, and constructing a test unit with adjacent piers of different 

length. The results of this chapter are used in Chapter 7 and 8 to calibrate linear 

elastic and non�linear Equivalent Frame models, and in Chapter 9 to evaluate the 

applicability of simplified desktop methods for the assessment of perforated URM 

walls. 

For all the substructures tested it was found that where the pier aspect ratio was 

high (greater than 1) and for both levels of axial stress tested, damage was 

initiated and concentrated in the spandrel element, with subsequent rocking in the 
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piers of each specimen evident during testing. In substructures PS3, PS4 and PS5 

the spandrels exhibited classic diagonal shear failure, effectively uncoupling the 

piers and allowing pier rocking, with the effective pier height being equal to the 

total height of the substructure. Whilst the pier rocking mechanism allowed for 

large displacement capacities, self centering, and low residual displacement, the 

diagonal shear failure in the spandrel element affected the maximum resistance of 

the substructure and the energy dissipation properties of the substructure.  

When characterising the response of the substructure, the spandrel behaviour 

dictated the boundary conditions on the pier. For substructures where the spandrel 

element failed first, the piers were considered to be unrestrained over the full 

height of the substructure, and therefore had a high aspect ratio. In this case, the 

overall response of the substructure had strength and stiffness characteristics 

similar to a pure rocking structure, where the lateral resistance reached its peak 

and then remained reasonably constant with increasing displacement. Energy 

dissipation in this response mode was minimal, which is typical for a rocking 

dominated response. For substructure PS6 where the pier failed first in a diagonal 

shear mode, the substructure force�displacement response was characterised by 

large hysteretic loops and strength degradation with increased displacement, 

typifying a pier shear response. Force�displacement plots indicated that the 

stiffness and energy dissipating capacity of a substructure as a whole was largely 

dependent on the pier failure mechanism.  

Through this experimental programme, the occurrence of spandrel failure has been 

identified as a possible response of perforated URM walls to lateral loading. For 

the one storey substructures reported, where the demand/capacity ratio for the 

spandrel elements was higher than for the pier elements, the spandrels failed first 

and the effective pier height was equated to the full storey height. The implication 

of this finding for multi�storey structures is not yet fully understood. For example, 

in a two storey structure where the central spandrel elements were evaluated to be 

relatively weaker than the pier elements, would the piers have an effective height 

of the inter�storey height, or would they take on the full height of the wall, and 

behave as multi�storey piers.  For this reason, Chapter 6 reports the extension of 

the testing programme to include a half�scale two storey perforated URM wall 

which was designed based on the geometric qualities that were compatible with 

spandrel failure as shown herein. 
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Chapter Five 

Scale effects in masonry materials 

5 number 

In support of the half scale two storey wall test presented in Chapter 6, a series of 

component and material tests was completed to investigate the effect of scale on 

the masonry material properties.  

Small scale experiments are attractive due to their lower cost and rapid 

completion. However, for a reduced scale experiment to be useful it must respond 

in a comparable manner to a full scale model. Principal to reduced scale dynamic 

modelling is Buckingham’s ̟ Theorem which states that only three dimensionless 

groups: force, length and time, are required in order to identify a problem. 

Considering an earthquake event, and its effects on a structure in its simplest 

form, the problem can be characterised by six physical quantities, being length, 

time, acceleration, mass, stiffness and force.  If the reduced scale model is able to 

maintain these dimensionless groups then the interactions between the physical 

quantities associated with a particular problem can be deemed to have been scaled 

consistently in the model (Ma and Khan 2008). The advantage of pseudo�static 

testing is that there are no dynamic relationships to be upheld, and hence the only 

considerations are the properties of the masonry, and geometry. 

For ease of construction and stability of the two storey perforated wall test reported 

in Chapter 6, the dimensions of the wall were half scale in length and width, and 

full scale in thickness, and the wall was constructed using standard sized bricks. 

Considering the four in�plane failure modes for unreinforced masonry, as outlined 

in section 3.4, the variables that define the lateral strength of piers and spandrels 

are axial load, component geometry (length, thickness and aspect ratio), boundary 
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conditions, masonry compressive strength, coefficient of friction, cohesion, brick 

tensile strength and diagonal tensile strength.  Axial load and component geometry 

are scaled directly by the geometric scaling factor, which was 2 for the two storey 

perforated test reported in Chapter 6. The boundary conditions on the piers and 

spandrels were the same as for the prototype by way of fenestration pattern, but 

the relationship between the material properties (compressive strength, Young’s 

modulus, shear modulus, brick tensile strength and coefficient of friction and 

cohesion) of scaled masonry to full scale masonry was not clearly defined. For this 

reason a test programme to determine the effect of scale on masonry structural 

behaviour when subjected to compression and diagonal shear loading was 

performed. 

5.1 Background 

Small scale masonry model testing has been performed for many decades. Earlier 

researchers of scale effects established that it is possible to model masonry 

behaviour at reduced scale, but that strength and stiffness are affected (Hendry 

and Murthy 1965; Hughes and Kitching 2000; Vogt 1956).  

The original notion was that masonry is an isotropic material and that scaling has 

a negligible effect on strength and stiffness (Egermann et al. 1991; Hilsdorf 1969; 

Page 1978; Prasan et al. 1965). However, recent studies suggest that masonry is 

anisotropic and that strength increases with reducing scale (Hughes and Kitching 

2000; Mohammed 2006; Mohammed and Hughes 2011; Mohammed et al. 2011; 

Shrive and Jessop 1980). Hughes and Kitching (2000) completed a programme of 

testing primarily at 1 6 B   scale to support a study of masonry arch bridges that was 

performed at 1 6 B  and 1 12  B  scale. Previous work had identified the difficulties in firing 

small scale bricks, noting that the firing process resulted in model bricks that were 

slightly stronger and more burnt than full scale bricks  (Egermann et al. 1991; 

Taunton 1997; Vogt 1956). For this reason, Hughes and Kitching (2000) cut their 

model bricks from prototype bricks, following a standardised method. A statistical 

analysis of the compression strength of the small scale units showed that there was 

no correlation between either the position of the cut within the prototype or its 

orientation to the original surfaces. From compression strength tests, it was 

concluded that 1 6 B  scale masonry prisms had a higher compression strength in 
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comparison to the prototype. Hughes and Kitching (2000) also concluded that the 

Young’s Modulus (E) of masonry was reduced by a factor of 2 for the scaled 

brickwork when compared to the prototype stiffness. 

Mohammed et al. (2011) and Mohammed and Hughes (2011) compared the 

compressive strength and stiffness of three brick high prisms for ½, ¼ and 1 6 B  scale 

models. The results showed no significant difference between the prototype and 

half scale prism compressive strengths, but did show an increase in compressive 

strength for the ¼ scale model and 1 6 B  scale model, which is in agreement with the 

findings of Hughes and Kitching (2000).  One explanation given for this increase is 

the Griffith theory of brittle fracture, which states that the smaller the surface 

area of a material, the stronger it is, due to the reduced probability of flaws 

occurring (Moss 1971). A further explanation for the increase in strength with 

reduced scale models is the presence of thin mortar joints. Da Porto et al. (2005) 

found that masonry prisms with thin layer joints (1.3 mm) were 20% stronger in 

compression when compared to prisms having 12 mm joints. However, these 

explanations do not explain the similar results of the half scale and full scale prism 

tests.   

The half scale bricks used in the material testing by Mohammed and Hughes 

(2011) were formed by cutting prototype bricks in half length�wise, height�wise and 

width�wise, resulting in 8 model bricks per prototype brick, whereas the cutting 

pattern for the ¼ and 1 6 B  scale model bricks resulted in the length axis of the model 

bricks being rotated 90 degrees from the prototype length axis.  When the results of 

the compression tests were grouped by orientation of the brick length to the 

original prototype orientation, there was evidence of anisotropic brick behaviour. 

This suggestion of strength anisotropy in the brick is supported by Shrive and 

Jessop (1980), who proposed that anisotropic behaviour was due to the 

manufacturing process of extruded clay bricks through a die. 

The variation in elastic stiffness across the four scales tested by Mohammed and 

Hughes was found to be minimal, as the maximum difference was in the 1 6 B  scale 

model where the stiffness was 9% greater than the prototype stiffness. This trend 

is not supported by the finding of Egermann et al.(1991), Hendry and Murthy 

(1965) and Hughes and Kitching (2000). A reduced compaction of the bed joints in 

the scaled models, when compared to the prototype model, was suggested as a 
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reason for the reduced stiffness in the scaled masonry models. Mohammed and 

Hughes (2011) constructed their prisms horizontally, as opposed to vertically which 

is the general construction method, to eliminate variation in bedding stress 

between the different scaled models. 

The scale effect on diagonal tensile strength was investigated by Mohammed and 

Hughes (2011) using the standard protocol of ASTM 519. A One Way Anova test 

found that there was no significant difference in the means of the shear strengths 

across the four scales tested, suggesting a negligible scale effect. 

5.2 Scaled Material Testing 

The effects of scale on the masonry compressive strength, Young’s Modulus, shear 

modulus and diagonal tensile strength was investigated through component and 

material testing at two scales. These properties were chosen as they are key 

variables in defining the initial stiffness of the wall, and in calculating the 

predicted lateral strength of the pier and spandrel components of the wall.  

5.2.1 Materials for Scale Effect Testing 

The bricks used in the construction of the samples for scale effect testing were solid 

clay bricks, recycled from the demolition of a heritage unreinforced masonry 

building in Auckland, and were similar to those used in the construction of the six 

substructures reported in Chapter 4.  

The half scale bricks were formed by cutting the full scale bricks in half length�

wise, width�wise and height�wise, which resulted in eight half scale bricks per full 

scale brick. Where the full scale brick had imperfect form (was cracked or missing 

corners), the affected half scale unit was rejected. A wet cut skill saw with a 2 mm 

wide blade was used to cut the bricks. The average dimensions of the half scale 

bricks were 110 mm by 52 mm by 35 mm. By using a geometric scale factor of 2, 

and adopting the suggested cut procedure of Hughes and Kitching (2000), the half 

scale bricks had the same orientation as the full scale bricks, as shown in Figure 

5�1. A weak mortar mix, being ASTM type ‘O’, was selected to simulate weather 
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deteriorated mortar in heritage URM buildings (Lumantarna 2012). Standard 

Portland cement, hydrated lime (Calcium Hydroxide) and river sand (gradation 

curve shown in Figure 5�2) were used in the mortar. The same sand was used in all 

samples as the reduction in mortar joint size did not warrant finer sand being 

ultilised in the half scale samples. Further details about the individual materials 

can be found in section 4.5. 

 

 

Figure 5+2 Mortar sand gradation curve 

 

 

Figure 5+1 Orientation of half scale model brick and prototype bricks 
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5.3 Compressive Strength and Young’s Modulus 

Compressive strength and Young’s Modulus were both determined from the 

compressive testing of three brick high prisms. 

5.3.1 Construction Procedure 

Six full size brick prisms and six half scale brick prisms were constructed by an 

experienced mason, under supervision. The bricks were pre�wetted to ensure a 

good bond between the brick and the mortar. The prisms were constructed 

vertically as this orientation is most representative of the construction method for 

component and system level testing at full�scale. Additionally, six half bricks, of 

both scales, were randomly selected and tested to determine brick compressive 

strength. As 1:2:9 mortar was used, no mortar samples were tested (see section 4.5 

for mortar strength results). 

5.3.2 Test Procedure 

ASTM International details a standard test procedure for determining the 

compressive strength of masonry prisms and clay brick samples (ASTM 2011a; 

ASTM 2011b). Following the ASTM procedure, the twelve prisms and twelve brick 

halves were gypsum capped on their top and bottom surfaces to ensure even load 

distribution. The geometries of the samples were found prior to testing using 

vernier callipers, and the average length, height and width were determined from 

the average of two measurements for each dimension. To measure the strain of the 

sample during compression testing, a portal gauge was attached to either side of 

the sample and used to measure the displacement parallel to the direction of 

loading. Accuracy of the portal gauges was calibrated to 0.01 mm.  A uniaxial force 

was applied to the test sample at a rate of 0.02 kN/s and the force and 

displacement were measured. The axial stress was determined by dividing the 

indicated force by the sample’s original cross�sectional area.  

5.3.3 Analysis Method 

For materials that follow non�linear elastic stress�strain behaviour, such as 
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unreinforced masonry, the value of chord modulus is useful for estimating the 

change in strain for a specified range of stress. The stress�strain relationship of 

each sample was plotted and the Young’s Modulus was determined from a chord 

modulus between 5% and 70% of the maximum stress recorded. The applicability of 

this method has been determined by a companion study (Lumantarna et al. 2012) 

on the material properties of New Zealand unreinforced masonry and the 

procedure is specified in NZSEE (2011). To determine the compressive strength of 

bricks (f’b) and of masonry (f’m) the procedures given in ASTM (ASTM 2011a; ASTM 

2011b) were followed. The brick compressive strength is calculated as per equation 

(5�1), 

T′% = °� 
 

(5+1) 

 

where the maximum compressive force (C) is determined from compressive testing 

of a half brick, whose geometry matches the full height and width of the brick unit, 

but with a length equal to one half of the full length of the unit, and A is the 

average of the gross areas of the upper and lower bearing surfaces of the specimen. 

The compressive strength of masonry is calculated as per equation (5�2), 

T′p =  °� . °! jℎ#*# k (5+2) 

 

where C is the maximum compressive force determined from testing of the prisms, 

A is the average of the gross areas of the upper and lower bearing surfaces of the 

prism, and °! 7�±�± ; is a correction factor based on the ratio of the height to thickness 

of the prism. 

5.3.4 Results 

The results from the prism testing are shown in Table 5�1. In general, the 

indicators of data spread for Young’s Modulus of the full scale and half scale brick 

prisms were comparable, suggesting minimal effect of scale. This observation is 

also confirmed by the Tukey interval plot shown in Figure 5�3(a).  

The masonry compressive strength data reported in Table 5�1 and graphically 

shown in Figure 5�3(b) suggest that the compressive strength of the prism 
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constructed from half scale bricks generally gave higher results when compared 

with the measured strength of the full scale brick prisms. The variance of the 

observations show large scatter. 

The analysis of the results from the brick compression testing is reported in Table 

5�2.  From the table and the Tukey interval plot shown in Figure 5�3(c), it is 

determined that the half scale brick compressive strength had a larger spread than 

did the full scale brick compression strength, but also generally had higher 

compressive strengths when the mean, upper quartile, lower quartile and 

maximum values are compared. 

  

a) Young’s Modulus b) Masonry Compressive Strength 

 
c) Brick Compressive Strength 

Figure 5+3 Plot of material property data by scale with TUKEY intervals 
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Table 5+1 Masonry prism testing results 

 
Masonry Compressive Strength (f’m) 

MPa 

Young’s Modulus (E) MPa 

 
Full Scale 

Bricks 

Half Scale 

Bricks 

Full Scale 

Bricks 

Half Scale 

Bricks 

Mean (MPa): 6.38 7.99 1931 1817 

Median (MPa): 5.82 8.06 2075 1939 

Max (MPa): 8.74 10.79 2304 2288 

Min (MPa): 4.52 6.39 1389 1181 

Lower quartile 

(MPa): 
5.35 6.92 1637 1582 

Upper quartile 

(MPa): 
7.58 8.11 2207 2054 

Standard 

deviation: 
1.66 1.58 386 410 

Coefficient of 

variation (%): 
26.07 19.75 20.00 22.54 

Sample size: 6 6 6 6 

 

Table 5+2 Brick compression testing results 

 
Brick Compressive Strength (f’m) 

 
Full Scale 

Bricks 

Half Scale 

Bricks 

Mean (MPa): 13.10 17.66 

Median (MPa): 12.86 16.89 

Max (MPa): 14.79 26.56 

Min (MPa): 11.90 11.87 

Lower quartile (MPa): 12.25 15.52 

Upper quartile (MPa): 13.72 18.23 

Standard deviation: 1.28 4.93 

Coefficient of variation (%): 10 28 

Sample size: 6 6 
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A One Way ANOVA analysis of the three material properties tested for the two 

different scales at a significance level of 5% is reported in Table 5�3.  The One Way 

ANOVA test was used to validate the null hypothesis that the means of the two 

sample groups (full scale and half scale) were statistically similar enough to be 

considered the same for analysis purposes.  The analysis of variance between the 

half scale and full scale results is considered from a linear model approach, and 

therefore the assumptions of independence of cases, normal distribution of 

residuals and equality of variances are checked. 

The Levene test P�value2 results for all material properties (masonry compressive 

strength, Young’s modulus, and brick compressive strength) indicate that there is 

no evidence against the underlying populations having equal variances (P�value = 

0.663, 0.948 and 0.238 respectively), see Figures 5�4, 5�6 and 5�8.  Figures 5�5, 5�7 

and 5�9 show Normal Q�Q plots of the residuals for masonry compressive strength, 

Young’s Modulus and brick compressive strength respectively. The p�values from 

the Shapiro�Wilk test for normality, shown in Figures 5�5, 5�7 and 5�9 for the 

individual masonry material properties, confirm that the data is from a normal 

distribution and therefore accepts the null hypothesis.  Allowing the assumption of 

independence to be accepted results in all assumptions being valid. 

  

                                                
2 If the p�value is small, the sample provides evidence against the null hypothesis. If the p�value is large, 
the discrepancy within the sample can be easily explained in terms of sampling variation. The general 
rules for interpreting the p�value are as follows: 
p�value > 0.12  no evidence against the null hypothesis 
0.05 < p�value < 0.12 weak evidence against the null hypothesis 
p�value = 0.05  some evidence against the null hypothesis 
0.01 < p�value < 0.05 evidence against the null hypothesis 
p�value < 0.01  strong evidence against the null hypothesis 
p�value < 0.001  very strong evidence against the null hypothesis 
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Figure 5+4 Levene Test for Masonry 

Compressive Strength 

Figure 5+5 Normal Q+Q Plot Masonry 

Compressive Strength 

 

 
 

Figure 5+6 Levene Test for 

 Young's Modulus 

Figure 5+7 Normal Q+Q Plot for  

Young’s Modulus 

 

  

Figure 5+8 Levene Test for Brick 

Compressive Strength 

 

Figure 5+9 Normal Q+Q test for Brick 

Compressive Strength 
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The ANOVA results suggest that there is weak evidence against the hypothesis 

that the underlying mean of masonry strength is the same across scale (P�value = 

0.115).  A P�value of 0.632 for effects of scale on Young’s Modulus indicates that 

there is no evidence against the null hypothesis, confirming that there is no 

significant difference between the mean Young’s Modulus of full scale brick 

masonry, and the mean Young’s Modulus of half scale brick masonry. The P�value 

for brick compressive strength (0.114) indicates that there is weak evidence against 

the null hypothesis, suggesting that there may be an effect of scale on the mean 

brick compressive strength between the full scale and half scale samples.  

Table 5+3 One Way ANOVA analysis results 

Material Property Calculated P+value Significance 

Masonry Compression 

Strength 
0.11517 Weak evidence 

Young’s Modulus 0.63225 No evidence 

Brick Compression Strength 0.11358 Weak evidence 

5.4 Diagonal Shear Testing of Wallette Panels 

Due to the orthotropic nature of masonry, the correlation between G and E is poor, 

particular for vintage clay brick masonry. The shear modulus of unreinforced 

masonry is also unrelated to Poisson’s ratio. Furthermore, the empirical 

formulation of G = 0.4E can be unreliable unless specifically calibrated for the type 

of masonry (Calvi et al. 1996), hence wallettes were constructed and tested to 

determine the shear modulus and the diagonal tensile strength.  

Scale effects on the diagonal tensile strength and shear modulus were investigated 

from two sources. Firstly, the effect of scaling the brick and mortar joints to half 

scale was assessed, and secondly, the effect of scaling the size of the specimen 

without scaling the brick and mortar size was assessed. The diagonal shear testing 

results for the half scale wallettes constructed with half scale bricks and with full 

scale bricks are presented in this section. The results published by Ismail et al. 

(2011) and Russell (2010) of full scale wallette tests constructed with the same 

materials and by the same mason and tested with the same test rig are used with 

permission for comparison purposes. 
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5.4.1 Test Procedure 

ASTM International defines a standard test method (E 519) for determining 

diagonal  tension (shear) strength in masonry assemblages (ASTM 2010), where 

the diagonal tensile strength of masonry is found by loading a masonry assemblage 

in compression along one diagonal, thus causing splitting of the test unit parallel to 

the load.  The test set�up specified in the standard requires the masonry 

assemblage to be rotated by 45°, and the force applied vertically through the top 

and bottom corners as shown in Figure 5�10(a). In a variation of this test, the 

masonry assemblage rests on a plinth, and the force is applied diagonally between 

the two corners, see Figure 5�10(b).  Hereafter the latter method is referred to as 

the ‘modified method’.  Numerous studies have been published using the modified 

method (Li et al. 2005; Mahmood and Ingham 2011; Russell 2010; Santa�Maria et 

al. 2004; Silva et al. 2008; Turco et al. 2006). For shear testing in�situ, the masonry 

cannot be rotated and the force must be applied diagonally (Brignola et al. 2009; 

Chiostrini et al. 2000; Corradi et al. 2003) and therefore the test set�up is similar to 

the modified method. It is recognised that the modified method applies different  

 

a) Force applied vertically according 

to ASTM E 519 

 

 

b) Force applied diagonally as per 

modified test set+up 

Figure 5+10 Test set+up for wallette shear testing 
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boundary conditions on the base edge of the assemblage when compared to the 

ASTM standard method, but nonetheless the modified method was used for testing 

of the wallettes detailed in this chapter as the bond strength was low and therefore 

the test units were fragile and would not withstand rotation. In addition, use of the 

modified method allowed for direct correlation to the results published by Russell 

(2010) on full scale wallettes constructed of full scale bricks with the same bond 

pattern, thickness and comparable brick and mortar strength properties. 

ASTM specifies the masonry wallette assemblage to be 1200 mm square with 

thickness equal to the wall type being tested. This specimen size is explained as 

being the smallest size that would be reasonably representative of a full�size 

masonry assemblage and that would permit the use of testing apparatus available 

in many laboratories. Based on this recommended size, the half scale wallettes 

were constructed to be 600 mm square. 

5.4.2 Construction  

Six wallettes were constructed by a qualified mason under supervision. Three 

wallettes (FS1, FS2 and FS3) were constructed at half scale using half scale bricks, 

as shown in Figure 5�11(a), and three wallettes (HS1, HS2, HS3) were constructed 

at half scale with full size bricks, as shown in Figure 5�11(b). The bricks were pre� 

wetted to ensure adequate bond between the mortar and brick. Common  

 

 

Front View 

 
Side View Front View Side View 

a) Half scale wallette – Half scale 

bricks 

 

b) Half scale wallette – full scale bricks 

Figure 5+11 Half scale wallette geometry 
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(American) bond was employed consistently over all six wallettes, and the mortar 

composition was kept constant. All wallettes were constructed with the same 

thickness (230 mm), equivalent to a two leaf full scale brick wall. For the half�scale 

brick wallettes a thickness of 230 mm corresponded to four leafs. The wallettes 

were constructed vertically to allow for settlement of the mortar joints under 

gravity loading, and left to cure over 28 days before testing. 

5.4.3 Test Set+up 

The modified test set�up that was used is shown in Figure 5�10(b). Each wallette 

was placed on a plinth without any mortar interface, so that the loading shoe at the 

bottom corner could be attached to the wallette, and to provide vertical support. 

Two high strength rods on each side of the wallette connected the two loading 

shoes located at diagonally opposite corners. ASTM (2011a) and Brignola (2009) 

suggest that the loading shoe length should be approximately 10% of the length of 

the parallel wallette  side. The loading shoes were constructed for full scale 

wallette testing and were therefore 225 mm long and 225 mm high. Plates of 

10 mm thickness were placed inside the loading shoes to reduce the stressing area 

to 60 mm in length and height.  Displacement was measured with portal gauge 

strain transducers located diagonally between the two corners, orientated parallel 

to the load, to measure compression strain and oriented perpendicular to the load 

to measure tension strain. The force was applied monotonically and at a uniform 

rate until failure occurred. Figure 5�12 shows a half�scale wallette constructed from 

full scale bricks, ready for testing, with the strain gauges and loading rig attached. 

 

Figure 5+12 Test set+up for half scale wallette shear test 
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5.4.4 Analysis of Diagonal Shear Test 

ASTM provides equations for analysing the results of each diagonal shear test. The 

diagonal shear stress (2$) is calculated as per equations (5�3) and (5�4) below, 

2$ = 0.707 x�6 (5+3) 

�6 =  7�� + ℎ�2 ; ��P 
 

(5+4) 

 

where P is the applied force, An is the net area of the wallettte, lw, hw, bw are the 

length, height and width of the wallette respectively, and n is the percent of the 

gross area of the wallette that is solid, expressed as a decimal. The shear strain (�S 

of the wallette is calculated as per equation (5�5), 

� =  ∆� + ∆G D  
 

(5+5) 

which is found from the direct compression strain (∆� – vertical shortening in mm), 

and the direct tension strain (∆G – horizontal lengthening in mm). As the wallette 

panels were rotated 45 degrees from the ASCE test set�up method, the compression 

strain was more correctly defined by )} =  ∆ ³´[µ¶· , where ∆$�Il� is the change in 

length parallel to the direction of loading and g is the original gauge length, and 

  

a) Original gauge lengths 

 

b) Gauge lengths after deformation 

 

Figure 5+13 Definition of gauge lengths for measuring strain in wallettes 

 

the tension strain is defined by )� = ∆¸[¹º· , where ∆|I6· is the change in length 

perpendicular to the direction of loading, as shown in Figure 5�13. Hence the total 

strain is defined as, 

� =  )} + )�  (5+6) 

g

(a) Original gauge lengths

g short

g long

(b) Gauge lengths after deformation
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Additionally, ASTM E 519 (2007) and ASTM E 143 (2002) provide equations for 

determining the shear modulus (Modulus of Rigidity, G) and Young’s Modulus (E) 

respectively, as per equations (5�7) and (5�8),  

» = 0.707 x�6� (5+7) 

¥ = 2»Q1 + 4S 
 

(5+8) 

 

where 4 is Poisson’s ratio.  

ASTM also gives guidance on calculating G from the stress�strain curve as the 

chord modulus between 5% and 33% of the maximum shear strength (ASTM, 

2004b, 2007a).  From extensive New Zealand unreinforced masonry material 

property testing, it has been proposed that the shear modulus G be calculated from 

the stress strain curve as the chord modulus between 5% and 70% of the maximum 

shear strength (Lumantarna 2012), consistent with the method for determining 

Young’s Modulus discussed previously (see section 5.3.3), and this approach was 

adopted for determination of the shear modulus from the wallette tests. 

Equation (5�9) defines diagonal tensile stress, which is based on the assumption 

that the diagonal shear test produces a uniform shear stress in the specimen, and 

therefore the specimen is in pure shear, hence the shear stress (2$) is equal in 

magnitude to both the maximum principal (tension) stress Q1c) and also to the 

minimum principal (compression) stress (�1J) as expressed in equation (5�9). 

T � = 2$ = 1c = −1J = 0.707 x�6 
 
 

(5+9) 

 

5.4.5 Results and Discussion 

In this section the test observations and overall performance of the six tested 

wallettes are presented. A malfunction of the data acquisition system occurred 

during testing of wallette HS1, and hence in an attempt to gain some data from the 

wallette, it was retested with the load applied across the alternate diagonal. For 

this reason a low level of confidence is applied to the results from HS1. 
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5.4.5.1 Observations and Crack patterns 

The wallettes were tested until the applied force reduced to approximately half of 

the maximum recorded shear strength. At failure, damage in all six wallettes was 

characterised by the cracks propagating in a step�wise manner along the mortar�

brick interface.  These crack patterns are illustrated in Figure 5�14, and shown 

photographically in Figure 5�15. Cracking in a step�wise manner as opposed to 

diagonally through the bricks is characteristic of a high ratio of brick compressive 

strength to mortar compressive strength, which was a feature in the construction 

of the samples reported here, (f’b/f’j = 4.1 (FS) and 5.5 (HS)). Cracking along the 

brick�mortar interface is also typical in laboratory constructed samples due to the 

nature of the bond (Lumantarna 2012). 

 

 

   

a) Wallette HS1 b) Wallette HS2 

 

c) Wallette HS3 

   

d) Wallette FS1 e) Wallette FS2 

 

 

f) Wallette FS3 

Figure 5+14 Crack patterns at failure in the half scale wallettes 
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a) HS1 b) HS2 

  

c) HS3 d) FS1 

  

e) FS2 

 

f) FS3 

Figure 5+15 Condition of wallettes after diagonal shear test 

 

The results of the diagonal shear tests are reported in Table 5�4. The results from 

FS1 have been excluded when calculating mean values and coefficients of 

variation. Recognising that the maximum shear stress for HS1 is most likely a 

lower bound value, then there is a general trend in the shear stress values, for 

which the half scale brick wallettes recorded a higher maximum shear stress 

(average of 0.32 MPa) compared to the full scale brick wallettes (average of 

0.17 MPa). There is no clear distinction between the two scales of brick for the 

values of strain at maximum shear stress, with the average strain at maximum 

shear stress for the half�scale brick wallettes (0.1%) being slightly lower than the 

strain at maximum shear stress for the full�scale brick samples (0.14%).  
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Table 5+4 Diagonal shear testing results 

Wallette Pmax  

(kN) 

Fmax 

(kN) 

¼½ max 

(MPa) 

¾ 

% 

G 

(GPa) 

G* 

(GPa) 

E* 

(GPa) 

HS1 30.9 21.8 0.159 0.1283 0.54 0.124 1.35 

HS2 75.9 53.7 0.389 0.1016 0.70 0.383 1.75 

HS3 79.7 56.3 0.408 0.0605 0.99 0.674 2.48 

FS1 13.75 9.7 0.070 0.5680 0.11 0.012 0.28 

FS2 51.7 36.6 0.265 0.1228 0.32 0.216 0.80 

FS3 33.3 23.5 0.171 0.1581 0.31 0.108 0.78 

Mean (HS) 62.17 43.93 0.32 0.10 0.74 0.39 1.86 

C.O.V  (HS)(%) 43.66 43.73 43.49 35.28 30.69 69.90 30.81 

Mean (FS) 42.50 30.05 0.22 0.14 0.32 0.16 0.79 

C.O.V (FS) (%) 30.61 30.83 30.49 17.77 2.24 47.14 1.79 

 

 

Shear Modulus was found to be highly variable, with values ranging from 0.11 GPa 

to 0.99 GPa. As shear modulus was found from the slope in the shear stress – shear 

strain plot, the trend in shear stress and the compatible trend in shear strains at 

maximum applied diagonal force is seen in the values of G, with higher values of G 

for the half scale brick wallettes, with an average value of 0.74 GPa when 

compared to an average of 0.32 GPa for the full�scale brick wallettes. The average 

values of G* are shown to be approximately 50% of the average values of G, 

suggesting that calculating shear modulus based on the peak diagonal force and 

corresponding strain is conservative. 

5.4.5.2 Shear Stress+Drift Response 

The shear stress was determined from the experimentally measured diagonal force, 

P, and plotted against measured drift values, which are equal in magnitude and 

direction to the shear strain as shown in Ismail et al. (2011).  Note in Figure 5�16 

that for greater clarity in each graph the scales on each subfigure are not 

consistent. 

Where: Pmax is the maximum applied diagonal force, Fmax is the maximum horizontal shear force, ¼½ max is the maximum 

shear stress, ¾ is the shear strain at maximum applied diagonal force, G is the shear modulus measured from the stress�

strain curve, G* is the shear modulus calculated as per (5�7), and E* is the Modulus of Elasticity calculated as per equation 

(5�8) with Poisson’s ratio of 0.25 assumed. 
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5.4.5.3 Discussion 

The Turnsek and Cacovic model for calculating diagonal shear strength of a pier is 

based upon reaching a critical constant principal stress value at the centre of the 

pier, which is defined as the reference tensile strength of masonry.  The advantage 

of this model is that it is a function of only one material parameter. By adopting 

this model for diagonal tensile strength of URM piers, the effect of scale on 

diagonal shear strength, which is equal to the principal stress and therefore equal 

to the maximum shear stress, can be assessed by comparing the results from the 

half scale wallette testing reported here and results from full scale wallette testing 

reported elsewhere (Ismail et al. 2011; Russell 2010). 

Two sources of scale effects can be identified, firstly in scaling the overall geometry 

of the component, and secondly in scaling the materials used to construct the 

component.  Comparing the results from the full scale wallettes to those from the 

half�scale wallettes with full�scale bricks, suggests that scaling down the overall 

wallette geometry by a factor of 2 led to a reduction in the measured shear stiffness 

(a reduction in the shear modulus of 61%), shown in Figure 5�17b, and led to an 

increase in the shear strength (an increase in diagonal tensile strength of 57%) as 

shown in Figure 5�17b. The comparison between the half�scale wallettes showed 

that scaling down the geometry of the bricks only increased the diagonal tensile 

strength by 45% on average, see Figure 5�18a, and increased the shear modulus by 

130% on average, see Figure 5�18b, indicating that the use of reduced scale bricks 

increased both the shear stiffness and the shear strength. The mean values of 

diagonal tensile strength and shear modulus for the half�scale wallettes with half 

scale bricks and for the full�scale wallettes, shows that scaling both the geometry of 

the bricks and the overall geometry together increased the diagonal tensile 

strength by 128%, and decreased the shear modulus by 11%. 
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a) Wallette HS1 

 

b) Wallette HS2 

  

c) Wallette HS3 

 

d) Wallette FS1 

  

e) Wallette FS2 

 

 

 

f) Wallette FS3 

Figure 5+16 Shear stress + drift plots 
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Table 5+5  Full scale wallette data (Russell, Ismail et al.) 

Wallette ¼½ max 

(MPa) 

¾ 

(%) 

G 

(Gpa) 

E 

(Gpa) 

AP7 0.128 0.19 0.84 2.11 

AP8 0.139 0.14 0.78 1.96 

AP9 0.115 0.15 1.02 2.56 

NI1 0.140 0.15 0.90 2.25 

NI2 0.159 0.14 0.60 1.50 

Mean 0.14 0.15 0.83 2.08 

C.O.V (%) 12 13 19 19 

 

  

a) Shear Stress 

 

b) Shear Modulus 

Figure 5+17 Scale effects from overall geometry 

 

  

a) Shear Stress 

 

 

b) Shear Modulus 

Figure 5+18 Scale effects from scaling brick geometry  
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5.5 Implications of Scaling 

The effects of scaling have a varying level of influence depending of the failure 

mode of the element. As discussed in Chapter 2, lateral strength of a pier 

attributed to each failure mode is defined by certain variables.  For a flexural 

failure mode, aspect ratio and axial load ratio are the key variables. From the 

results of the material testing it was  concluded that the effects of scale on the 

Young’s Modulus, compressive strength of masonry and the compressive strength 

of brick can be taken as minimal to none, and therefore the scaled material 

property values can be taken as equal to the original material properties for a scale 

factor of 2. Therefore if geometry is scaled by a factor of 2, then the aspect ratio of 

the components will be consistent between the original and scaled structures, and 

axial load will reduce proportional to the scaling factor for each dimension, and 

hence the reduction in flexural strength is a direct function of the geometric scaling 

factor. 

For shear failure, diagonal tensile strength, axial load and material properties 

(coefficient of friction and cohesion), are the key variables that control maximum 

strength.  The results from the wallette testing have shown that scaling does have 

an effect on diagonal tensile strength and shear modulus, and therefore should be 

taken into consideration when testing scaled unreinforced masonry. 

When applying the scaling effects to the analysis of the two storey perforated wall 

constructed at half scale overall geometry, but with full scale bricks (reported in 

Chapter 6), it is found that the components that fail in a diagonal shear mode in 

the scaled test structure will be able to resist 1.57 times the shear stress that the 

equivalent full scale building would resist for the same failure mode.  Comparing 

the scale test structure geometry to the full scale building, the aspect ratios of the 

individual piers are invariant and the axial load ratio is approximately 0.25. 

Hence, the scaled test structure will be able to resist 25% of the force that an 

equivalent full scale building can resist in the flexure and toe crushing failure 

modes. Bed joint sliding is dependent on the plan cross sectional area of the wall, 

so the force that the scaled test structure can resist in a bed joint sliding failure 

mode will be approximately half the force that the full scale building can resist in 

bed joint sliding.  
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5.6 Conclusions 

Experimental tests for compressive strength of masonry, compressive strength of 

brick, Young’s Modulus, and shear properties of full scale and half scale 

unreinforced masonry was presented. Scale was found to have minimal to no effect 

on the compressive strength characteristics of masonry and brick, and no effect on 

stiffness of masonry in compression. 

The effects of scale were found to be significant for diagonal shear strength and 

shear modulus, when either the overall geometry were scaled by a factor of 2, or 

when the materials alone were scaled.  

The results are used for the analysis of the two storey perforated URM wall test 

that is reported in Chapter 6. 
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Chapter Six 

Two Storey Perforated Wall 

6 Number 

A two storey perforated unreinforced masonry wall, constructed in the likeness of 

Representative Frame 1 (see Figure 2�32) was built in the laboratory at half scale 

and subjected to in�plane pseudo�static cyclic loading. The perforated wall was then 

repaired with a textile reinforced mortar and re�tested to establish any change in 

behaviour. 

The significant life�safety hazard that URM buildings pose in seismically active 

regions such as New Zealand is well known (Edwards et al. 2010; Ingham and 

Griffith 2011; Page 1991). As documented by Russell (2010), URM buildings make 

up a significant portion of the New Zealand building stock, and in particular 

constitute a majority share of the historic buildings. URM buildings are often found 

in clusters, which makes wholesale replacement or extensive earthquake 

strengthening more complicated. To counter this problem, the development of an 

accurate and efficient analysis method which allows for the appropriate level of 

seismic retrofit to be applied is imperative. The testing programme reported within 

this chapter was designed to provide experimental results from a structure 

relevant to the type and form of URM buildings that New Zealand structural 

engineering practitioners are required to seismically assess. 

Current seismic assessment methods (NZSEE 2006), discussed previously in 

Chapter 2, focus on component level response and little guidance is given on 

system level response for multi�storey buildings.  This focus is counter to the 

prevalence of two plus storey URM buildings, which account for approximately 30% 

of the New Zealand URM building stock and 50% of the total value of New Zealand 



Chapter Six � Two Storey Perforated Wall 

    
� 202 � 

URM buildings, due to the building value increasing with building height. The 

experimental test reported herein addressed the comparative absence of 

experimental results associated with system level response of multi�storey 

perforated URM walls loaded in�plane, and more precisely, the influence of the 

connecting spandrel on the behaviour of multi�storey piers. The test was designed 

to extend the findings from the testing reported in Chapter Four. 

Analysis of the one storey substructures discussed in Chapter 4 led to the 

conclusion that for rocking dominated piers, the assumption of a rigid spandrel and 

an effective pier height equal to the adjacent opening height (as assumed in the 

strong spandrel – weak pier analysis method) was unjustified and highly 

unconservative. For all substructures except substructure PS6, the spandrel was 

the weak component and failed first, resulting in the piers being effectively 

unrestrained over their full height. The strong pier – weak spandrel analysis 

theory closely modelled the observed deformation modes, but was conservative 

when predicting the lateral capacity of the substructures. 

Generally in typical coupled wall systems, the pier effective height is equal to the 

full height of the building. In unreinforced masonry perforated walls the structure 

responds more like a frame, suggesting that the piers have an effective height 

being closer to the inter�storey height than to the full height of the wall. The 

geometric form of the two storey perforated wall was designed so that the effective 

height of the piers could be investigated for the case where the spandrels are the 

weak component in a multi�storey wall. 

6.1 Unit Form 

The two storey unreinforced masonry perforated wall was constructed at half scale 

in the likeness of Representative Frame 1 (see section 2.7.1). For ease of 

construction and stability of the wall, the dimensions of the wall were half scale in 

length and width, and full scale in thickness, using standard sized vintage clay 

bricks. The test wall form is typical of a facade wall of a two storey Typology C New 

Zealand URM building. Figure 6�1 illustrates the geometry of the test wall. The 

locations of the openings provided regularity to the fenestration pattern, with the 

ground floor windows and first floor windows aligned vertically. The doorway 
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opening was wider than the window openings, (740 mm and 620 mm respectively) 

creating a small offset of the interior upper and lower pier (piers B and C) 

centrelines. The openings were aligned horizontally at the top of the ground floor, 

and the base of the first floor, resulting in the central spandrels having constant 

depth. Piers A and D are referred to as exterior piers, and piers B and C are 

referred to as interior piers, with subscript G referring to the ground floor pier and 

subscript T referring to the top floor pier. Table 6�1 details the height (H), width (b) 

and aspect ratio of the ground floor and first floor piers. For the sole purpose of 

discussing the wall geometry, the wall has been idealised as an equivalent frame, 

with spandrel, pier and joint components as shown in Figure 6�2 and Figure 6�1.  

 

a) Side View 

 

b) End View 

 

Figure 6+1 Two storey perforated test wall (dimensions in mm) 

 

 

Table 6+1 Pier Geometry 

 Aspect Ratio 

 bp (mm) hp (mm) Pier A Pier B Pier C Pier D 

Ground Floor 350 1210 3.4 1.5 1.5 2.5 

First Floor 230 880 2.4 1.0 1.0 1.8 
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Figure 6+2 Idealised geometry of perforated wall 

 

 

Arched window openings on the first floor were chosen to investigate their effect on 

spandrel deformation mode (failure in spandrel elements shown in Figure 3�8), and 

therefore the depth of the spandrels between the ground and first floor (central 

spandrels) was designed to be the same as the minimum depth of the top spandrel 

measured from above the highest point of the arch. The central spandrels at mid 

wall height had aspect ratios (depth/length) of between 0.82 and 0.85. For the 

spandrel components at the top of the wall, the aspect ratios were between 0.84 

and 0.87. As the depth varied over the length of the spandrel due to the arched 

windows, the aspect ratios were calculated based on the minimum depth above the 

peak of the arch. Based on the aspect ratios of the tested spandrels reported in 

Chapter Four, the spandrels in the test wall are classified as having average depth 

as their aspect ratios were less than 1, but also shallow when compared to the 

width of the adjacent piers. 

The width of the wall was not scaled, with the ground floor being three leafs thick 

and the first floor being two leafs thick. Full scale thickness was specified to ensure 

out�of�plane stability of the wall. This decision was justified from the finding that 

there was no clear difference between the diagonal shear strength of two leaf and 

three leaf wallettes as shown by Lin (2012) and by Dizhur (2012). In addition, 

5
1
0

5
1

0
1
2

1
0

8
8
0

7
9

0

360 600 890 620 890 620 480

360 600 830 740 830 620 480

Spandrel

Pier

Joint



Material Properties 

   
� 205 � 

thickness is a known and accounted for variable in the NZSEE (2006) predictive 

equations, and therefore represents a calculable effect on the in�plane lateral 

strength of a wall or pier. 

As discussed in Chapter 2, previous system level experimental programmes 

(Thurston and Beattie 2009; Yi et al. 2006) have concluded that minimal coupling 

occurs between parallel walls, which supports the analysis of wall behaviour using 

a two�dimensional approach. Based on these findings and laboratory space 

limitations, the wall was constructed as an isolated wall, with applied vertical 

loads to account for diaphragms, parapets and live loads. 

6.1.1 Construction Details 

The test wall was constructed by experienced masons, under supervision, over a 

period of five days. The wall was constructed with a common bond pattern (header 

bricks every 4th course) and with 1:2:9 mortar (cement:lime:sand), corresponding to 

ASTM type ‘O’ mortar, and with nominally 10 mm thick mortar joints. Timber 

formwork was used to create and support the arches and the window lintels during 

the construction and curing period. 

The test wall was intentionally constructed in a way that replicated the observed, 

and often deteriorated, finished quality of walls in real URM buildings. Testing 

took place approximately 28 days after construction of the wall was complete. The 

curing time allowed the mortar to compact and reach its target compression 

strength.   

6.2 Material Properties 

Vintage clay bricks sourced from the demolition of unreinforced masonry buildings 

following the 2011 Christchurch earthquake were obtained for construction of the 

two storey test wall. The original mortar was removed and the surfaces of the 

bricks were prepared for new mortar before being reused in the test wall. The 

dimensions of the bricks from Christchurch were 68 mm × 220 mm × 105 mm and 

were therefore smaller overall than the bricks recycled from demolished Auckland 

historical URM buildings.  In addition, the bricks from Christchurch used in the 
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construction of the two storey wall were more dense than the Auckland bricks, 

which has been shown to affect compressive strength (Lumantarna 2012), and had 

shallow frogs on one side which affects the bond surface between the brick and 

mortar. Hence the Christchurch bricks were substantially different to the bricks 

that were used for the substructure testing and for the determination of scaling 

effects and therefore a thorough material testing programme was completed.  

Random samples of bricks were taken during construction and tested in 

compression (ASTM 2011a). Prisms were also built during construction of the wall 

using randomly selected bricks, and tested in compression to determine the 

Young’s Modulus of masonry (E), the compression strength of masonry (f’m), the 

coefficient of friction (,S, and cohesion (c).  Wallette testing to determine diagonal 

shear strength and the shear modulus was performed by a colleague in a parallel 

experimental programme and the results are used with permission. Further 

information on the wallette testing can be found in Lin (2012). All material tests 

were conducted according to ASTM standards (ASTM 2011a; ASTM 2010; ASTM 

2004; ASTM 2011b). A summary of the results from material testing is provided in 

Table 6�2.  The brick compressive strength was found to be low, indicating a soft 

brick as defined by NZSEE (2011), and this low brick strength resulted in a low 

masonry compressive strength. 

Table 6+2 Two storey wall average material properties 

Parameter 
Mortar 

compressive 

strength 

Brick 

compressive 

strength 

Masonry 

compressive 

strength 

Cohesion 
Coefficient 

of friction 

Young’s 

Modulus 

Diagonal 

tensile 

strength 

Shear 

Modulus 

Symbol f’j f’b f’m c μ E f’dt G 
Strength 

(MPa) 
3.2 16.28 5.74 0.25 0.40 1385 0.084 0.74 

COV(%) 12 18 25 � � 31 10 40 

Method of 

Test 

(ASTM 
2011c) 

(ASTM 
2011b) 

(ASTM 
2011a) 

(Rilem 
1996) 

(Rilem 
1996) 

(ASTM 
2004) 

(ASTM 
2010) 

(ASTM 
2010) 

 

Shear triplet tests were conducted at three levels of axial compression force, being 

4 kN, 8 kN, and 12 kN, as specified by Rilem (1996). Plots of shear stress against 

axial stress for the seven tested prisms are shown in Figure 6�3. The line of best fit 

shows that the coefficient of friction was approximately 0.4, and that the cohesion 

was approximately 0.25. In historical buildings, the bond between the mortar and 
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the brick is strong, due to moisture penetration with time and interlocking between 

the mortar and the brick, and therefore failure typically occurs within the mortar 

joint. In lab sample testing, the bond between the brick and mortar had not fully 

developed, as cementicious mortar cures more slowly and therefore the shear 

failure more often occurs along the interface between the brick and mortar, 

resulting in a clean surface failure, and a lower coefficient of friction. 

 

Figure 6+3 Axial load against Shear Stress 

 

From analysis of the wallette testing results it was found that the diagonal tensile 

strength was relatively consistent and had a value of 0.084 MPa, with a coefficient 

of variation of 10% across the two leaf and three leaf wallettes. The shear modulus 

results were highly variable, and this variability was reflected in the high 

coefficient of variation (40%). 

6.3 Test Setup 

The test wall was tested as shown in Figure 6�4. Lateral force was applied at the 

centroid of both spandrel cross�sections, using two hydraulic�powered actuators, 

which reacted against the laboratory strong wall. Flat steel plates measuring 

10 mm thick × 230 mm wide × 500 mm long were positioned on the top of the 

spandrel at the centre�line of the piers, to provide a smooth horizontal rolling 
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surface for a set of rollers which were then placed on top of the steel plates. The 

rollers were positioned to reduce any friction transfer of the horizontal load 

between the steel channel and the spandrel. A steel loading beam was seated on 

the rollers.  A 20 mm thick steel plate was welded on each end of the steel channel 

so that the horizontal load could be transferred from the actuator into the spandrel 

directly. Flybraces mounted on the steel channel were designed to strengthen the 

connection between the endplate and the beam so that the endplate did not deform, 

ensuring that the horizontal load was fully transferred into the test substructure. 

The loading beam was 50 mm longer than the test unit, and was not fixed to the 

test unit, and therefore contributed no strength to the spandrel.  For load transfer 

to the central spandrel, a 300 mm × 550 mm wide × 20 mm thick steel plate was 

clamped to each end of the wall using two steel tendons located on each side of the 

wall. The bolts connecting the tendons to the plates were hand tightened, 

generating sufficient tension to hold the plates in place, but insufficient tension to 

cause any significant axial force to be applied to the spandrel. 

Two sets of unbonded post�tensioning tendons positioned on the outside of the wall 

were used to apply supplementary axial load to the top of the wall. Springs were 

connected in series with the tendons to help reduce additional stress being applied 

to the test unit if rocking induced uplift of the piers was to occur. In addition, load 

cells measuring the force transferred into the steel UB and therefore into the test 

wall, from the stressing tendons, was constantly monitored and adjusted to remain 

constant throughout the test.  

To apply axial load to the central spandrel two steel UB sections were placed along 

the step created in the spandrel cross�section due to reduction of the wall width 

from three leaf to two leaf. Similar to the set�up at the top of the wall, a stressing 

tendon on each side of the wall was anchored to a steel section running 

perpendicular to the wall and seated on the steel UB above the window base, with 

a load cell measuring the total force transferred into the steel UB.  A mortar pack 

was spread over a width of approximately 100 mm at the centre of each pier to 

ensure that the axial load was transferred vertically to the piers rather than onto 

the spandrel. 

An independent frame was positioned at one end of the wall, against which 

displacement of the test wall in the horizontal direction was measured, which 

eliminated any effects from flexing of the strong wall. 
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a) Side View 

 

b) End view 

Figure 6+4 Two storey wall testing set+up 

 

6.4 Axial Load 

Additional axial loads were applied to the two storey perforated wall to simulate 

gravity loads. The perforated wall was assumed to be part of a complete building 

having floor plan dimensions of 4.46 m × 5 m, and therefore simulated diaphragm, 

roof, parapet and live loads were applied based on these dimensions. The joists of 

the simulated flexible timber diaphragms were assumed to be oriented 

perpendicular to the plane of the wall, resulting in a tributary diaphragm width 

equal to half the building length.  The central diaphragm weight consisted of joints, 

floorboards, and a ceiling all constructed from Matai timber (ρ = 610 kg/m3).  The 

top diaphragm was assumed to be identical to the central diaphragm, with the 

addition of a timber roof truss, and roofing iron. A 1.0 m high, two leaf wide 

parapet was also allowed for. Live loading was specified using the New Zealand 

Loadings Code, (Standards New Zealand 2002b). Details of the loading applied are 

provided in Table 6�3 and Table 6�4. 
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Table 6+3 Central diaphragm loading 

Permanent Loads (G)  (given per m length along the 

perforated wall) 

Diaphragm self�weight 

(Matai – 589 kg/m3) 

50 × 300 joists @  400 c�c 0.541 kN/m  

 25 mm floorboards 0.361 kN/m  

Ceiling 25 mm floorboards 0.361 kN/m  

Total Permanent Load (G)  1.263 kN/m  

Live Loads (Q) 6 kPa 15 kN/m  

Load Case (G, Eu, ψcQ) (ψc = 0.4) 7.263 kN/m  

 

Table 6+4 Top diaphragm loading 

Permanent Loads (G)   

Diaphragm self�weight 

(Matai – 589 kg/m3) 

50 × 300 joists @  400 c�c 0.541 kN/m  

Ceiling 25 mm floorboards 0.361 kN/m  

Roofing Pitched roof at 30˚ 

Standard Corrugated sheeting 

(1.00 mm) – 0.12 kN/m2 

Timber A�frame 

0.346 kN/m 

 

 

0.25kN/m 

Masonry Parapet 1.0 × 0.23 × 18 kN/m3 4.14 kN/m 

Total Permanent Load (G)  5.64 kN/m  

Live Loads (Q) 0.28 kPa 0.7 kN/m 

Load Case (G, Eu, ψcQ) (ψc = 0) 5.64 kN/m 

 

6.5 Testing Procedure 

A displacement�controlled pseudo�static procedure was employed to capture the 

non�uniformly accumulated damage in the wall, and to enable observations of 

damage and failure mechanisms.  It is recognised that dynamic tests simulate with 

more accuracy the seismic actions on a structure, however pseudo�static tests 

enable more accurate measurements of forces and displacements and allow the 

damage evolution to be documented more easily (Calvi et al. 1996).  
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From dynamic testing of multi�storey unreinforced masonry buildings with similar 

perforations it has been found that equal forces applied at each storey level provide 

a close approximation of typical inertial forces recorded in shake table tests 

(Kingsley et al. 1996). Ideally a force�controlled loading procedure would have been 

utilised but the set�up and execution of force�controlled behaviour had not yet been 

trialled with the hydraulic actuators in the University of Auckland laboratory, and 

therefore displacement control was adopted. 

The ratio of displacement applied to the top spandrel to the displacement applied 

at the central spandrel was determined based on a first mode deformation shape. A 

linear equivalent frame model assembled in SAP2000 with imposed diaphragm 

loads as distributed mass, gave data on the periods, mass participation and modal 

shapes of the test wall as shown in Table 6�5. From this analysis the frequencies 

were compared with the spectra of earthquake records applicable to Auckland, 

Wellington and Christchurch to determine the probability of a first mode, versus a 

second mode response. From this analysis it was found that the first mode was the 

governing response. In Figure 6�5 the displaced shape is shown for a first mode 

response, and the corresponding displacements at the centre of the top and central 

spandrels are reported (0.2247 mm and 0.1275 mm respectively). This relationship 

was assumed constant at all times and therefore the displacement amplitude at 

any time applied at the central spandrel was 0.57 of the displacement amplitude 

applied to the top spandrel as shown in Figure 6�6.  

During testing the top spandrel was subjected to an initial displacement of 0.5 mm 

in each direction, with displacements then increased by increments of 0.5 mm in 

every second cycle until 2 mm was reached, after which the increments were 

increased to 2 mm in every second cycle, measured at the top course of bricks in the 

spandrel.  This displacement history was applied to both the top and central 

spandrels simultaneously, with the displacements at the central spandrel being 

0.57 of the absolute displacement of the top spandrel. This loading history was 

based on loading histories previously used by researchers employing pseudo�static 

cyclic test methods to test unreinforced masonry walls (Gattesco et al. 2010; Parisi 

et al. 2010; Russell 2010) and was originally based on a load history proposed by 

Park (1989) for pseudo�static experimental testing. The push direction was defined 

as positive and the pull direction was defined as negative.  
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Table 6+5 Modal data for two storey perforated wall 

Mode Period Frequency 
Mass 

Participation 

1 0.1760 35.7 0.745 

2 0.0576 109.1 0.073 

3 0.0408 154.1 1.799E�12 

4 0.0380 165.2 1.138E�08 

5 0.0363 173.2 0.000039 

6 0.0339 185.1 3.462E�09 

 

 

Figure 6+5 SAP2000 + first mode deformation shape 

 

 

Failure was defined as a measured reduction in lateral strength of 20% or more 

when compared to the maximum lateral strength previously recorded during 

testing. In substructures where a flexural response dominated, a 20% strength 

reduction was typically not attained as flexural response is characterised by 

minimal strength loss with increasing displacement until ultimate drift levels are 

U1 = 0.2247 
U2 =0 
U3 = 0.0185 

 

 

U1 = 0.1275 

U2 = 0 

U3 = 0.0141 
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developed, and therefore for this condition the testing was instead terminated 

when either the data acquisition equipment or the loading actuator reached their 

accuracy limits, or when stability of the substructures was affected by twisting in 

the out�of�plane direction. 

In the elastic state of the structure, when a displacement is applied to the top 

spandrel, a resulting displacement is also induced at the central spandrel height in 

proportion to the relative stiffness of the ground and top stories. It also follows that 

an applied displacement at the mid spandrel will induce a displacement at the top 

of the wall. Therefore the force demand at each loading position is a function of the 

applied displacement at both loading positions. 

 

 

Figure 6+6 Loading history for testing of the two storey wall 

 

6.6 Data Acquisition 

Lateral force and applied displacement were recorded internally by the Shore 

Western hydraulic actuators. Displacement gauges were placed at locations that 

measured the overall lateral displacement and vertical displacement of the test 

wall, as shown in Figure 6�7, enabling the force�displacement behaviour of the test 
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wall to be plotted. Portal gauges, which were calibrated to convert measured strain 

to displacement, were also positioned to measure relative displacements within and 

between the pier and spandrel components. Strain gauge calibration factors were 

defined so that compression over the gauge length was measured as positive 

displacement, and tension (extension) was measured as negative displacement. 

 

 

 

Figure 6+7 Instrumentation plan for two storey wall test* 
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*Gauge identification: H – horizontal displacement, V – vertical displacement, X – diagonal 

displacement, F – displacement due to flexural cracking in the spandrel, VP – relative vertical 

displacement of piers across joint, A,B,C,D – pier identification, SB – spandrel base, SC – spandrel 

central, , ST – spandrel top 
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6.7 Results 

In this section the test observations and description of overall performance of the 

two storey perforated wall are presented. 

6.7.1 Observations 

Initial cracking in the test wall occurred on the pull cycle at a drift of 0.16% with a 

corresponding base shear of 37.5 kN. Horizontal cracks propagated along the 

pier/joint interface at the top and base of Pier AT, suggesting that Pier AT was 

rocking (see Figure 6�8a). This crack pattern was mirrored in Pier DT at a drift of 

0.22%. At the same drift level, horizontal cracks formed in the arch and extended 

horizontally along the pier/joint interface above piers BT and CT (see Figure 6�8b). 

The first cracking in the ground floor piers occurred at a total drift of 0.44% which 

resulted in Piers AG, BG and CG developing cracks at their base. A crack propagated 

from the bottom corner of the window opening adjacent to Pier AG, diagonally down 

in a stepped pattern towards the base of the wall (see Figure 6�8c).  Stepped cracks 

also formed at the base of Pier CG, initiating at the bottom corner of the window 

opening and extending diagonally upwards and across the base of Pier CG in the 

pull cycle, and diagonally downwards to the base of Pier CG in the push cycle (see 

Figure 6�8d). No cracking was discernible at the top of Pier BG, at the base of Pier 

BT, or within the central joint (which divided Pier BG and Pier BT). Likewise, no 

cracking was visible in the equivalent areas of Piers CT and CG. This lack of 

cracking, combined with the visible growth of cracks at the base of piers BG and CG 

with increasing lateral displacement, suggested multi�storey pier rocking. Piers BG 

and BT combined with the central joint, and formed a multi�storey pier (herein 

referred to as Pier B), and similarly Piers CG and CT combined with the central 

joint and formed a multi�storey pier (Pier C). These multi�storey piers (B and C) 

both rocked as single components. A horizontal crack along the base of Pier BG 

formed the rocking surface for multi�storey Pier B in both loading directions, 

whereas for multi�storey Pier C, the rocking surface alternated between the upper 

and low cracks shown in Figure 6�8d for the two loading directions. For the outer 

piers, AG, AT, DG and DT, cracks developed at the base and top of the pier 

components, and propagated horizontally resulting in a crack that extended the 

full length of the piers. With increasing displacement amplitudes, rocking of Piers 
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AG and DG as individual components was visible.  In the central spandrel 

components horizontal cracks spread along the mortar�brick interface and were 

observed in all layers of the bed joints through the depth of the spandrels, creating 

five parallel horizontal cracks (see Figure 6�8e).   At a drift of 1.28% (50 mm top 

lateral displacement) wide cracks had developed in the arched lintels and resulted 

in bricks dislodging and falling out. During the push cycle to a top displacement of 

55 mm complete detachment of the top of Pier DT from the joint was visible, 

suggesting that the top section of the wall, both top spandrel and joint components, 

were rocking as one panel. 
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a) Horizontal crack at the top of 

Pier AT 

 

b) Crack propagating from arches 

horizontally across top of Pier BT 

 

  

c) Stepped crack at pier AG base 

 

d) Stepped cracking at pier CG base 

 

e) Cracking through all bed+joints in central spandrel component 

 

Figure 6+8 Photos of two storey wall testing* 

*Note: Photos taken from the reverse side of the wall, so that Pier A is the far right pier, and Pier D is 
the far left pier. 
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6.7.2 Crack Pattern 

Figure 6�9 shows the crack pattern at the conclusion of testing. The image shows 

Pier A on the left and Pier D on the far right, with the push load (positive force) 

applied to the centre of the top and central spandrels adjacent to Pier D, directed 

towards the left. 

 

 

Figure 6+9 Crack pattern for the as+built two storey perforated wall after cyclic pseudo+

static testing 

 

6.7.3 Force+displacement Response 

The force�displacement response of the test wall is presented in Figures 6�10 to 6�

13. The displacement plotted in Figures 6�10 to 6�13 was measured by the 

actuators and therefore represents the applied displacement, and the 

corresponding drift, which is calculated as the lateral displacement over the height 

measured from the base to the application of load, expressed as a percentage. 
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The response recorded by the top actuator, shown in the force�displacement plot in 

Figure 6�10, has characteristics of both a flexural and shear response mode. In the 

positive quadrant, preceding a drift level of 1.2%, there is a dominant bi�linear 

trend in the loading profile. The response has a constant linear elastic stiffness, 

with stiffness decreasing in the second branch resulting in strength degradation 

with increasing lateral displacement. The strength reached a maximum at about 

0.2�0.4% drift and then gradually decreased. Following a drift of 1.2% the loading 

and unloading stiffness decreases rapidly, which is characteristic of a shear failure. 

In the negative quadrant a flag shaped hysteretic loop is visible, which typifies a 

rocking response.  In the final displacement cycles, to 55 mm and 60 mm lateral 

displacement, the loading and unloading stiffness decreased rapidly. 

The form of the force�displacement plot for the response recorded by the actuator at 

mid wall height, shown in Figure 6�11, is considerably different to the behaviour 

recorded by the top actuator.  Notably the elastic stiffness decreased with each 

cycle, and the response more closely resembled a degrading linear elastic model. A 

change in response occurred in the displacement cycle to a top displacement of 

50 mm, where the strength increased and the unloading stiffness reduced to almost 

zero, resulting in a narrow hysteretic loop. 

Figure 6�12 shows both the top and mid response together, and Figure 6�13 shows 

the total base shear plotted against the top lateral displacement. From the plot of 

base shear against top lateral displacement it can been seen that the total response 

of the perforated wall was fairly symmetric in hysteretic shape, with a higher total 

strength in the positive loading direction (average of 44 kN), compared to the total 

strength in the negative loading direction (average of 38 kN). With increasing 

displacement, the base shear/lateral strength remains constant, indicating that the 

strength degradation evident in Figure 6�10 was balanced by the increase in 

strength with drift as shown in Figure 6�11. 
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Figure 6+10 Force+displacement response recorded from top actuator 

 

 

 

Figure 6+11 Force+displacement response recorded from mid+height actuator 
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Figure 6+12 Mid and Top force+displacement response 

 

 

 

Figure 6+13 Force+displacement response for total force against top displacement 
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6.8 Analysis and Discussion 

The portal gauges that measured relative displacement between specified points on 

the wall gave valuable data that permitted analysis of the wall behaviour, at both a 

global and local scale.   

6.8.1 Global Wall Behaviour 

The extensive cracking in the spandrel panels at low drift levels and the cracking 

in the piers localised to the base and top of the piers was indicative of a weak 

spandrel response where the overall wall behaviour is governed by the pier 

response. The damage to the spandrel panels at mid wall height and the lack of 

cracking at the top of the ground floor interior piers, and at the base of the top floor 

interior piers suggested that the interior piers deformed as a double storey height 

pier. This failure mode was confirmed by the null readings of the portal gauges 

that were positioned to measure relative vertical displacement between the joint 

and the piers at mid wall height. 

Gauges V1SB through to V7SB (see Figure 6�7) recorded no vertical movement of 

the base spandrel and therefore confirmed that no global rocking of the wall 

occurred (see Figure C�1). Figure 6�14 and Figure 6�15 show an idealised 

representation of the wall response based on the displacement gauges that 

reported relative vertical displacements between pier/spandrel/joint components 

and absolute horizontal displacements. 

The graphical representation of the overall global response highlights the central 

spandrel component’s coupling beam type response, and the dominance of the pier 

flexural response. The vertical gauge readings suggested that the rotation of the 

ground floor piers was not equal across the four piers. Also noteworthy is the 

distinction between the grouping of components within the external pier adjacent 

to the point of loading, and in the external pier on the opposite side to loading.  It is 

shown in Figure 6�14 that external pier D separated at the interface between the 

top of Pier DG and the joint, whereas external Pier A separates at the interface 

between the top of the joint and the base of Pier AT. The figures show that the 

response was mirrored in the push and pull cycles. 
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Figure 6+14 Simplified wall deformation + Push Cycle 

 

 

 

 

Figure 6+15 Simplified wall deformation + Pull Cycle 
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At a top displacement of 50 mm (drift of 1.28%) a sudden loss in stiffness occurred 

within the top floor.  For clarity of explanation, the top row of joint and spandrel 

components are referred to as the ‘top spandrel’. The loss in stiffness is attributed 

in part to the complete disconnection of the top spandrel from the top of Pier D (as 

shown in Figure 6�16), which resulted in the load from the top actuator being 

distributed between three piers rather than four. At this point in the test damage 

to the joint regions was extensive, including the visible opening of diagonal cracks, 

and the interaction between the top of Pier A and the top spandrel changed from 

rocking to sliding (shown in Figure 6�17). Because the applied displacement of the 

mid and the top actuators were slaved, the loss in stiffness within the top spandrel 

led to a reduction in the induced displacement at mid height and hence an increase 

in lateral force demand on the first floor actuator, which is seen in the strength 

growth. 

 

  

Figure 6+16 Separation of Pier D and top spandrel 

 

 

 

Figure 6+17 Sliding between Pier 

A and top spandrel 
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6.8.2 Spandrel Behaviour 

The spandrel response mode is critical for defining the pier boundary conditions, 

which in turn is a key variable when determining the pier deformation mode and 

lateral strength. The deformation modes of the central spandrels and arched top 

spandrels were different and are therefore discussed separately below. 

6.8.2.1 Central Spandrel Deformations 

The formation of horizontal cracks along the brick�mortar interface between all the 

brick courses was visible in the three central spandrel components.  This 

deformation mode (Mode C – see Figure 4�27) was previously encountered in 

substructures PS1 and PS2, which also had shallow spandrels. Mode C is 

associated with spandrels that have a relatively shallow depth when compared 

with the length of the adjoining piers. With increasing rotation of the piers, the 

differential lateral displacement over the height of spandrel results in deformation 

of the spandrel panel in the form of a parallelogram as shown graphically in Figure 

6�18a. As the spandrel deforms, the portal gauges that were placed diagonally 

across the spandrel recorded the diagonal shortening and elongation.   This 

behaviour is shown in Figure 6�19 by the linear relationship between the lateral 

displacement at the mid height/top height (assuming the lateral displacement 

profile up the height of the piers is linear), and the diagonal displacement 

measured across the spandrel components. The crack pattern is explained by the 

bed joint shear stresses induced by the displacement incompatibility exceeding the 

shear strength between the brick courses within the spandrel, resulting in sliding 

between the courses, shown graphically in Figure 6�18b�c.  

The shear force that was transferred by the spandrel between the adjacent piers 

could not be measured directly due to the method of applying horizontal 

displacement to the test wall, and hence the force�displacement response and 

energy dissipation capacities of the spandrel when deforming in this sliding mode 

cannot be established. 
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a) Deformation of the coupling spandrel between two rocking piers 

 

  

b) Rotation of spandrel stepped over 

brick courses 

 

c) Sliding between brick courses due 

to displacement incompatability 

Figure 6+18 Mode C spandrel deformation (see also Figure 4+27) 

 

 

 

Figure 6+19 Diagonal displacement in central spandrel component 
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6.8.2.2 Arched Spandrel Damage 

The arched spandrels experienced extensive damage. Diagonal stepped cracking 

propagated throughout the spandrel panel (see Figure 6�20a), not limited to the 

spandrel, but also extended into the joint region. Lateral movement within the 

arch region was suggested by identifying that arched lintel bricks had become loose 

and in some cases had dropped out (see Figure 6�20b). 

  

a) Cracking above arched lintel 

 

b) Arched lintel with bricks dislodging 

 

Figure 6+20 Crack patterns above arched lintels 

 

 

6.8.3 Pier Behaviour 

6.8.3.1 Pier Rocking 

Portal gauge data, coupled with the crack patterns, confirmed that the outside 

piers on both the top and ground floors deformed over a height approximately 

equal to the adjacent opening height.  The internal piers formed stepped flexural 

cracks at their base, that generally were consistent with the Dolce (1989) theory 

regarding pier effective height. A stepped crack formed at the base of Pier B at an 

angle of approximately 20 degrees, and another stepped crack formed at the base of 

Pier C, oriented diagonally downwards at an angle of 32 degrees in the push cycle, 

and diagonally upwards at an angle of 29 degrees in the pull cycle. The cracks at 

the top of the internal piers were horizontal, and were located half�way up the 

height of the arch.  Table 6�6 the pier height measured between the base and top 

crack at the centreline of the pier is reported, and compared with the effective pier 
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height as predicted by the Dolce equation. Good agreement is shown between the 

measured pier height and the Dolce effective pier height for Pier A on the first floor 

(FF), and for the internal pier C in the pull direction. 

Table 6+6 Comparison of the measured pier height and the Dolce effective height 

Pier Average 

measured height 

between failure 

surfaces (mm) 

Dolce h’ 

(mm) 

Dolce Heff 

(mm) 

Accuracy 

(%) 

(Heff –actual) 

/actual) 

Pier A FF 1454 1418 1471 1.17 

Pier A TF 880 1087 1172 33.18 

Pier B 3020 2600 2738 �9.34 

Pier C 3074 – push 

2742 � pull 
2600 2738 

�10.93 

�0.18 

Pier D FF 1298 1487 1547 19.18 

Pier D TF 968 1157 1253 29.44 

                                                                                                                                                                                                                                                          

Notable was the change in rocking surface for Pier C. For the pull cycle (negative 

direction), the flexural crack initiated three courses above the base of the adjacent 

opening and propagated diagonally across and down towards the bottom left corner 

of the opening, whereas for the pull cycle (positive direction) the rocking surface 

was on a stepped crack which initiated from the bottom left corner of the opening 

and propagated down and along the head and bed joints for two courses and then 

horizontally across the length of Pier C. These different rocking surfaces resulted 

in different pier effective heights and therefore different lateral strength capacities. 

Figure 6�21 and Figure 6�22 show the displacement profile up the height of Pier A 

and Pier D respectively for increasing applied lateral displacements.  The 

asymmetric nature of the displacement profiles suggests a difference in response 

for the push and pull cycles. Also noteworthy is that the profile for Pier A is the 

mirrored opposite of the profile of Pier D.  For the loading direction where the load 

was applied directly to the pier (Push cycle (+ve) for Pier D, and Pull cycle (�ve) for 

Pier A), at the lower levels of lateral displacement (0�20 mm displacement at the 

top of the wall) both Pier A and Pier D displayed a general trend of a rotation in 

the direction of loading of the first floor piers,  with the joint region and the top 

floor piers acting together as one rigid body and exhibiting minimal rotation, and 

with lateral displacement equal to the measured spandrel displacement. As the 
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applied displacement increased, the rotation of the joint and top floor pier 

increased in the direction opposite to the loading direction. This opposing rotation 

is shown in the final displacement cycles in Figure 6�21 for the negative loading 

and in Figure 6�22 for the positive loading. 

 

Figure 6+21 Pier A lateral displacements 

 

 

Figure 6+22 Pier D lateral displacements 

 

In the alternate loading direction (when loading was applied through the far pier � 

Push cycle (+ve) for Pier A, and Pull cycle (�ve) for Pier D), the hinging location 

changed from being located below the joint to being located above the joint, so that 

the joint and the lower pier rotated as one rigid body.  For the positive loading 

direction, Pier AG rotated with the joint panel, and Pier AT rotated in the same 
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direction but as a separate rigid body. The deformation modes of the piers are 

shown in Figure 6�14 generated from the relative gauge displacement between the 

pier/spandrel and joint components, and also in Figure 6�21 and Figure 6�22 which 

show the absolute horizontal displacements up the heights of Pier A and Pier B. 

6.8.3.2 Pier Sliding 

Pier sliding was not observed as a primary failure mode, but did eventuate as a 

secondary response after the development of flexural cracking. Sliding was most 

apparent in Pier C, and occurred along the upper failure surface in the pull loading 

cycle only. Placement of gauge X2C and the crack pattern at the base of pier CG 

allowed the gradual pier elongation to be measured, which corresponded to sliding 

of the pier along the flexural crack, as shown in Figure C�4.  

 

Figure 6+23 Sliding of Pier C along flexural crack* 

(*note that the photo was taken from the reverse side of the wall; Pull loading direction is to the left) 

 

6.8.4 Bilinear Modelling 

The envelope of the force�displacement relationship for the top�level, mid�level and 

total response was idealised as an elastic�perfectly plastic relationship. The 

bilinear idealisation of the masonry wall in�plane cyclic response is a simplification 

tool for evaluating key global response parameters, that has been extensively 

reported in past literature (Augenti et al. 2011; Magenes and Calvi 1997; Shing et 
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al. 1989; Vasconcelos and Lourenco 2009). This idealisation method was chosen as 

it captures the essential performance characteristics whilst remaining simple 

enough to apply to desktop procedures. The bilinear idealisation parameters for the 

multi�storey URM perforated wall performance allowed comparison between the 

storey responses in terms of elastic stiffness, strength and ductility.  

Two methods of idealising a force�displacement response as bilinear were detailed 

in section 4.9.5. These two methods were applied to the response recorded at the 

top and mid actuators and to the total base shear when plotted against top 

displacement. Figure 4�32 graphically represents the linearization procedure for 

generating the three limit states which define the bilinear response curve. The 

bilinear envelope was found for both positive and negative loading directions. The 

parameters for the bilinear idealisation for each storey, for loading in both 

directions, are reported in Table 6�7 according to the Tomaževič (2000) procedure 

and in Table 6�8 according to the Magenes and Calvi (1997) procedure. The bilinear 

idealisation is plotted against the force�displacement response in Figure 6�24 for 

the total response, in Figure 6�25 for the top floor response, and in Figure 6�26 for 

the first floor response, with the first cycle peaks shown in blue. 

 

Table 6+7 Bilinear parameters in accordance with the Tomaževič (2000) procedure 

 Vu 

(kN) 

de 

(mm) 

du 

(mm) 

Du/H 

(%) 

Ductilit

y 

Td 

������ 
Ke 

(kN/m) 

����������  

Total (+) 46.85 2.81 (54.75) (1.40) (19.5) 0.94 16654 0.62 

Total (+) 38.28 2.52 (55.08) (1.41) (21.9) 0.92 15179 0.41 

Top (+) 27.27 2.85 52.50 1.35 18.4 0.88 9566 0.58 

Top (+) 16.16 2.46 (�35.90) (0.92) 14.6 0.84 6573 0.69 

Mid (+) 20.14 1.85 27.35 1.33 14.8 0.73 10905 0.48 

Mid (+) 23.19 2.80 (�32.10) (1.57) 11.5 0.89 8294 0.33 

 

 

* Numbers in parenthesis are calculated from the maximum recorded displacement where a 20% reduction in the 

maximum strength was not reached and therefore an ultimate displacement was not found. 
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Table 6+8 Bilinear parameters according to the Magenes and Calvi (1997) procedure 

 Vu 

(kN) 

de 

(mm) 

du 

(mm) 

Ke 

(kN/m) 

Ductility 

Td 

Total (+) 44.84 6.69 (54.75) 14025 (8.2) 

Total (+) �37.43 �7.93 (�55.01) 8717 (6.9) 

Top (+) 27.90 3.68 51.96 7576 14.1 

Top (+) �17.38 �2.57 �31.97 6757 12.4 

Mid (+) 24.98 15.44 (32.01) 1618 (2.1) 

Mid (+) �23.50 �5.64 (�32.07) 4168 (5.7) 

 

The graphical presentation of the bilinear idealisation indicates that the Tomaževič 

and the Magenes and Calvi procedures result in similar backbone curves (both 

ultimate shear strength and elastic stiffness) where the experimental force post 

‘yielding’ is fairly constant. For the top floor response, where the positive 

experimental backbone includes strength degradation, the Tomaževič procedure 

results in a lower ultimate shear force (Vu) as the procedure takes into 

consideration the behaviour post yield, whereas the Magenes and Calvi ultimate 

shear force parameter is purely based on the peak response.  The spike in the 

experimental peak force in the final cycles of the first floor response (see Figure 

6�26) strongly influenced the bilinear idealisation parameters according to the 

Magenes and Calvi method and therefore was unrepresentative of the 

experimental backbone curve. The shape of the experimental backbone curve for 

the first floor response more closely resembles multi�linear behaviour with positive 

second branch stiffness (strain hardening), rather than being an elastic perfectly�

plastic model. 

6.8.5 Ductility 

URM is generally not thought of as being ductile in the typical definition of the 

concept, but the idealised bilinear models shown in Figure 6�24 to Figure 6�26 

illustrate that URM components subjected to in�plane loading are capable of 

undergoing significant deformations with minimal strength loss in the inelastic 

domain of response and therefore demonstrate some ductile characteristics. 
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Figure 6+24 Bilinear idealisation of the total response 

 

 

Figure 6+25 Bilinear idealisation of the top floor response 
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Figure 6+26 Bilinear idealisation of the first floor response 

 

As discussed in section 4.9.5.1 with reference to substructure response, in a typical 

rocking response the structure can achieve high drift ratios with minimal strength 

degradation, and therefore the codified definition of failure that determines the 

ultimate drift is difficult to apply. For this reason, where strength degradation was 

minimal, the ultimate displacement was defined as the experimental value 

corresponding to the maximum strength degradation observed during the tests, 

and is reported in brackets.  The calculated ductility defined by -�/-/ is shown in 

Table 6�7 and Table 6�8 for the two respective idealisation procedures. The 

adoption of the Magenes and Calvi procedure resulted in a reduced elastic stiffness 

and hence a reduction in the calculated drift by 50% on average. 

6.8.6  Ultimate Drift 

The high elastic stiffness of unreinforced masonry walls when subjected to loading 

in�plane, coupled with its capacity for inelastic deformation in a flexure dominated 

response, correspond to unrepresentative high ductility values. For this reason, 

ultimate drift provides a more demonstrative measure of the inelastic response of 

unreinforced masonry walls. 
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The average ultimate drift recorded for the wall response was 1.40%, at which 

point there was no strength degradation or loss of stability. The positive 

displacement cycle for the top floor response, which failed due to shear cracking, 

reached an ultimate drift of 0.92%.  As such, the drift limits currently set by 

NZSEE (2006) have been found to be in the range of accurate to conservative. 

6.8.7 Energy Dissipation 

In an unreinforced masonry building the two main sources of energy dissipation 

are non�linear deformation of the timber diaphragm and the in�plane walls, and 

therefore the energy dissipation capacity is an important parameter in the 

evaluation of the seismic response of the perforated wall.  The energy dissipating 

capability of each storey was determined by integrating numerically the force�

displacement hysteresis loop for each complete loading cycle. The energy dissipated 

is plotted against lateral displacement for the total response, top actuator 

measurements and the mid actuator measurements as shown in Figure 6�27, 

Figure 6�28 and Figure 6�29 respectively. The general trend for each response is a 

positive linear relationship between energy dissipated and lateral displacement.  

The energy dissipated by the second displacement amplitude cycle was only 

marginally less than the energy dissipated during the first cycle.  

Note that more energy was dissipated from deformation in the top floor when 

compared with the energy dissipation in the ground floor. This disparity is 

explained by the extensive diagonal shear cracking that occurred in the top floor 

spandrel. The rocking response that governed the force�displacement response of 

the ground floor is typically associated with smaller hysteretic loops and therefore 

less energy dissipation than for a shear governed response. 

The increase in hysteretic loop area for the cycle to 50 mm, as evident in the force�

displacement response from the top actuator, is seen to be closely balanced by the 

decrease in loop area from the mid actuator. This relationship is reflected in the 

linear relationship between lateral displacement amplitude and energy dissipated. 

To estimate the damping ratio for the perforated wall the dissipated hysteretic 

energy was examined in the form of equivalent viscous damping.  The method 

presented by Chopra (2007) was used with the knowledge that the idealisation is 

generally not satisfactory for structures responding in their inelastic range, but as 
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the method has been used by various other researchers it was again used to enable 

comparisons with values reported in the literature. The method for calculating 

equivalent viscous damping is reported in detail in section 4.9.9. 

Equivalent viscous damping ratio against drift is shown in Figure 6�30, indicating 

that an average of approximately 6% equivalent viscous damping was constant 

with drift ratio. A peak of 0.85% is evident in the first cycle response, which 

corresponds to the attainment of maximum shear strength. 
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Figure 6+27 Energy dissipation for mid+height actuator response 

 

 

 

Figure 6+28 Energy dissipation for top actuator response 
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Figure 6+29 Energy dissipated per cycle for base shear and top displacement 

 

 

 

 

Figure 6+30 Equivalent viscous damping ratio for total response 
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6.8.8 Stiffness Degradation 

The stiffness degradation in each hysteretic cycle of a force�displacement response 

was calculated using an effective stiffness that is defined as the secant stiffness to 

the peak force in each cycle. The effective stiffness for each cycle was normalised 

against the effective stiffness of the first cycle (Kinitial). For more detail refer to 

section 4.9.7. Figure 6�31, Figure 6�32, and Figure 6�33 show the stiffness 

degradation for the top floor response, first floor response and the total response 

respectively, with the stiffness for the first cycle to a displacement amplitude 

shown in green and the second cycle stiffness shown in magenta. It is shown that 

there was no stiffness degradation with repeated cycling to the same displacement. 

The red line on Figures 6�31 to 6�33  represents the power function defined in 

section 4.9.7 (equation (4�3)), that correlates stiffness and drift, with the α and β 

parameters for best fit shown on each figure. 

  

Figure 6+31 Normalised stiffness plotted  

against drift for top storey response 

 

 

Figure 6+32 Normalised stiffness plotted 

against drift for first storey response 
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Figure 6+33 Normalised stiffness plotted against drift for total response 

 

 

 
 

Figure 6+34 Effective stiffness plotted against displacement 
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6.9 Repair Introduction 

In recent years an interest area within masonry research has been the application 

and performance of a range of retrofit techniques (Ismail 2012; Ismail et al. 2011; 

Mahmood and Ingham 2011). Unreinforced masonry buildings in Christchurch that 

had undergone a carefully considered retrofitting programme generally performed 

well and were observed to have minor to moderate damage following the large 

earthquakes in September 2010 and February 2011 (Ingham and Griffith 2011).  A 

noticeable void in practitioner knowledge has been identified with regard to the 

relationship between damage and subsequent residual strength, and the 

performance of repaired unreinforced masonry buildings. 

Although the focus of the body of work reported herein is the assessment of as�built 

unreinforced masonry walls when subjected to in�plane seismic loads, it would 

have been a missed opportunity to not repair and retest the damaged as�built 

perforated wall. The comparative performance of the repaired test wall with the as�

built wall is a valuable contribution to the body of knowledge in the field of seismic 

improvement technology. 

6.10  Repair Strategy 

A textile reinforced mortar repair technique was chosen based on analysis of the 

failure mechanisms that developed during cyclic testing of the perforated wall in 

its as�built condition, and the extensive nature of the shear cracking in the top 

spandrel and central spandrel components. A surface applied mortar type retrofit 

has previously been proven to increase the diagonal shear capacity of unreinforced 

masonry components (Hamid et al. 2005; Ismail et al. 2011). 

The use of composite materials to replace traditional steel reinforcement has 

several advantages, such as a high strength to weight ratio, faster application of 

the retrofit intervention material, a thinner cross�section, and increased fire and 

corrosion resistance.  A range of  polymeric composite materials are used to 

manufacture the reinforcement textiles for textile reinforced mortar applications, 

including polyester fibre, fibreglass, basalt fibre, and propylene, which are 

available commercially in a range of textile configurations and densities.  
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The layout of the textile reinforced mortar material that was applied to the test 

wall as a repair is shown in Figure 6�35. The areas shown in grey and white, which 

includes the base spandrel and joint components, the central spandrels and joints, 

and the top spandrel and joint components, were retrofitted using E�glass textile 

(EF540) and galvanised steel mesh (SM156) to restrain the existing cracks and 

increase the shear strength of the shear damaged components. The individual piers 

were strengthening using a relatively lighter E�glass textile (EF165) and 

galvanised steel mesh (SM156) was incorporated to avoid pier shear cracking in the 

event that the increased spandrel strength resulted in a ‘strong spandrel – weak 

pier’ deformation mode. The galvanised steel mesh was discontinuous across the 

boundaries between different textiles to encourage hinge locations to form such 

that a ductile rocking failure mode could be initiated.  

 

Figure 6+35 Repair application 

 

6.10.1 Repair Procedure 
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approximately 300 mm c/c horizontally and vertically by drilling into the masonry. 

The galvanised steel mesh was clamped between the retaining disks and 

subsequently fixed to the wall using anchors that slotted into the dowel sleeves. 

The mesh was then cut using bolt cutters at the joint/spandrel/pier intersections, 

as per Figure 6�35.  A lightweight mortar base coat (LM1) was then applied to level 

the masonry surface covering the steel mesh, and left to cure for three days. 

Adhesive mortar (RM5) was mixed as per manufacturer recommendations and a 3�

4 mm thick layer of the mixed adhesive mortar was uniformly applied over the dry 

levelling mortar layer. The textile was pressed into the freshly applied mortar 

layer using a flat trowel so that mortar protruded through the textile grid 

openings. It is believed that these mortar protrusions provide additional 

mechanical interlocking (Ismail 2012). A final rendering coat of a 2�3 mm thick 

layer of adhesive mortar was then applied over the textile and the surface was 

smoothened using a flat trowel. The mortar matrix was left to cure for 10 days 

prior to testing. 

6.10.2 Repair Material Properties 

The repair material properties are reported in Table 6�9. 

Table 6+9 Repair material properties 

Type Description Density 

(kg/m3) 

Masonry 

Cohesion 

(MPa) 

Maximum 

thickness 

(mm) 

LM1 Lightweight mortar with polystyrene beads 1540 � 15 

RM5 Acrylate mixed polymer dispersion based 
ductile mortar with calibration grain 

1600 >1.2 10 

 

Type Material Description Weight 

(kg/m2) 

Roving Spacing 

(mm) 

Tensile 

Strength 

(MPa) 

EF540 E�Glass 
Fibre 

Alkali  

resistant 

0.540 10 (warp) 198 (warp) 

18 (weft) 87 (weft) 

EF165 E�Glass 
Fibre 

Alkali 
resistant 

0.165 4  

4  

SM156 Steel Welded mesh 0.156 19 (warp) 20 (warp) 

19 (weft) 20 (weft) 
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6.11  Repair Test Procedure 

The repaired perforated wall was subjected to the same loading cycle and applied 

axial loads as was the as�built wall. See sections 6.3 – 6.6 for further detail on the 

test procedure and data acquisition. 

6.12  Repair Test Results 

6.12.1 Observations 

Cracking initiated at the top of Pier AG, at a drift of 0.3% when measured at the top 

of the wall. In the following cycle a crack formed at the base of Pier AG, at the top of 

both Pier BT and Pier CT, as well as at the base of Pier BG and base of Pier CG. In 

the cycles to a top displacement of 14 mm (corresponding to a drift of 0.36%), cracks 

at the base and top of Pier DG were observed. As seen in Figure 6�36a and Figure 

6�36b, all the cracks at the top and base of the piers had a horizontal orientation 

and were located at the interface between the pier and joint regions. 

Vertical flexural cracks developed in the central spandrels at a drift of 0.61%. At 

this drift a hairline crack propagated horizontally across the base of Pier BT, as 

shown in Figure 6�36c, but ceased to extend in further displacement cycles. 

No splitting or rupture of the textile was observed throughout the test, with all the 

cracking occurring at the locations where the textile had been cut. The test was 

terminated at a top displacement of 65 mm (corresponding to a drift of 1.67%), due 

to increasing out�of�plane displacement of the top spandrel panels as seen in Figure 

6�36d. 
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a) Cracking at the base and top of 

Pier DT 

 

 

b) Cracking at the top of  

Piers BT and CT 

c) Vertical flexural cracks in the 

central spandrel 

 

 

d) Out+of+plane twisting in the top 

spandrel 

 

Figure 6+36 Photographs from testing of the repaired wall 
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6.12.2 Crack Pattern 

Figure 6�37 shows the crack pattern at the conclusion of testing. The image shows 

Pier A on the left and Pier D on the far right, with the push load (positive force) 

applied to the centre of the top and central spandrels adjacent to Pier D, towards 

the left. All the cracks occurred at the boundaries between the different retrofit 

materials, with some debonding of the retrofit material from the brick surface 

occurring at the interface between the central joint and central spandrel elements. 

 

Figure 6+37 Crack pattern for the repaired wall 

 

6.12.3 Force+displacement Response 

The force�displacement response of the repaired test wall is presented in Figures 6�

34 to 6�37. The displacement plotted in Figures 6�24 to 6�37 was measured by the 

actuators and therefore represents the applied displacement, and the 

corresponding drift, which was calculated as the lateral displacement over the 

height to application of load, expressed as a percentage. 

The push response (positive loading direction) of the top floor, as recorded by the 

top actuator shown in Figure 6�38, is characterised by a approximately consistent 

elastic loading phase up to a lateral force of approximately 20 kN, followed by a 

gradual softening of the loading stiffness. With increasing lateral displacement, 

gradual strength degradation and increasing hysteretic loop area occurred.  In 
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comparison, the pull response does not show a clearly defined yield point as the 

response was linear, with a decrease in unloading stiffness, and degradation of the 

linear stiffness with increasing drift. The general hysteretic loop shapes are 

consistent across the two loading directions, suggesting that the wall deformation 

modes were identical in the push and pull directions. A peak force of 32.9 kN was 

recorded at a top displacement of 29.8 mm (0.764% drift) in the push direction, and 

at a peak force of �26.4 kN at a top displacement of �64.7 mm (1.66% drift) in the 

pull direction.   

The hysteretic response recorded by the mid�height actuator for the first floor was 

highly unsymmetrical. The push (positive) loading direction shows no clear yield 

point and a consistent linear increase in peak lateral strength with increasing 

displacement, whilst the pull loading direction shows a bilinear response with 

positive stiffness of the second branch. The strength gain in the push direction was 

consistent with the reduction in stiffness in the top storey. A peak force of 21.9 kN 

was recorded at a top displacement of 37.2 mm (1.81% drift) in the push direction, 

and a peak force of �25.8 kN was measured at a top displacement of �29.2 mm 

(1.42% drift) in the pull direction.   

Base shear is plotted against the top displacement, for the repaired perforated 

wall, in Figure 6�41. The combined lateral resistance of the two storeys resulted in 

a symmetrical force�displacement response, with a peak positive resistance of 

49.3 kN at a lateral displacement of 45 mm (1.15% drift) and a peak negative 

resistance of �52.3 kN at a lateral displacement of 55 mm (1.41% drift). 

 



Chapter Six � Two Storey Perforated Wall 

    
� 248 � 

 

Figure 6+38 Force+displacement response recorded by top actuator 

 

 

 

 

Figure 6+39 Force+displacement response recorded by mid actuator 
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Figure 6+40 Force+displacement response for mid and top floor actuators 

 

 

 

 

Figure 6+41 Force displacement for total response 
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6.13 Analysis and Comparisons 

This section provides analysis of the repaired perforated wall response, and 

comparisons between the repaired wall behaviour and the as�built behaviour. 

6.13.1 Deformation Modes 

The global deformation mode of the perforated wall for both the as�built test and 

the repaired test was governed by a weak spandrel response, and multi�storey 

rocking of the two interior piers. The textile reinforced mortar applied on the 

spandrel components increased the spandrel shear strength and prevented the 

development of any shear cracking, whereas shear cracking had occurred at this 

location during the as�built test. The spandrel and joint panels, which were 

repaired as one complete panel, behaved as a rigid component and translated 

horizontally by sliding on the interface with the top of the piers. The central 

spandrel components again acted as coupling beams between the rocking piers, 

exhibiting a flexural response characterised by vertical cracks occurring at the 

spandrel�joint interface. The spandrel and joint components at the base of the wall 

showed no sign of deformation. 

Figure 6�42 plots the vertical displacement measured at the base of the repaired 

wall. The plot shows that gauge V3SB, which measured the vertical displacement 

  

 

Figure 6+42 Vertical displacement at the base of the wall 
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at the bottom left corner below Pier BG, recorded a maximum uplift of up to 3 mm 

during the cycles to a total displacement of 24 mm. During the cycle to a lateral 

displacement of 24 mm the horizontal crack at the base of Pier BG extended  across 

the full length of the pier, and therefore resulted in a complete loss of cohesion 

between the base and the pier. This drift level corresponded to the point in the test 

where vertical displacement was no longer recorded by gauge V3SB. Following the 

complete separation between the base spandrel and Pier BG, no vertical 

displacement along the entire base of the wall was recorded, confirming that global 

rocking did not occur. 

6.13.2 Pier Displacement Profiles 

The displacement profiles for the external piers (A and D) are shown in Figure 6�43 

and Figure 6�44 respectively. The displacement profiles both show a linearly 

increasing lateral displacement up the height of the pier.  The lateral displacement 

of the second storey piers were affected by the capacity of the strain gauges in the 

larger displacement cycles, which is evident in the profile for Pier A, shown with 

magenta markers, where the lateral displacement up the height of the pier 

remained unchanged from the peak displacement of the previous cycle. For more 

detail the individual gauge readings are presented in Appendix C. The flattened 

positive peaks in the latter half of the test, shown for gauges H3A – H7A in Figure 

C�8, are indicative of the gauge having reached its maximum deformation capacity.   

 

Figure 6+43 Repaired Pier A lateral displacements 
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Figure 6+44 Repaired Pier D lateral displacements 
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response and with no signs of imminent collapse, a drift of 1.5% is suggested as an 

upper bound to the drift limits for a rocking response coupled with shear failure in 

the spandrel panels. At this same drift level, the repaired wall was still gaining in 

strength. Although the failure mode of the walls from the two tests were 

fundamentally similar, the change in the repaired wall from a force controlled 

brittle diagonal shear failure in the spandrel panels, to sliding shear in the top 

spandrel panels and flexural response in the central spandrel panels, which are 

both displacement controlled responses, led to an increased in the ultimate drift 

capacity of the repaired wall. 

 

Figure 6+45 Force+displacement response for the repaired wall and the as+built wall 
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tests on two storey brick masonry building models before and after strengthening 

the spandrels with reinforced concrete bands, local sealing of cracks and the 

installation of horizontal tendons. By strengthening the spandrel with the RC 

band, energy dissipation through spandrel deformation was prevented, resulting in 

collapse of the building due to shear failure of the piers. Benedetti et al. (2001) 

concluded that damage to spandrel beams had a greater influence on the energy 

absorption capacity then other types of damage, and therefore suggested that a 

strengthening strategy aimed at allowing controlled spandrel damage to occur 

would be beneficial in relation to energy dissipation and stability of the structure. 

The textile reinforced mortar repair technique applied to the damaged perforated 

wall allowed for a ductile failure mode within both the spandrel and pier 

components, resulting in an increase in energy dissipation. Figure 6�46 and Figure 

6�47 show cumulative hysteretic energy dissipated, plotted against lateral 

displacement for the top floor and ground floor response respectively.  Both figures 

show a general linear trend of increasing energy dissipated with increasing lateral 

displacement and minimal difference between 1st and 2nd cycles to a particular 

lateral displacement. 

 

 

Figure 6+46 Energy dissipation of top floor response of repaired wall 
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Figure 6+47 Energy dissipation of ground floor response of repaired wall 
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Figure 6+48 Energy dissipation comparison 

 

 

 

 

Figure 6+49 Equivalent viscous damping of repaired wall 
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6.14  Conclusions 

Pseudo�static testing of a half�scale two storey perforated URM wall representative 

of a typical Typology C New Zealand URM building was presented. The geometry 

of the wall was designed to investigate the effect of shallow spandrels on multi�

storey response. In addition, the damaged wall was repaired with a textile 

reinforced mortar strategically applied to control the failure mode and to improve 

performance. The following conclusions are drawn from the laboratory study: 

• The shallow central spandrels behaved as coupling beams, allowing multi�

storey pier rocking to occur in the two internal piers.  

• The external piers rocked over their inter�storey effective height. 

• The total response (top displacement against base shear) was found to 

approximate elastic perfectly�plastic behaviour, with a non�negligible non�

linear response. 

• The calculated level of displacement ductility was shown to be 

misrepresentative of the non�linear behaviour, with a calculated average 

displacement ductility of 20 for the total response. Ultimate drift was 

confirmed to be a representative measure of the deformation capacity of 

unreinforced masonry walls when subjected to in�plane seismic loading. The 

as�built wall reached an ultimate drift of 1.4% with minimal strength loss, 

but with extensive damage to the top spandrel. 

• Pier effective height for a flexure response was found to be dependent on 

loading direction for cases where the adjacent opening heights were not 

identical. 

• Repair of the damaged wall with strategically placed textile reinforced 

mortar resulted in an increase in hysteretic energy dissipation, a reduced 

elastic stiffness, an average 15% increase in lateral strength, and a similar 

drift capacity. 

 

The interpretation of the data from the two storey wall test is further considered in 

Chapter 7 and Chapter 8, where recommendations are made for appropriate 

modelling strategies for perforated URM walls. 
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Chapter Seven 

Linear Elastic Modelling of 

Perforated URM Walls 

7 Number 

 

The realisation of performance based earthquake engineering concepts in recent 

decades has led to the increasing adoption of non�linear static procedures for 

evaluation of the seismic performance of masonry buildings � such as the 

Coefficient method (ASCE/SEI 41�06 2000),  the Capacity Spectrum method (ATC 

1996; Freeman 1998), and the N2 method (Eurocode 8 2004; Fajfar and Fischinger 

1988) – which are each discussed further in Chapter 9. These procedures are all 

based on a comparison between the seismic demand and the building capacity in 

terms of displacement.  

The effects of confidence in the elastic stiffness defined for a structure are twofold. 

Firstly the capacity of the structure is represented by a non�linear force�

displacement curve, commonly referred to as a pushover curve. In order to 

determine the first yield point of the structure, an accurate representation of the 

elastic stiffness is required. Secondly, seismic demand is determined through 

response spectrum analysis of an equivalent single degree of freedom system, using 

either inelastic spectra, or elastic spectra with higher damping to represent the 

effects of hysteretic non�linear response. The dynamic characteristics of the single 

degree of freedom (S.D.O.F) structure are based on a bilinear representation of the 

global response of the multi�degree of freedom (M.D.O.F) system. Therefore an 
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accurate determination of the elastic stiffness of the structure influences the 

accuracy of the elastic stiffness of the bilinear idealisation, which is used to define 

the period, and hence to determine the demand on the structure. 

Currently assessment guides provide equations for determining individual pier 

stiffness based on simplified boundary conditions, but make no recommendations 

for simplified methods for determining the elastic stiffness of a multi�storey 

perforated URM wall, and hence no method is provided for determining the 

fundamental period of the complete wall.  A study of the accuracy and efficiency of 

four simplified methods, including three applications of lumped mass models and 

one example of equivalent frame modelling using a finite element programme 

(SAP2000) are presented. Pseudo�static testing of the one storey substructures 

(reported in Chapter 4) and the perforated wall (reported in Chapter 6) provided 

data on the initial elastic stiffness for a range of pier and spandrel geometries and 

configurations, with this data used in the validation of elastic stiffness predictions 

obtained from the simplified methods. In particular, the experimental data from 

the two storey wall allowed for the assessment of perforated walls having weak 

spandrels. 

7.1 Linear Modelling Approach 

The Equivalent Frame approach is an established method for modelling the non�

linear seismic response of perforated unreinforced masonry walls at a macro scale 

(Calderini et al. 2009; Magenes et al. 2006; Pasticier et al. 2008).  Equivalent 

Frame models may be used to represent the essential characteristics of perforated 

wall response with minimal computational expense when compared to finite 

element modelling and therefore this modelling technique is the focus of Chapter 8 

– ‘Non�linear modelling of perforated URM walls’. 

The Equivalent Frame approach involves idealisation of the perforated wall as a 

frame, where the piers and spandrels are modelled as linear elastic frame 

elements, and the non�linear response is concentrated in hinges located at points of 

damage concentration.  During a ‘push�over’ analysis of the equivalent frame, the 

response is dictated by the elastic stiffness of the pier and spandrel elements until 

a non�linear hinge is activated. Therefore in order to accurately model the elastic 



2D Linear Modelling using SAP2000 

   
� 261 � 

region of the force�displacement response, linear modelling of the tested 

substructures and two storey perforated wall when idealised as equivalent frames 

was conducted and calibrated against the experimental results.  

Linear modelling based on the Equivalent Frame approach has two main 

advantages. Firstly, a modal analysis of the model can be performed to determine 

the mode shapes and fundamental frequencies, and secondly the linear frame 

model is the basis of the non�linear equivalent frame model used to determine the 

non�linear force�displacement response of the wall. 

7.2 2D Linear Modelling using SAP2000 

Two dimensional linear modelling of the substructures reported in Chapter 4 and 

the two storey perforated wall reported in Chapter 6 was conducted using the non�

linear finite element programme SAP2000. The choice of software and modelling 

technique was assessed based on software availability, computational efficiency, 

and implementation complexity. SAP2000 is a powerful structural analysis 

programme that provides a 3D object based graphical modelling environment and a 

wide variety of analysis and design options completely integrated across one user 

interface and is therefore commonly utilised by practicing engineers, both in New 

Zealand and internationally. 

7.2.1 Implementation   

Applying the Equivalent Frame modelling technique to the substructures, a 2�

dimensional grid was defined with x and z grid lines nominated at the centre�lines 

of the piers and spandrels. Note that SAP2000 defines the +z axis as up by default, 

and therefore gravity acts in the –z direction.  Material properties were then 

specified. Using the material property data option, material type ‘other’ and 

material directional symmetry ‘anisotropic’ was selected. Anisotropic behaviour 

was selected as this option allows the user to define the Shear Modulus directly, 

rather than as a function of Poisson’s ratio as is automatically calculated for 

isotropic behaviour. To allow for a reduction in the Young’s Modulus of masonry in 

the horizontal direction, two options are available. Either two materials can be 

defined, with one material applied to the pier elements with E1, E2 and E3 all 
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being equal to the value of Young’s Modulus in the vertical direction (Emy), and the 

other material applied to the spandrel elements with  E1 equal to the value of 

Young’s Modulus of masonry measured in the horizontal direction (Emx), and E2 

and E3 equal to Emy. The advantage of this option is that it allows the default local 

axis of the spandrel to be used. The second option is to define one material with E1 

equal to the Young’s Modulus in the vertical direction and E3 equal to the Young’s 

Modulus in the horizontal direction, and to then rotate the local axes of the 

spandrel element so that local axis 1 is vertical.  

The Equivalent Frame model accounts for the stiffness of the spandrel when 

determining stiffness of the complete substructure. As a spandrel and its boundary 

conditions within a perforated wall are orientated at 90 degrees to the vertical, an 

estimate of the elastic modulus of masonry in the horizontal plane was needed. It 

was assumed for the purposes of SAP modelling that Emx = 0.6Emy.  

The linear frame sections are defined with both pier and spandrel section 

properties calculated using gross section geometries. All the substructures were of 

two leaf construction and therefore the spandrel elements had a regular 

rectangular cross�section, whereas the central spandrel in the two storey 

perforated wall included a step in thickness from three leafs to two leafs, and the 

top spandrels were arched and therefore had a varying cross�section along their 

length. To accommodate these variations in cross�section, the central spandrel was 

defined using the ‘section designer’ function, so that the change in thickness could 

be modelled within one section (see Figure 7�1), and the arched spandrel was 

simplified into two equivalent rectangular sections, as shown in Figure 7�2.  An 

‘inferior arched’ spandrel section and a ‘superior arched’ spandrel section were 

defined, where the depth of the ‘inferior arched’ section was equal to the joint depth 

and the depth of the ‘superior arched’ section was shallower, with a depth equal to 

the depth above the centre of the arch. Using an equivalent shear area, it was 

determined that the ‘superior arched’ section should have an effective length of 

78.5% of the opening width, and the ‘inferior arched’ section would form the 

remainder of the length on either side. 

The joint regions where the pier and spandrels intersect were modelled as rigid 

using rigid end off�sets with a rigid zone factor of 0.5. The Dolce (1989) model was 

used to determine the effective height of the piers, and therefore the rigid end 

offset lengths. For the substructures, h’ was defined as the height of the adjacent 
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opening as the piers were effectively internal piers due to the spandrel extending 

past the edge of the pier, and the inter�storey height was taken as the full height of 

the substructure. The determination of h’ for the piers in the two storey perforated 

wall is shown graphically in Figure 7�3.  

 

 

Figure 7+3 Determination of h’ measurements based on Dolce theory 

 

 

3
9

0
0

5
1
0

5
1

0
1

2
1

0
8

8
0

7
9

0

360 600 890 620 890 620 480

360 600 830 740 830 620 480

1157

1487
14491449

1418

1088 880880

30°

30° 30°

30°

30°

30°

30°
30°

 

 

Figure 7+1 Central spandrel  

cross+section 

 

Figure 7+2 Modelling of arched spandrel 
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Figure 7+4 Frame layout showing rigid end+offsets 

 

The effective length of the spandrel was set equal to the opening width. The frame 

layout, joint restraints, and rigid end offsets are depicted in Figure 7�4. The bases 

of the ground floor piers were assumed to have full restraint. As the top spandrel 

panels had different depths, the centrelines of the frame elements were offset, as 

shown in Figure 7�4. To connect the two sections, ‘equal’ joint constraints were 

applied for translation in the x and z direction, and rotation in the y direction. 

Calibration of the linear models with the experimental data provided appropriate 

property modifiers for moment of inertia and shear area for both piers and 

spandrels, which are presented in Table 7�1. A further reduction of the effective 

moment of inertia was applied to the piers of PS5 and PS6, as described fully in 

section 7.3.1. 

Table 7+1 Modification factors for modelling as equivalent frame in SAP2000 

 Moment of Inertia Shear Area 

Piers Ieff = 0.65Ig Aveff = 0.8Av 

Spandrel Ieff = 0.4Ig Aveff = Av 

 

The results of the linear modelling are presented in Table 7�2, in which it is shown 

that applying these factors consistently to the models of substructures PS1�PS5 led 
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to accurate assessment of the elastic stiffness of the unreinforced masonry 

substructures, with an average ratio of modelled stiffness to measured stiffness of 

0.966 and a coefficient of variation of 7.4%.  Applying the same modelling 

technique to substructure PS6 resulted in an underestimation of the elastic 

stiffness by 65%. It is therefore concluded that the reduction factors and effective 

pier height recommendations given in Table 7�1 are applicable to perforated wall 

structures with weak spandrels.  

 

Table 7+2 SAP2000 elastic stiffness comparison of substructures 

Substructure ËÌÍ 

(kN/m) 
KiSAP 

ËÌ ÎÏ ËÌÍB  

PS1 37173 35702 0.96 

PS2 26713 22763 
0.85 

PS3 37441 38491 
1.03 

PS4 31260 30432 
0.97 

PS5 29259 29922 
1.02 

PS6 148530 52604 
0.35 

Mean   0.966 

C.O.V (%)   13.4 

 

Modifying the substructure PS6 SAP2000 model by extending the rigid end off�sets 

so that the pier effective height was equal to the adjacent opening height, and 

increasing the effective moment of inertia of the spandrel so that it behaved as a 

rigid element, resulted in an elastic stiffness of 156887 kN/m (K6SAP/K6M = 1.06). 

This error of approximately 6% suggests that the linear elastic behaviour of 

substructure PS6 was more accurately modelled with an effectively rigid spandrel 

than with a flexible spandrel. 

The results of the modal analysis for the experimentally tested two storey 

perforated wall reported in Chapter 6 are shown in Table 7�3. The accuracy (shown 

as a ratio of stiffness determined by SAP2000  over the measured stiffness, �ÐÑÒ �ÓB  

) gave confidence to the method of modelling including the modification factors for 
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moment of inertia and shear area that were determined from modelling of the 

substructures. The first mode shape is presented in Figure 7�5, and shows that the 

deformed geometry is influenced by deformation of the spandrels and the piers. 

 

Table 7+3 SAP2000 modal analysis results for two storey perforated test wall 

ËÍ 

(kN/m) 

KSAP 

(kN/m) 

Ë ÎÏ ËÍB  1st mode 

period 

2nd mode 

period 

1st mode 

shape 

18177.86 18436.13 1.01 0.176 0.055 Ô0.5701 Õ 
 

 

 

Figure 7+5 First mode shape of two storey perforated wall structure 
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7.3 Elastic Stiffness by Hand Methods 

7.3.1  One Storey Substructures 

The elastic or initial stiffness of masonry is not easily determined as masonry is 

not a homogenous material, and moreover the lateral force�displacement response 

of a URM structure does not have a clearly defined yield point as cracking initiates 

almost simultaneously with applied lateral force. ASCE (2007) suggests that, 

“laboratory tests of solid shear walls have shown that behavior can be 

depicted at low force levels using conventional principles of mechanics for 

homogenous materials. In such cases, the lateral in�plane stiffness of a solid 

cantilevered shear wall, K, can be calculated using [Equation (7�1)].” 

� =  1ℎ/!!Ö3¥pH/!! + ℎ/!!�q»/!!
 

 
(7+1) 

 

Equation (7�1) is specified for determining the initial stiffness of uncracked URM 

walls and piers when subjected to low levels of lateral force, where heff is the 

effective height of the wall (which is taken as the full height for a cantilevered 

wall), Em is the Young’s Modulus of masonry and Gm is the masonry shear modulus, 

with Em and Gm taken as 2.25 GPa and 0.9375 GPa as found from extensive 

material testing conducted by a colleague. The description of the testing to 

determine shear modulus are reported elsewhere (Russell 2010) and used with 

permission. 

The comparison between the calculated elastic stiffness and the bilinear elastic 

stiffness for each substructure, as determined from the bilinear idealisation of the 

experimental data (reported in Chapter 4), is presented in Table 7�4, where �zF is 

the average of the elastic stiffness values determined from the bilinear idealisation 

(refer Table 4�6) for positive and negative loading directions for substructure i, 

where i = the substructure number (1�6).  For comparison of the substructure 

bilinear elastic stiffness values, three cases are considered. For Case 1 ( �z×cS the 

assumption is made that in the elastic state, the substructure can be delineated 

into two piers and a coupling beam, as indicated by the spandrel deformation Mode 
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A diagram in Figure 4�27. The total stiffness is therefore calculated as the addition 

of the individual pier stiffnesses. �z×c is the calculated stiffness based on equation 

7�2 where heff is equal to the total height of the substructure and the piers have 

cantilevered (fixed�free) boundary conditions. Case 2 (�z×JS is the calculated 

stiffness based on equation 7�2 where heff is equal to the effective height as 

originally proposed by Dolce (1989) (see section 2.6.3), also with cantilevered 

boundary conditions. Case 3 (�z×ÖS is the calculated stiffness based on equation 

(7�2) for piers with fixed�fixed boundary conditions and an effective height that is 

equal to the adjacent opening. 

� =  1ℎ/!!Ö12¥pH/!! + ℎ/!!�q»/!!
 

 

(7+2) 

 

The effective height and boundary condition assumptions for Case 3 are consistent 

with the rigid spandrel�weak pier simplification which ASCE (2000) and NZSEE 

(2006) recommend for the assessment of perforated URM walls loaded in�plane. KiM 

is the measured initial stiffness for each substructure before ‘yielding’ and was 

defined by the chord modulus of the force�displacement response during the first 

cycle of loading. The response of URM walls is highly non�linear and therefore the 

‘elastic’ range of response only applies at very low displacement amplitudes. 

The non�linear static performance based methods (such as the N2 method (Fajfar 

and Fischinger 1988) and the capacity spectrum method (Freeman 1998)) combine 

the pushover analysis with a response spectrum analysis of an equivalent single 

degree of freedom system to determine seismic loads, hence an approximation of 

the wall elastic stiffness is required to determine the fundamental period of the 

wall. Therefore the hand calculation methods (�z×c, �z×J  �P- �z×Ö ) were calibrated 

to give a best fit with the bilinear elastic stiffness. In the process of comparing 

stiffnesses, it was found that the elastic stiffness was related to the deformation 

mode in the elastic range, which in turn dictated the failure mode. For example, for 

PS1, PS2, PS3, PS4 and PS5 where the piers exhibited a rocking mode, the elastic 

stiffness could be closely modelled assuming the piers to have an effective height 

greater than the adjacent opening and have cantilevered boundary conditions 

(method �z×c �P- �z×J S, whereas for PS6 where the piers failed in shear, the 

bilinear elastic stiffness was found by assuming the pier effective height to be 

equal to the opening height with fixed�fixed boundary conditions (method �z×Ö S. 
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An effective moment of inertia for all pier elements of 0.5 of the gross moment of 

inertia was found to give the best correlation between the bilinear elastic stiffness 

of the measured response and the hand calculated stiffness.  In addition to the 

reduction in gross moment of inertia, a further reduction factor (kc) should be 

applied to the pier effective moment of inertia if the cohesion between the base of 

the pier and the rocking surface is lost, for example, where the pier has previously 

cracked horizontally along the base. This proposal is specifically shown in equation 

(7�3). 

Icr = kcIeff 
where kc = 0.65 

 

(7+3) 

A value of 0.65 for the kc factor to account for cracking at the base of the pier was 

found by calibration of the calculated elastic stiffness with the measured elastic 

stiffness for the piers of substructures PS5 and PS6. The piers of PS5 were recycled 

from the testing of PS3 so had horizontal cracks at the base before testing, and due 

to height restrictions PS6 was constructed on the testhall floor rather than being 

seated in the concrete bases, and the piers of PS6 were therefore not fixed at the 

base, making the base of the piers effectively cracked. The 0.65 reduction of the 

effective moment of inertia was applied in all hand calculation methods for 

substructure PS5 and PS6, as presented in Table 7�4. 

Table 7+4 Elastic stiffness of substructures 

Substructure ËÌÍ 

(kN/m) 

ËÌÞ 

(kN/m) 

ËÌß� ËÌÞB  
ËÌßà ËÌÞB  

ËÌßá ËÌÞB  

PS1 37173 24106 0.61 1.11 3.83 

PS2 26713 12436 0.86 1.13 4.76 

PS3 37441 24640 0.40 0.98 3.75 

PS4 31260 19809 0.31 1.04 4.66 

PS5 29259 14667 0.45 1.11 4.73 

PS6 148530 147845 0.03 0.11 1.01 

Mean   0.526* 1.08* 3.79 

C.O.V   0.411* 0.060* 0.379 

*  Average and coefficient of variation calculated excluding PS6 value 
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The average ratio of calculated to measured elastic stiffness for Case 1, where the 

effective height is taken as the total height, is shown in Table 7�4 as 0.526, with a 

coefficient of variation of 41.1%, whereas when the effective height is calculated 

using the Dolce (1989) method (Case 2), the average ratio is 1.08 and the coefficient 

of variation is reduced to 6.0%.  For Case 3, where the spandrel is assumed rigid 

and the piers therefore have an effective height equal to the opening height and 

fixed�fixed boundary conditions are assumed, the overall average ratio of calculated 

stiffness to elastic bilinear stiffness is 3.79, with a coefficient of variation of 37.9%, 

but for substructure PS6 only, the ratio is 1.01 indicating that this method is 

accurate for when the piers fail in a shear mode. 

7.3.2 Multi+storey Perforated Walls 

A number of methods have been proposed for calculating the stiffness of a 

perforated masonry wall (Schneider and Dickey 1987; Tena�Colunga and Abrams 

1992) which get exponentially more complex with increasing number of stories.  

Modelling of perforated unreinforced masonry walls as equivalent frame structures 

has been proven to be a useful and efficient method for modelling their non�linear 

response (Calderini et al. 2009; Pasticier et al. 2008; Sabatino and Rizzano 2010) 

and for capturing the cracked linear response as shown in section 7.2. Therefore 

this section presents lumped mass idealisations based on the Equivalent Frame 

approach. 

Applying the finite element method, three lumped mass idealisations have been 

proposed and computed, comparing total stiffness (base shear against top lateral 

displacement) recorded during experimental testing, and first and second mode 

shape and period (referenced against the modal output from the SAP2000 

Equivalent frame model).  

The first model, Model A, involves idealisation of the wall as a simple system with 

a degree of freedom for each diaphragm level.  The mass is lumped at the floor 

heights, the spandrels stiffness is not modelled directly but used to determine the 

boundary conditions on the piers, and the pier stiffness at each level is directly 

summed to obtain a single stiffness for each level.  Model B is used to investigate 

the effect of mass distribution on calculating stiffness. The individual pier mass is 

lumped at the centre height of each pier, and the spandrel and applied mass is 
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lumped at the two floor heights.  When using the third model, Model C, the mass at 

the floor levels is lumped similar to Model A, but the spandrel stiffness is 

accounted for, therefore eliminating the need to determine the pier boundary 

conditions a priori. 

7.3.3 Application to Representative Frame 1 

An idealisation of a two storey three bay perforated wall tested experimentally and 

reported on in Chapter 6 (which was based on Representative Frame 1), is shown 

in Figure 7�6 for each of the three models.   Model A has two degrees of freedom 

which are translational in the horizontal direction at the diaphragm levels, Model 

B has ten degrees of freedom which are all translational in the horizontal direction 

at lumped mass locations, and Model C also has ten degrees of freedom, two of 

which are translational in the horizontal direction, and eight which are rotational 

at the joint locations. 

The stiffness and mass matrix are formed for each model, and are presented in 

Appendix D. The eigenvalue problem for each model is then solved, using either 

static condensation (for Model B) or modified dynamic reduction (for Model C) to 

reduce the larger matrices down to two degrees of freedom. 

The total stiffness of the three models is compared to the bilinear elastic stiffness 

reported in Chapter 6 for the two storey perforated unreinforced masonry wall, and 

the 1st and 2nd mode periods and mode shapes are compared with the output from 

the equivalent frame model assembled in SAP2000. 
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a) Model A b) Model B 

 

 

c) Model C – before dynamic reduction 

 

 

 

d) Model C – after dynamic 

reduction 

Figure 7+6 Lumped Mass Models for multi storey perforated URM walls 
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7.3.3.1 Model A 

Using Model A it is assumed that the perforated wall can be modelled as an 

equivalent two degree of freedom system, with the piers governing the stiffness of 

the wall, and the spandrel stiffness relative to the pier stiffness being either 

infinite or zero. The stiffness of k1 is the sum of the individual ground floor pier 

stiffnesses, and k2 is the sum of the individual top floor pier stiffnesses. Calculated 

stiffness accounting for both flexure and shear resistance is presented in Appendix 

D for both cantilevered and fixed�fixed boundary conditions, and the effective 

height of the piers is equal to the adjacent opening height, inter�storey height, or 

the effective height as determined by the equation proposed by Dolce (1989). 

Using the simplified lumped mass Model A, the stiffnesses of each individual pier 

can be calculated as per equation (7�1) or equation (7�2) depending on the boundary 

conditions, due to the assumed spandrel stiffness. Calculating the stiffness of each 

pier directly has the advantage of being able to include the effects of shear 

deformation, which is more complex to include in Model C. Consistent with the 

findings from modelling of the one storey substructures, the effective moment of 

inertia was taken as 0.5 of the gross moment of inertia. In this case no further 

reduction was applied to the moment of inertia to account for a reduction in 

cohesion, as the failure surfaces for the ground floor piers in the two storey 

perforated wall were at the interface with the base spandrel and not the ground as 

was the case for substructures PS5 and PS6. 

In Table 7�5 the stiffness and 1st and 2nd mode periods are presented as calculated 

using simplified model A, for different boundary conditions and effective heights for 

the piers.  The stiffness is calculated by assuming a displacement of 1 mm applied 

at u2, and a displacement of 0.57 mm applied at u1, which is consistent with the 

displacements applied to the experimental test wall.  Stiffness is shown as an 

absolute value for the five different combinations of boundary conditions and 

effective heights, with the accuracy of the model shown as a percentage based on 

the bilinear stiffness presented in Chapter 6.  

The results indicate that assuming the spandrel to be infinitely rigid, and therefore 

imposing fixed�fixed boundary conditions on the piers, grossly over estimates the 

elastic stiffness of the wall (by 314%). The most accurate representation assumes 
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  Table 7+5 Simplified lumped mass Model A results 

Boundary 

Conditions 

Fixed Fixed Fixed Cantilevered Cantilevered 

Effective 

Height 

To adjacent 
opening 

Dolce height Interstorey 
height 

Dolce Height Interstorey 
height 

Stiffness 

(kN/m) 

68,688 

(314%) 

36,989 

(122%) 

17,881 

(7.4%) 

11,068 

(�33.5%) 

5,005 

(�69.9%) 

1st mode 

period (sec) 

0.066 0.091 0.130 0.165 0.245 

2nd mode 

period (sec) 

0.023 0.032 0.045 0.056 0.082 

 

that the spandrel has negligible stiffness and that the piers are therefore 

effectively unrestrained against rotation at floor heights. The assumption of null 

restraint at the floor levels results in a cantilevered deformation based mode shape 

which matches the description of failure that was observed during pseudo�static 

testing (see Chapter 6).   Comparing the periods calculated from Model A assuming 

cantilevered piers and the Dolce method effective height, with the periods from the 

SAP2000 model, the first mode periods are within 5.4% and the second mode 

periods are within 2.5%, but for Model A the elastic response of the structure is 

defined to be 33.5% more flexible than was measured. Adopting cantilevered 

boundary conditions and inter�storey effective pier heights, the predicted stiffness 

is calculated to be within 10% of the bilinear elastic stiffness, but the periods are 

shorter than those found from equivalent frame modelling. The mode shape for the 

first mode is  Ô0.7421 Õ for both cantilevered and fixed�fixed boundary condition cases, 

where u2 is equal to a unit displacement at the top floor, which compares poorly 

with the mode shape computed by the SAP2000 model (see section 6.5). The 

difference in mode shapes is a feature of the lumped mass modelling technique and 

the assumptions of spandrel stiffness, which are both on the extreme ends of the 

spectrum. 

7.3.3.2 Model B 

The distribution of mass within an unreinforced masonry building differs from the 

distribution in a typical reinforced concrete frame building as the majority of the 



Elastic Stiffness by Hand Methods 

   
� 275 � 

mass is within the walls themselves. Unreinforced masonry walls can typically be 

up to five leafs thick at the base (590 mm) resulting in a unit weight of 

approximately 10.4 kN per square metre of wall area. Therefore a lumped mass 

model where the mass is only lumped at the diaphragm level does not accurately 

portray the distribution of mass within the wall. Model B was formulated to 

investigate the effect that lumping the mass more evenly throughout the wall had 

on the calculation of natural frequencies and mode shapes. 

Model B is an extension of Model A, where both the flexural and the shear pier 

stiffness are included and the spandrel stiffness is either fully rigid or negligible 

and needs to be determined a priori based on aspect ratios and geometry. As seen 

in Figure 7�6b, the stiffness for each pier (kx) is defined for half the pier height. If 

the spandrel stiffness is found to be relatively rigid when compared to the pier 

stiffness then the pier is effectively fixed against rotation at the pier ends, and 

therefore the half height stiffness for Model B is to be calculated using equation 

(7�1) for cantilevered piers with the height equal to half the pier effective height. If 

the spandrel stiffness is negligible, giving no rotational restraint to the pier ends, 

then the stiffness of half the pier should be calculated using equation (7�1) for 

cantilevered piers and taking the height as 0.7937 of the pier effective height. 

The stiffness and mass matrix for Model B are presented in Appendix D. As the 

static condensation method provides only an approximate solution to the 

eigenvalue problem the Modified Dynamic Condensation algorithm proposed by 

Paz (1989) was utilized to solve for natural frequencies and mode shapes. 

The results of the analysis for Model B are presented in Table 7�6 for two cases, 

with the first case allowing for an effectively rigid spandrel and therefore fixed pier 

boundary conditions, and the second case assumes that the spandrel stiffness is 

negligible and therefore the piers can be modelled as cantilevers. For both cases 

the pier effective height was based on the Dolce method. The cantilevered 

boundary condition provided good agreement with the SAP2000 model for the first 

and second mode period, but resulted in an underestimation of the linear stiffness 

of the bilinear idealisation of the experimental results. Modelling the piers with 

fixed boundary conditions is shown to overestimate the total stiffness and therefore 

resulted in periods that were on average 45% shorter than the SAP2000 estimates. 

Of more interest is the comparison of the results from Model A and Model B for 
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equivalent boundary conditions and effective pier height parameters. When 

comparing stiffness and first mode and second mode periods it is found that the 

two models produced comparative results, with periods differing by less than 2% 

and stiffnesses differing by between 0.05% and 4 % across the two models. 

 

Table 7+6 Simplified lumped mass Model B results 

Boundary Conditions Fixed Cantilevered 

Effective Pier Height To Dolce 
height 

Dolce Height 

Stiffness (kN/m) 36987 

(122%) 

10,653 

(�36.0%) 

1st mode period (sec) 0.090 0.167 

2nd mode period (sec) 0.031 0.054 

1st Mode Shape Ô0.7001 Õ Ô0.7221 Õ 
 

7.3.3.3 Model C 

The development of Model C allowed for an intermediate, realistic stiffness of the 

spandrel element, by formulating the stiffness matrix with respect to ten degrees�

of�freedom:  two translational D.O.Fs at the two floor heights (u1 and u2), and 

eight rotational D.O.Fs at the joints (u3 – u10).  The masses are lumped as single 

masses at the two floor levels (with half the first floor mass being distributed to the 

foundation level) and are therefore related to u1 and u2. To reduce the number of 

required calculations only flexural stiffness was included in Model C, and therefore 

the model is likely to slightly overestimate the global stiffness.  

The advantage of Model C over the simplicity of Model A is that as the stiffness of 

the spandrel is directly accounted for, no assumptions on the pier boundary 

conditions need to be made. The stiffness matrix for the experimentally tested wall 

that was idealised using Model C is presented in Appendix D. The 10 × 10 matrix 

is then reduced using static condensation such that it is expressed in relation to the 

degrees of freedom where the external forces were applied (u1 and u2) (Paz and 

Leigh 2004). The stiffness coefficients were computed using a length (L) equal to 

the pier effective height determined by the Dolce method, and the opening width 
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for the spandrels.  The change of moment of inertia within the arched spandrel was 

not modelled, but rather a conservative simplification was made where the gross 

moment of inertia for the shallowest part of the arch was applied consistently 

across the spandrel length. The effective moment of inertia was taken as 0.65 of 

the gross moment of inertia for piers, and as 0.4 of the gross moment of inertia for 

spandrels, as is consistent with the findings presented in section 7.2.1. The Young’s 

Modulus in the horizontal direction was assumed to equal 0.6 of the Young’s 

Modulus in the vertical direction. 

The results from the analysis of Model C are shown in Table 7�7. The total stiffness 

was found to be 30.2% greater than the measured bilinear elastic stiffness, which 

meant that the periods were shorter than those found in the SAP2000 model. This 

difference in stiffness is reasonable because the shear deformations were not 

considered, which would decrease the stiffness, and the rigid�end offsets which 

were defined in the SAP2000 model were not included in the formation of Model C. 

Typically in perforated unreinforced masonry walls the intersection of the pier and 

spandrel in the joint region is a significant portion of the inter�storey pier height.  

In the SAP2000 model this joint region was modelled as a rigid�end offset with a 

rigid factor of 0.5, and therefore the joint region was not completely rigid and 

instead contributed to the effective length of the pier.  To investigate this effect, the 

analysis of Model C was re�run with the pier effective height being increased by 

10%. The results of this second analysis are shown in Table 7�8. The increase in 

effective pier length resulted in a stiffness that was almost equal to the bilinear 

elastic stiffness (difference of �0.4%), and a first mode period that was within 5% of 

the first mode period determined from the equivalent frame analysis using 

SAP2000. In addition, Model C was computed for effective moments of inertia of 

0.4 and 0.35 of the gross moment of inertia for piers. This reduction from the best�

fit value of 0.5 that was found for the substructures was trialled to account for the 

shear deformations and the effects of joint region stiffness. The results presented in 

Table 7�8 show that both cases resulted in estimated elastic stiffness values within 

10% of the measured elastic stiffness, but that both cases led to an 

underestimation of the first mode period. 

As discussed earlier, the main advantage of Model C is the inclusion of the 

spandrel stiffness. The effect of including the spandrel stiffness is highlighted in 

the mode shape, which for Model C is shown to be approximately 
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Ô0.511 Õ which is comparable with the mode shape determined by the SAP2000 

model, of Ô0.571 Õ.  
 

Table 7+7 Simplified lumped mass Model C results 

Spandrel Effective Length Opening Length 

Effective Pier Height To Dolce height 

Stiffness (kN/m) 21680 

(30.2%) 

1st mode period (sec) 0.14 

2nd mode period (sec) 0.036 

1st Mode Shape Ô0.511 Õ 
 

 

Table 7+8 Calibration of Model C for two storey perforated wall 

Pier Ieff factor 0.5 0.5 0.4 0.35 

Spandrel Ieff factor 0.2 0.2 0.2 0.2 

Spandrel E factor 0.6 0.6 0.6 0.6 

Spandrel Effective 

Length 

Opening 
Length 

Opening 
Length 

Opening 
Length 

Opening 
Length 

Effective Pier Height Dolce height 1.1 x Dolce 
height 

Dolce height Dolce height 

Stiffness (kN/m) 21680 

(30.2%) 

16720 

(�0.40%) 

18027 

(8.2%) 

16175 

(�2.8%) 

1st mode period (sec) 0.140 0.163 0.151 0.156 

2nd mode period (sec) 0.036 0.042 0.039 0.040 

1st Mode Shape Ô0.511 Õ Ô0.501 Õ Ô0.521 Õ Ô0.531 Õ 
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7.4 Period Range Investigation 

Period is known to lengthen with increasing overall building height, and with 

decreasing stiffness. Therefore to determine a preliminary range of periods for 

multi�storey unreinforced masonry buildings, three perforated walls were idealised 

as equivalent frames, and the models were generated in SAP2000. The walls 

modelled were the three ‘Representative Perforated Walls’ detailed in Chapter 2. 

The geometry of the walls and the fenestration patterns were such that a range of 

wall heights (two, three and five storey buildings) and fenestration patterns were 

investigated.  In addition, it has been shown that if the spandrel is effectively rigid, 

so that all the deformation is concentrated in the piers which have fixed�fixed 

boundary conditions, the overall stiffness of the wall is significantly higher than if 

the same wall responded in a ‘weak’ spandrel response, where deformation occurs 

in both the spandrels and the piers, and the pier stiffness is reduced by way of the 

change in boundary conditions, and therefore the overall stiffness is lower and the 

period is longer. For these reasons the spandrel elements were modelled in two 

ways: 1) allowing for spandrel deflection and rotation; and 2) modelling the 

spandrels as rigid beams. In this way, the walls were modelled with ‘weak’ 

spandrels and with ‘strong’ spandrels representing the lower bound and upper 

bound limits of the period for each representative wall.  

To assess the validity of assuming that the period of unreinforced masonry frames 

always lies on the plateau of the response spectrum curve, the most flexible 

perforated wall was modelled and the period determined. As period is a direct 

function of stiffness, the tallest and most flexible wall will be representative of the 

walls in the upper range of URM in�plane wall period assuming that the mass 

distribution within perforated URM walls is similar. Hence the five storey 

‘Australis House’ facade wall (Representative Frame 3) with ‘weak’ spandrels, was 

chosen as a template to define the upper bound of the period range for New 

Zealand URM buildings. This perforated wall was considered to be one of the 

tallest URM buildings in New Zealand and has slender piers which have a 

comparatively lower stiffness than more stocky piers.  

In addition to geometric features, the stiffness of the piers and spandrels is also a 

function of the material properties, and in particular Young’s Modulus and Shear 

Modulus. The work on New Zealand masonry material properties by Lumantarna 
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(2012) suggests that the lower bound of masonry compressive strength is 

approximately 5.72 MPa. Applying the empirical relationship for E based on 

masonry compressive strength (¥ = 300T′p) as proposed by Lumantarna (2012), 

the lower bound for Young’s Modulus was determined. The Young’s Modulus (E) 

adopted for the three representative perforated walls was taken as 1.72 GPa for 

the piers, and as 1.032 GPa (0.6*1.72) for the spandrels. 

In Table 7�9 the fundamental periods are presented for the three representative 

perforated walls with both flexible spandrels and with rigid spandrels. 

 

Table 7+9 Fundamental periods for three URM in+plane walls (in seconds) 

 
Flexible Spandrels Rigid Spandrels 

Representative Frame 1 0.182 0.133 

Representative Frame 2 0.635 0.433 

Representative Frame 3 0.699 0.487 

 

In Figure 7�7 the upper bound fundamental periods are shown as determined from 

the three representative perforated walls detailed in Chapter 2. The figure shows 

the calculated period for each wall for the cases of rigid spandrels and deformable 

spandrels, over�laid onto the Spectral Shape Factor curves for the different soil 

types. It is illustrated that the period for Representative Perforated Wall 1 (RPF 1) 

which has two stories is within the plateau region of the spectra curves for all soil 

types.  For the three and five storey perforated walls (Representative Perforated 

Wall 2 (RPW 2) and Representative Perforated Wall 3 (RPW 3)), the fundamental 

periods are in excess of the plateau period range for soil types A, B and C, but 

within the plateau range for soil type D and E when the spandrels are modelled as 

rigid elements, and within the plateau range for soil type E only, when spandrel 

deformability is modelled. 

From these results it has been determined that only under extreme circumstances 

would the period of a two storey perforated URM in�plane wall be greater that the 

plateau of the elastic spectrum provided in NZS1170.5, and that therefore it can be 

assumed that the period will lie on the plateau for demand assessment purposes. 

For perforated URM walls greater than two stories in height, determination of the 
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period is required through a linear elastic Equivalent Frame model as detailed 

above, or by any other means deemed appropriate. 

 

 

Figure 7+7 Representative Perforated Wall periods plotted on the  

Spectral Shape Factor Chart from NZS1170.5 

 

 

7.5 Discussion 

Three lumped mass models for calculating period and elastic stiffness of perforated 

unreinforced masonry walls were presented. The accuracy of these models was 

assessed by comparing predicted response with the linear stiffness of the measured 

bilinear idealisation from a series of pseudo�static tests on unreinforced masonry 

structures. Model A was uncomplicated to formulate, but oversimplified the 

structural response and therefore resulted in a first mode shape that was not 

representative of the experimental wall deformation under increasing lateral 

displacement. Model B required ten degrees of freedom to describe a two storey, 

three bay perforated wall, and required dynamic reduction to solve the eigenvalue 
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problem.  The estimation of the mode shape and elastic stiffness was found to be 

not altered by the more realistic distribution of mass described by Model B, and 

therefore this model is not recommended as a simplified model. Model C, which 

included the effect of a realistic estimate of spandrel stiffness, gave results that 

were accurate for practical applications, but as this method requires competency in 

finite element methods, does not present a simple economical method for 

calculating the period of perforated walls.  

For determining elastic stiffness and the period of multi�storey perforated 

unreinforced masonry walls an Equivalent Frame constructed in a software 

programme, such as SAP2000, was found to be both time and computationally 

efficient and is therefore the recommended approach for determining these 

parameters. 

From modelling of the substructures detailed in Chapter 4 it was found that the 

elastic stiffness was related to the deformation mode in the elastic range, which in 

turn dictated the failure mode. The modification factors suggested for the moment 

of inertia and shear area for both piers and spandrels were shown to lead to good 

agreement being obtained for the substructures and the two storey wall where the 

spandrels were the weaker component. It can therefore be concluded that the 

confidence of the proposed modelling approaches and recommendations is high 

when applied to perforated walls for which deformation within the spandrel is 

expected.  This body of work should be extended to test the validity of the approach 

for cases where the spandrels are effectively rigid and the deformation is 

concentrated in the piers. 

Good agreement with the stiffness measured for substructure PS6 was found using 

the frame based desktop hand method applying fixed�fixed boundary conditions to 

the piers, and assuming an effective height equal to the adjacent opening height. 

For the same geometry, but applying cantilevered boundary conditions and using 

the Dolce effective pier height (ie modelling the same structure if the spandrel was 

the weak component), resulted in a stiffness that was 5.9 times less. The 

implication of this finding is that a URM structure which essentially has ‘weak’ 

spandrels, will be significantly more flexible than a URM similar structure with 

‘strong’ spandrels, and will hence have a longer period. 
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7.6 Conclusions 

Linear elastic modelling was conducted to determine cracked section reduction 

factors and to investigate the relationship between deformation mode and linear 

stiffness. 

• Effective pier height as proposed by Dolce (1989) was found to be an 

appropriate methodology for determining the height over which piers 

deform in a wall with weak spandrels. 

• Desktop lumped mass models with more realistic mass distribution resulted 

in minimal difference to the calculated stiffness and first mode period 

predictions when compared with lumped mass models having storey 

tributary mass lumped as a single mass at the diaphragm levels. 

• Using hand methods it is possible to compute accurate estimates for 

stiffness for practical purposes, but these methods are not particularly time 

efficient. 

• The fundamental periods for perforated URM multi�storey walls up to 5 

stories in height (approx. 23m) were found to have an approximate range of 

0.1�0.8 seconds, and therefore these periods cannot be assumed to lie on the 

plateau of the response spectra in all cases.  

• A simple Equivalent Frame based approach with modification factors 

applied to the second moment of inertia and shear area of the pier and 

spandrel elements is recommended for the determination of the stiffness 

and fundamental period of perforated URM walls loaded in�plane over two 

stories. 
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Chapter Eight 

Non�linear modelling of perforated 

URM walls 

8 Eight 

The highly non�linear behaviour of perforated unreinforced masonry walls makes 

linear static analysis methods inadequate and inaccurate and therefore for both 

academics and practicing structural engineers non�linear analysis of unreinforced 

masonry buildings is required in order to fully describe their seismic capacity. In 

addition, the utilisation of performance�based earthquake engineering concepts, 

specifically being the Coefficient method (ASCE/SEI 41�06 2000), the Capacity 

Spectrum method (ATC 1996; Freeman 1998), and the N2 method (Eurocode 8 

2004; Fajfar and Fischinger 1988) – as discussed further in Chapter 9 � involves 

the application of non�linear static procedures to evaluate the seismic performance 

of unreinforced masonry buildings. These procedures are based on a comparison 

between the seismic demand and the building capacity in terms of displacement. 

The building displacement capacity can be defined by a force�displacement curve 

(‘pushover’ curve) which describes the global inelastic response of the structure. 

This curve can be obtained by means of a non�linear static analysis, which involves 

subjecting the structure idealised using a modelling technique to a distribution of 

static lateral loads of increasing magnitude.   

The idealisation of perforated unreinforced masonry walls can be achieved through 

different modelling approaches. Two main computationally based approaches can 
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be identified in the literature: meso�models, which employ the finite element (FE) 

method to describe a URM structure in detail by discretising the mortar and brick 

units into multiple elements and adopting suitable constitutive laws, and macro 

models, which delineate the perforated wall into panels (spandrels and piers) in 

which the non�linear response is concentrated. Of this second type of modelling, 

Equivalent Frame models have been recognised as producing promising numerical 

results (Cattari and Lagomarsino 2008; Magenes et al. 2006; Pasticier et al. 2008). 

Although accurate predictions of the structural response and associated cracking 

pattern in URM buildings can be generated by complex meso scale FE models, the 

computational skill and high time cost often leads to this approach being 

discounted for everyday use. Equivalent Frame models are able to represent the 

essential characteristics of perforated wall response with minimal computational 

expense and can be used to assess the key design parameters of failure mode, 

ultimate strength, and maximum displacement. As the primary aim of this 

research was to present accurate and efficient methods for assessing the capacity of 

typical New Zealand existing perforated unreinforced masonry walls, for use by 

practicing engineers, the Equivalent Frame approach is a justifiably sound choice.  

Although Equivalent Frame models are not novel for the analysis of URM 

structures, the full potential of the method has not been completely studied, and in 

particular the implementation of accurate strength criterion for spandrel panels 

has not be considered. 

In this chapter, the main features of the Equivalent Frame model used to represent 

the non�linear behaviour of perforated unreinforced masonry walls are discussed. 

Closed�form solving of sectional equilibrium equations to evaluate the flexural 

strength of pier and spandrel components for different stress�strain relationships 

are presented, and used to define coupled axial�moment hinges. Finally, a 

comparison between the modelled force�displacement response and the 

experimentally obtained force�displacement response for the six sub�structures 

reported on in Chapter 4 and for the two storey perforated wall reported on in 

Chapter 6 is presented and discussed. 
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8.1 Background 

In most cases global analysis of unreinforced masonry buildings has been limited to 

linear (static and dynamic) methods for practitioner use due to computational 

demand, lack of reliable models and complexity.  Non�linear models have a key 

advantage of accurately modelling the force distribution between piers at the 

ultimate limit state, with element forces distributed based on strength capacity 

and not on initial elastic stiffness as done in linear analysis. Recent progress in 

non�linear static methods has reduced computational demand, and provided sound 

evidence of accuracy by comparison against a number of full�scale experimental 

results, which has led to non�linear pushover analysis of isolated unreinforced 

masonry walls being plausible for practitioner application.  

The need for non�linear analysis methods for unreinforced masonry structures was 

first recognised by Tomaževic (1978) following the 1976 Fuili earthquake. The POR 

method developed by Tomaževic is based on a “storey mechanism” approach where 

separate non�linear shear�displacement analyses are carried out for each storey, 

and non�linearity is confined to the piers, which are characterised by an idealised 

non�linear shear�displacement curve. 

8.1.1 Equivalent Frame 

Using the “storey mechanism” approach as a base, non�linear methods based on an 

equivalent frame idealisation of perforated multi�storey unreinforced masonry 

walls have been developed (Galasco et al. 2002; Magenes and Della�Fontana 1998; 

Magenes et al. 2006). The SAM (Simplified Analysis of Masonry buildings) code 

developed by Magenes and Della�Fontana extends the ‘POR’ approach to enable the 

interaction between storeys to be captured. The analysis of individual storeys is 

unable to account for the variation in axial load due to overturning effects of the 

horizontal load, which affects the flexural and shear strength of the individual 

piers.  In addition, a storey based approach requires an assumption to be made on 

the boundary conditions of the piers. In a multi�storey approach, the boundary 

conditions of the piers are strongly affected by the strength and stiffness of the 

coupling beams (spandrels), which have a defined shear strength. The state of 

stress in the spandrels cannot be accurately determined from a storey analysis, and 

therefore a global analysis is required to determine representative stresses.  
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An equivalent frame model idealises the perforated wall geometry as a frame with 

two distinguishable types of panels: (1) ‘piers’, which are the primary vertical 

resistant elements for both dead and seismic loads; and (2) ‘spandrels’ which are 

the secondary horizontal elements, coupling the piers in the case of seismic loads. A 

regular layout of openings is required, such that the spandrel horizontal centre�

lines are in alignment, and the pier vertical centrelines are in alignment limiting 

application of the method.  

In an equivalent frame model the pier and spandrel elements are modelled as 

linear�elastic frame elements with flexural and shear deformability. Similar to 

modelling reinforced concrete frames, full rigid�end offsets are applied to the joint 

regions to define the element lengths for formation of the stiffness matrix in the 

elastic range, and to define the locations of maximum moment for strength checks 

(Magenes and Della�Fontana 1998). Typically spandrel effective lengths are equal 

to the clear distance of the opening, and the empirical approach proposed by Dolce 

(1989) is used to determine rigid offsets in piers.   

Traditionally mechanical non�linearity has been modelled by flexure springs 

located at the end of the pier and spandrel elements and by shear springs located 

at the mid�span of the piers and spandrels. A rigid�perfectly plastic idealised 

moment�rotation curve with an ultimate rotation equal to 1% drift is commonly 

used to represent a flexural response, and a rigid brittle force�displacement curve 

with residual strength and an ultimate drift of 0.5% is used to represent a shear 

response. Codified equations for moment and shear capacity are used to determine 

the ultimate strength of the springs. 

The equivalent frame approach has been developed and its suitability verified by a 

number of researchers for non�linear modelling of perforated unreinforced masonry 

walls (Calderini et al. 2009; Kappos et al. 2002; Pasticier et al. 2008; Penelis 2006; 

Roca et al. 2005). Belmouden and Lestuzzi (2009) modified the equivalent frame 

method by using a spread non�linearity approach, which was achieved by 

discretizing each pier into horizontal slices, where the cross�section slices are 

assumed to be homogenous. The structural element behaviour is monitored at the 

centre of the slice, while bending moments are evaluated at the slice ends. In 

addition, rather than having a spring with a fixed ultimate moment or ultimate 

shear strength, coupled moment�axial, and coupled shear�axial springs were 

considered.  By using a coupled spring, the change in axial load within the piers 
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and spandrels due to horizontal loading can be accounted for. 

In the original non�linear models only the non�linear behaviour of piers was 

modelled, as there was little understanding of the performance of spandrels. In 

recent years the importance of the spandrel has been recognised and a number of 

research programmes have started to investigate and model the spandrel 

component (Beyer et al. 2010; Cattari and Lagomarsino 2008; Gattesco et al. 2010; 

Parisi et al. 2010). From the research undertaken for this doctorate, the findings 

from both the series of substructure tests and the cyclic test on the two storey 

perforated wall highlighted the significance of the weak spandrel failure mode, and 

therefore the need to allow for this type of response in the assessment procedure. 

In addition, from a survey of the New Zealand unreinforced masonry building stock 

it was found that shallow spandrels are present (see Chapter 2), and this 

occurrence was confirmed by photographic examples of spandrel damage that 

occurred during after the February 2011 Christchurch earthquake, which proved 

that the phenomenon of spandrel damage and multi�storey pier response is not 

exclusively a laboratory induced mechanism.  Hence the key to accurate modelling 

of perforated wall response is the correct representation of the spandrel strength 

and stiffness.  

Software packages for non�linear pushover analysis of masonry buildings have 

become more widely available, such as the SAM programme (Magenes and Della�

Fontana 1998), TREMURI (Galasco et al. 2002) and FREMA (Rizzano and Sabatino 

2010). 

8.2 Goals of Non+linear Modelling 

The underlying objective of this doctoral investigation was to produce practitioner 

focused guidelines for the seismic assessment of perforated unreinforced masonry 

walls.  Hence modelling was undertaken to validate and support the development 

of guidelines for blind modelling of New Zealand perforated unreinforced masonry 

walls for practicing structural engineers to implement with confidence. 
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8.3 Equivalent Frame Modelling of Tested 

Structures 

The non�linear Equivalent Frame models for each of the structures tested 

experimentally were defined using the software SAP2000 V14. The basic form of 

the non�linear model, including frame sectional properties, effective 

heights/lengths, rigid end off�sets, modification factors for Moment of Inertia and 

Elastic Modulus, and Material Property values, are discussed in Chapter 7 in 

detail. 

The modelling reported herein characterised the non�linear behaviour of piers and 

spandrels by using a concentrated plasticity approach, with flexural plastic hinges 

located at each end of the effective pier and spandrel lengths, and shear plastic 

hinges located at mid points of the elements. The typical locations for pier and 

spandrel flexural and shear hinges are shown in Figure 8�1 for the substructures 

(PS1 shown as an example) and in Figure 8�2 for the two storey perforated wall. 

Two load cases are required: (1) ‘DEAD’ which includes the self�weight multiplier 

of 1 and any additional gravity loads that are required (i.e diaphragm mass, 

parapet mass, live loads, additional stories not modelled); and (2) a case to apply 

the lateral load, such as ‘LATERAL’. The analysis is carried out in displacement 

control so that the computational force�displacement plots are compatible with the 

experimental results. To specify a displacement controlled loading case a non� 

 

  

Figure 8+1 Typical hinge position for substructures (dimensions shown for PS1) 
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Figure 8+2 Hinge locations for two storey perforated wall 

 

 

linear static analysis case is created, which specifies the initial conditions to be 

equal to the end of the non�linear static analysis of the ‘DEAD’ load case. 

Displacement control is specified as the method of load application in the ‘other 

parameters’ box and the control displacement is measured at a specified joint up to 

a defined total displacement in the horizontal direction. Multiple output steps 

should be defined to capture softening of the response. 

8.4 Hinge and NL links in SAP2000 

The non�linearity of the individual component response is lumped at discrete 

locations, which is implemented in SAP2000 through the addition of either hinges 

or non�linear links to frame members. Both hinges and links allow the user to 

define the force�displacement, moment�rotation or moment�curvature response, but 

hinges have significant advantages over links for pushover analysis. The hinge 

feature allows the user to specify an interacting hinge (P�M3, P�M2, M2�M3, P�M2�

M3), which allows for accurate modelling of the flexural response as a function of 

the axial load on the pier/spandrel.  In addition, multiple frame hinges can be 

added along the length of the frame element to capture progressive yielding, and 

the state of the hinge is graphically visible during a pushover analysis, with the 
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hinge changing colour based on damage states defined by the user. Limited 

hysteretic models are offered for hinges, and then are only applicable to single 

degree of freedom hinges, meaning that an equivalent frame model constructed 

with coupled hinges to model the flexural behaviour of piers and spandrels is not 

appropriate for non�linear time history analysis. For time�history analysis, non�

linear links are recommended, as a more extensive range of hysteretic rules and 

damping parameters are available and allow different hysteretic characteristics to 

be defined for multiple degree of freedom links. The disadvantage of using links is 

that they do not allow interacting behaviour to be specified.  

8.5 Nomenclature for pier and spandrel 

modelling 

The moment�axial force relationships for piers and spandrels are based on 

sectional analysis of the pier/spandrel cross�section. The height of the section (H) 

refers to the dimension in the local third axis, and the width (b) refers to the 

dimension in the local second axis. For piers the height (H) of the section relates to 

the length of the pier, and the width (b) of the section relates to the thickness of the 

pier in the out�of�plane dimension. For a spandrel, the height of the section (H) 

refers to the depth of the spandrel, and the width of the section (b) refers to the 

thickness in the out�of�plane dimension. 

8.6 Pier Failure Mode Modelling 

In this section a proposed approach to modelling pier flexural behaviour in an 

Equivalent Frame model is presented. 

8.6.1 Flexural Failure 

The rocking capacity of piers is relatively well understood, with most techniques 

using an equivalent stress block technique as utilised in reinforced concrete design. 

Internationally, assessment documents provide equation (8�1) to determine the 

flexural capacity of piers, which is based on simple rotational equilibrium.  
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r6 = m 792 − 12 m0.85Tpt *; 
 

(8+1) 

 

An alternative approach is to calculate the moment�axial interaction curve from 

the closed�form solving of sectional equilibrium equations. This latter approach has 

multiple benefits: the effect of changing axial loads due to global rotation is 

captured, the equivalent stress block simplifications no longer need to be made, the 

interaction can be described in terms of strain ductility, and more realistic stress�

strain models specific to unreinforced masonry can be adopted.  

8.6.1.1 Moment+Axial Force Interaction Curves 

Previously researchers have constructed moment�axial force limit domains 

assuming masonry to be homogenous with no tensile resistant (NTR) capacity, and 

have used an elastic perfectly plastic (EPP) simplification of the stress�strain 

relationship (Augenti and Parisi 2010; Brencich and De Francesco 2004; Cattari 

2007).  Strain softening in the post�peak inelastic range was also considered by 

Cavaleri et al. (2005) and by Brencich and de Felice (2009), which assumed the 

stress�strain relationship proposed by Sargin (1971) and by Kent and Park (1971) 

for concrete, respectively. Lumantarna (2012), a fellow researcher within the 

Retrofit Solutions team, has recently developed a more representative stress�strain 

curve for New Zealand unreinforced masonry calibrated from an extensive material 

property testing programme. The model is based on a reinforced concrete model 

proposed by Kent and Park (1971) and adapted to unreinforced masonry by 

Kaushik et al. (2007).  

The equations used to predict the moment capacity of rectangular cross�sectioned 

unreinforced masonry piers, for both EPP and the Lumantarna stress�strain 

relationships, are presented in the following sections. 

The moment�axial force limit domains are presented in dimensionless form by 

dividing the axial force by Nlim (equation (8�2)), and the moment by Mlim (equation 

(8�3)). In this way, the limit domains are not representative of a certain cross�

section, but of the defined compression strain ductility, thus allowing simple input 

into analysis programmes. Furthermore, the neutral axis depth (x), is normalised 

with respect to the height (H), which allows the normalised axial force and moment 
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to be functions of the normalised height, ℎ�. 

m� = mm|zp  âℎ��� m|zp =  T′p�� (8+2) 

r� = rr|zp  âℎ��� r|zp = T′p��J4  (8+3) 

ℎ� = '� (8+4) 

 

8.6.1.2 Elastic perfectly plastic stress+strain model 

The following moment�axial limit domains for an EPP stress�strain relationship 

were derived for a rectangular section with depth taken as H, and width as b and 

assuming masonry to be non�tensile resistant. Applying the Euler�Bernoulli 

hypothesis (plane sections remain plane after bending) strains are taken as being 

linearly proportional to the distance from the neutral axis. The yield strain was 

defined as 1%, and ultimate strain as 3.5%, which results in a compression strain 

ductility of 3.5. The EPP stress�strain model is shown in Figure 8�3. 

 

 
Figure 8+3 NTR Elastic perfectly Plastic stress strain model 
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a) Strain profile b) Stress profile 

 

Figure 8+4 Strain and Stress profiles for EPP model for piers 

 

 

Figure 8�4 shows the stress and strain profiles at the ultimate limit state. Invoking 

the Euler�Bernoulli hypothesis it is shown that: 

�ãät = Q�b~Sãåt   and therefore ( = ' A1 − cæçèC 

Strain ductility in compression is defined as  ,ã} = ãätãåt 
From force equilibrium of the section it may be determined that,  

m =  Q' − (S 12 Ttp� + �Ttp( 
=  12 Ttp�Q' + (S 
=  T′p�' − T′p�'2,ã}  

(8+5) 

 

Normalising equation (8�5) it is found that: 

mm|zp = m� = ℎ� 71 − 12,ã}; 
 

(8+6) 
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The rotational equilibrium about the centre of gravity can be determined that: 

é rê =  ëT′p�Q' − (S. 7�2 − 13 Q' − (S − (;ì + ë�T′p( 7�2 − (2;ì 
r = �T′p2 ë�2 Q' + (S − 13 Q'J + '( + (JSì 

 
(8+7) 

 

 

Converting equation (8�7) to account for strain ductility, 

r = �T′p2 í�' − �'2,ã} − 'J + 'J,ã} − 'J
3,ã}Jî 

 
(8+8) 

 

 

Normalising equation (8�8) and simplifying the results in an expression for moment 

as a function of strain ductility and normalised neutral axis depth: 

rTtp��J4
= r� = 2ℎ� 71 − 12,ã}; − 2ℎ�J j1 − 1,ã} + 13,ã}Jk 

 
(8+9) 

 

 

Rearranging m� (equation (8�6)) to solve for ℎ�, and substituting into equation (8�9), 

gives an expression for the moment capacity at ultimate limit state in terms of 

axial load and strain ductility, shown in equation (8�10), 

r� = 2m� − 2m�J
71 − 1,ã} + 14,ã}J; 71 − 1,ã} + 13,ã}J; 

 
(8+10) 

 

8.6.1.3 Strain Softening model NTR 

The EPP model is a crude simplification of the stress�strain relationship for 

unreinforced masonry.  From extensive masonry prism testing of both laboratory 

constructed prism samples using historical bricks, and from field prism samples 

collected from heritage buildings being demolished and from the rubble after the 
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February 2011 Christchurch earthquake, Lumantarna  (2012) found that a stress�

strain model with an initial parabolic variation, followed by post�peak softening 

and a linearly decreasing  variation, and finally a constant stress tail was most 

representative of the true stress�strain relationship for New Zealand unreinforced 

masonry. Two possible linear descending slopes were proposed based on the 

ductility of the mortar. In Figure 8�5 the analytical stress�strain model is plotted, 

and equations (8�11) and (8�12) define the parabolic variation of the stress�strain 

model and the effective yield strain based on the material properties of masonry, 

respectively. 

 

 

 

 

 

Figure 8+5 Stress+strain model proposed by Kaushik et al. (2007) and adapted by 

Lumantarna (2012) 
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)′~ = RT′pT′ï %¥p}  
 

(8+12) 

where Lumantarna (2012) defines R = 0.21, � = 0.25,  � = 0.7 
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a) Strain profile b) Stress profile 

 

Figure 8+6 Strain and Stress Profiles for Lumantarna model for Piers 

 

 

An expression for moment as a function of axial load and strain ductility is 

calculated assuming that for lime based historical mortar, mortar strength is 

generally less than 5 MPa.  Hence the strain at the ultimate limit state is equal to 

two times the yield strain (see Figure 8�5), and therefore the strain ductility is 

equal to 2. 

 

To determine an expression for the axial load, the area under the stress strain 

model needs to be determined. 

Firstly, an expression for the strain when stress = 0.9f’m is found, 

�T ãóãtå = â,  substituting this into equation (8�11), 

 

0.9 = 2â − âJ 
 

(8+13) 

∴ â = 1.3162277 3� 0.6837722 
∴  )′Q_.ñ!tóS = 1.3162277)′~ 
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Therefore the area under the parabolic variation portion of the stress strain model 

is determined by integrating the expression for stress between ) = 0 and ) =1.3162277)′~. 

¦ TpQ)S = 2Ttp )p)t~ − Ttp j)p)t~kJ                                                      ãõc.ÖcöJJ÷÷ãtå
ãõ_

= íTtp)t~ )pJ − Ttp3)t~J )tpÖî_
c.ÖcöJJ÷÷ãòå = 0.97235)′~T′p 

 
 

(8+14) 

 

 

Assuming that strain is linearly proportional to distance from the neutral axis, 

then in  equation (8�14) )′~ can be taken as 
�J, 

Solving for force equilibrium from Figure 8�6, 

m = 0.97235 '2 Ttp� + 12 0.7Ttp(� + 0.2Ttp(� 
 

(8+15) 

 

where ( = ' A1 − c.Ö_öJJ÷÷ööæçè C 

Substituting for y and normalising N gives:  

mm��� = m� = ℎ� 71.036175 − 0.72392485,ã} ; 
 

(8+16) 

 

Rotational equilibrium about the centre of gravity from Figure 8�6 gives: 

r = 0.4861768'T′p� 7�2 − 0.6041275'; + 0.7T′p( 12 � 7�2 − 23 (; + 0.2T′p�( 7�2 − (2; 
 

(8+17) 

 

 

Substituting for y, and normalising with respect to Mlim, 

rTtp���J4
= r� 

= 2ℎ� A1.036175 − _.÷JÖñJøJøæçè C  − 2ℎ�J A1.25409216 − c.÷øùñ÷_Öøæçè + c.cøùñ÷_æçèh C  
 

(8+18) 
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Rearranging equation (8�16) to make ℎ� the subject, and substituting into equation 

(8�18) results in an expression for normalised moment capacity as a function of 

normalised axial load and strain ductility, as shown in equation (8�19). 

r� = 2m� − 2m�J
71.073658 − 1.500225,ã} + 0.524067,ã}J ; 71.25409216 − 1.75497035,ã} + 1.154970,ã}J ; 

 

(8+19) 

 

8.6.1.4 Interaction Curves 

Figure 8�7 shows the moment�axial force interaction curves for the EPP and 

Lumantarna stress�strain profiles, as well as for the NZSEE pier moment capacity 

equation. The strength limit domains are shown as solid lines up to the point 

where the section changes from cracked to uncracked, which corresponds to a 

neutral axis depth equal to the height of the component. For the EPP model, where 

the strain ductility is taken as 3.5, the cracked strength limit domain derived 

above is applicable to a normalised axial force in the interval of [0,0.86], whereas 

for the Lumantarna model, the applicable normalised axial force interval reduces 

to [0,0.67] (assuming a strain ductility of 2). To put this axial load interval in 

perspective, the ground floor piers of a five storey unreinforced masonry building 

with timber diaphragms will have a normalised axial force under dead loading of 

between approximately between 0.2 and 0.28, such that for normal loading 

conditions structures can be expected to be within the defined axial force bounds. 

A comparison of the three strength limit domains shows that the moment capacity 

predictions vary significantly for normalised axial force in the range of [0.25,1], 

with the Lumantarna model predicting the most conservative moment capacities, 

and the EPP model predicting the least conservative. This reduction in moment 

capacity is mainly due to the presence of strength degradation in the Lumantarna 

model which reduces the compression force, which in turn reduces the moment 

capacity. It is hypothesised that as the Lumantarna strength domain is formed by 

adopting a realistic stress�strain profile, it can therefore be considered as the most 

accurate model. Under this assumption the code�based formula results in a flexural 

strength overestimation for normalised axial forces greater than 0.25. This finding 

is consistent with the conclusions of Augenti and Parisi (2010) and Brencich et al. 
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(2008) who found that the NTR�EPP model with unlimited strain ductility results 

in an upper bound for the axial force�bending moment interaction domain, and that 

a NTR – Perfectly�brittle model can be assumed to act as a lower bound for 

practical purposes. Noteworthy is the influence of the definition of strain and 

ultimate ductility in the EPP�NTR model, as a reduction of the strain ductility 

from 3.5 to 1.25 results in the moment�axial strength domain for the EPP�NTR 

model and the codified equation being aligned. Reduction of the strain ductility 

demand results in a contraction of the strength domain. This contraction can be 

explained mathematically: for a constant normalised axial force, an increase in the 

compression ductility demand results in a decrease in the neutral axis depth to 

ensure translational equilibrium of the section. The reduced compression block 

depth therefore has a longer lever arm to the centroid of the section, and therefore 

a greater moment capacity. In addition, the allowance of strength degradation with 

strain greater than the yield strain in the Lumantarna model results in a 

contraction of the limit strength domain by reducing the maximum axial load that 

can be balanced by the stresses induced in the section when the neutral axis 

reached the full depth of the section. 

Using the Lumantarna model a peak is predicted at (0.3416, 0.3416), using the 

EPP model a peak is predicted at (0.4954,0.4954), and using the standardised 

equation from NZSEE a peak is predicted at (0.425,0.425). With increased strain 

ductility, the Lumantarna model converges to the NZSEE model, with the two 

models being equal with strain ductility equal to 8. 

 

Figure 8+7 Moment+axial interaction curves for piers 
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8.6.1.5 Moment+Rotation Curve 

The moment�rotation curve adopted for the pier flexural hinges is shown in Figure 

8�8. The curve was devised from calibration of the experimental force�displacement 

backbone curves and the model pushover curves for the substructures. An ultimate 

rotation of 0.02 (2%) was determined based on the upper bound limits found from 

experimental testing reported in Chapter 4. 

 

 

 

Figure 8+8 Moment+rotation backbone for flexure in piers 

 

8.6.2 Shear Failure 

Current assessment guides define the nominal shear capacity as the minimum 

shear strength from sliding shear, diagonal cracking through the bricks, and 

diagonal cracking following the mortar joints. For determining the nominal shear 

strength of piers within perforated walls, it is proposed that sliding shear is 

excluded as it has been shown to not be a primary failure mode for piers with 

aspect ratios equal to 1 or greater, but is extensively seen in very low aspect ratio 

walls, i.e. aspect ratios greater than 0.5 (Ingham and Griffith 2011; Russell 2010).  

Sliding was evident during the pseudo�static testing of the two storey perforated 

wall (detailed in Chapter 6), however it occurred as a secondary failure mode, only 

ensuing after flexural response of the piers, at which stage the cohesion across the 

rocking surface is void. The nominal strength of a pier responding in a shear mode 

is therefore based solely on the shear strength associated with a diagonal tensile 

failure. There are currently two distinct hypotheses published for determining the 

shear strength due to diagonal tension, as discussed in detail in Chapter 3. 

Russell’s (2011) research found that the diagonal tensile strength was accurately 
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estimated by equation (8�20), and therefore this equation has been used to define 

the shear strength of piers. 

& � = 0.9�#�#T �û �1 + 1�q·T �  
Slender piers where hp/lp > 2.0 ζ = 1.5 

Stout piers where hp/lp < 0.5 ζ = 1.0 

(8+20) 

 

 

 

8.6.2.1 Force+displacement curve for shear failure in 

piers 

Shear failure has typically been modelled as a brittle failure, with a sudden loss of 

strength. Evident from testing of unreinforced masonry walls, when a shear or 

shear�flexure mixed failure mechanism occurs, the in�plane non�linear response of 

the wall is governed by the characteristics of the shear mechanism, limiting the 

lateral deformation capacity, and reducing the lateral resistance.  Shown by the 

force�displacement plots of shear governed failure of individual URM components, 

and also of two storey perforated walls with both flexural governed and shear 

governed failures in different components, the overall response is not brittle as 

sometimes assumed. Applying an elastic perfectly�brittle definition to the shear 

mechanisms in modelling leads to a significant underestimation of the drift 

capacity and seismic resistance of the wall. The non�linear behaviour and 

deformation capacity is therefore recognised for shear failures, by implementing 

the force�displacement backbone curve shown in Figure 8�9. 

 

 

 

Figure 8+9 Force+displacement backbone curve for shear failure in piers 
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8.7 Spandrel Modelling 

The performance of perforated unreinforced masonry walls when subjected to 

lateral loadings is significantly affected by the deformation capacity of the spandrel 

panels. Lateral loads on multi�storey perforated walls results in low axial forces 

induced in the spandrel panels, coupled with high moment/shear demands, 

resulting in a force domain that is pointedly different from that of piers. In addition 

the interlocking nature of the bricks due to the bond pattern at the interface 

between the spandrel ends and the joints provides a coupling between the piers 

and spandrels, which is present even in the case of unreinforced masonry buildings 

with flexible diaphragms and no tie beams. 

Three spandrel failure modes based on observation were introduced in Chapter 4, 

and are further detailed in Chapter 6. The three failure modes are categorised as 

either shear (Mode B � diagonal cracking) or flexure modes (Mode A – Flexural 

cracking, and Mode C – Sliding). Mode C has been shown to be a secondary effect 

from rocking of the adjacent piers causing relative sliding between the brick 

courses due to displacement incompatibility (see section 6.8.2).  The flexural mode 

is modelled by coupled M�N hinges located at the two ends of the spandrel element, 

and are defined by a moment�axial force interaction surface and a moment�rotation 

curve. The shear mode is modelled by a shear hinge defined by a force�

displacement curve in the local 2 axis, located at the centre of the spandrel 

element.  

For the spandrel models, the masonry compressive strength is denoted as T′p�, as 

the axial load applied to spandrels is in the horizontal direction, along the 

longitudinal axis of the spandrel, and therefore masonry compressive strength in 

the horizontal direction is applicable. 

8.7.1 Flexure 

Initial attempts to include spandrel flexural behavioural effects in equivalent 

frame models adopted the codified equation for pier rocking and applied it by 

assuming that a spandrel was simply a pier rotated by 90 degrees. This 

assumption is without justification, as the boundary conditions on a pier are not 

representative of the boundary conditions on a spandrel. At the ends of a pier, 
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where a flexural failure is likely to develop, the brick courses are parallel to the 

failure surface, allowing a tension crack to form along the plane of weakness 

created by the horizontal bed�joint, whereas for a spandrel, the brick courses lie 

perpendicular to the failure surface and prevent a crack from propagating straight 

up, instead causing the crack to step around the brick and follow the head and bed 

joints. To allow for this interlocking phenomena, which occurs at the interface of 

the spandrel and joint region, Cattari and Lagomarsino (2008) defined an 

“equivalent” tensile strength (T��S which characterises the spandrel element, not 

the masonry material. Two main failure mechanisms are considered when 

calculating the spandrel equivalent tensile strength, a) tensile failure of the bricks, 

and b) shear failure of the horizontal mortar joints. In Figure 8�10 the two failure 

mechanisms are illustrated and the tensile strength associated with each (T��t�and T��t%S are presented. Mechanism ‘a’ is based on the tensile splitting of the brick, and 

in mechanism ‘b’ it is assumed that no stresses can develop in the head joints, and 

that the cohesion of the bed joints is negligible such that the model is therefore 

based only on the coefficient of friction and the approximated axial load on the end 

of the spandrel. The equivalent tensile strength is then taken as the minimum of T��,� and T��,%, and for New Zealand spandrels is usually governed by the joint 

failure mechanism as the masonry is characterised by a high brick to mortar 

compression strength ratio. 

  

ü��,� = ý� = üþ�à  ü��,þ = ∆�à∆�ý 

a) Brick Failure, mechanism ‘a’ 

 

b) Joint Failure, mechanism ‘b’ 

Figure 8+10 Spandrel failure mechanisms (Cattari and Lagomarsino 2008) 

 

 

The Cattari and Lagomarsino proposal outlined above of an “equivalent” tensile 

strength for spandrels is incorporated into the sectional analysis equations where 

for tension an elastic�perfectly�plastic infinite ductility relationship for tension is 
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detailed in section 8.7.2.1.   The strength domains are then determined for both the 

case of an EPP stress�strain relationship in compression, and for the case of the 

Lumantarna strain softening model. 

A new proposal for calculating the moment�axial force strength limit domain for a 

spandrel is detailed. The models presented for piers, and applied to spandrels with 

the addition of an ‘equivalent’ tensile strength, are based on the assumption of 

moment capacity being reached when the extreme compression fibre reaches the 

ultimate compression strain, i.e. when compression failure of the section occurs. It 

is proposed that this behaviour is not observed for spandrels, but instead the 

spandrel moment capacity is a function of the spandrel tensile strain in the 

extreme tensile fibres of the section. Rather than crushing of the masonry, sliding 

of the brick courses in the tension region of the section has been observed during 

the experimental programme reported in Chapter 4 and 6. This mode of failure has 

been previously discussed in Chapter 4 and 6, with reference to the crack patterns 

observed from experimental testing. It is therefore proposed that the equivalent 

tensile strength of the spandrel is based on the in�situ bed�joint shear strength.  

8.7.2 Compression governed Failure 

8.7.2.1 EPP with tension capacity 

The ‘EPP�with tension capacity’ model adopts a simplified relationship for the 

compression and tension stress�strain behaviour (being elastic�perfectly plastic), 

with limited ductility in compression and unlimited ductility in tension as shown in 

Figure 8�11. Moment capacity at failure is defined by the extreme compression 

fibre reaching the yield strain ()�′S. Cattari and Lagomarsino (2008) reported that 

there was no discernible difference between allocating a rather low tension 

ductility, and an infinite ductility, and therefore infinite tensile ductility is applied 

to reduce complexity.  
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Figure 8+11 Stress and strain profile for EPP with tension capacity model for spandrels 

 

 

Following the same procedures detailed in section 8.6.1.2, the normalised axial 

force is defined by: 

mm��� = m� = ℎ� j1 − 12,ã} + �J2,�} + �k − � 
 

(8+21) 

where � =  !t¶!tó´ 

And the normalised moment capacity, as a function of normalised axial force and 

strain ductility is defined by: 

r� = 2Qm� + �S
− 2�� m�J + 2m�� + �J

71 − 12,ã} + �J2,ã} + �;J��j1 − 1,ã} + 13,ã}J + �J,ã} − �Ö
3,ã}J + �k 

 
(8+22) 

Full details of the equilibrium equations and the process to obtain equations (8�21) 

and (8�22) can be found in Appendix E. 

8.7.2.2 Strain+softening model with tension capacity 

The ‘strain�softening model with tension capacity’ is a modification of the ‘EPP�

with tension capacity’ model where the compression stress�strain relationship is 
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modelled by the Lumantarna model, which captures the strain softening that 

occurs following the peak compression stress. The stress�strain profile combines 

the Lumantarna model used in the strain�softening NTR model for piers, with an 

EPP�model with unlimited ductility for tension. The moment�axial force interaction 

equations are presented in Appendix E in full, with the moment capacity equation 

as a function of normalised axial load and strain ductility shown below. Figure 8�12 

shows the stress and strain profiles for the section. 

 

 

 

Figure 8+12 Stress and strain profile for Lumantarna model with tension capacity for 

spandrels 

 

Normalised axial force as a function of normalised neutral axis and strain ductility 

can be expressed as: 

m� = ℎ� j1.036175 − 0.723925,ã} + �J2,ã} + �k − � 
 

(8+23) 

 

Moment capacity as a function of normalised axial force and compression strain 

ductility can be expressed as: 

r�Qm�S = 2Qm� + �S
71.036175 − 0.72392525,ã} + � + �J2,ã};

− 2 Qm�J + 2m�� + �JS
71.036175 − 0.72392525,ã} + � + �J2,ã};J 

j1.25409216 − 1.75497035,ã} + 1.154970,ã}J + �J,ã} − �Ö3,ã}J + �k 

(8+24) 
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8.7.3 Tension governed failure in spandrels 

Formulation of the moment�axial force interaction curve for cases where moment 

capacity at failure of the section is determined based on the extreme tension fibre 

reaching the ultimate tension strain ()��) is detailed. The stress�strain relationship 

for the tension behaviour is based on bilinearisation of the bed�joint sliding shear 

tests, presented in section 8.7.3.1. Two models for tension governed failure are 

discussed: firstly where the compression behaviour is modelled by the simplified 

EPP curve; and secondly where the compression behaviour is modelled by the 

Lumantarna – strain softening curve. The composition of the moment�axial force 

equation for both cases is more complex than the compression governed models, as 

the sectional equilibrium equations are piece�wise due to the nature of the 

compression stress�strain curves. 

8.7.3.1 Tension stress+strain model 

A series of bed�joint shear strength tests were performed on the Aurora Tavern – a 

three storey unreinforced masonry building located in Auckland built in 1886, and 

on the Campbell Free Kindergarten, – a two storey iconic unreinforced masonry 

building built in 1920. The bed�joint shear strength tests were conducted within 

the scope of an investigation into the material properties of New Zealand 

unreinforced masonry buildings, which was reported by Lumantarna et al. (2011) 

and Lumantarna et al. (2010), and have been used with permission.  

Five individual bed�joint shear tests were performed on an internal top floor wall of 

the two�storey wing of the Aurora Tavern.  The samples were numbered 1�5, with 

the distance from an opening increasing with each subsequent sample.  The 

masonry was reported to be in generally poor condition, with mortar testing 

determining that the lime based mortar had an average compression strength of 

1.08 MPa (C.O.V of 0.24), which is within the low range of mortar strengths 

(NZSEE 2011). In addition, water ingress causing salt crystallisation within the 

mortar and hence material deterioration was noted in areas adjacent to the 

window openings. 

Three bed�joint shear tests were performed on the ground floor of the northern side 

wall of the two�storey Campbell Free Kindergarten (CFK). The tests were located 
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on a two leaf internal wall. Following inspection, the building materials were 

reported to be in generally good condition, with mortar samples taken from the 

same wall as where the bed�joint tests were conducted giving an average 

compressive strength of 6.01 MPa (C.O.V of 0.35). 

In Table 8�1 the maximum bed joint shear strength (τ) is reported, along with the 

lateral bed joint Modulus of Elasticity (Ex) measured as the slope on the stress�

strain curve between 0.05 and 0.70 times the maximum shear stress (τ). For the 

Aurora Tavern, the relationship between material deterioration and bed�joint 

shear strength is apparent in the generally increasing shear strength with distance 

from the opening, with sample 1 (closest to the window) having the lowest shear 

strength (0.11 MPa), which correlates with the location of highest deterioration. 

Additionally there is a clear distinction between the bed�joint shear strengths 

recorded for the Aurora Tavern and the Campbell Free Kindergarten. Applying the 

Mohr�Coulomb equation, and assuming that the coefficient of friction (h) is fairly 

constant across unreinforced masonry, it is apparent that shear stress increases 

with increasing cohesion, and with increasing axial stress. As the bed�joint shear 

tests were conducted on the top floor of the Aurora Tavern, and on the ground floor 

of the Campbell Free Kindergarten, it can be stated that the axial stress for the 

Aurora Tavern samples was approximately half of the axial stress for the CFK 

samples. Further to this, Lumantarna has presented an empirical equation for 

determining cohesion from the mortar compressive strength, shown in equation 

(8�25). According to equation (8�25), the cohesion for the Aurora Tavern samples 

would be 0.05, and for the CFK samples the cohesion would be 0.27. 

� = 0.045T′ï  
 

(8+25) 

 

Bilinearisation of the stress�strain plots from each sample reported in Table 8�1, 

using the simple Magenes and Calvi (1997) methodology, was effected to identify 

the average yield strain associated with bed�joint sliding. Ultimate strain from the 

bilinear curves was unrepresentative as when the testing was conducted the aim 

was to determine the peak shear stress, and therefore following yielding the 

applied load was reduced creating an artificial end to the test. The stress�strain 

plots with the bilinear curve are shown for the samples in Appendix E. The yield 

strain and the shear strength determined from the bilinear model are shown for 

each sample in Table 8�1. 
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Table 8+1 Bed+joint shear properties 

 τ (MPa) Ex (MPa) εy  Bilinear τ Bilinear (MPa) 

Aurora Tavern 1 0.11 33 0.002309 0.100 

Aurora Tavern 2 0.15 131 0.00066 0.132 

Aurora Tavern 3 0.32 230 0.001378 0.281 

Aurora Tavern 4 0.20 185 0.001206 0.179 

Aurora Tavern 5 0.24 313 0.000538 0.215 

Campbell Free 

Kindergarten 1 
0.52 1284 0.000387 0.468 

Campbell Free 

Kindergarten 2 
0.42 795 0.000564 0.379 

Campbell Free 

Kindergarten 3 
0.41 802 0.000452 0.371 

 

A generalised stress�strain model representative of the ‘equivalent’ tensile strength 

of spandrels based on the bed�joint shear strength tests is shown in Figure 8�13. 

The yield strain was determined from the average bilinear yield strain results, 

excluding Aurora Tavern 1, as this sample was deemed to be an outlier. The 

ultimate strain was determined based on a maximum displacement of 10 mm. 

Shear strength can be determined from equation (8�26) which includes the Mann 

and Müller factor that accounts for the level of interlocking between bricks. 

T′� = 2 = ∆'2∆( Q� + ,mS 
 

(8+26) 

 

Using equation (8�26), shear strength predictions for the Aurora Tavern and the 

Campbell Free Kindergarten were calculated assuming that h=0.65 for 

unreinforced masonry (NZSEE 2011), and determining cohesion based on equation 

(8�25). The predicted shear strength for the Aurora Tavern, taking the wall height 

above testing location as 3 m, was 0.13 MPa which lies within the range of results 

tending to the lower end of the range. Assuming the wall height above the testing 

location for the CFK to be approximately 6 m, taking into consideration no 

additional loading as the diaphragm was destroyed in a fire, the predicted shear 

strength was 0.51 MPa, which lies within the range of results, tending to the upper 

end of the range. 
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Figure 8+13 Generalised Tension stress+strain model 

8.7.3.2 EPP+tension governed model 

A piecewise expression for spandrel normalised axial force and moment is defined 

based on translational and rotational equilibrium of the section, as shown in 

Figure 8�14 and Figure 8�15. Figure 8�14 shows the case where the maximum 

compression strain is less than the yield compression strain, which corresponds to 

a normalised neutral axis depth ℎ�, of greater than ������+�. Figure 8�15 shows the 

sectional stresses and strains for the case where the maximum compression strain 

is greater than the yield strain, which corresponds to a normalised neutral axis 

depth less than 
� �����+�. 

 

 

Figure 8+14 Stress and strain profiles for tension governed failure EPP for �̅ > �������¢� 
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From force equilibrium of the section based on Figure 8�14 it may be determined 

that: 

N = QGb�S� TtpQ� − 'S cJ � −  cJ Q' − (ST�� −  (T�� 
= Q� − 'SJT′p� cJ� −  cJ Q' − (ST�� −  (T��  

= Q�J − 2�' + 'JSTtp� cJ� − !ò¶%�J + !ò¶%~J − (T��  
= �JTtp� cJ� − 2�'Ttp� cJ� + 'JTtp� cJ� − !ò¶%�J + !ò¶%~J − (T��  

= Gh!tó%J� çåèçä¶
− G!òó% çåèçä¶

+ 'Ttp� cJ çåèçä¶
− !ò¶%�J + !ò¶	
J − !ò¶%�Jæç¶ − 'T�� + �!¶%æç¶   

(8+27) 

m = �JT′p�2' )~})��
 − �Ttp�)~})��

+ Ttp�'
2 )~})��

− T′��' + Tt��'2,ã�  
 

(8+28) 

where u = ' ãåèãä¶  and   ( = ' − �æç¶ 

 

Normalising equation (8�28) by Nlim it is found that: 

m� = ℎ� � 12 )~})��
− � + �2,ã�� − 1 )~})��

+ 12ℎ� )~})��
 

 

(8+29) 

 

where      η =  �ò��ò� 

Rearranging equation (8�29) to make ℎ� the subject results in a quadratic expression 

for ℎ� , 

ℎ�m� = ℎ�J � 12 )~})��
− � + �2,ã�� − ℎ�)~})��

+ 12 )~})��
 

 

(8+30) 

ℎ�J � 12 )~})��
− � + �2,ã�� − ℎ� � 1)~})��

+ m�� + 12 )~})��
= 0 (8+31) 
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Applying the quadratic equation to find an implicit expression for ℎ �gives: 

∴  ℎ� =
d 1)~})��

+ m�e − �����− d 1)~})��
+ m�Se��

J
− 4 d 12 )~})��

− � + �2,ã�e 12 )~})����
2 d 12 )~})��

− � + �2,ã�e
 (8+32) 

 

The rotational equilibrium about the centre of gravity can be determined to be: 

é rê = íQ� − 'Su TtpQ� − 'S 12 � 7�2 − Q� − 'S3 ;î + í12 Q' − (ST�� j�2 − A( + ' − (3 Ckî
+ ë(T�� 7�2 − (2;ì (8+33) 

 

By substituting for y and z, Equation (8�33) simplifies to: 

é rê = T′p� �Ö
12' )~})��

− Ttp� �'4 )~})��
+ Ttp� 'J

6 )~})��
+  T��' �2 − 12 T��'J + T�� 'J2,ã�

− 14 T��� ',ã� − 16 T�� 'J,ã�J (8+34) 

 

Normalising equation (8�34) by Mlim determines that: 

r� = 2ℎ� �� − �2,ã� − 12 )~})��
� + 2ℎ�J � 13 )~})��

− � + �,ã� − �3,ã�J� + 13 )~})�� ℎ� (8+35) 

 

By substituting equation (8�32) into equation (8�35) for ℎ�, an expression for 

moment capacity is obtained as a function of axial load: 
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r� = 2
d 1)~})��

+ m�e − �����− d 1)~})��
+ m�Se��

J
− 4 d 12 )~})��

− � + �2,ã�e 12 )~})����
2 d 12 )~})��

− � + �2,ã�e
�� − �2,ã� − 12 )~})��

�

+ 2

��
���
���d 1)~})��

+ m�e − �����− d 1)~})��
+ m�Se��

J
− 4 d 12 )~})��

− � + �2,ã�e 12 )~})����
2 d 12 )~})��

− � + �2,ã�e
��
���
���

J

� 13 )~})��
− � + �,ã� − �3,ã�J�

+ 1

3 )~})��

d 1)~})��
+ m�e − �����− d 1)~})��

+ m�Se��
J

− 4 d 12 )~})��
− � + �2,ã�e 12 )~})����

2 d 12 )~})��
− � + �2,ã�e

 

(8+36) 
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For the domain of 0 < ℎ� < ������¢�, expressions for the normalised axial force and the 

normalised moment are determined from translational and rotational equilibrium 

of the section, as shown in Figure 8�15. 

 

 

Figure 8+15 Stress and strain profiles for tension governed failure EPP for 
� < ������¢� 

 

Translational equilibrium of Figure 8�15 gives an expression for normalised axial 

load: 

m� =  ℎ� 7 �2,/� − 1 − � − )~}2)��; + 1 
 

(8+37) 

 

Rotational equilibrium about the centre of gravity determines an expression for 

normalised moment in terms of compression and tension strain ductility: 

rT′p��J4 = r� = 2ℎ� 7� − �2,/� + 1 + )~}2)��;
+ 2ℎ�J j �,/� − � − �3,/�J − 13 7)~})��;J − 1 − )~})��k (8+38) 

 

Finally, substituting equation (8�37) into equation (8�38) results in an expression 

for moment capacity as a function of normalised axial load and strain ductility: 

r� = −2Qm� − 1S + J���hbJ��¢c�
7 �h��¶bcb�b çåèhçä¶;h 7 �æ�¶ − � − �Öæ�¶h − cÖ Aãåèãä¶CJ − 1 − ãåèãä¶;  (8+39) 
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8.7.3.3 Tension Governed Strain Softening Model 

Using the Lumantarna stress�strain model for unreinforced masonry in 

compression, and adopting the EPP model for tension behaviour proposed in 

section 8.7.3.1, an expression for moment capacity can be deduced based on the 

principle that tension failure governs the moment capacity strength domain. Again 

the limit domain is described by a piecewise equation, where the equation for 

normalised neutral axis height is a cubic, and the moment capacity equation 

involves integration of the Lumantarna stress�strain relationship equation to 

determine the centroid of the compression block with change in normalised axial 

load.  

8.7.4 Moment+Axial Force Interaction Curves for 

Spandrels 

The moment�axial force interaction curves for the tension governed model are 

shown in Figure 8�16 for different values of tension strain ductility. The curves 

show that as the tension strain ductility is reduced, the portion of the curve that is 

defined by the cubic expression for moment becomes more dominant and the peak 

moment capacity reduces. Considering a constant normalised axial load level, as 

tension strain ductility increases, the depth of the section in tension increases, and 

the compression force and tension force increase proportionally, and in turn 

increase the moment capacity. 

Based on the results from the bed�joint sliding testing, a value of 0.0004 for the 

yield strain and 0.02 for the ultimate strain is practical, which results in a tension 

ductility of 50. Ultimate strain values greater than 0.02 result in moment�axial 

interaction curves that do not differ significantly from the case of ,ã� = 50. 

Figure 8�17 illustrates the proposed domain based on tension governed failure for 

different values of ƞ (effectively different values of ‘equivalent’ tensile strength). It 

can be seen that the adopted value of tensile strength, as a ratio of the compression 

strength, is a key factor in defining the moment�axial strength domain, and the 

change in moment capacity with effective tensile strength is more significant at low 

values of axial force. 

 



Chapter Eight � Non�linear modelling of perforated URM walls 

    
� 318 � 

 

 

Figure 8+16 Moment+axial force limit domains for different tension ductility values  

for the tension governed model 

 

 

Figure 8+17 Moment+axial force limit domains for different values of ƞƞƞƞ  

based on the tension governed model 
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A comparison of the strength domains for the compression governed model based 

on an EPP representation of the compressive stress�strain relationship with ,ã} = 3.5, and the tension governed model with ,ã� = 50, is shown in Figure 8�18 for 

two different η values. The strength domains are seen to be strongly similar, with a 

slight decrease in moment capacity for lower axial force values according to the 

tension model. 

The similarity of the strength domains shown in Figure 8�18 for EPP idealised 

stress�strain behaviour is likewise found in the comparison between the tension 

and compression governed strength domains for the Lumantarna strain softening 

models. This suggests that although the compression governed model and tension 

governed model are formulated from different base theories, and that the failure 

mode on which the compression based model is based has not been physically 

observed, the analytical form of the two models result in similar failure domains. 

 

Figure 8+18 Comparison between the strength domains for the Tension and Compression  

governed models for two different ƞƞƞƞ values 
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strength domains were considering to be identical. The moment�axial limit force 

domains for the two stress�strain models, for both the case of no�tensile�resistance, 

and for the case where an ‘equivalent’ tensile strength (ft) is defined, are shown in 

Figure 8�19. The addition of an ‘equivalent’ tensile strength makes a marked 

difference in the moment capacity in the low axial load region which usually 

characterises the load on spandrels. Adopting the Lumantarna stress�strain profile 

for the constitutive equations in the sectional analysis results in a contracted limit 

strength domain compared to the EPP domain, which is due to the inclusion of 

strength degradation in the model.   

 

 

Figure 8+19 Moment+axial force limit domains for compression governed failure models 

 

 

For modelling of spandrel flexural behaviour in the Equivalent Frame Model, the 
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8.7.4.1 Moment+Rotation for Spandrels 

The moment rotation curve for spandrel flexural response is shown in Figure 8�20. 

An ultimate rotation of 1.5% is proposed for spandrel flexural rotation, which was 

determined based on experimental data. 

 

 

 

 

Figure 8+20 Moment+rotation curve for spandrels 

 

8.7.5 Shear Failure in Spandrels 

Shear failure in spandrels is characterised by the formation of diagonal cracking, 

with the cracks following the mortar joints when the ratio of brick compressive 

strength to mortar compressive strength is high. The characteristic ‘X’ crack 

pattern is consistent with the pattern observed in piers. Although the shear is 

acting perpendicular to the plane of the bed�joints within the spandrel, rather than 

parallel as is the case for piers, the bond pattern and structure of masonry means 

that the fundamental theory of diagonal stepped cracking is applicable to both 

piers and spandrels. Hence equation (8�20) is used to determine the shear capacity 

of spandrels, with a modification to the factor ς as detailed in equation (8�40) to 

allow for the different stress distributions within shallow and deep spandrels. 

For : 

     @$9$ > 1,    û = 1 
0.5 < @$9$ < 1,   û =  @$9$  

@$9$ < 0.5,   û = 1.5 
(8+40) 

Mu

?0.001 0.015 Ɵ 
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To determine the nominal shear strength for a spandrel using equation (8�20), the 

axial load acting on the spandrel at the ultimate limit state is required. The axial 

load is initially approximated by the maximum nominal shear strength of the 

adjacent pier. An iterative process can be followed to update the nominal shear 

strength of the spandrel by amending the value of axial load in the spandrel 

following analysis of the model. 

8.7.5.1 Force+displacement Response for Spandrels 

Figure 8�21 shows the force�displacement curve adopted for shear failure in 

spandrels. The perfectly plastic branch of the curve is extended to a drift of 0.8% 

based on the experimental results reported in Chapter 4 and Chapter 6, followed 

by a degrading stiffness branch which is formulated based on results published in 

literature (Gattesco et al. 2010; Beyer et al 2010). 

 

 

 

Figure 8+21 Force+displacement curve for shear failure in spandrels 

 

8.8 Implementation into SAP2000 Non+linear 

As discussed in section 8.3, a lumped non�linearity approach has been adopted 

within this research for the Equivalent Frame modelling of perforated URM walls. 

Shear behaviour is included through non�linear links placed at the mid�height of 

the piers, and at mid�span of the spandrels. To define a non�linear link to model 

the shear behaviour, a multi�linear plastic type link is selected, and all the 

directions of the link are defined as ‘fixed’, except for the critical translational 

Vu
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direction (typically U2 – but check the local axis of the link to ensure that this is 

the shear direction), which controls the non�linear behaviour. No mass, weight or 

rotational inertia needs to be applied to the link. For the critical direction, the 

multi�linear force�displacement curve proposed in section 8.6.2.1 for piers and in 

section 8.7.5.1 for spandrels is defined within the non�linear directional properties 

tab. As the ‘pushover’ case is non�linear static, the hysteretic features of the link 

are not applicable as these features are only activated in cyclic loading cases, and 

equally the effective damping and effective stiffness are only required in linear 

analysis cases. 

Flexural behaviour is included in the Equivalent Frame model by defining coupled 

hinges positioned at both ends of the effective pier height, and at both ends of the 

spandrel span. Using a hinge, rather than a non�linear link, allows direct 

implementation of the moment�axial strength domains defined in section 8.6.1.4 for 

piers and defined in section 8.7.4 for spandrels. To define a non�linear coupled 

hinge to model flexural behaviour, a deformation�controlled interacting P�M3 hinge 

is selected. In the ‘Frame Hinge Property Data’ window a ‘Moment�Rotation’ hinge 

is specified. The load carrying capacity beyond point E is specified to drop to zero so 

that once a component has reached its defined ultimate drift, any contribution of 

that element to the global strength is nullified. Figure 8�22 shows the ‘Frame 

Hinge Property Data’ window with all required fields defined. 

The moment�rotation curves are defined as per section 8.6.1.5 for piers and as per 

section 8.7.4.1 for spandrels. In Figure 8�23 the moment�rotation data window for a 

spandrel flexural hinge is illustrated.  A user�defined interaction surface is 

selected, and the moment�axial interaction surface is directly implemented. The 

user can specify the number of points which define the curve, and this data can be 

copied from a spreadsheet and pasted into the SAP2000 window. Defining a 

normalised moment�axial curve and then specifying scale factors specific to the 

pier/spandrel cross�section allows the user to copy the hinge and adapt only the 

scale factors for different pier/spandrel cross�sectional dimensions. Figure 8�24 

shows a defined P�M3 symmetrical interaction curve inputted into the interacting 

hinge in SAP2000. 
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Figure 8+22 Frame Hinge Property Data window 

 

 

Figure 8+23 Moment Rotation Data for flexural hinge 
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Figure 8+24 P+M3 Interaction curve for flexural hinge 

 

 

8.9 Equivalent Frame Analysis Results 

The equivalent frame model described herein has been validated by comparing the 

model push�over curve and deformed shape with the experimental results from the 

six substructure tests reported on in Chapter 4, and from the two storey perforated 

wall test reported on in Chapter 6.  

The deformed shape for each model is shown in figure ‘a’ of Figure 8�25 to Figure 

8�31. The failure mode is indicated by either the highlighting of the flexural hinges, 

or displacement of the shear hinge. The colour of the flexural hinge corresponds to 

the level of rotation in the hinge, with pink being in the linear range, yellow being 

from yield to 1%, orange from 1% to 2%, and red indicating that the hinge has 

reached ultimate drift as defined in the moment rotation curve. 

The failure modes for each of the substructures as predicted by the Equivalent 

Frame model are generally consistent with the observations from the experimental 

testing. A weak spandrel failure mode is correctly predicted for substructures PS1, 
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PS2, PS3 and PS4, with flexural failure dominating for substructure PS2. The 

force�displacement plots for substructures PS1�PS4 show excellent agreement 

between the experimental response and the model output, capturing the stiffness 

and strength degradation, maximum shear strength and ultimate displacement.  

The equivalent frame model for substructure PS5 predicts a flexural response at 

the base of the piers and spandrel shear failure, which correctly represents the 

cracking that was observed during testing. However, the pushover curve from the 

model is only accurate within the initial loading stage, and then shows a 

degradation of strength associated with the shear failure of the spandrel, whereas 

the experimental backbone curve for substructure PS5 shows that the shear 

strength increased following the linear branch of the curve. This increase in 

strength with increasing displacement following an assumed ‘yield’ point can be 

explained by the increase in axial load that occurred during testing of substructure 

PS5. As rocking of the piers eventuated, the stressing tendons were extended 

therefore applying more axial stress to the test unit, which in turn increased the 

flexural capacity of the piers. This mechanism was avoided in the other tests by 

placing springs in series with the stressing tendons, and monitoring the axial load 

levels during the testing.  

There is good agreement between the experimental backbone curve and the model 

push�over curve for substructure PS6, with the equivalent frame model correctly 

predicting a shear failure in one pier and a flexural response of the other pier, 

although the diagonal cracking that was observed in the spandrel is not predicted 

in the model. 

The Equivalent Frame model for the two storey wall contained six spandrel shear 

links, twelve spandrel flexural coupled hinges, eight pier shear links and sixteen 

pier flexural coupled hinges. The model predicted a weak spandrel mechanism, 

with the deformed shape showing that the spandrel flexural hinges in the central 

spandrel were activated, and that the top spandrels failed in a mixed flexural�

shear response.  In addition, the model correctly predicted the individual rocking of 

the Pier A ground and first floor piers, and the double�storey height pier rocking in 

pier C, although a flexural hinge occurred at the top of ground floor Pier B which 

was not consistent with the experimental observations. The proposed constitutive 

equations and idealised behaviour curves are further validated by the good 

agreement of the model pushover curve with the experimental backbone curve, 
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with the Equivalent Frame model correctly predicting the maximum shear force, 

the overall response, and the ultimate displacement within practical limits.  

The results discussed show that the equivalent frame model with lumped non�

linearity provides a valid tool for determining the maximum shear force for a 

perforated unreinforced masonry wall. It is noted that although good agreement 

has been found for the majority of the models, further validation of the model for 

the case of strong spandrel response, and for irregular opening patterns is 

recommended. 

 

 

 
 

a) Deformed shape for PS1 

 

b) Force+displacement plot for PS1 

Figure 8+25 Equivalent Frame model output for substructure PS1 
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a) Deformed shape for PS2 

 

b) Force+displacement plot for PS2 

Figure 8+26 Equivalent Frame model output for substructure PS2 

 

 

 

 

a) Deformed shape for PS3 

 

b) Force+displacement plot for PS3 

Figure 8+27 Equivalent Frame model output for substructure PS3 
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a) Deformed shape for PS4 

 

b) Force+displacement plot for PS4 

Figure 8+28 Equivalent Frame model output for substructure PS4 

 

 

 

 

a) Deformed shape for PS5 

 

b) Force+displacement plot for PS5 

Figure 8+29 Equivalent Frame model output for substructure PS5 
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a) Deformed shape for PS6 

 

b) Force+displacement plot for PS6 

Figure 8+30 Equivalent Frame model output for substructure PS6 

 

 

 

 

a) Deformed shape for two storey wall b) Force+displacement plot for two 

storey wall 

 

Figure 8+31 Equivalent Frame model output for two storey wall 
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8.10 Discussion 

As is the case with most computational modelling tools, the level of accuracy that 

may be obtained is limited by the accuracy of the information that the model draws 

on. Within the Equivalent Frame model with lumped non�linearity there are a 

number of sources of uncertainty that will influence the accuracy of the model. 

The approach taken to idealise a perforated URM wall as an Equivalent Frame, as 

presented in this chapter, concentrated the non�linearity of the wall response in 

hinges and non�linear links at specific locations. The ultimate strengths of the 

hinges and links were determined by developing a series of analytical equations 

which allowed the calculation of a predicted lateral strength associated with a 

failure mode. As discussed in Chapter 3, the capacity of a pier or spandrel in shear 

and flexure is based on a number of key variables, being geometric form, axial 

stress, and material properties.  The highest level of uncertainty associated with 

these variables is attributed to the material properties of the masonry. For URM 

the coefficient of variation associated with material testing, conducted as part of 

this doctoral study, to determine Young’s Modulus, compressive strength of 

masonry, cohesion and coefficient of friction for an average sample size was up to 

30%.  

Where the material properties of the masonry used in the construction of the test 

specimens were expressly measured, it has been shown that the elastic stiffness 

and non�linear behaviour of the wall can be accurately modelled using the 

Equivalent Frame model. For the assessment of buildings by practicing engineers, 

where a comprehensive material testing programme cannot be undertaken for each 

building, the material properties are often taken from an assessment guide which 

provides a range of values depending on the quality of the materials. Lumantarna 

(2012) has shown that the range of probable values for each material property is 

large, and importantly this variability can result in a change of critical failure 

mode. In addition, unreinforced masonry is a historical construction material laid 

by hand, and it is therefore not surprising that often extensive variability in 

material quality and properties is common within one building.  This uncertainty 

and variability of material properties not only affects the non�linear behaviour but 

also the elastic stiffness of the perforated wall, as the elastic stiffness is a direct 

function of the Young’s Modulus and Shear Modulus of masonry. A softening or 
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hardening of the elastic stiffness will also affect the maximum lateral strength and 

drift at yield. 

The proposed method for determining the ‘equivalent’ tensile strength for the 

spandrel element for use in calculating the moment�axial force interaction curve 

was shown to provide good agreement with the experimental results, for both 

failure mode and maximum lateral strength. Noteworthy is that the model is 

sensitive to changes in the ‘equivalent’ tensile strength, with higher values causing 

strengthening of the spandrel and over estimating the global lateral strength, and 

low values creating a weak spandrel model. 

Augenti and Romano (2008) have shown that the global stiffness and ductility for 

any particular multi�storey structure is highly sensitive to the pushover procedure. 

The displacement controlled procedure is based on a time�independent 

displacement shape, thus is not accurate for structures with higher mode effects, 

and for structures where the dynamic characteristics change after the formation of 

the first local plastic hinge.  Although higher order effects are not applicable to low�

medium rise unreinforced masonry buildings, change of stiffness and therefore 

change of dynamic characteristics after the formation of plastic hinges, i.e. failure 

of one or more of the elements, will result in a change in mode shape, and therefore 

the applied displacement pattern is no longer representative. These limitations can 

be minimised by analysing the model using two displacement shapes, or two load 

patterns, and treating these two cases as the upper and lower bound to the true 

pushover curve. 

The main disadvantage of the proposed method for assembling the non�linear 

Equivalent Frame method is the uncertainty of the axial load on the spandrel at 

the ultimate limit state, which in turn defines the spandrel diagonal shear 

capacity. In order to overcome this, the development of an interacting axial�shear 

hinge in SAP2000, or any equivalent finite element programme that is accessible to 

practising engineers, is required. 

The idealisation of a perforated URM wall as an Equivalent Frame (EF) with rigid 

end off�sets to represent the joint elements is easily applied to a perforated wall 

with a regular fenestration pattern as the pier and spandrel elements are clearly 

defined. The applicability and accuracy of the EF method to perforated walls with 

irregular fenestration patterns has yet to be tested, and warrants further research.  
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A further area of development is the inclusion of flange effects, which Yi et al. 

(2006) and Russell (2010) have shown influences the in�plane response of piers and 

walls. 

8.11 Conclusions 

Non�linear static modelling employing the Equivalent Frame method was 

conducted using the widely available software SAP 2000. The pushover curves 

were found to provide good agreement with the experimental backbone curves 

obtained from the substructure testing programme and the two storey perforated 

wall test. In addition, the analysis is highly time efficient, taking less than two 

minutes to run, although construction of the model requires some technical skill 

and time input. The advantage of accuracy outweighs the simplicity of the current 

simplified methods, whilst still being superior in efficiency and time over finite 

element modelling.  

The non�linear behaviour of the perforated wall was idealised using hinges and 

non�linear links positioned at the centre and ends of the pier and spandrel frame 

elements to represent shear and flexural failure respectively. Pier and spandrel 

flexural behaviour was modelled using an interacting moment�axial hinge based on 

an interaction curve formed from closed�form solving of the sectional equilibrium 

equations and a specialised non�linear stress�strain behaviour model developed by 

Lumantarna (2012) for New Zealand unreinforced masonry. The equation for 

diagonal shear failure proposed in NZSEE (2011) was adopted for shear failure in 

piers, and with a modification to the aspect ratio factor, was also adopted for shear 

failure in spandrels. The material properties of the masonry used in the 

construction of the test specimens were expressly measured and hence 

implemented in the analytical equations adopted for piers and spandrels, as well as 

to define the material properties of the linear elastic frame elements. The accuracy 

of the pushover curve when compared to the experimental results and in particular 

the global failure mode, gives confidence regarding the form of the equations and 

the application of the Equivalent Frame method for modelling perforated URM 

walls. 

Finally, by modelling the flexural behaviour of the piers and spandrels with an 
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interacting moment�axial force hinge, the effects of overturning and redistribution 

of axial loads were accounted for.  
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Chapter Nine 

Comparison of techniques for 

assessing the seismic response of 

perforated URM walls 

9 Nine 

The underlying goal of this doctoral investigation was to provide criteria for 

practicing engineers to assess the in�plane seismic behaviour of multi�storey 

perforated unreinforced masonry walls. The large population of existing 

historically important unreinforced masonry buildings in New Zealand, and the 

continual exposure of the earthquake prone nature of unreinforced masonry as a 

construction material, have driven the need for accurate and efficient assessment 

techniques which will aid in the seismic retrofit process. Analysis of the 

experimentally tested substructures using simplified desktop analysis methods 

currently proposed in structural codes for the assessment of existing unreinforced 

masonry buildings (ASCE/SEI 41�06 2000; NZSEE 2006) are presented and 

compared with predicted response using an Equivalent Frame model.  

9.1 Background 

With reference to the in�plane seismic behaviour of unreinforced masonry 

perforated walls, non�linear static procedures based on an Equivalent Frame (EF) 

modelling strategy have been shown to be suitable for the analysis of regular 
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perforated walls (Cattari and Lagomarsino 2008; Galasco et al. 2002; Magenes et 

al. 2006; Pasticier et al. 2008), as also proposed in international codes (Eurocode 8 

2005; NTC 2008). In an EF model, the laterally loaded wall is discretised into pier 

and spandrel panels in which the non�linear response is concentrated. As shown 

from the experimental programme reported in Chapter 4 and Chapter 6, and the 

non�linear modelling reported in Chapter 8, the spandrels significantly affect the 

system response of the perforated wall by defining the pier boundary conditions 

and hence determining their maximum strength capacity.  Despite this, numerous 

research programmes have been conducted with a focus on component level testing 

of piers, with little research being undertaken on the behaviour of unreinforced 

masonry spandrels. This lack of research focus on spandrel behaviour has resulted 

in the slow uptake of EF modelling by practicing engineers as the main 

disadvantage of the EF modelling approach is the relative uncertainty of the 

spandrel analytical equations for shear and flexure compared to the pier analytical 

equations.  Further to this, determination of the spandrel shear strength and 

flexural strength is fundamentally dependent on the axial load within the 

spandrel, which is basically zero under gravity loading, and increases with applied 

lateral load.  

In response to the limited knowledge of spandrel behaviour, simplified models such 

as the “strong�spandrel weak�pier” model, and the “strong�pier weak�spandrel” 

model have been adopted by the New Zealand assessment code (NZSEE 2006). 

These simplified models represent the two limiting cases of infinite spandrel 

stiffness and strength, or null spandrel stiffness and strength, effectively making 

the modelling of spandrels irrelevant.  Using these models the strength of the wall 

can be determined from the addition of the nominal strength of the individual 

piers, which is taken as the minimum shear strength associated with the failure 

mechanisms of rocking, toe�crushing, bed�joint sliding and diagonal tension 

calculated using the NZSEE (2006) equations.  

The assumption of infinite spandrel strength and stiffness is generally reliable for 

modern buildings where the unreinforced masonry spandrels are connected to 

reinforced concrete lintels, or tie�beams, and the diaphragms are constructed of 

reinforced concrete, which collectively ensure a rigid connection between piers at 

floor heights. These features are not characteristic of URM buildings in New 

Zealand, where flexible timber diaphragms and unreinforced masonry lintels which 
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have limited tensile strength are typical, and hence the hypothesis of null spandrel 

strength and stiffness is sometimes considered more appropriate. This null 

strength and stiffness assumption is referred to as a ‘weak spandrel’ model which 

results in the piers being considered as uncoupled, and having an effective height 

equal to the building height. 

In the following sections the individual test structures detailed in Chapters 4 and 6 

are analysed using the simplified desktop based methods and the more complex 

Equivalent Frame model method, and the results are compared. The implications 

of the application of the simplified methods are then discussed with reference to 

assessment of the as�built strength and subsequent retrofit design. 

9.2 Modelling of Substructures 

9.2.1 Simplified Analysis Results 

The strength predictions using the NZSEE (2006) equations for the individual piers 

of each substructure are shown in Table 9�1. The values shown were calculated for 

fixed�fixed boundary conditions and an effective pier height measured to the 

adjacent opening, in accordance with the strong�spandrel theory.  For piers with an 

aspect ratio of 1.5 and a high axial compression load, rocking is shown to be the 

predicted critical failure mode based on minimum lateral resistance. As the axial 

compression load decreases, the maximum lateral resistance predicted for a 

rocking mode and a sliding shear mode become comparable. For piers with higher 

aspect ratios, as seen in Pier B for substructure PS2, rocking is the predicted 

failure mode. Rocking followed by sliding shear failure was predicted for the piers 

of substructure PS6 which had a low aspect ratio of 1.07 and a low axial 

compression load level.  Following the guidelines of the NZSEE (2006) document, 

the predicted lateral resistance of each substructure is shown in the ‘prediction’ 

column of Table 9�1 assuming that the piers were fixed�fixed and had an 

equivalent height measured to the adjacent opening, with no contribution from the 

spandrel. A ratio of the predicted lateral strength from the strong�spandrel theory 

to the average ultimate strength determined from the bilinear idealisation of the 

experimental results in the push and pull loading direction is shown in the final 
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column of Table 9�1. It is shown that the idealisation of the spandrel as infinitely 

strong and stiff is unrepresentative of the substructure’s response, as indicated by 

the high ratios of predicted lateral strength to the average measured ultimate 

strength. There is no obvious trend with respect to spandrel depth, spandrel aspect 

ratio or axial stress. The overestimation of the lateral strength using this 

simplified model is understandable as damage to the spandrel region was observed 

during testing of all the substructures. 

Table 9+1 NZSEE predictions of individual pier shear strengths (kN) 

(critical values shown in bold) 

 Vr Vj Vb Vs Prediction Vpred/VuB 

PS1 86.5 102.5 119.0 97.8 173.1 2.00 

PS2 + Pier A 59.4 84.2 114.8 66.2 
93.1 1.75 

PS2 – Pier B 33.7 50.0 68.6 47.1 

PS3 79.1 97.4 117.8 88.9 158.2 1.78 

PS4 82.9 100.0 118.4 93.5 165.8 2.16 

PS5 36.7 69.5 211.3 41.1 73.3 1.29 

PS6 34.8 70.7 106.9 36.1 69.6 2.70 

 

The total maximum lateral strength as predicted by the NZSEE (2006) equations 

for both categories of boundary condition (cantilevered or fixed�fixed) and also for 

three effective height definitions (full height of the substructure to the top of the 

spandrel, to the height of the adjacent opening, and effective height as determined 

by the Dolce (1989) theory), is given in Table 9�2. For cantilevered boundary 

conditions (strong�pier theory) rocking was found to be the critical failure mode for 

all piers when the pier height is defined using the Dolce height definition or using 

the full storey height. For fixed�fixed boundary conditions and the effective height 

measured to the full storey height, rocking was consistently the predicted failure 

mode for all piers, although a mixed rocking/shear sliding failure was found to be 

more probable with a decrease in pier aspect ratio as seen for substructure PS6. 

The total predicted lateral strength values in Table 9�2 are significantly different 

dependent on the boundary conditions and effective height of the piers, confirming 

that the assumptions made about the initial deformation mode of the structure are 

crucial in order to accurately predict the lateral strength. Without an indication of 
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the spandrel failure mechanism it is hard to justify adopting the ‘strong�spandrel 

weak�pier’ model as this model over predicts strength by 95% on average, or 

adopting the ‘strong�pier weak�spandrel’ model which under predicts strength by 

39% on average. From the ratios of Vpred/VuB presented in Table 9�2 it is shown 

that a modified ‘weak�spandrel’ model that uses the effective pier height based on 

the Dolce method, results in an average 16% underestimation of the lateral 

strength, giving the best agreement with the measured lateral strengths for the 

simplified assessment models. 

Table 9+2 NZSEE (2006) predictions for varying boundary conditions and aspect ratios 

 
FF Opening FF Full Height C Full Height C Dolce Height 

 ����� 
����� ��Þ:  ����� 

����� ��Þ:  ����� 
����� ��Þ:  ����� 

����� ��Þ:  

PS1 173.1 2.00 130.3 1.51 65.1 0.75 80.67 0.93 

PS2  93.1 1.75 70.1 1.32 35.0 0.66 43.83 0.82 

PS3 158.2 1.78 103.7 1.17 51.8 0.58 70.86 0.80 

PS4 165.8 2.16 91.7 1.19 45.8 0.60 70.34 0.91 

PS5 73.3 1.29 48.1 0.85 24.0 0.42 32.84 0.58 

PS6 69.6 2.70 32.6 1.27 16.3 0.63 25.76 1.00 

Average   1.95  1.22  0.61  0.84 

C.O.V  0.24  0.18  0.18  0.18 

 

9.2.2 Comparison of Assessment Models 

The experimental backbone curves from cyclic pushover testing of the six 

substructures are shown in Figure 9�1, which have then been overlaid with the 

pushover curves as determined using the Equivalent Frame approach detailed in 

Chapter 8, the predicted lateral strength using the ‘strong�spandrel weak�pier’ 

model as adopted by NZSEE (2006), and the predicted lateral strength using the 

‘strong�pier weak�spandrel’ model assuming the effective pier height found using 

the Dolce method. The force�displacement plots illustrate the significant over�

estimation of lateral strength obtained as a result of assuming the spandrel to be 

rigid. Good agreement between the experimental backbone curve and the pushover 

Where C = Cantilevered, FF = Fixed�Fixed related to the pier boundary conditions 
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curve from the EF model is shown for all substructures except PS5, highlighting 

the importance of the spandrel element in the global assessment of a perforated 

wall. 

  

a) Force+displacement plot for PS1 b) Force+displacement plot for PS2 

 

  

c) Force+displacement plot for PS3 d) Force+displacement plot for PS4 

 

Figure 9+1 Force+displacement plots comparing predicted and  

experimental assessment backbones for the substructures 
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e) Force+displacement plot for PS5 f) Force+displacement plot for PS6 

 

Figure 9+1 Force+displacement plots comparing predicted and  

experimental assessment backbones for the substructures (continued) 

9.2.2.1 Effects of material properties 

To highlight the effect of material property variability on the outcome of 

predicative lateral strength values, the prediction for each substructure using the 

NZSEE (2006) guidelines was calculated for varying material values. The first 

column of Table 9�3 gives the prediction of lateral strength using the material 

properties found from material testing of the substructures (see Table 4�3), and 

column two, three and four, show the prediction if the NZSEE (2011) suggested 

values for prescribed parameters (see Table 4�4) are adopted in lieu of 

experimental material data.  The cohesion value was reduced to 0.1 which 

correlates approximately to the minimum suggested cohesion value if a soft mortar 

was identified. The values in Table 9�3 indicate that cohesion has a significant 

influence on the total predicted lateral strength for substructures PS1, PS2, PS3, 

PS4 and PS6, resulting in a reduction in lateral strength of approximately 15%.  

Noteworthy is that the reduction in cohesion from 0.3 to 0.1 resulted in a change in 

the critical failure mode from rocking to diagonal tension for substructures PS1, 

PS2, PS3 and PS4, and from sliding/rocking to diagonal tension for substructure 

PS6. Variation of the coefficient of friction is shown to only affect the predicted 
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lateral strength of substructure PS6, and in this case the change in lateral strength 

is minimal (2.2 kN). The increase in masonry compressive strength to 18.5 MPa, 

which is over double the true compressive strength (9.2 MPa), led to a small 

increase in the predicted lateral strength for all substructures, and no change in 

critical failure mode, suggesting that the variability in masonry compressive 

strength is not critical to the lateral strength. 

Table 9+3 Material variability effect on predictive strength 

 
Original* c = 0.1 MPa T = 0.65 f’m = 18.5 MPa 

PS1 173.1 142.6 173.1 179.1 

PS2 + Pier A 93.1 86.7 93.1 95.8 

PS3 158.2 132.4 158.2 163.2 

PS4 165.8 137.6 165.8 171.4 

PS5 73.3 73.3 73.3 74.3 

PS6 108.3 90.3 106.1 108.2 

 

9.3 Modelling of Two Storey Wall 

In order to quantify the differences in the predicted capacity of a perforated URM 

wall resulting from the adoption of the simplified modelling strategies discussed in 

section 9.1 and the equivalent frame model detailed in Chapter 8, the predicted 

response of the two storey URM perforated wall was analysed. In particular the 

following cases have been compared:  

• ‘Strong�spandrel weak�pier’  

• ‘Weak�spandrel strong�pier’ � Model ‘A’ (assuming Heff of piers equal to the 

total height) 

• Weak�spandrel strong�pier � Model ‘B’ (assuming Heff of piers equal to the 

inter�storey height)  

• EF Model – Case A, as detailed in Chapter 8 which includes pier and 

spandrel coupled M�N flexural hinges 

*Original = True measured material properties, c = 0.25, h = 0.40  f’m = 9.2 MPa 



Modelling of Two Storey Wall 

   
� 343 � 

• EF Model – Case B where non�linear links are used to model the flexural 

failure of the piers which define the yielding moment based on an 

assessment of the pier axial stress a priori 

• EF Model – Case C in which the strength criteria equal to those of piers 

have been assumed for the spandrel. 

9.3.1 Simplified Analysis Results 

Figure 9�2 illustrates the two storey wall idealised as pier and spandrel elements 

using the ‘strong�spandrel weak�pier’ simplified model. Analysis of the pier shear 

strengths with fixed�fixed boundary conditions and effective heights as shown in 

Figure 9�2 is presented in  

Table 9�4. The nominal shear strength is determined as the lowest shear strength 

for the four failure modes, for which rocking was found to be the governing failure 

mechanism for the eight piers. Summing the piers’ nominal shear strength gives a 

ground floor storey shear capacity of 52.4 kN, and a top floor storey shear capacity 

of 31.6 kN, which results in a predicted total base shear capacity of 52.4 kN. 

Compared to the measured base shear (average of 41 kN peak lateral strength in 

the positive and negative loading directions), the ‘strong�spandrel’ model over 

predicts the base shear by 28% (ratio of predicted to average bilinearised peak base 

shear = 1.28). The non�conservatism found was to be expected, as multiple cracks 

were observed in all spandrel panels. The over prediction of the lateral strength is 

of concern, as this is the recommended assessment guide for New Zealand 

unreinforced masonry buildings. 
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Figure 9+2 Strong+spandrel idealisation for two storey wall 

 

Table 9+4: Strong+spandrel model + NZSEE pier capacities (kN) 

(critical values shown in bold) 

Pier Vr  Vb Vj Vs Prediction 

AG 5.84 14.33 14.78 6.68 
 

BG 19.04 49.09 48.56 19.93 
 

CG 19.07 49.10 48.57 19.96 
 

DG 8.46 22.20 22.46 9.36 
 

Ground Floor shear capacity     
52.4 

AT 3.42 10.93 10.85 3.75 
 

BT 11.64 38.88 37.36 12.19 
 

CT 11.66 38.88 37.37 12.20 
 

DT 4.91 16.66 16.31 5.29 
 

Top Floor shear capacity     
31.6 

 

Figure 9�3 illustrates the two storey wall idealised as pier and spandrel elements 

using the ‘weak�spandrel strong�pier’ simplified model, firstly when the 

diaphragms are assumed to provide no restraint (weak�spandrel � Model A), and 

secondly when the diaphragms provide minimal translational coupling of the pier, 

reducing the free span of the pier, such that the effective pier height can be related 

to the inter�storey height (weak�spandrel � Model B). 
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Table 9�5 and Table 9�6 report the pier shear strengths for each failure mode, for 

simplified desktop methods ‘weak�spandrel � Model A’ and ‘weak�spandrel � Model 

B’ respectively. The high pier aspect ratios defined by the upper limit of pier 

effective height controls the failure mode, and therefore rocking is critical for all 

piers. Weak�spandrel � Model A predicts a base shear of 6.00 kN (ratio of predicted 

to average bilinearised peak base shear = 0.15), and weak�spandrel � Model B 

predicts a base shear of 15.11 kN, (ratio of predicted to average bilinearised peak 

base shear = 0.37). 

Table 9+5 Weak+spandrel Model 'A' pier strengths (kN) 

Pier Vr  Vb Vj Vs Prediction 

A 0.67 3.15 3.16 1.23 
 

B 2.17 14.62 14.20 3.97 
 

C 2.17 14.62 14.20 3.97 
 

D 0.97 5.37 5.31 1.77 
 

Base Shear     
5.98 

 

 

Table 9+6 Weak+spandrel Model 'B' pier strengths 

Pier Vs (kN) Vj (kN) Vb (kN) Vr (kN) Prediction 

AG 1.49 5.65 5.75 2.30 
 

 

a) Weak+spandrel + Model A 

 

b) Weak+spandrel + Model B 

Figure 9+3 Strong+pier idealisation of two storey wall 
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BG 5.57 24.45 24.17 7.33 
 

CG 5.58 24.45 24.17 7.34 
 

DG 2.49 9.52 9.63 3.29 
 

Ground floor 

shear capacity     

15.11 

AT 0.75 3.93 3.89 1.00 
 

BT 2.40 18.77 17.93 3.43 
 

CT 2.41 18.77 17.94 3.44 
 

DT 1.06 6.54 6.37 1.43 
 

Top floor   

shear capacity     

6.62 

9.3.2 Comparison of the assessment models 

To illustrate the differences in the overall predicted base shear capacity resulting 

from the adoption of the simplified approaches and Equivalent Frame models 

discussed above, the backbone from the cyclic testing of the two storey perforated 

URM wall reported on in Chapter 6 is shown in Figure 9�4 with the predicted total 

base shear values and pushover curves generated by the different assessment 

models overlaid.  

As reported in Chapter 8, there is good agreement between the experimental 

backbone curve and the pushover curve for the Equivalent Frame model – Case A 

for both stiffness and strength. The strong�spandrel simplified approach results in 

an upper bound to the range of predicted base shear, with the weak�spandrel 

approaches providing the lower bound.  The adoption of weak spandrel – Model B, 

which is based on the lateral strength of multi�storey height piers, represents the 

most punitive case in terms of predicted as�built capacity and can be considered to 

be excessively conservative.  It is confirmed that the two simplified assessment 

models are both unrepresentative of the structural form for the two storey 

perforated wall assessed. The current recommendation of systematically adopting 

the ‘strong�spandrel weak�pier’ model suggests that the assessed lateral capacity of 

multi�storey perforated walls is excessive. Alternatively, adopting the conservative 

‘weak�spandrel – Model B’ idealisation would result in a significant 

underestimation of the as�built capacity, and hence lead to a potentially invasive 
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and excessive retrofit intervention. 

The predicted base shear capacity for EF�Model C (where pier behaviour models 

were applied to the spandrel elements) and ‘weak�spandrel � Model B’ are shown in 

Figure 9�4 to be similar. This comparison highlights the importance of accurate 

and appropriate non�linear behaviour models for the spandrel elements, without 

which the advantage of using more complex models is lost. The pushover curve for 

EF�Case A, where an ‘equivalent’ tensile strength is applied to the spandrel 

elements when determining the moment�axial interaction curve, shows a greatly 

increased base shear capacity from that of EF�Case C, confirming that the 

behaviour of the spandrel elements has a significant influence on the global 

response of perforated URM walls. 

The effects of overturning on the lateral capacity of a URM wall are highlighted in 

the difference between the pushover curves for EF � Case A and EF � Case B. In 

EF�Case A the non�linear flexural behaviour of piers is modelled using coupled 

moment�axial hinges, therefore accounting for any change in axial force due to 

global overturning and redistribution of gravity loads, whereas the flexural 

behaviour of piers in EF � Case B is modelled using non�linear links which require 

the yield moment to be calculated a priori based on the pier axial stress when 

analysed for gravity loading only. Figure 9�4 shows that the capacity of the wall 

assessed using EF – Case A is greater than when assessed using EF – Case B, as in 

the EF – Case A assessment, the actual moment capacity of the pier element 

depends on the axial force at the current step, and therefore change in moment 

capacity due to the change in axial force can be accounted for. This overturning 

effect on the capacity of the elements has been shown to become more significant as 

the level of coupling between the piers increases (Cattari and Lagomarsino 2009).  
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Figure 9+4 Force+displacement plots comparing predicted and  

experimental assessment backbones for the two storey wall 

 

 

 

9.4 Implications of Assessment Method 

The comparison between the simplified desktop assessment methods and the 

Equivalent Frame method have shown that although the simplified methods are 

easy to put into practice, they lack the accuracy of the Equivalent Frame methods. 

The implications of adopting simplified desktop procedures for the assessment of 

perforated URM walls, especially where the spandrel depths are classified as 

shallow or average, are twofold.  

Firstly, adopting the ‘weak�spandrel strong�pier’ method results in a conservative 

prediction of the global lateral strength of a perforated wall. If the prediction is 

excessively conservative, this could result in an unjustifiably high level of retrofit 

intervention, which is counterproductive to providing efficient and effective retrofit 

solutions. In addition, extensive retrofit solutions are often invasive, resulting in 

significant loss of architectural character and aesthetic appeal of these heritage 

buildings. 
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Secondly, identifying the failure modes of the elements within the perforated wall 

is a key step in determining the most effective retrofit intervention. In the 

simplified methods, where the spandrel behaviour is not taken into account when 

determining the boundary conditions, pier effective height, and axial stress on the 

pier, the confidence in determining the correct governing failure mode of the 

perforated wall is reduced.  When a retrofit intervention is designed, the aim is for 

it to enhance the ductile response of the wall by preventing brittle failure modes 

occurring. In addition, it has been shown that certain failure modes, such as failure 

within the spandrel region (Benedetti et al. 2001), increase the energy dissipation 

capacity of the wall, and hence appropriate materials and placement of retrofit 

interventions needs to be allowed for.  Furthermore, some retrofitting techniques, 

such as reinforced polymer materials, allow the placement of the retrofitting 

material to be specifically defined, creating stronger/weaker elements. This type of 

retrofit application can instigate a change in failure mode by altering the relative 

strength between pier and spandrel elements, resulting in significant changes in 

the level of ductility, drift capacity and lateral strength.  

 

9.5 Conclusions 

A comparison of the predictive strengths achieved through simple desktop methods 

and through an Equivalent Frame model has been presented. The predicted 

strengths and failure modes have been compared to the extensive testing 

programme reported in Chapter 4 and Chapter 6. 

From the analysis of the single storey substructures reported in Chapter 4 it was 

found that a the ‘strong�spandrel weak�pier’ approach, which was adopted by 

NZSEE (2006), over�simplified the observed deformation mode response, and over�

predicted the experimental lateral strength. The ‘strong pier – weak spandrel’ 

method, where the effective pier height was taken as the full height, led to the 

predicted lateral strength being approximately 60% of the measured lateral 

strength on average.   In addition, the ‘weak�spandrel strong�pier’ analysis model 

more accurately represented the failure mode of the substructures, where on each 

occasion the spandrel failed first. For this reason it is proposed that spandrels 
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provide limited restraint to the adjacent piers which results in piers having an 

effective height less than the full unrestrained height of the substructure. 

In all cases, the experimental force�displacement curve of the tested structures was 

found to be most closely replicated by an Equivalent Frame model of the tested 

structure, where the non�linear behaviour of the spandrel was included, and the 

effective pier height was calculated based on the proposal by Dolce (1989). 

The analysis has shown that the simplified desktop methods are not representative 

of the structural form of a perforated wall, and therefore do not provide a 

sufficiently accurate estimate of the lateral strength of the wall for the case where 

the spandrel is relatively weaker than the pier.  The Equivalent Frame method, 

which was detailed in Chapter 8, is capable of predicting the progressive failure of 

a multi�storey perforated wall, and estimates lateral strength with satisfactory 

accuracy. 
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Chapter Ten 

Calculating demand on in�plane 

loaded URM walls 

10 Ten 

A building is considered to be earthquake prone if its ultimate capacity is exceeded 

in an earthquake which would generate shaking at the site of the building that is 

of the same duration as, but one�third as strong as, the earthquake shaking that 

would be used to design a new building at the site. Therefore to determine the 

potential for a particular building to be classified as earthquake prone, not only is 

an accurate assessment of the building’s capacity required but an accurate 

assessment of the seismic demand induced on the building is also necessary. 

The seismic response of unreinforced masonry buildings presents as a special case 

due to the highly flexible nature of timber diaphragms when compared to the 

relative stiffness of the unreinforced masonry perimeter walls.  Due to the flexible 

nature of the timber diaphragms the assumption of rigid diaphragm response, 

which is fundamental for application of standard linear elastic theory, is invalid. 

Although non�linear static procedures for assessing the demand on URM walls are 

gaining in popularity, these methods do not represent the common practise used by 

structural designers, where linear static methods are still most frequently utilized.  

The linear elastic method recommended in NZSEE (2006) and FEMA 356 (2000) 

for the assessment of demand on URM buildings is reviewed with respect to the 

underlying assumptions of the method and the accuracy of the procedure, by 

comparison between the predicted base shear and results from non�linear time 
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history analysis of unreinforced masonry buildings having a geometry for the in�

plane loaded walls that is based on the representative frames detailed in Chapter 

Three. Furthermore, modifications to the linear elastic method and 

recommendations on ductility, structural performance factors, and summation of 

the storey shears to determine total base shear is presented based on analysis of 

the response of the three URM buildings subjected to earthquake ground motion 

records.  

10.1 Introduction 

Unreinforced masonry buildings represent the predominant architectural heritage 

in New Zealand, and were typically constructed of solid clay brick perimeter walls 

and comparatively flexible timber diaphragms.  Referring to Figure 10�1, 

diaphragms are defined as being flexible when the maximum lateral displacement 

of the diaphragm along its length Q∆yS is greater than twice the average inter�

storey drift Q∆�S of the vertical lateral load resisting element of the storey 

immediately below (FEMA 356 2000). From large�scale testing of URM buildings 

where the diaphragm stiffnesses are representative of a standard timber 

diaphragm, it has been shown that the diaphragm lateral displacements are 

significant when compared to the lateral displacements of the comparatively stiff 

URM perimeter walls that are the vertical load resisting elements  

 

 

Figure 10+1 Definition of flexible diaphragm response 

[taken from FEMA356 (2000)] 
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of the storey immediately below the diaphragm (Abrams 2000; Bothara et al. 2010; 

Costley and Abrams 1995). In addition, it has been shown through full�scale 

experimental testing that timber diaphragms typical of those found in New 

Zealand URM buildings are capable of reaching mid�span deflections of greater 

than 300 mm within their elastic region of response (Wilson 2012).  Standard 

equivalent static theory to determine seismic loads on buildings is based on the 

assumption of rigid diaphragms. The demand on URM buildings can therefore not 

be determined using standard elastic procedures as the presence of flexible timber 

diaphragms results in the assumption of rigid diaphragm behaviour being void.  As 

will be shown in the literature review in section 10.2, and through the modal 

analysis of three non�linear Equivalent Frame models of representative URM 

buildings in section 10.5.5, the seismic response of unreinforced masonry buildings 

is strongly influenced by the dynamic characteristics of the flexible timber 

diaphragms that such structures in New Zealand typically contain.  

10.2 URM Building Dynamic Behaviour 

A review of some of the more influential studies into flexible diaphragm building 

behaviour is presented. The findings from these studies, such as the ABK 

methodology (1984), have defined the assessment methods and codes that are 

utilized today. 

Adham et al. (1978) reported on modelling of buildings and the effects of 

diaphragm stiffness, concluding that rigid diaphragms transferred more horizontal 

load to the in�plane loaded walls, and that flexible diaphragms resulted in high 

lateral deflections.  Their model for unreinforced masonry buildings with timber 

diaphragms simplified the in�plane loaded walls to rigid vertical elements and the 

out�of�plane loaded walls to lumped mass assuming the out�of�plane loaded walls to 

be cracked and therefore having little stiffness. 

The unique behaviour of unreinforced masonry buildings with timber diaphragms 

was later investigated by a joint venture of three Los Angeles consulting 

engineering firms, Agbabian & Associates, S.B. Barnes & Associates, and Kariotis & 

Associates (ABK), who proposed a ‘special procedure’ to assess the performance of 

URM buildings. The ABK methodology idealises a URM building into three 
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primary components: 1) end walls (parallel to the direction of excitation), 2) head 

walls (perpendicular to the direction of excitation), and 3) the flexible horizontal 

diaphragms. When a URM building is subjected to earthquake loads, the 

assumption on which the ABK methodology is based is that the head walls provide 

null strength, and that the end walls are comparatively stiff and resist all the 

seismic load. The earthquake motion is transmitted unamplified through the end 

walls into the ends of the diaphragms, and these diaphragms then in turn load the 

head walls, resulting in the head walls responding out�of�plane. Based on this 

idealisation, the in�plane behaviour of the timber diaphragms has a significant 

influence on the demand induced on the in�plane loaded walls.  As the methodology 

was developed through a considerable amount of experimental testing, and 

although many non�linear analyses were conducted by ABK to validate results, the 

ABK methodology is still considered by many as being largely empirical (Bruneau 

1994a). 

Abrams (1997) reported on the dynamic characteristics of two reduced scale test 

structures with flexible diaphragms that were subjected to an array of simulated 

earthquake motions. The diaphragm mass and stiffness was selected so that the 

frequency of the diaphragm response in the horizontal plane was approximately 

one third that of a similar system with rigid diaphragms. From free�vibration tests 

of the structures it was found that the response of each structure was dominated by 

two essential frequencies. The lower of the two frequencies was attributed to the 

diaphragm mass vibrating in the horizontal plane, and the second dominant 

frequency was attributed to the wall mass vibrating with the stiff shear walls. 

Abrams idealised the structure as a simple four�degree�of�freedom system, with 

two lumped masses for the two diaphragms and two lumped masses to represent 

the wall mass at the ground and second storey. Using response spectra theory and 

the displacement history of the test structures to determine the modal 

participation factors, the elastic base shear demand was found to be as much as 4.3 

times the measured base shear maxima, confirming that the response of URM 

buildings is highly non�linear and that they do have ductility capacity. 

Costley and Abrams (1995) completed a series of dynamic tests on two 3 8B  scale 

two�storey unreinforced masonry buildings that had steel floor systems designed to 

replicate timber diaphragms. The walls were designed so that the piers of the 

perforated walls had a range of aspect ratios. A total of 12 earthquake simulations, 
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which were taken from the Nahanni Earthquake of December 23rd, 1985, were 

performed. From the dynamic testing, Costley and Abrams concluded that the 

lateral forces were distributed equally across the two floor levels, not in the 

inverted triangle distribution normally assumed for rigid diaphragms. 

Comparisons were made between the response recorded and the conventional 

methods of determining base shear demand. Methods used to calculate the periods 

of buildings, based on rigid diaphragm assumptions and single degree of freedom 

models, were found to provide poor comparisons to the measured natural periods of 

the flexible diaphragm building. The results from multi�degree�of�freedom (MDOF) 

models indicated independent behaviour of components due to large differences in 

stiffness between the walls and diaphragms. Peak displacement and accelerations 

calculated using a MDOF model were found to have a large scatter around the 

measured values. 

Examination of the acceleration and displacement records from the test runs 

indicated that not all parts of the structure vibrate in phase with one another. 

Furthermore the in�plane loaded walls did not vibrate at the same frequencies as 

the diaphragms, or as each other, especially prior to rocking.  When rocking was 

apparent, the building did vibrate in phase. Agreement of fundamental periods 

determined through methods based on rigid diaphragm behaviour was found to be 

higher with the results from the test unit after cracking than for before cracking. 

This change in response was attributed to the fact that rocking motion seemed to 

unify the structure to vibrate in�phase, and therefore was better modelled by a 

single�degree of freedom model. 

From the dynamic testing of the two�storey scaled URM buildings it was concluded 

by Costley and Abrams (1995) that the response of URM buildings is not 

dominated by a first mode response. Also URM buildings subjected to dynamic 

excitation do not exhibit a unified motion. Additionally the experimental results 

indicated that the dominant response frequencies were controlled by the 

diaphragms (pre�cracking) and by the rocking behaviour (post�cracking), and 

therefore the response was highly dependent on dynamic properties and hence the 

building response cannot be accurately determined using a static analysis method. 

Cohen et al. (2002) tested two single�bay one�storey half�scale reinforced masonry 

buildings with flexible roof diaphragms. The first test had a diagonally sheathed 

timber diaphragm, and the second test had a corrugated metal deck diaphragm. 
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The structures were subjected to artificial ground motions developed for the Mid�

America region. The test results showed that the structures did not behave as 

single degree�of�freedom systems. In these tests the flexible roof diaphragms 

tended to behave independently of the two in�plane loaded walls. It was found that 

the overall response of the building was dominated by the diaphragms and the out�

of�plane loaded wall behaviour, as the stiffness of these components was 

significantly less than that of the in�plane loaded walls.   

From the findings of the experimental testing reported by Cohen et al. (2002) and 

Kim and White (2003), both a simplified linear elastic method (Kim and White 

2004) and a detailed MDOF non�linear analysis approach (Kim and White 2004b) 

were proposed for the seismic analysis of low�rise shear wall buildings with flexible 

diaphragms. Based on the assumptions that the diaphragm stiffness is small 

relative to the stiffness of the in�plane oriented walls, and that diaphragms within 

a multi�storey building respond independently, a linear elastic analysis method 

termed the ‘structural separation’ was proposed, which involves the separate 

analysis of subassembly models to determine storey shear, and then additively 

combining the results to determine base shear. The ‘structural separation’ method 

involves modelling each of the diaphragms and their adjacent walls as separate 

subassemblies. Differing from the ABK special procedure, the effects of in�plane 

loaded wall flexibility on the inertial forces can be directly accounted for. The 

subassemblies are modelled as having three degrees of freedom, by using a lumped 

mass approach. The accelerations at the lumped mass locations are determined 

using either smoothed design or specific response spectra. The diaphragm lateral 

forces are distributed to the adjacent in�plane and out�of�plane loaded walls based 

on their relative rigidities. From a comparison of the predicted base shear using 

the ‘structural separation’ method and the peak lateral forces obtained from a 

linear time�history analysis for a one�storey and a two�storey URM building with 

flexible timber diaphragms, good agreement was reported. 

Kim and White (2004b) developed a three�dimensional MDOF non�linear analysis 

approach that required the building to be divided into its horizontal floor 

diaphragms and the supporting vertical elements. The diaphragm model allowed 

the failure mode of the flexible diaphragm to be assessed. By calibrating the MDOF 

with the results from the Cohen (2001) test, the authors demonstrated that the 

response of a low�rise masonry building with flexible diaphragms cannot be 
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modelled as a single�degree�of�freedom system.  A sensitivity analysis of the MDOF 

model found that the response was linked to the in�plane loaded wall properties as 

well as those of the diaphragm and out�of�plane loaded walls. 

10.3 Modelling URM Building Behaviour 

The seismic demand generated on a structure from ground excitation is primarily a 

function of the structure’s periods of vibration, and hence is controlled by the 

distribution of mass and stiffness within the structure. To replicate the key 

dynamic behaviours of a particular building these parameters therefore need to be 

accurately represented.  As the focus of this Chapter is on determination of the 

demand on the in�plane loaded walls, accurate modelling of the in�plane wall 

behaviour and diaphragm dynamic characteristics is essential as the role of these 

components in the system level building response has been highlighted in the 

review of the literature.  

10.3.1 In+plane Wall Response 

In�plane wall response has been extensively evaluated in this doctoral study, with 

experimental testing reported in Chapter 4 and Chapter 6 being used to validate 

the linear elastic modelling and the non�linear modelling presented in Chapter 7 

and Chapter 8 respectively. The techniques presented for linear elastic modelling 

allow an accurate prediction of the in�plane elastic stiffness of a perforated URM 

wall, and the non�linear modelling using the Equivalent Frame approach allows a 

prediction of the stiffness degradation and the ultimate shear strength to be made. 

10.3.2 Timber Diaphragm Response 

Typical timber diaphragms in New Zealand URM buildings are generally made up 

of either straight�edge or tongue & groove floorboards nailed perpendicular to joists 

that span between the URM walls. When perimeter walls are close enough (less 

than approximately 6 m) joists often span continuously between these elements. 

For larger spans, joists are typically lapped or butted over intermediate steel or 

timber cross�beams supported on columns, as seen in Figure 10�2a. Joist ends are  
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a) Underside of diaphragm showing 

joists, sheathing and cross+bracing 

 

b) Pocketing of joists into perimeter 

masonry wall 

Figure 10+2 Timber diaphragms inside a URM building 

 

 

typically either simply supported on a brick ledge resulting from the perimeter 

walls reducing in width at each storey height, or pocketed into the wall to a depth 

equal to one brick width as seen in Figure 10�2b.  

Timber floor diaphragms are widely recognized to have significant impact on the 

overall seismic response of URM structures, and the accurate assessment of 

diaphragms is therefore crucial during the seismic assessment and retrofit of URM 

buildings.  A series of full�scale diaphragm tests on representative diaphragms 

from New Zealand URM buildings were performed to generate data to aid in 

understanding the dynamic characteristic of flexible timber diaphragms. This work 

was conducted by a fellow researcher in the Seismic Retrofit Solutions team and is 

presented in Wilson (2012). From the analysis of results from this experimental 

programme, Wilson (2012) recommended shear stiffness values for representative 

timber diaphragm construction types found in New Zealand URM buildings. 

10.3.2.1 Diaphragm Period 

As recently noted by Oliver (2010), both ASCE (2007) and NZSEE (2006) stipulate 

a diaphragm fundamental period that is calculated as: 

` = �3.07∆  
 

(10+1) 

 

However neither document clarifies the source of this equation, and as period 

values derived using Equation (10�1) can appear somewhat questionable, it is 
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useful to outline the derivation of this equation.  If a fixed�ended flexural beam 

with distributed mass is considered, then the deformed shape and mid�span 

deflection are as shown in column 1 of Table 10�1.  Note that the period calculation 

is independent of the magnitude of applied acceleration, but that for convenience it 

is useful to evaluate deflections when subjected to gravity acceleration, g, even 

though we are considering horizontal deformations in the plane of the diaphragm, 

rather than vertical deflections due to sagging.  As outlined in Chopra (2001), a 

shape function can be used to describe the beam deformations, which can then be 

used to develop a generalised mass �∗ = � ��«Q'SJ-'�_  and generalised stiffness 

�∗ = �¥H«ttQ'SJ -' (for flexural) or �∗ = � êÑ Q«tQ'SSJ�_ -' (for shear).  This 

information can then be introduced to the generalised period equation to obtain a 

specific expression for the period. 

Whilst the above discussion satisfactorily explains the origin of the equation in 

ASCE (2007) and NZSEE (2006) there are several further issues to consider.  

Firstly, the assumption of the diaphragm having a fixed boundary condition when 

connected to the in�plane oriented walls is inconsistent with the nature of most 

diaphragm connection details, and the corresponding period calculations for a pin�

ended flexural beam would appear to be more realistic.  This information is 

provided in column 2 of Table 10�1, illustrating that the boundary effects had an 

inconsequential influence on the equation coefficient, but a 230% change on the 

calculated period.  More importantly, as noted by Oliver (2010) and confirmed by 

Wilson (2012), flexible diaphragm deformations are governed by shear 

deformations rather than flexural deformations.  Hence the corresponding process 

is presented in column 3 of Table 10�1, showing that again this modification has 

had only a small impact on the coefficient used in the period calculation.   
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Table 10+1 Period of flexible diaphragm accounting for boundary effects and deformation 

modes 

 Fixed end flexural 

beam 
Pin ended flexural 

beam 
Shear beam 

Deflected 

geometry, 

δ(x) 

!Q'S = ��D'J24¥H Q9 − 'SJ !Q'S = p� ·�Jù"Z Q'Ö −29'J + 9ÖS  
!Q'S = ��Dn»� j92 ' − 'J2 k 

Maximum 

deflection ∆TT= ��D94
384¥H ∆\T= 5��D94

384¥H = 5∆TT ∆O�= ��Dn92
8»�  

Shape 

function 
«Q'S = 16'J9ù  Q9 − 'SJ «Q'S = 16'59ù Q'Ö − 29'J

+ 9ÖS «Q'S = 89J j9'2 − 'J2 k 

Generalised 

mass 

�*= JøööÖ_ � �*= JÖ#_#ù÷Jø_ � �*= #cø � 

Generalised 

stiffness 
�*= 

10245  
¥H93 �*= 

36864750  
¥H93 �*=

163 »�9n 

General 

period 

expression 

` = 2 ��∗�∗  ` = 2 ��∗�∗  ` = 2 ��∗�∗  

Specific 

period 

expression 

` = �3.07∆TT    = 1.75�∆TT 
` = �3.17∆\T      = �15.85∆TT    = 1.78�∆\T    = 3.98�∆TT

 

` = �3.21∆O�    = 1.79�∆O� 

 

ASCE (2007) and NZSEE (2006) guidelines recommend that a parabolic 

distribution of horizontal load is used when assessing the capacity of a flexible 

diaphragm, as this distribution is more representative of the expected distribution 

of horizontal inertial forces that develop in a diaphragm when compared to a 

uniform distribution. 

The parabolic distribution can be expressed as: 

â/ = 1.5&y9y í1 − 72'9 − 1;Jî 
 

(10+2) 

 

 

Where &y is the total diaphragm inertial load, LD is the span of the diaphragm, and 

x is the distance from the side of the diaphragm. Applying the same process as 

shown in Table 10�1, an expression for the fundamental period of a shear governed 

beam with a parabolic load distribution can be shown to be: 
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` =  �2.61∆$ (10+3) 

where ∆$=  3��D9J16»�  (10+4) 

 

Wilson (2012) further showed that if A = Bt and Gd =Gt and ��9J = �9 = &y, then 

equation (10�3) can be re�expressed as:  

` = 0.70�&y9» E (10+5) 

Where B is the diaphragm width and t is diaphragm thickness. 

When equation (10�3) for the period of a shear beam subjected to a parabolic load 

distribution is compared with the period for a shear beam subjected to a uniformly 

distributed load distribution, the difference was found to be less than 1%.  Based 

on the firm conclusions and observations from experimental testing reported by 

Wilson (2012) that diaphragm behaviour is most suitably captured by a shear 

beam, equation (10�5) has been herein adopted for the prediction of timber 

diaphragm fundamental period. 

10.4 Assessment Approaches 

Current codes from both New Zealand and overseas (ASCE 2007; Eurocode 8 2005; 

NTC 2008; Standards New Zealand 2004a) present the different levels of global 

structural analysis procedures, including elastic (Equivalent Static and Model 

Response Spectrum) and inelastic (Simple Lateral Mechanism, Lateral Pushover, 

and Non�linear Time History) analysis methods, along with general statements 

covering some of the limitations associated with each method. With this noted, 

elastic linear methods represent the overwhelming first choice for most practicing 

engineers based on the simplicity and familiarity of the Equivalent Static method, 

compared with the perceived complexity and high time demand of inelastic 

analysis methods.  

When the basic limitations of the Equivalent Static method are reviewed, it would 

seem that this assessment method would be suitable for URM buildings. URM 

buildings in New Zealand are usually not over six stories in height, and the 
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majority of URM buildings have a total height less than the 30 m limitation 

imposed on application of the linear elastic assessment method. In addition, the 

floor plan of URM buildings is generally regular, with no vertical stiffness or mass 

irregularities. The perimeter walls typically have similar stiffnesses and therefore 

no significant torsional stiffness irregularities could be assumed. Even with these 

criteria satisfied, the Equivalent Static method as detailed in NZS1170.5 is 

inappropriate for the assessment of URM buildings due to the fundamental 

assumption on which it is founded, and hence this unsuitability needs to be 

expressly highlighted. The critical issue with the Equivalent Static method is that 

it is based on the assumption of rigid diaphragm behaviour, which translates to 

assuming that the building has a fundamental period in which over 80% of the 

mass participates in a particular direction. Whilst the URM perimeter walls can be 

considered to be effectively rigid, the timer frame floor diaphragms have been 

shown to be relatively flexible (Wilson 2012), and furthermore it has been shown in 

the literature that the presence of flexible diaphragms significantly affects the 

dynamic characteristics of the building to the extent that the building will have 

multiple dominant modes. The Equivalent Static procedure is focused on the use of 

the fundamental period for characterising the seismic response. As the 

fundamental period calculation is not meaningful for a structure with multiple 

dominant modes it therefore confirms that this assessment procedure will not 

capture the true overall structural response. 

In buildings with rigid diaphragms, the diaphragm does not deform appreciably 

and therefore its behavior remains elastic. In this case the earthquake induced 

internal forces are generally distributed to the vertically oriented force�resisting 

elements in direct proportion to the relative rigidities of the supporting walls.  For 

these types of buildings, an equivalent single�degree�of�freedom (SDOF) model may 

be used to estimate the total storey shear force. Conversely, buildings with flexible 

diaphragms generally have multiple dominant modes, and each of the diaphragms 

within the building respond in each of their principal directions largely 

independent of each other and independent of the in�plane loaded wall behaviour 

(Kim and White 2004b). It therefore follows that the magnitude of the horizontal 

force within the vertically oriented force�resisting elements due to the imposed 

lateral excitation depends on not only the response of the walls themselves but also 

on the stiffness and strength of the diaphragms. 
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In recognition of the unique behaviour of buildings with flexible diaphragms, 

NZSEE (2006) and ASCE (2007) have included a procedure for assessing the 

demand on URM buildings which is based on the ‘special procedure’ developed by 

ABK (1984). The proposed method recognises the high stiffness variation between 

the in�plane loaded walls and the diaphragms, which results in the building 

structure responding at the fundamental frequencies of the individual structural 

components.  In a multi�storey building, the response of each floor diaphragm is 

considered to be uncoupled. 

The assessment procedure provided by NZSEE (2006), outlined in Appendix F, is 

applicable to URM buildings with flexible diaphragms at all levels above the 

ground, having a minimum of two lines of walls in each principal direction and a 

maximum height of six stories.  The method is based on the assumption that the 

dynamic response of the system is concentrated in the diaphragms, and that the 

wall deformations are negligible compared to the diaphragm deflections, which is 

consistent with the assumption of infinitely rigid in�plane loaded walls as defined 

in the ABK methodology. The storey shear force is calculated based on the 

fundamental period of the diaphragm, with modification factors to account for P�∆ 

effects, higher mode effects and inelastic behaviour.  

A similar method is proposed in the International Building Code (2007), although 

altogether better explained. The in�plane loaded walls are assumed to be effectively 

rigid with the implication being that unamplified ground acceleration is 

transferred directly to the diaphragm edges, and hence the in�plane seismic loading 

condition acting on the walls is simply the inertia force produced by the tributary 

mass times the base ground acceleration, or the zonal acceleration factor times the 

tributary weight. Moreover, the reactive contribution of diaphragms cannot exceed 

that produced by diaphragm shear yielding and consequently an upper bound of 

shear force transfer into the in�plane loaded wall is provided. Consequently the 

storey force distributed to the shear wall at any diaphragm level is: 

$�� = 0.8ðycQM�� + 0.5M S (10+6) 

  

But need not exceed:  $�� = 0.8ðycM�� + 4�@ (10+7) 

 

where M  is the total dead load tributary to a diaphragm, including walls 
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perpendicular to the direction of motion; M�� is the dead load of unreinforced 

masonry wall assigned to level x halfway above and below the level under 

consideration; 4� and D are respectively the unit shear strength and depth of the 

flexible diaphragm; and ðyc is the design spectral acceleration for a period of 1 

second, in g units.  

Comparing the procedures detailed in NZSEE (2006) and the International 

Building Code (2007), neither addresses the fact that the motion of the in�plane 

loaded walls is generally different to that of the flexible diaphragm, or that as the 

diaphragms respond independently they may not be in�phase, and therefore the 

direct sum of the shear forces transferred to each storey would result in an upper 

bound limit to the total base shear. The main difference between the two methods 

is the determination of the spectral acceleration value for the calculation of the 

lateral force. In the NZSEE (2006) procedure, the period of the diaphragm is 

explicitly determined based on the geometry and shear stiffness of each diaphragm 

and therefore the spectral acceleration is determined for the diaphragm period and 

specified damping ratio in accordance with Section 3 of NZS 1170.5:2004. 

Conversely in the International Building Code, the design spectral acceleration, ðyc, is defined for a period of 1 second for all diaphragms. For large span 

diaphragms this period would result in a higher spectral acceleration than if the 

spectral acceleration was determined based on the predicted period.  

The next level of analysis involves utilisation of inelastic assessment methods, for 

example the Capacity Spectrum method (ATC 1996; Freeman 1998) and the N2 

method (Eurocode 8 2004; Fajfar 2000), which involve the application of a non�

linear static procedure to evaluate the seismic capacity of unreinforced masonry 

buildings, combined with response spectrum analysis of an equivalent single�

degree�of�freedom system to determine demand. The general procedure can be 

summarized by the following:  

• Determine the capacity curve in terms of roof displacement and base shear.  

• Calculate dynamic characteristics of the structure such as periods of 

vibration, mode shapes, modal participation factors and effective modal 

mass ratios. 

• Convert the capacity curve to a capacity spectrum in terms of spectral 

acceleration and spectral displacement by use of the dynamic 

characteristics. 
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• Calculate the response spectra (the capacity spectrum method uses elastic 

spectra with a higher proportion of damping to account for non�linear 

behaviour, whereas the N2 method uses inelastic spectra). 

• Plot the capacity spectrum and the damped response spectra in the 

acceleration�displacement format. The intersection of the capacity spectrum 

with the damped response spectrum represents the estimated demands of 

the earthquake on the structure. 

As highlighted by Fajfar (2000), the N2 method is reasonably accurate providing 

the structure oscillates in the first mode, as the dynamic characteristics are 

calculated based on bilinearisation of the pushover curve of the structure, which 

itself is typically determined for a vertical distribution of forces based on a first 

mode shape response. As URM buildings do not have a dominant first mode 

response, more research into the applicability of this method to URM buildings is 

required. In addition, although non�linear static procedures for assessing the 

demand on URM walls are gaining in popularity, within industry they do not 

currently represent a viable alternative.   

10.5 Assessment of Current Guidelines 

To assess the validity of the linear elastic assessment method adopted by the 

NZSEE Assessment Guideline (NZSEE 2006), non�linear time history modelling of 

three unreinforced masonry buildings was completed. The geometry of the three 

URM buildings were defined such that the in�plane oriented walls each had a 

geometry based on the representative frames detailed in Chapter Three. A 

comparison was made between the average absolute peak base shear from seven 

representative ground motion records and the calculated base shear demand using 

the linear elastic assessment method. 

10.5.1 Representative Buildings 

Three dimensional non�linear models of three isolated URM buildings, each with 

different building footprints and number of stories, were constructed in SAP2000 

v14.2.4. Building A had a footprint of 8.92 m × 10.0 m, with Representative 

Perforated Wall 1 acting as the in�plane oriented façade and rear walls. The out�of�
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plane loaded walls were assumed to be 10 m long, solid two leaf walls. Building B 

had an assumed footprint of 7.83 m × 10.5 m, with Representative Perforated Wall 

2 acting as the in�plane oriented façade and rear walls, and therefore the building 

was three stories in height (11.55 m in height). The out�of�plane loaded walls were 

modelled as being three leaf solid URM walls. Finally, Building C was a five storey 

building with a total height of 23.0 m. Representative Perforated Wall 3 acted as 

the in�plane oriented façade and rear walls. The out�of�plane loaded walls were 

similarly modelled as solid walls, with thickness mimicking the thickness of the in�

plane loaded walls. For all the buildings, the diaphragms were assumed to be 

oriented such that the span of the joists was oriented perpendicular to the in�plane 

loaded walls, therefore directly loading the in�plane oriented walls with the 

tributary dead load from the diaphragm.  

10.5.2 In+plane Wall Model 

The in�plane loaded walls were modelled as Equivalent Frames with geometry 

determined from the centre�line dimensions of the perforated URM wall. The 

general form of the in�plane models is covered in detail in Chapter 7 and Chapter 

8. As the intension of the three�dimensional modelling presented herein was to 

assess the building behaviour when subjected to ground motion records, the models 

had to be suitable for non�linear time history analysis. For this reason, the coupled 

hinges that were utilised for the non�linear static analysis of the two dimensional 

Equivalent Frame models, as detailed in Chapter 8, were not suitable for the time�

history model and hence non�linear links were instead used to define the non�

linear flexural behaviour of the piers.  

The main limitation of the non�linear link element in SAP2000 is the inability to 

model coupled behaviour. This limitation has a direct impact on modelling spandrel 

flexural behaviour. As discussed in Chapter 8, the spandrel flexural strength is 

directly related to the axial stress in the spandrel and hence when no lateral force 

is acting on the building, the spandrel has effectively no flexural strength.  As the 

spandrel flexural behaviour was not able to be modelled accurately, it was 

neglected completely.  To assess the influence of neglecting spandrel flexural 

behaviour, and modelling pier flexural behaviour with a fixed ultimate moment 

capacity, a non�linear static analysis of the modified Equivalent Frame was 

conducted and the pushover curves were compared with the curves presented in 
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Chapter 8.  The curves were found to be similar, with the ultimate lateral strength 

for the modified Equivalent Frame model being slightly greater than for the EF 

model with hinges and spandrel flexure, as the spandrel failure mode had changed 

to a shear mode which had greater ultimate shear strength, resulting in an 

increase in the total lateral strength for the perforated wall.  A shear failure in the 

spandrel element, rather than a flexural failure, results in a possible loss of 

stiffness, greater energy dissipation and a reduced ultimate drift capacity. With 

these implications identified, it is important to state that diagonal shear in the 

spandrel is still a valid failure mode for the perforated wall, and the uncertainty 

associated with the material properties could also justify a change in the failure 

mode within the pier and spandrel elements. Therefore, although the modified 

Equivalent Frame model does not produce identical results to the Equivalent 

Frame model used for non�linear static analysis, it represents the best�case using 

this particular finite element programme. 

The moment�rotation curve adopted for the coupled flexural pier hinges in the non�

linear static modelling (see Figure 8�8) was replicated in the multi�linear elastic 

link backbone curve, with the ultimate moment for the piers determined using the 

equation for pier rocking that is prescribed by NZSEE (2006) (see equation 3�9). By 

using a multi�linear link to model the pier flexural response, no stiffness 

degradation or hysteretic energy dissipation was assumed. It is recognised that 

this approach is an idealisation of rocking behaviour, but was adopted as the best 

option available in SAP2000 V14. A more realistic elastic�perfectly�plastic model 

with a secant stiffness unloading hysteretic rule for piers responding in a flexural 

mode was presented by Galasco et al. (2006). This hysteretic model greatly 

improves the accuracy of cyclic time�history modelling of unreinforced masonry 

perforated walls but is not currently standardised in commonly available software 

such as SAP2000. 

The implementation of the non�linear links to model shear behaviour in the EF 

model allowed hysteretic behaviour to be included. Shear behaviour in both the 

pier and spandrel elements was modelled using a multi�linear plastic link, where 

the force�displacement relationship for the pier is illustrated in Figure 8�9, and for 

spandrels is illustrated in Figure 8�21. A pivot hysteretic model was adopted for 

spandrel and pier shear behaviour. Figure 10�3 illustrates the defining parameters 

of the pivot hysteretic model, where Rc locates the pivot point for unloading to zero 
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from positive force; RJ locates the pivot point for unloading to zero from negative 

force; �c locates the pivot point for reverse loading from zero toward positive force; �J locates the pivot point for reverse loading from zero toward negative force, and ƞ 

determines the amount of degradation of the elastic slopes after plastic 

deformation. A full description of the hysteretic model can be found in Dowell et al. 

(1998).  The link parameters which control the stiffness degradation 

(Rc, RJ, �c, �JS for diagonal shear failure in piers were all assumed to be equal to 

0.45 in accordance with the findings of Pasticier et al. (2008), who reported that 

these parameter values best reproduced the experimental results obtained by 

Magenes and Calvi (1997). 

 

Figure 10+3 Multi+linear pivot hysteretic plasticity model 

[taken from CSI Berkeley (2010)] 

 

 
For shear failure in spandrels, Rc and RJ were taken as 2, and �c and �J were taken 

as 0.05. These parameter values were determined by correlating the modelled 

cyclic force�displacement plot with the experimental force�displacement history of 

substructure PS3. 

10.5.3 Diaphragm Model 

Linear frame elements were used to model the flexible diaphragms, with a single 

frame element connecting between the two in�plane loaded walls for each vertical 

pier. The sectional properties were based on the tributary diaphragm width for 
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each vertical pier of the in�plane loaded wall, and the depth was taken as unity. 

Modification factors were applied to the moment of inertia section properties of the 

frame elements in the in�plane and out�of�plane bending directions such that the 

frame elements were effectively rigid in bending. The artificial stiffening of the 

section in bending allowed the shear behaviour of the element to govern the 

response, and therefore effectively created a shear beam. As the shear area of the 

element was proportional to the width times depth (which was taken as unity), the 

shear stiffness of the element was equal to the shear area times the shear modulus 

of the material. Using this approach meant that the diaphragm shear stiffness (GD) 

in kN/m, as specified by NZSEE (2006) and Wilson (2012), could be directly 

implemented into the material properties box for shear modulus, resulting in 

equivalent shear stiffness. The timber material was given null mass and weight, so 

that the mass of the diaphragm, super imposed load, live load, and out�of�plane 

wall mass could be applied to the frame element as mass acting solely in the 

horizontal plane (as seen in Figure 10�5a and Figure 10�6a).  

As an example, the SAP frame element model for the floor diaphragms of the first 

storey and second storey of Building B are illustrated in Figure 10�4 and Figure 

10�5 respectively. On the ground floor of Representative Perforated Wall 2 there 

were four vertical piers (see Figure 2�33), and therefore the floor diaphragm of the 

first storey was constructed from four frame elements with width equal to the 

diaphragm tributary width of each pier (see Figure 10�4a), and likewise on the first 

and top floor there were five vertical piers, and hence the second floor and top floor 

diaphragms were constructed from five frame elements (see Figure 10�5a).  Figure 

10�4a and Figure 10�5 show that each frame element was divided into 20 frames, so 

that there were 21 equally spaced joints along the span of the diaphragm to which 

mass was assigned.  

The described approach to modelling the diaphragm mass and stiffness was 

verified by determining the fundamental periods of the frame element in SAP2000 

for each of the diaphragms for Buildings A�C, and comparing them to the periods 

calculated using equation (10�5). From the results it was found that the desktop 

procedure for determining diaphragm period and the linear frame element model 

fundamental periods were within 5% of each other for a range of diaphragm width, 

span and shear stiffness. The results for the comparison of periods determined 

through the two approaches for Building B are shown in Table 10�2.  
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Table 10+2 Comparison of period assessment for Building B 

 
SAP fundamental 

period 

Period equation Accuracy 

(SAP/equation) 

Building B – First storey 0.939 0.955 0.983 

Building B – Second storey 0.924 0.939 0.984 

Building B – Top storey 0.743 0.756 0.983 

 

  

a) Mass assignment to joints 

 

b) First mode period 

Figure 10+4 Floor diaphragm model for first storey of Building B 

 

  

Mass assignment to joints c) First mode period 

 

Figure 10+5 Floor diaphragm model for the second storey of Building B 
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10.5.4 Modelling of the Out+of+Plane Loaded Walls 

The out�of�plane loaded walls were assumed to be cracked, resulting in their in�

plane stiffness being effectively null. Based on this assumption the out�of�plane 

loaded walls were modelled as distributed mass along the length of the diaphragm. 

For each diaphragm, the mass associated with the out�of�plane loaded wall was 

calculated based on the tributary wall height. A reduction factor of 0.8 was then 

applied to the out�of�plane loaded wall mass to account for the corners where the 

out�of�plane and in�plane loaded walls are interconnected. To keep inertia loads 

consistent, the out�of�plane loaded wall weight was included as a uniform weight 

along the length of the diaphragm beam. 

10.5.5 Time History Records 

NZS 1170.5:2004 (Standards New Zealand 2004a) requires that suites of at least 

three records must be considered for time�history analysis, and that the most 

disadvantageous response must be considered for design (for example, the largest 

value of the maximum strength demands). However, when following this criterion 

the design can be strongly influenced by the response of a specific ground motion 

with particularly strong peaks. In contrast, other standards and recommendations 

(ASCE/SEI 41�06 2000; Eurocode 8 2004) propose to design considering the average 

response of seven or more records. Recent studies (Dhakal et al. 2007; Oyarzo�Vera 

and Chouw 2008) have demonstrated that this latter option improves the 

consistency of the time�history analysis, because it reduces the influence of specific 

ground motions. Also, the results of multiple simulations considering the average 

response of seven time�history analyses offer a lower dispersion in terms of the 

variability in the results, than do the results of multiple simulations taking into 

account the maximum response of three time�history analyses. In addition, in the 

North Island of New Zealand, there are few locations where the hazard is totally 

dominated by one earthquake source. Even for sites adjacent to one of the major 

strike�slip faults, there are usually other nearby faults, or the underlying 

subduction zone has influence, especially for spectral periods of about 1 second and 

longer. Therefore the time history records adopted for this doctoral study are based 

on the recommendations of a fellow researcher, Oyarzo�Vera et al. (2012).  Oyarzo�

Vera et al. (2012) defined five zones of similar seismological signature for the North 
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Island of New Zealand (as shown in Figure 10�6) and suggested suites of seven 

records for each zone and soil class to be used in time�history analysis in the 

absence of site specific studies.  

The non�linear models were subjected to earthquake records for a building located 

in Auckland (zone North A) on soil class C (shallow), and on soil class D (deep or 

soft). In addition, Representative Building A was also subjected to a set of ground 

motion records that are representative of the expected earthquake for the 

Wellington region, which is in zone North � NF (near�fault) for soil class C. 

 

Figure 10+6 Seismic hazard zonation for the North Island of New Zealand for ground 

motion record selection [taken from Oyarzo+Vera (2011)] 

 

 

The scaling of the time history records was in accordance with the guidelines set in 

the New Zealand Loadings Standard (Standards New Zealand 2004a). As URM 

structures do not have well defined global modes, the target period for scaling 

considered the period with the highest mass participation and the fundamental 

periods associated with the local modal response of the most important structural 

member (in�plane loaded wall response and flexible diaphragm response).  The 

periods and mass participation associated with the first 20 modes of the three 

representative buildings are shown in Table 10�3. The periods shown in red 

represent the mode with the highest mass participation from an analysis of the 
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first 100 modes of each model, and the periods shown in blue represent the mode 

shape which has the most significant participation of both the in�plane loaded 

walls and the diaphragms. The mode with the highest mass participation, 

generally the first mode, involved only the participation of the diaphragms and out�

of�plane loaded wall masses, which on average accounted for over 80% of the total 

mass of the model. 

Table 10+3 Periods and mass participation for the representative buildings 

 Frame 1 Frame 2 Frame 3 

 Period 

(sec) 

Mass 

participation 

(X) 

Period 

(sec) 

Mass 

participation 

(UX) 

Period 

(sec) 

Mass 

participation 

(X) 

1 0.790305 0.28191 1.001777 0.51402 2.319502 0.35000 

2 0.525192 0.12918 0.942119 0.00487 2.239879 0.20000 

3 0.396628 6.281E�17 0.793201 0.06576 2.11274 0.04294 

4 0.266138 0.04855 0.525986 5.032E�15 1.93202 0.02334 

5 0.265152 4.643E�14 0.472183 2.899E�15 1.411247 0.04740 

6 0.237478 1.193E�12 0.413553 1.451E�13 1.332679 1.022E�13 

7 0.237476 4.478E�12 0.393109 0.22676 1.332677 4.893E�18 

8 0.237467 1.422E�10 0.317439 7.781E�16 1.332677 2.528E�14 

9 0.201562 4.479E�11 0.316000 0.00176 1.332676 5.785E�17 

10 0.199224 7.539E�08 0.294275 0.01213 1.183405 1.071E�10 

11 0.199007 4.965E�07 0.252327 1.847E�14 1.141931 1.008E�10 

12 0.198985 6.549E�08 0.252108 5.147E�10 1.069332 9.699E�10 

13 0.198901 1.425E�12 0.252099 9.122E�12 0.978793 5.996E�11 

14 0.198900 3.696E�12 0.252049 3.005E�12 0.844311 0.170000 

15 0.198892 1.227E�10 0.252049 4.208E�12 0.787325 7.293E�11 

16 0.182623 0.12263 0.252049 5.098E�13 0.766698 0.002151 

17 0.162868 0.02995 0.248295 1.281E�10 0.720144 0.00002628 

18 0.160925 2.176E�07 0.248071 1.038E�08 0.666584 3.818E�14 

19 0.160715 0.00000154 0.248023 9.871E�12 0.666583 5.102E�14 

20 0.160693 1.552E�07 0.248004 8.304E�14 0.666583 1.193E�13 
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Scaling of the ground motion records was determined based on the period that 

activated both the in�plane loaded walls and the flexible diaphragms. This period 

was always shorter than the period of the mode with the highest mass 

participation and therefore represented conservative scaling of the records. Table 

10�4 lists the specific seven ground motion records for each seismic hazard zone 

and soil class that were represented in the Time History analysis. In addition, the 

individual ground motion records are plotted in Appendix F. 

Table 10+4 Earthquake records by seismic hazard zone and soil class 

Zone Soil Class Record Name Date Mw 

North A 

Deep 

El Centro, Imperial Valley, USA 19th May 1940 7.0 

Delta, Imperial Valley, USA 15th Oct 1979 6.5 

Kalamata, Greece 13th Sep 1986 6.2 

Chihuahua, Victoria, Mexico 9th June 1980 6.3 

Corinthos, Greece 24th Feb 1981 6.6 

Westmorland, Superstition Hill, USA 24th  Nov 1987 6.5 

CHY101, Chi�Chi, Taiwan 20th Sep 1999 6.2 

Shallow – 

Soil Class C 

El Centro, Imperial Valley, USA 19th May 1940 7.0 

Delta, Imperial Valley, USA 15th Oct 1979 6.5 

Kalamata, Greece 13th Sep 1986 6.2 

Convict Creek, Mammoth Lakes, USA 25th May 1980 5.9 

Bovino, Campano Lucano, Italy 23rd Nov 1980 6.9 

Matahina Dam D, Edgecumbe, NZ 2nd March 1987 6.6 

KAU 001, Chi�Chi�IV, Taiwan 20th Sep 1999 6.2 

North NF Shallow 

El Centro, Imperial Valley, USA 19th May 1940 7.0 

Duzce, Duzce, Turkey 12th Nov 1999 7.1 

HKD085, Hokkaido, Japan 26th Sep 2003 8.3 

Tabas, Iran 16th Sep 1978 7.4 

La Union, Mexico 19th Sep 1985 8.1 

Lucerne, Landers, USA 28th Jun 1992 7.3 

Arcelik, Kocaeli, Turkey 17th Aug 1999 7.5 

10.5.6 Load Cases 

The gravity and earthquake time history loading of the models were applied in two 

steps by completing a non�linear analysis of the dead loading case where the 

tributary dead loads from the diaphragm were applied as gravity loads acting on 

the in�plane loaded walls, and subsequently the model was subjected to the ground 
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motion record. The non�linear time history analysis was solved using direct 

integration methods. Proportional damping was specified at 5% of critical for the 

first mode period and for the period of the mode which activated all the 

components. 

10.6 Base Shear Results 

In Figure 10�7 to Figure 10�10 the total base shear for each building model is 

plotted against time for the seven records specific to the seismic hazard zone and 

soil class as listed in Table 10�4. In addition, each plot shows the average of the 

absolute peak base shear for the seven ground motion records. To assess the 

validity of the linear elastic assessment method adopted by the NZSEE Assessment 

Guidelines (NZSEE 2006), the base shear as calculated according to the guidelines 

was determined and is shown as a comparison with the average measured base 

shear for each of the hazard zones and soil types for the three buildings modelled. 

The calculations for the predicted base shear according to the NZSEE method are 

presented in Appendix F. 

10.6.1 Representative Building A 

 

a) North A (Auckland) – soil type C 

 

Figure 10+7 Base Shear for Building A, North A zone 
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b) North A (Auckland)  + soil type D 

 

Figure 10+7 Base Shear for Building A, North A zone (Continued) 

 

 

 

 

 

a) North NF (Wellington) – soil type C 

 

 

 

 

Figure 10+8 Base Shear for Building A + North NF zone 
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10.6.2 Representative Building B 

 

  

 

a) North A (Auckland) – soil type C  

 

 

 

 

 

 

b) North A (Auckland) – soil type D 

 

 

 

 

Figure 10+9 Base Shear for Building B + North A zone 
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10.6.3 Representative Building C 

  

 

a) North A (Auckland) – soil type C  

 

 

 

 

 

 

b) North A (Auckland) – soil type D 

 

 

 

 

Figure 10+10 Base Shear for Building C + North A zone 
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10.6.4 Accuracy of NZSEE (2006) Method 

From a comparison between the average absolute peak base shear induced by the 

seven ground motion records and the predicted base shear using the linear elastic 

method adopted by NZSEE (2006) good agreement was found for Buildings A and B 

in shallow soil conditions, but an average 87% overestimate of the measured 

average base shear for Building C was calculated using the NZSEE (2006) linear 

elastic desktop method. In deep soil conditions the linear elastic desktop method 

overestimated the measured average base shear for all three buildings. For 

building C, the overestimation of the base shear demand is significant for both soil 

types, indicating that the assumptions of the NZSEE (2006) method are not valid 

for the response of this five�storey building. 

10.7 Modified Linear Elastic Assessment Method 

A modified linear elastic assessment method is proposed which includes the 

flexibility of the in�plane loaded wall and accounts for the components of the URM 

building responding in difference phases. The complete method is presented in 

Appendix G, accompanied by design examples for the three representative 

buildings that are the focus of this Chapter. The key modifications to the NZSEE 

method are each detailed below. 

10.7.1.1 Diaphragm Period 

The period of the individual diaphragms are determined by equation (10�5) which 

was shown in section 10.3.2.1 to be representative of a shear governed beam. 

10.7.1.2 Boundary Condition Effects 

A feature of the current NZSEE (2006) assessment method and similar methods 

proposed in international codes (ASCE 2007; Eurocode 8 2005; ICC 2007) is that 

they exclude the stiffness provided by the face loaded or out�of�plane (OOP) loaded 

unreinforced masonry walls.  It has been seen in multi�storey buildings that the 

URM walls can be up to five leafs (590 mm) thick (Oliver 2010) at the ground floor, 

and therefore in their uncracked state these walls will make some contribution to 
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the diaphragm effective stiffness in the horizontal plane. Through a numerical 

study performed by combining the diaphragm knowledge of Wilson (2012) and the 

out�of�plane loaded wall behaviour reported by Derakhshan (2011), simple 

modification factors applied to diaphragm period to account for out�of�plane wall 

stiffness were determined as shown in equation (10�9). The out�of�plane loaded 

walls are assumed to be sufficiently tied into the diaphragm recognising that 

anchoring the out�of�plane walls to the diaphragms is the only retrofit intervention 

that is recommended precursory to assessment of the capacity/demand ratio. 

z̀ = 0.7�&y9» E R� (10+8) 

where  R� is to be determined based on the thickness of the out�of�plane wall below 

the diaphragm. 

R� = 0.90 T3� *â3 ���T â���O = 0.675 T3� *ℎ��� ���T â���O = 0.45 T3� T3§� \�§O ���T â���O 

 

(10+9) 

It is noted that these values are put forth as a recommendation and it is expected 

that the designer apply these or other values as they deem appropriate for the 

condition of the building under assessment. 

10.7.1.3 Ductility and Structural Performance Factor 

Unreinforced masonry is generally considered a brittle material and therefore it 

has been justified in the past to assign a displacement ductility factor of 1. The 

notion of URM as a brittle material is inaccurate and conservative. Ductility is 

present not from conventional yielding of steel reinforcing bars, but from inelastic 

response and energy dissipation due to shear sliding along mortar joints and 

rocking of masonry block elements, which can lead to the measurement of 

hysteretic behaviour during earthquakes (Bruneau 1994), and thus of displacement 

ductility as discussed in Chapter 4 and 6 with respect to the experimental results.   

When URM walls respond in�plane, particularly with a rocking mechanism, there 

is significant inelastic displacement capacity and a strongly nonlinear behaviour 

resulting in the wall remaining stable well beyond the displacement levels 

necessary to cause cracking, as demonstrated experimentally (see Chapter 4 and 
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Chapter 6) and analytically (see Chapter 8). A typical shear response is shown in 

Figure 10�11, indicating that there is no rapid and severe strength loss as 

associated with a typical brittle failure. The force�displacement plot associated 

with pier and pier/spandrel sub�structure testing indicates that a flexural failure 

mechanism, or a combined flexural/shear failure mechanism, is capable of ultimate 

displacements that greatly exceed the yield displacement, as shown in section 

4.9.6. With increased experimental and analytical research on the seismic 

performance of unreinforced masonry buildings there is a growing awareness that 

first cracking is not automatically equivalent to failure in URM buildings. 

However, there is no agreement of what constitutes a reliable and acceptable value 

of “ductility capacity” to be assigned to unreinforced masonry walls. 

 

Figure 10+11 Force+displacement response of a URM wall failing in shear 

[taken from Russell (2010)] 

 

An ‘effective ductility’ of 1.25 is proposed for the purposes of determining seismic 

demand on URM walls responding in�plane. This ‘effective ductility’ was 

determined from a 'best fit' method based on the results from non�linear time�

history (NLTH) modelling. This method of making modifications to the linear 

elastic procedure on the basis of best fit with the NLTH results is consistent with 

the approach taken for capacity design of reinforced concrete columns as detailed 

in NZS 3101 Appendix D for determining the reduction factors to apply to the 

design actions, based on the plastic mechanism response associated with all storey 

levels yielding simultaneously. Therefore, this method is not unique to this project 
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and has been used extensively to develop details in the capacity design of 

reinforced concrete columns, so is an established and accepted research philosophy 

and procedure to apply. 

This ‘effective ductility’ does not reflect the high values of displacement ductility 

capacity of the pier/spandrel substructures reported in Chapter 4 and Chapter 6. 

Displacement ductility presented from the experimental data is not comparable to 

the ductility associated with the inelastic response of reinforced concrete and steel 

for the following reasons:  

Firstly, the response of URM is highly non�linear with no clearly defined yield 

point and therefore any displacement ductility determined from an experimental 

backbone curve is decidedly dependent on the method chosen to determine an 

effective yield point. Therefore displacement ductility is dependent on the elastic 

stiffness which for URM walls responding in�plane is high, resulting in artificially 

large displacement ductility values.  For this reason, ultimate drift is regarded as a 

better measure of the inelastic displacement capacities of URM structures than 

ultimate displacement ductility. Secondly, the displacement ductility reported in 

previous chapters only measures the inelastic response of walls loaded in�plane, for 

a particular failure mechanism (weak spandrel�strong pier). This displacement 

ductility is not necessarily representative of a URM building response where there 

is interaction between the flexible diaphragms, in�plane and out�of�plane walls. 

Thirdly, although the backbone has been idealised as bilinear, the hysteretic 

response is not elasto�plastic. Masonry hysteresis loops have a distinctly different 

shape from the elasto�plastic shape which is generally adopted for dynamic 

inelastic analysis. For short period structures (less than 0.5 seconds) where the 

equal energy approach is more realistic than the equal displacement approach, 

reduction in the energy dissipated as represented by thinner hysteresis loops will 

imply a corresponding increase in ductility demand. Thus the inelastic response 

spectra of the loading standard are likely to be unconservative for short period 

structures with poor hysteretic loops. For these reasons, the measured 

displacement ductility cannot be used to factor the spectral accelerations. 

The recommendation for using an effective ductility of 1.25 for the URM in�plane 

loaded walls recognises their nonlinear response to in�plane loading and the energy 

dissipation that occurs during loading cycles beyond the elastic state. This value of 

displacement ductility corresponds to a structural performance factor of 0.925 as 
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per NZS 1170.5. The structural performance factor of 0.925 allows for a decrease in 

elastic site hazard spectra based on observations of strength reduction and 

stiffness degradation apparent in the second and third testing cycles to a specific 

displacement. For the timber diaphragms an ‘effective ductility’ factor of 2 is 

adopted as per the recommendations in NZSEE (2006).  

10.7.1.4 Damping 

Unreinforced masonry does not respond as a classical elastic�plastic manner, 

exhibiting more of a non�linear elastic response with pinched hysteretic loops. 

From analysis of full scale pseudo�static tests on in�plane loaded flanged walls and 

spandrel/pier sub�structures, a range of 5�15% equivalent hysteretic damping was 

found (see Chapter 4 and Chapter 6). The NZSEE (2006) recommendation of 15% of 

critical was formed from a combination of approximately 5% inherent viscous 

damping associated with elastic structures, 5% hysteretic damping and 5% 

damping from dynamic impact (NZSEE, 2006). The hysteretic damping includes 

Coulomb (or “dry”) damping associated with sliding shear, radiation damping, 

pinched hysteretic damping associated with flexural/diagonal shear softening and 

equivalent damping due to impact associated with dynamic rocking. The current 

recommendation of 5% is a reduction from the 15% recommended by Magenes and 

Calvi (1997) and advocated in the NZSEE (2006) guidelines, and is supported by 

the increase in displacement ductility recommended for use in finding demand on 

in�plane loaded URM shear walls which allows for a reduction in loads based on 

non�linear behaviour. The recommendation of 5% of critical is based on the 

understanding that the increase in ductility to 1.25, and the reduction due to the 

structural performance factor, allows for the reduction in load due to non�linear 

response and therefore the reduction would be two�fold if damping was also 

increased. In addition, the design spectra provided in NZS 1170.5 are for 5% 

critical damping, and hence calculation of the pseudo lateral load for the in�plane 

loaded walls and diaphragms does not require scaling of the Spectral Shape Factor. 

10.7.1.5 Base Shear 

The uncoupled response of the individual diaphragms and the in�plane loaded 

walls has been well documented in literature (ABK 1984; Abrams 2000; Bruneau 
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1994; Costley and Abrams 1995). This feature of URM buildings with flexible 

diaphragms was investigated by plotting the displacement histories at critical 

locations for the three buildings modelled for three ground motion records. The 

horizontal displacement histories for the centre of each diaphragm, and the in�

plane loaded wall at each floor level are plotted in Figure F�8, Figure F�9 and 

Figure F�10 for Building A, Building B and Building C respectively.  

Firstly, it can be seen that the deformation of the individual diaphragms within 

each building cannot be considered to be responding in�phase (see Figure F�8(a�c), 

Figure F�9(a�c) and Figure F�10(a�c)), and therefore the assumption that the 

diaphragms respond independent of each other can be considered to be valid. 

Secondly, the displacement histories at the floor levels of the in�plane loaded wall 

show the deformation up the wall height to be completely in�phase (see Figure 

F�8(d�f), Figure F�9(d�f), Figure F�10(d�f)), with lateral displacement increasing up 

the height of the wall. This provides evidence of the wall responding in its first 

mode. Finally, Figure F�8(g), Figure F�9(g) and Figure F�10(g) each show plots of 

the lateral displacement of the in�plane loaded wall overlaid with the diaphragm 

lateral displacement for the three buildings. These figures illustrate that the in�

plane loaded wall response cannot be considered to be in�phase with the diaphragm 

response, and hence the peak lateral force associated with the in�plane loaded 

walls may not occur at the same time as the peak lateral force associated with each 

diaphragm.  

Due to the independent response of the components at their fundamental periods it 

is proposed that the summation of the inertial in�plane wall load and the 

individual diaphragm shear loads to determine the base shear is carried out using 

the Complete Quadratic Combination (CQC) or Square�Root�of�Sum�of�Squares 

(SRSS) modal combination rules, which allow for the individual elements to 

respond at different periods and therefore not necessarily be in phase. The SRSS 

rule only provides accurate response estimate for structures with well�separated 

periods, and hence this limitation results in the CQC method being more 

appropriate for URM buildings with multiple flexible diaphragms as often the 

diaphragm periods are close together.  
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According to the CQC rule, 

�I =  %é é &z6�zI�6I
�

6õc
�

zõc 'c/J
 (10+10) 

Where:   �6I is the peak response of the nth mode, �zI is the peak response of 

the ith mode, and  &z6 is the correlation coefficient for the two modes n and i, seen in 

Equation C4�3, and varies between 0 and 1. 

 

&z6 = 8�®z®6Q�z6®z + ®6S�z6J/Ö
Q1 − �z6J SJ + 4®z®6�z6Q1 + �z6J S + 4Q®zJ + ®6JS�z6J  

 

(10+11) 

Where: �z6õ ©( ©¹B  and ®z is the damping ratio for mode i.  

A more detailed explanation of the CQC method can be found in Chopra (2007). 

10.7.2 Accuracy of Modified Method 

The calculations for base shear as determined by the modified linear elastic 

method for the three buildings assumed to be located in Auckland (hazard zone 

North A), for both C and D soil types, are presented as design examples in 

Appendix H. The absolute peak base shear for the seven records determined from 

the time�history analysis and the average absolute peak base shear of the seven 

records are shown in Figure 10�12 with the calculated base shear using the 

modified approach shown by the red line.  To illustrate the limitations of the SRSS 

modal combination rule, the total base shear was calculated using the SRSS rule 

(red dotted line), the CQC rules (red solid line), and a direct sum (DS) of the 

diaphragm shear forces and the inertial shear force induced in the in�plane loaded 

walls (black dotted line). Good agreement was found between the average absolute 

peak base shear measured from the time history analysis and the calculated base 

shear for the modified linear elastic approach using the CQC rule. It is shown that 

the SRSS rule gives similar results to the CQC rule when the periods of the 

individual components are sufficiently different, such as for Building A and 

Building B (see Figure 10�12a and Figure 10�12b). When the periods of the 

components are close together, the SRSS combination will result in a base shear 

less than that found when using the CQC combination rule, as shown for Building 

C in Figure 10�12c. Guidance on period spacing for using the SRSS method is 
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provided in Appendix G. Furthermore the direct sum of the inertial load induced in 

the in�plane wall plus half the diaphragm load results in a marked increase in 

predicted base shear, suggesting that assuming the components to deform in�phase 

is inaccurate. 

i. Soil type C 

 

ii. Soil type D  

a) Building A – Diaphragm stiffness = 350 kN/m 

 

 

 

 

i. Soil type C 

 

ii. Soil type D 

 

 

b) Building B + Diaphragm stiffness = 350 kN/m 

 

Figure 10+12 Comparison of base shear demand from time+history analysis and 

desktop procedures for average diaphragm shear stiffness 
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i. Soil type C 

 

ii. Soil type D 

 

 

c) Building C + Diaphragm stiffness = 600 kN/m 

 

Figure 10+12 Comparison of base shear demand from time+history analysis and desktop 

procedures for average diaphragm shear stiffness (Continued) 

 

10.7.2.1 Results for Lower Bound Diaphragm Shear 

Stiffness 

Although there are recommendations of typical shear stiffness values for different 

diaphragm configurations, these recommendations have a large range. The values 

of shear stiffness for different sheathing configurations common to New Zealand 

vary from 350 kN/m for single straight sheathing, 700 kN/m for single unchorded 

diagonal sheathing, and up to 1800 kN/m for double diagonal sheathing. Further to 

this, an extensive experimental testing programme of full�scale newly built and 

extracted heritage timber diaphragms has been completed in New Zealand by 

Wilson (2012).  The shear stiffness values from the analysis of the experimental 

testing led to Wilson (2012) recommending shear stiffness values in the range of 

23�35 kN/m. To confirm the validity of the modified linear elastic procedure and 

the recommended parameters of ductility and damping for both the URM wall and 

the timber diaphragms for the range of possible shear stiffness values, the time 

history models were additionally analysed for a lower bound shear stiffness of 35 

kN/m for Building A and Building B, and 60 kN/m for Building C, with these 

values being only 10% of those recommended by NZSEE (2006) and ASCE/SEI 41�

06 (2000). The absolute peak base shear for the seven records determined from the 

time�history analysis and the average absolute peak base shear of the seven 

records are shown in Figure 10�13, with the calculated base shear using the 
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modified approach shown by the red line.  Generally good agreement is shown 

between the predicted base shear using the modified linear elastic procedure and 

the average absolute peak base shear of the seven records determined from the 

NLTH modelling.  

 

 

i. North A – Soil Type C 

 
ii. North NF – Soil type C  

a) Building A – Diaphragm stiffness = 35 kN/m 

 

 

 

 

 

i. North A – soil type C ii. North A – soil type D 

 

b) Building B – Diaphragm stiffness = 35 kN/m 

 

Figure 10+13 Comparison of base shear demand from time+history analysis and desktop 

procedures for low diaphragm shear stiffness 
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i. North A – soil type D 

 

c) Building C – Diaphragm stifness = 60 kN/m 

 

Figure 10+13 Comparison of base shear demand from time+history analysis and desktop 

procedures for low diaphragm shear stiffness (Continued) 

 

10.7.3 Advantages of Modified Procedure 

The modified linear elastic procedure has been shown to give good agreement with 

the NLTH modelling results for two, three and five storey URM buildings for a 

range of diaphragm shear stiffnesses. For two and three storey buildings, there 

was no significant difference between the modified linear elastic and original linear 

elastic desktop procedures, with the predicted total base shear for the two 

procedures being within 6% of each other. For the five storey building (Building C), 

the modified method was shown to give good agreement with the average base 

shear from the NLTH modelling, whereas the original linear elastic procedure 

over�predicted the average base shear by 83% on average. The inaccuracy of the 

original linear elastic procedure stems from the assumption that the in�plane 

loaded walls are effectively rigid and therefore the period of these walls always lie 

on the plateau of the design spectra. As shown in Chapter 7, in�plane perforated 

walls greater than three stories in height have sufficient flexibility such that their 

fundamental periods are greater than the maximum period associated with 

constant acceleration on the design spectra, and therefore assuming the maximum 

spectral acceleration for the in�plane loaded wall is conservative and can result in a 

significant over estimate of the base shear. The modified method takes into account 

the flexibility of the in�plane loaded wall, and therefore results in a more realistic 

estimate of total base shear. 
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10.8 Assessment of Building Strength Deficiency 

In Chapter 8 a methodology for modelling a perforated unreinforced masonry wall 

in order to determine the wall capacity through a non�linear static assessment was 

presented.  The pushover curve from a non�linear static analysis of the half�scale 

two storey perforated wall that was the focus of the experimental programmed 

reported in Chapter 6 showed good agreement with the experimental force�

displacement backbone curve, giving credibility to the modelling approach. In 

addition it was shown that the current linear static assessment tool over�estimated 

the lateral strength for situations where the spandrel element failed first.  It was 

therefore recommended that a non�linear static analysis using an Equivalent 

Frame idealisation of the perforated wall be undertaken to determine the capacity 

of the in�plane walls.   

A modified linear elastic method for determining the base shear demand on the in�

plane walls of multi�storey unreinforced masonry buildings with flexible timber 

diaphragms has been presented with the recognition that non�linear assessment 

methods are gaining support but as of yet do not represent common practise or 

viable alternatives for assessment of numerous URM buildings by practicing 

structural engineers. As has been shown in section 10.7.2, the proposed modified 

linear elastic method provides excellent estimates of the average peak base shear 

induced in the building. Therefore, to assess the demand/capacity ratio using a 

force�based method of assessment, the base shear induced in each in�plane loaded 

wall can be compared to the capacity of the wall as represented by the pushover 

curve. For the three buildings modelled in this Chapter, the pushover curve as 

determined by a non�linear static analysis of the in�plane loaded wall, idealised as 

an Equivalent Frame according to the recommendations in Chapter 8, is plotted in 

Figure 10�14 against half the predicted base shear demand calculated using the 

modified linear elastic method for 100% of the design level earthquake, and for 33% 

of the design level earthquake.  
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a) In+plane loaded wall of Building A 

 

 

Figure 10+14 Predicted demand and capacity of the in+plane loaded wall 

 

 

  

0 10 20 30 40 50 60
0

20

40

60

80

100

120

140

160

180

Lateral Displacement (mm)

B
a
s
e
 S

h
e
a
r 

(k
N

)

 

 

Pushover curve

North A . Deep 100%

North A . Deep 33%

North A . Shallow 100%

North A . Shallow 33%

North NF . Shallow 100%

North NF . Shallow 33%



Chapter Ten � Calculating demand on in�plane loaded URM walls 

    
� 394 � 

 

b) In+plane loaded wall of Building B 

 

 

 

c) In+plane loaded wall of Building C 

 

 

Figure 10+14 Predicted demand and capacity of the in+plane loaded wall (Continued) 
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10.9 Discussion 

10.9.1 Frequency Domain of Building Response 

To examine the assumption that URM buildings with flexible diaphragms have 

multiple dominant modes, the building base shear time history response was 

transformed into the frequency domain. The plots of frequency against spectral 

amplitude for the three buildings are presented in in Appendix F. For building A 

the Fourier Power Spectrum shows two frequency peaks at approximately 1.3 Hz 

and 1.9 Hz and two smaller regions of peaks at approximately 3.7 Hz and 5.0 Hz. 

The frequencies indicated by the two larger peaks in amplitude match the 

equivalent period for the two first modes of response for Building A, which 

corresponded to the central and top diaphragms responding in their first mode 

respectively as discussed in section 10.5.5. The peak at 5.0 Hz corresponds to the 

fundamental frequency of the in�plane loaded wall. For building B the Fourier 

Power Spectrum plots show two peaks at approximately 1.0 Hz and 2.5 Hz, which 

correspond to periods of 1.0 seconds and 0.4 seconds. Good agreement was found 

when these dominant frequencies from the Fourier Power Spectrum of the base 

shear response were compared to the dominant equivalent periods by mass 

participation determined by the modal analysis (see Table 10�3). For Building C, 

two clear peaks in amplitude are evident from Figure F�4d and Figure F�4e, which 

correspond to frequencies of approximately 0.4 Hz and 1.2 Hz that align with the 

dominant equivalent periods determined by the modal analysis. The distribution of 

peaks in amplitude around the frequency that is representative of the fundamental 

frequency of the in�plane loaded wall is noteworthy. This region of peaks spread 

either side of the fundamental frequency of the in�plane wall is suggestive of the 

stiffness degradation occurring in the in�plane loaded wall due to non�linear 

response. 

10.9.2 Diaphragm Flexibility 

Throughout this chapter the effect of having ‘flexible’ diaphragms on the building 

response to lateral load has been discussed.  It has been shown through analysis of 

the displacement histories of the diaphragms and in�plane loaded walls that the 

individual components (each diaphragm and the in�plane walls) respond 
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independently at approximately their fundamental period as a result of the 

building having multiple dominant modes. From the displacement histories of the 

diaphragms and in�plane loaded walls it was confirmed that the diaphragms 

modelled, which were assumed to have a shear stiffness of 350 kN/m, would be 

classified as flexible based on the ASCE definition for all three buildings.  This 

value of diaphragm shear stiffness was taken from default expected strength 

values for wood diaphragms provided by ASCE/SEI 41�06 (2000) for single straight 

sheathed diaphragms. Although there are recommendations of typical shear 

stiffness values for different diaphragm configurations, the recommendations have 

a large range. Due to this large variation in recommended shear stiffness for 

timber diaphragms discussed as in section 10.7.2.1, a sensitivity study was 

conducted where the period, mass participation and mode shape was identified for 

three values of shear stiffness, being 35 kN/m, 350 kN/m and 1800 kN/m. The 

mode number, period and mass participation for Building A, Building B and 

Building C with respect to shear stiffness is presented in Table F�1, Table F�2 and 

Table F�3 in Appendix F respectively.  

From analysis of the periods and mass participation it is shown that for a low 

shear stiffness of 35 kN/m the first mode has a low mass participation that is 

associated with activation of one of the diaphragms (longest period and therefore 

the diaphragm with the greatest tributary mass). The subsequent modes can be 

associated with a first mode response of each diaphragm, and therefore for 

Building A the first and second modes are dominant, for Building B which has 

three diaphragms the first three modes are dominant, and for Building C which 

has five diaphragms the first five modes are dominant. In addition, each building 

has a mode which involves activation of the first mode shape of the in�plane loaded 

walls and a higher mode shape of the individual diaphragms. For Building A this 

mode shape is represented by mode 118 which has a period close to the 

fundamental period of the in�plane loaded wall and a mass participation of 20.5%. 

For Building B this response occurred in mode 85 with the diaphragms responding 

in their 5th mode shape, and for Building C this response occurred in mode 184 

with the diaphragms responding in their 9th mode shape. 

For a shear stiffness of 350 kN/m, the diaphragm is flexible and therefore the 

building modes are defined by the individual response of the building components, 

but activation of the in�plane loaded wall in its first mode and the diaphragms in 
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their third mode occurred in the lower modes of the building (mode 25 for Building 

A, mode 7 for Building B and mode 10 for Building C).  When the shear stiffness is 

increased to 1800 kN/m, the response of the building is more closely aligned with 

that of a building with rigid diaphragms, as the first mode of the building has a 

high mass participation (43% for Building A, 77% for Building B and 64% for 

Building C) and the mode shape shows a first mode response with the deformation 

of the in�plane loaded walls and all the diaphragms occurring in�phase. 

From the results of the sensitivity study, it is concluded that diaphragm shear 

stiffness equal to or greater than 1800 kN/m will result in the URM building 

having dynamic behaviour characteristics more closely associated with rigid 

diaphragm response, and hence the modified linear elastic method presented in 

this Chapter would not be applicable. 

10.9.3 Displacement Compatibility 

Whilst the modification factors applied to the diaphragm period have been 

introduced to take account of the influence of out�of�plane loaded wall stiffness on 

diaphragm response, the influence of the interaction between the diaphragm and 

the out�of�plane (OOP) loaded walls at the corners has not be considered. Typically 

the OOP loaded URM walls can be expected to be built integrally with the in�plane 

loaded walls with minimal rotational deformation, whilst the shear deformations of 

the flexible diaphragm are supposedly significant at this location.  However, this 

restraint is not expected to significantly influence the fundamental (first mode) 

period of the diaphragm as the mass participation in the first mode period will be 

dominated by the mass at the middle of the diaphragm.  Masses and diaphragm 

deformation adjacent to the in�plane loaded walls have less influence on the first 

mode shape and the fundamental period and hence, the possible deformation 

incompatibility of the OOP loaded walls and the diaphragm near the in�plane 

loaded walls is ignored when calculating the fundamental period of the diaphragm.  

However, this discussion does indicate that the deformation incompatibility may 

lead to some localized diaphragm damage at the corners of the building, 

particularly in the lower stories.  
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10.9.4 Effect of Period Choice 

Scaling of ground motion records is typically a function of the fundamental period 

of the building being modelled. As unreinforced masonry buildings with flexible 

diaphragms have multiple dominant modes, and no one fundamental mode with a 

high percentage of mass participation, a decision must therefore be made as to 

which period is used for scaling of the ground motion records. Scaling of the records 

for the assessment of base shear was chosen to be dependent on the period of the 

mode with the most significant participation when considering both the in�plane 

loaded walls and the diaphragms. To assess the effect of the adopted critical period 

for scaling purposes on the derived peak base shear, Building B was subjected to 

ground motion records scaled according to the period of the mode which activates 

both the in�plane walls and the diaphragms (Case A) and for the first mode period 

where only diaphragm response is activated (Case B). The periods for Case A and 

Case B for each of the three buildings were presented in Table 10�3. A comparative 

plot of peak base shear for each earthquake record is shown in Figure 10�15a for 

shallow soil and in Figure 10�15b for deep soil. Although the peak base shear for 

each earthquake is different for Case A and Case B, the average over the seven 

records is negligibly different for both soil types, suggesting that the effect of 

critical period determination for scaling purposes is insignificant for the two period 

options investigated. 

a) Soil type C (shallow) 

 

b) Soil type D (deep) 

Figure 10+15 Building B maximum base shear results 
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10.9.5 In+plane Inertial Shear Load 

The linear elastic method adopted by NZSEE (2006) and originally proposed by 

ABK (1984) assumes that the in�plane loaded walls are effectively rigid and 

therefore the ground acceleration is transferred unamplified up the height of the 

wall and into the diaphragms. By plotting the scaled ground motion record against 

the absolute acceleration at the top of the wall it was shown that there is 

significant amplification of the ground acceleration at the top of the in�plane loaded 

walls of Building A and Building B, and little or no amplification of the ground 

acceleration at the top of the in�plane loaded walls of Building C. These findings 

provide evidence of amplification of the ground motion up the height of the in�plane 

loaded wall in URM perforated walls which do have some flexibility. In the case of 

Building C, although the acceleration at the top of the wall has a similar 

magnitude to the ground acceleration, the walls response is elongated as expected 

in a flexible wall. If the wall was truly rigid, the acceleration profile would mimic 

exactly the ground motion record. The non�amplification of the ground acceleration 

can be explained by the non�linear behaviour of the perforated wall. The ultimate 

loading on the non�linear links shows that the piers behaved as multi�storey piers 

and therefore rocked over a greater height than their effective inter�storey height. 

The phenomena of cracked structures rocking and therefore resulting in no 

amplification of the ground motion was also reported by Costley and Abrams 

(1995). 

10.9.6 Torsional Effects 

Torsional effects have not been included in this study, as the two in�plane loaded 

walls were modelled as being identical. It is generally uncommon for the two 

parallel walls to be identical, especially for the case of the façade and rear walls. 

The effect of having a variation in stiffness between two parallel in�plane loaded 

walls on the seismic demand is considered external to the scope of this doctoral 

study and an area of future research. 
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10.10  Conclusions 

Non�linear time history modelling of three URM buildings with flexible 

diaphragms was completed. The three main structural components of URM 

buildings were modelled, being the in�plane loaded walls which were idealised 

using an Equivalent Frame approach with non�linear links to replicate the failure 

modes of the pier and spandrel elements, the timber diaphragms which were 

modelled by linear frame elements with distributed mass and realistic values of 

shear stiffness, and the out�of�plane loaded walls which were simplified to 

tributary mass distributed to the diaphragm beams. Each model was subjected to 

seven representative ground motions for hazard zone North A for both soil class C 

and soil class D. The base shear histories were then compared to the predicted base 

shear calculated using the linear elastic desktop method advocated by the New 

Zealand seismic assessment guide (NZSEE (2006)) for URM buildings with flexible 

diaphragms. 

From comparison of the average absolute peak base shear measured from the time 

history modelling and the predicted base shear demand according to the NZSEE 

(2006) method it was found that the predicted base shear was in the range of 

accurate to overly conservative. In addition, the fundamental assumptions on 

which the linear elastic method is based were found to be conservative. The linear 

elastic desktop method simplifies the system response by assuming the in�plane 

loaded walls to be effectively rigid, and therefore the accelerations transferred to 

the attached edges of the diaphragms are unamplified. From analysis of the 

absolute accelerations up the height of the wall it was found that this assumption 

of unamplified accelerations up the height of the wall is inaccurate with significant 

amplification at the top of the wall recorded for Building A and Building B.  In 

addition, the inertial shear load induced in the in�plane loaded walls and the 

inertial load induced in the diaphragms are summed directly, assuming the peak 

response of all the building components to occur simultaneously and therefore 

implying that the individual components deform in�phase. From analysis of the 

relative displacement histories up the height of the in�plane wall and at the centre 

of the individual diaphragms it was shown that the components do not deform in�

phase, with the diaphragms responding independently of each other, and 

independently of the in�plane loaded wall. Furthermore, from the displacement 

histories it was confirmed that the in�plane loaded wall response was governed by 
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the wall’s first mode.  

A modified linear elastic assessment method was proposed, which accounts for the 

flexibility of the in�plane loaded wall by assessing the inertial load induced in the 

wall itself based on the first mode period of the wall, assessed using an Equivalent 

Frame idealisation and the recommended modification factors reported in Chapter 

7. In addition, the total base shear is summed using the CQC or SRSS combination 

rule which accounts for the building components responding in their different 

modes. From comparison of the measured average absolute peak base shear and 

the predicted base shear using the modified linear elastic method it was found that 

good agreement was reached across the three buildings and for both soil type C and 

soil type D. 
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Chapter Eleven 

Conclusions 

11 Number 

 

The principal objective of this doctoral research was to develop practitioner focused 

methods for accurate assessment of the seismic capacity and demand on perforated 

URM walls oriented in�plane. Through an integrated experimental and analytical 

research programme investigating the in�plane performance of perforated URM 

walls, the described principal objective was successfully achieved. 

The importance of this research lies with the national interest of preserving the 

heritage and landmark buildings of New Zealand, of which the majority are of 

unreinforced masonry construction. As the construction of URM buildings in New 

Zealand occurred over a narrow time period of only fifty�five years, the historical 

and geometrical features of these buildings were able to be discretely characterised 

with reference to the prevailing architectural fashions during this construction era, 

and the influence that these fashions had on the geometric form of typical URM 

façade walls. The typical geometry of perforated walls was discussed, where the 

wall was delineated into pier, spandrel and joint elements.  A classification system 

to describe spandrel and pier geometry was proposed. Three representative 

perforated walls were presented with specific geometry and fenestration patterns 

for the purpose of unifying the geometric characteristics of the experimental and 

computational modelling programmes. 

Through earthquake reconnaissance following the September 2010 Darfield and 
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February 2011 Christchurch earthquakes failure modes typical to perforated URM 

walls loaded in�plane were identified. The presence of damage to the spandrel 

elements was noted as being significant, as the damage to these elements is 

counter to the simplified model for assessment adopted in the NZSEE (2006) 

guideline as well as in international assessment documents, where it is assumed 

that the spandrel is infinitely stiff and strong, with all the deformation associated 

with lateral seismic loading occurring in the pier elements. Hence, it was concluded 

that the damage observed illustrates that the ‘strong spandrel � weak pier’ 

simplified model is not valid for all URM buildings in New Zealand. 

An extensive literature review indicated that currently there is a lack of published 

research pertaining to the seismic response of unreinforced masonry spandrel 

elements compared to the vast amount of experimental programmes and analytical 

studies that have investigated the seismic behaviour of piers.  From a review of 

those studies which focused on the system level response of perforated URM walls 

it was found that current assessment procedures which neglect the spandrel 

behaviour generally lead to strength predictions which exceed the true strength of 

the wall. From many of the computational based studies it was found that the 

assumptions made regarding modelling of the spandrel beam behaviour affected 

the global response of the perforated URM wall significantly.  

A comprehensive pseudo�static testing programme was developed which involved 

the testing of six full�scale pier�spandrel URM substructures to investigate the 

effect of spandrel depth and spandrel aspect ratio on the performance of a 

perforated wall. The damage evolution for all the substructures initiated in the 

spandrel element with subsequent rocking in the piers of each specimen. From the 

damage patterns, three spandrel failure modes were defined, being: flexure 

cracking characterised by rocking of the complete spandrel element; flexural 

cracking resulting in bed�joint sliding; and diagonal shear cracking. The difference 

in failure modes that were observed in the shallow spandrel (590 mm) and the 

common and deep spandrels (943 and 1452 mm respectively) indicated that 

relative spandrel depth and spandrel aspect ratio are factors influencing the 

spandrel deformation mode and hence the capacity of the spandrel. 

When characterising the response of a pier/spandrel substructure, the spandrel 

behaviour was found to dictate the boundary conditions on the pier and hence the 

pier effective height, such that when the spandrel element failed first, the pier 
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behaviour was dependent on the full unrestrained height of the substructure. 

Therefore, the pier had a higher aspect ratio than if the spandrel was effectively 

rigid and the pier deformation was limited to the height of the adjacent opening. 

Force�displacement plots indicated that the stiffness and energy dissipation 

capacity of a pier/spandrel substructure as a whole was largely dependent on the 

pier failure mechanism.   

As a capstone to the experimental component of this research, a half�scale two 

storey URM perforated wall was constructed and subjected to pseudo�static cyclic 

loading. The shallow central spandrels exhibited a flexural failure mode with bed�

joint sliding occurring between all courses within the spandrel elements, resulting 

in coupling beam behaviour and allowing multi�storey pier rocking to occur in the 

two internal piers.  The external piers rocked over their inter�storey effective 

height. Pier effective height for a flexural response was found to be dependent on 

the loading direction for cases where the adjacent opening heights were not 

identical.  The global response of the wall was found to be highly non�linear from 

the onset of loading and therefore characterising the force�displacement response 

using a bilinear model, assuming yield to be equal to the point of first cracking, 

resulted in a displacement ductility of 20, which was misrepresentative of the non�

linear behaviour. Ultimate drift was recognised to be a representative measure of 

the deformation capacity of unreinforced masonry walls, with the experimental 

results confirming the values of ultimate drift adopted by NZSEE (2006) for piers 

failing in a flexural mode. 

As a subcomponent to the two storey wall testing, an experimental investigation 

into the effects of scale on masonry material properties was conducted. Scale was 

found to have minimal to no effect on the compressive strength characteristics of 

masonry and brick, and no effect on stiffness of masonry in compression. The 

effects of scale were found to be significant for diagonal shear strength and shear 

modulus when either the overall geometry was scaled by a factor of 2, or when the 

materials alone were scaled. 

Based on the crack patterns observed from the experimental testing, idealisation of 

a perforated wall as an Equivalent Frame was adopted as the foundation to the 

modelling programme. Furthermore, idealisation of perforated walls using frame 

elements allowed use of the readily available software programme, SAP2000, 

which aligned with the aim of determining assessment recommendations 
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applicable to everyday use by practising structural engineers.  Linear elastic 

modelling was conducted and appropriately validated using the experimental data. 

Effective pier height as proposed by Dolce (1989) was found to be an appropriate 

methodology for determining the height over which piers deform in a wall with 

weak spandrels.  Rigid end offsets were defined based on the Dolce effective height 

for the pier elements and full rigid end offsets for the spandrel elements. An 

Equivalent Frame based approach with modification factors applied to the second 

moment of inertia and shear area of the pier and spandrel elements was 

recommended for determination of the stiffness and fundamental period of 

perforated URM walls loaded in�plane. Using this approach, the fundamental 

periods for perforated URM multi�storey walls up to five stories in height were 

found to have an approximate range of 0.1�0.8 seconds, and therefore it was 

concluded that the periods of perforated URM walls over three stories in height 

cannot be assumed to lie on the plateau of the response spectra in all cases. 

The Equivalent Frame approach used for modelling the linear elastic response of 

perforated walls was extended by the inclusion of non�linear coupled hinges and 

non�linear links to enable the pushover curve to be determined through non�linear 

static analysis. Pier and spandrel flexural behaviour was modelled using 

interacting moment�axial hinges based on an interaction curve formed from closed�

form solving of the sectional equilibrium equations and a specialised non�linear 

stress�strain behaviour model developed by Lumantarna (2012) for New Zealand 

URM.  Diagonal shear failure was modelled with a non�linear shear link. Force�

displacement and moment�rotation backbone curves were proposed for shear and 

flexure failure modes for both piers and spandrels, with ultimate drift limits and 

strength degradation parameters defined. Through comparisons of the 

experimental global response curves and the pushover curves generated by the 

non�linear Equivalent Frame models it was shown that the form of the equations 

defining the non�linear response and application of the Equivalent Frame method 

for modelling perforated URM walls were well considered.  

To conclude the research conducted pertaining to the seismic assessment of 

perforated URM wall capacity, a comparison of the predictive strengths achieved 

through simple desktop methods and through an Equivalent Frame model was 

presented. The predicted strengths and failure modes were compared to the 

extensive testing programme conducted within this doctoral study. For all the 
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substructures and the two storey wall, the experimental force�displacement curve 

was found to be most closely replicated by an Equivalent Frame model of the tested 

structure, where the non�linear behaviour of the spandrel was included, and the 

effective pier height was calculated based on the proposal by Dolce (1989). The 

analysis showed that the ‘strong spandrel – weak pier’ approach over predicted the 

experimental lateral strength for all tested structures, whereas the ‘weak spandrel 

– strong pier’ approach more accurately represented the failure mode of the 

structures, but significantly underestimated the lateral strength. Based on the 

experimental results and comparison with predictive assessment methods, the 

Equivalent Frame method was recommended for assessing the capacity of 

perforated URM walls loaded in�plane, with the method having the additional 

advantage of predicting the progressive failure of the elements within a multi�

storey wall.  

To assess the seismic performance of a perforated wall, both the demand and the 

capacity is required. Therefore the final subject of focus of this doctoral study was 

accurate determination of the demand induced on the in�plane loaded walls of 

URM buildings with flexible diaphragms.  With the recognition of the highly non�

linear behaviour of URM walls, non�linear static procedures for assessing the 

demand on URM buildings are gaining in popularity, but as of yet these methods 

do not represent the common practise used by structural designers, where linear 

static methods are still most frequently applied. As the fundamental aim of this 

doctoral study was to develop practitioner focused results, a modified linear elastic 

assessment method was proposed. The linear elastic method proposed in based on 

the multi�degree of freedom behaviour of URM buildings with flexible diaphragms, 

where the individual components (each diaphragm and the in�plane loaded walls) 

responding independently. The flexibility of the in�plane loaded wall is accounted 

for directly based on the linear elastic modelling approach detailed herein. In 

addition, the total base shear is summed using the CQC or SRSS combination rule 

which accounts for the building components responding in their different modes. 

The predicted base shear using the modified linear elastic method provided good 

agreement with the base shear measured from non�linear time�history modelling of 

three representative buildings subjected to seven earthquake records for two 

different hazard zones and two soil types. 

Although the objectives of the current study were achieved, there remains 
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considerable scope for research to advance understanding of the seismic 

performance of unreinforced masonry buildings. To facilitate future research 

direction, a set of recommendations for future research is provided in the following 

section. 

11.1 Future Research 

In Chapter 2 five perforated wall typologies were detailed, including isolated and 

row type walls, and ground floor modified facades.  The focus of this doctoral study 

was on multi�storey isolated perforated URM walls loaded in�plane, and therefore 

the opportunity exists to further this research to cover the performance of in�plane 

perforated walls of row type buildings and ground floor modified facades. In row�

type buildings the principal difference to isolated buildings is the presence of the 

adjoining out�of�plane walls which divide the row type buildings into individual 

units. It is suggested that these out�of�plane walls have the potential to act as 

‘flanges’ to the in�plane walls, and therefore integration of the findings by Russell 

(2010) with the conclusions from this doctoral study could have significant 

outcomes. In addition, for URM buildings that are constructed in a row and have 

different inter�storey heights for the neighbouring buildings, the pounding effects 

become critical and represent another field of future research. 

For the experimental programme reported herein pseudo�static loading methods 

were adopted in order to obtain more accurate measurements of forces and 

displacements and to allow the damage evolution to be documented more easily. 

However, pseudo�dynamic and dynamic testing methods are both warranted, and 

would allow for assessment of the dynamic characteristics of the wall such as 

damping and period, and the effect of impact on the rocking response of piers. 

Most commonly, studies focus on the response of a component in one orthogonal 

direction, i.e. response to in�plane loading, or response to out�of�plane loading. 

Although earthquakes generally have a dominant direction of excitation, the 

ground motion is always recorded in two orthogonal horizontal directions and in 

the vertical direction. Therefore the potential exists for studies into the response of 

URM walls when subjected to biaxial loading and combined horizontal/vertical 

loading. 
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The time�history modelling reported in this study focused on the behaviour of URM 

buildings with flexible diaphragms, assuming the out�of�plane walls to be 

sufficiently tied into the diaphragm, but having null stiffness. The diaphragm 

stiffness may be increased substantially by the stiffness contribution of the out�of�

plane walls, especially for the lower level diaphragms of multi�storey buildings 

where the out�of�plane walls can be up to 600 mm in thickness. Therefore the 

model constructed for this study could be updated by including the out�of�plane 

walls as separate elements with representative out�of�plane stiffness. Additionally, 

such research could also provide information on the forces induced in the 

connections between the diaphragms and the out�of�plane walls to aid retrofit 

intervention design. 

The scope of this research was limited to rectangular (four�sided) building 

geometry because these configurations constitute the majority of existing URM 

building floor plans in New Zealand (Russell 2010).  A specialised study on the 

performance of URM buildings with more complex geometry, such as multi�span 

diaphragms, and unreinforced masonry cross�walls which create individual isolated 

diaphragms within a floor plan is suggested as an area of interest, and as an 

extension of the research completed in this doctoral study. 
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Appendix A 

Substructure Testing Results 

A Section 

 

Appendix A contains the presentation of the extensive data collected from the 

pseudo�static testing of the six substructures reported in Chapter 4. The figures are 

referenced and discussed within the content of Chapter 4. 

 

A.1 Horizontal Displacement Profiles 

Figure A�1 shows horizontal displacement of each individual pier, for all six 

substructures, at increasing levels of total horizontal displacement and the results 

are discussed in section 4.9.1. 
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i. Pier A ii. Pier B 

a) Substructure PS1 

  

i. Pier A ii. Pier B 

b) Substructure PS2 

 

Figure A+1 Horizontal displacement profile for the piers in each substructure 
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i. Pier A ii. Pier B 

c) Substructure PS3 

  

i. Pier A ii. Pier B 

d) Substructure PS4 

 

Figure A+1 Horizontal displacement profile for the piers in each substructure (cntd) 
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i. Pier A ii. Pier B 

e) Substructure PS5 

  

i. Pier A ii. Pier B 

f) Substructure PS6 

 

Figure A+1 Horizontal displacement profile for the piers in each substructure (cntd) 
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A.2 Pier Rotation 

Figure A�2 plots the angle of rotation at the base of the pier against the measured 

horizontal displacement at the top of the pier for both piers of each of the 

substructures.  B1 and B3 (for all piers except Pier A of PS1 where the outside 

gauge is B4) are the outermost gauges used for measuring vertical displacement at 

the base of the pier (see Figure 4�10).  

  

i. Pier A ii. Pier B 

a. Substructure PS2 

 

  

i. Pier A ii. Pier B 

b. Substructure PS3 

 

Figure A+2 Pier Rotation against horizontal displacement at the top of the pier 
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i. Pier A ii. Pier B 

c. Substructure PS4 

 

  

i. Pier A i. Pier B 

d. Substructure PS5 

 

Figure A+2 Pier Rotation against horizontal displacement at the top of the pier 

(Continued) 
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i. Pier A ii. Pier B 

e. Substructure PS6 

 

Figure A+2 Pier Rotation against horizontal displacement at the top of the pier 

(Continued) 

 

A.3  Variation in Pier Length 

To investigate the effect of adjacent piers having different lengths, the horizontal 

displacement at the top of Pier A and Pier B for substructure PS2 is shown in 

Figure A�3.  

 

Figure A+3  Horizontal displacement at the top of each pier for Substructure PS2 
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The figure shows that there was a slight increase in lateral displacement for Pier B 

(which had the shorter length) in the push direction. The vertical displacement 

measured at the base of both Pier A and Pier B is plotted against time for 

substructure PS2 in Figure A�4. A greater vertical uplift is shown for Pier A 

compared to Pier B which is consistent with the concept of equal rotation of the 

piers. 

 

 

Figure A+4 Uplift at the base of each pier for Substructure PS2 

 

A.4 Stiffness Degradation 

The secant stiffness, measured to the peak of each displacement cycle, is plotted as 

a ratio of the initial stiffness against displacement for each substructure as shown 

in Figure A�5. The blue line represents the secant stiffness as measured from the 

peak displacement reached in the first cycle to a particular drift level, and the red 

line represents the secant stiffness as measured from the peak displacement 

reached in the second cycle to the same drift level. 



Stiffness Degradation 
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a. Substructure PS1 b. Substructure PS2 

  

a. Substructure PS3 b. Substructure PS4 

 

 

 

c. Substructure PS5 d. Substructure PS6 

Figure A+5 Stiffness Degradation with displacement 
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Appendix B 

Photographic Examples of In�plane 

Pier and Spandrel Failure Modes 

B Section 

 

Photographic examples of the failure modes observed for pier and spandrel 

elements within perforated URM walls following the September 2010 and 

February 2011 earthquakes in Christchurch are presented. 

B.1 Damage to Piers 

a) Façade wall of a partially retrofitted 

building 

 

b) Cracking in corner pier 

Figure B+1 Pier damage in perforated URM facade walls 
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c) Diagonal shear cracking in URM piers on the second floor of a ground floor 

modified building. Damage within the pier was also attributed to the pull+out of 

canapy ties. 

 

d) Horizontal crack at the top of a pier 

between two arched window. The 

crack height is located at 

approximatly half the arch height. 

e) Horizontal crack at the top of an 

internal pier which behaved as a 

multi+storey pier. Similar to e), the 

crack height is loacted at 

approximatley half the arch 

height. 

 

Figure B+1 Pier damage in perforated URM facade walls (Continued) 

 

 

  



Damage to Piers 
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f) Diagonal – sliding shear crack across an internal second storey pier 

 

 

 

 

g) Damage focused at the base of the third storey piers 

 

 

 

Figure B+1 Pier damage in perforated URM facade walls (Continued) 
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h) Diagonal shear cracking of internal 

pier 

 

i) Diagonal –sliding of internal pier on 

the second storey 

Figure B+1 Pier damage in perforated URM facade walls (Continued) 

B.2 Spandrel Damage – Flexural Cracking 

  

a) Vertical were visible extending from 

the corners of the openings 

b) Vertical cracks were visible at the 

locations indicated, suggesting that 

the narrow URM mullions had a 

negligible structural presence, 

therefore creating a low aspect ratio 

spandrel with a length equal to the 

total width of the three openings 

 

Figure B+2 Flexural cracking in URM spandrels 

 



Spandrel Damage – Flexural Cracking 
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c) Vertical cracks were observed extending between the corners of the 

vertically aligned openings 

 

 

 

 

d) Flexural cracking is evident extending from the top right corner of the 

opening up through the parapet 

 

 

 

Figure B+2 Flexural cracking in URM spandrels (Continued) 
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e) Flexural cracks extending from the bottom corners of the window opening 

on the first floor are visible 

 

 

Figure B+2 Flexural cracking in URM spandrels (Continued) 

B.3 Spandrel Damage – Diagonal Shear 

Cracking 

 

a) Diagonal shear cracking observed in the spandrel element 

 

 

Figure B+3 Diagonal shear cracking in URM spandrels 

 



Spandrel Damage – Diagonal Shear Cracking 
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b) Extensive diagonal shear cracking in the spandrel element above a high arched 

lintel.  

 

 

 

c) Diagonal shear cracking in the spandrel elements on the corner of a building 

 

 

Figure B+3 Diagonal shear cracking in URM spandrels (Continued) 
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Appendix C 

Perforated Wall Testing Results 

C Section 

 

Appendix C presents the data recorded during pseudo�static testing of the half�

scale two storey perforated URM wall reported in Chapter 6. 

C.1 Vertical Uplift at the Base of the Wall 

Displacement gauges were placed at the base of the wall to measure vertical uplift 

and deduce whether global rocking of the wall occurred during testing. Figure C�1 

plots the vertical displacement of the six gauges spaced evenly along the length of 

the wall, against time. As shown in the figure minimal uplift was recorded, 

suggesting that no global rocking occurred. 

 

Figure C+1 Vertical displacement at the base of the wall 
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C.2 Spandrel Displacement 

Displacement recorded along the diagonal of one of the central spandrel elements 

(see Figure 6�7 for gauge location) is plotted against the lateral displacement 

recorded at mid wall height is shown in Figure C�2. The relationship between the 

extension of the spandrel geometry along the diagonal, and the lateral wall 

displacement is generally linear. As shown in Figure C�2, for the external 

spandrels, there was a gradual plastic extension of the spandrel dimensions, up to 

approximately 5mm. The relationship between the lateral wall displacement and 

the deformation of the spandrel in a flexural mode characterised by bed�joint 

sliding is further discussed in section 4.9.3. 

 

Figure C+2 Diagonal displacement of central spandrel component 

 

 

C.3 Deformation in the Piers 

Gauges were placed along the diagonals of the piers to measure any displacement 

due to diagonal shear failure. Figure C�3 and Figure C�4 plots the measured 

displacement along the diagonal dimensions of the internal piers, Pier B and Pier 

C, on the first and top floors. As seen in Figure C�3, no measurable displacement 

was recorded for Pier B suggestive of diagonal shear failure. For Pier C, Figure C�4 

suggests displacement in the diagonal measured by gauge X2C. From comparison 

of the crack patterns shown in Figure 6�9, and the gauge locations (see Figure 6�7), 
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the gauge is measuring displacement due to sliding on the flexural crack which 

stepped along the bed and head joints. 

 

 

 

Figure C+3 Diagonal Pier B displacements 

 

 

 

Figure C+4 Diagonal Pier C displacement 
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C.4 Horizontal Displacement  

Gauges were placed up the height of the wall, on the Pier A and the Pier D side to 

measure lateral displacement. The plots of measured lateral displacement against 

time are shown for each of the gauges (see Figure 6�7 for gauge locations) in Figure 

C�5 and in Figure C�6. Discussion of the results is presented in section 6.8.3. 

 

C.4.1 Pier A side of the Wall 

 

 

a) H1A 

 

 

b) H2A 

 

Figure C+5 Horizontal displacements up the height of the wall on Pier A side 
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c) H3A 

 

 

d) H4A 

 

 

e) H5A 

 

Figure C+5 Horizontal displacements up the height of the wall on  

Pier A side (Continued) 
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f) H6A 

 

 

g) H7A 

 

 

h) H8A 

 

Figure C+5 Horizontal displacements up the height of the wall on  

Pier A side (continued) 
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C.4.2 Pier D side of the Wall 

 

a) H1D 

 

 

b) H2D 

 

 

c) H3D 

 

Figure C+6 Horizontal displacements up the height of the wall on Pier D side  
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d) H4D 

 

Figure C+6 Horizontal displacements up the height of the wall on  

Pier D side (Continued) 

C.5 Vertical Uplift of Ground Floor Piers 

To investigate the rotation of the piers failing in a rocking mode the vertical uplift 

was measured at the base of each first floor pier (gauge locations shown in Figure 

6�7). Figure C�7 plots the vertical displacement at the base of the pier against the 

lateral displacement measured at the top of each pier. From the plots it can be 

stated that the vertical displacement/rotation of the piers were approximately 

equal for the two loading directions. The vertical displacement for Pier C was not 

captured as the rocking surface was not captured by the placement of the gauge. 

a) Pier A b) Pier B 
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c) Pier C d) Pier D 

 

Figure C+7 Vertical uplift at ground floor pier base 

C.6 Repair Results 

The two storey wall was repaired with reinforced textile material and re�tested. 

The following plots capture the behaviour of the repaired wall using the same 

gauge placement as for the as�built wall. Discussion of the pier displacement 

profiles is presented in section 6.13.2. 

C.6.1 Horizontal Displacement – Pier A Side 

 

a) H1A 

 

Figure C+8 Horizontal displacements up the height of the repaired wall on the Pier A  
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b) H2A 

 

 

c) H3A 

 

 

d) H4A 

 

Figure C+8 Horizontal displacements up the height of the repaired wall  

on the Pier A (Continued) 
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e) H5A 

 

 

f) H6A 

 

 
g) H7A 

 

Figure C+8 Horizontal displacements up the height of the repaired wall  

on the Pier A (Continued) 
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h) H8A 

 

Figure C+8 Horizontal displacements up the height of the repaired wall  

on the Pier A (Continued) 

C.6.2 Horizontal Displacement – Pier D Side 

 

a) H1D 

 

b) H2D 

 

Figure C+9 Horizontal displacements up the height of the repaired wall on the Pier D side 
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c) H3D 

 

 

d) H4D 

 

Figure C+9 Horizontal displacements up the height of the repaired wall  

on the Pier D side (Continued) 
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C.6.3 Vertical Uplift of the Ground Floor Piers 

a) Pier A b) Pier B 

c) Pier C 

 

d) Pier D 

Figure C+10 Vertical uplift at ground floor pier base 
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Appendix D 

Linear Elastic Modelling 

D Secion 

 

Three lumped mass models were formulated by applying the finite element 

method, and the mass and stiffness matrices were defined. The fundamental 

periods and mass participation ratios were then determined.  The three lumped 

mass models are illustrated in Figure 7�6. The data provided below includes the 

mass and stiffness matrices for the three models, and the MATLAB coding to solve 

the Eigen value problem. 

D.1 Model A 

Using Model A it is assumed that the perforated wall can be modelled as an 

equivalent two degree of freedom system, with the piers governing the stiffness of 

the wall, and the spandrel stiffness relative to the pier stiffness being either 

infinite or zero. The mass is lumped at the two degrees of freedom and at the base, 

based on tributary height. 

D.1.1 Mass Matrix 

Mass of top spandrel (both joint and arched components) = 1153.24kg 

Top Floor Piers = 954.52kg 
Central Spandrel = 1259.59kg 
Ground Floor Piers = 1905.75kg 
Base Spandrel = 1195.24kg 
Applied axial load at the top floor = 3873.60kg 
Applied axial load at the mid floor = 3261.98kg 
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Mass Matrix: 

r =  Ô5951.703 00 5504.077Õ Q�DS 

D.1.2 Stiffness Matrix 

Stiffness Matrix: 

� =  ë�c + �J −�J−�J �J ì 
Where k1 is calculated from the sum of the individual pier stiffness of the first 

floor, and k2 is the sum of the individual pier stiffness of the top floor. k1 and k2 are 

defined in Table D�1 for different boundary conditions and effective pier heights. 

Stiffnesses for each pier are calculated based on equations (7�1) and (7�2). Ieff is 

taken as 0.5*Igross, as per the recommendations in section 7.3.1. 

Table D+1 Stiffness for piers (kN/m) 

Boundary 

Condition 

Cantilevered Cantilevered Fixed+

Fixed 

Fixed+Fixed Fixed+

Fixed 

Effective 

Height 

Inter+storey 

height 

Dolce Height Dolce 

height 

Inter+storey 

height 

adjacent 

opening 

height 

AG 762 873 3329 2917 5806 

BG 8771 8393 27521 28612 51184 

CG 8771 8393 27521 28612 51184 

DG 1786 1759 6522 6617 12858 

AT 774 1124 4174 2919 9179 

BT 10599 13850 39648 31757 76684 

CT 10599 13850 39648 31757 76684 

DT 1806 2150 7687 6532 19375 

k1 20091 19418 64893 66759 121032 

k2 23778 30974 91156 72965 181922 
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D.2 Model B 

Model B was formulated to investigate the effect that lumping the mass more 

evenly throughout the wall had on the calculation of natural frequencies and mode 

shapes. The mass is lumped at the diaphragm level and at the centre of each pier. 

D.2.1 Mass Matrix 

M1  = Central Spandrel + Applied load at mid height 

= 1259.59 + 3261.98 = 4521.57 kg 

M2 = Top spandrel + applied load at the top floor  

 = 1153.24 + 3873.60 = 5026.84 kg 

M3 = Mass of ground floor Pier A 

 = 1800*0.35*1.210*0.36 = 274.43 kg 

M4 = Mass of ground floor Pier B 

 = 1800*0.35*1.210*0.83 = 632.71 kg 

M5 = Mass of ground floor Pier C 

 = 1800*0.35*1.210*0.83 = 632.71 kg 

M6 = Mass of ground floor Pier D 

 = 1800*0.35*1.210*0.48 = 365.90 kg 

M7 = Mass of top floor Pier A 

 = 1800*0.23*0.880*0.36 = 131.16 kg 

M8 = Mass of top floor Pier B 

 = 1800*0.23*0.880*0.89 = 324.24 kg 

M9 = Mass of top floor Pier C 

 = 1800*0.23*0.880*0.89 = 324.24 kg 
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M10 = Mass of top floor Pier D 

 = 1800*0.23*0.880*0.48 = 174.87 kg 

Mass Matrix: 

r =  

)**
***
***
+rc 0 0 0 0 0 0 0 0 00 rJ 0 0 0 0 0 0 0 00 0 rÖ 0 0 0 0 0 0 00 0 0 rù 0 0 0 0 0 00 0 0 0 rø 0 0 0 0 00 0 0 0 0 rö 0 0 0 00 0 0 0 0 0 r÷ 0 0 00 0 0 0 0 0 0 r# 0 00 0 0 0 0 0 0 0 rñ 00 0 0 0 0 0 0 0 0 rc_,--

---
---
.
 

 

D.2.2 Stiffness Matrix 

The stiffness matrix was determined using the unit displacement method. As seen 

in Figure 7�6, the stiffness is defined for half the pier height. Assuming the pier to 

be fixed�fixed over the full height, then the half height stiffness can be calculated 

using equation (7�1) for cantilevered piers and taking the height to be half the pier 

height. If the spandrel stiffness is negligible and therefore the piers are required to 

be modelled as cantilevers over their height, the stiffness of half the pier should be 

calculated using equation (7�1) for cantilevered piers and taking the height as 

0.7937 of the pier height. 

� =  

)**
***
***
*+�Ö + �ù + �ø + �ö + �÷ + �# + �ñ + �c_ 0 −�Ö −�ù −�ø −�ö −�÷ −�# −�ñ −�c_0 �÷ + �# + �ñ + �c_ 0 0 0 0 −�÷ −�# −�ñ −�c_−�Ö 0 2�Ö 0 0 0 0 0 0 0−�ù 0 0 2�ù 0 0 0 0 0 0−�ø 0 0 0 2�ø 0 0 0 0 0−�ö 0 0 0 0 2�ö 0 0 0 0−�÷ −�÷ 0 0 0 0 2�÷ 0 0 0−�# −�# 0 0 0 0 0 2�# 0 0−�ñ −�ñ 0 0 0 0 0 0 2�ñ 0−�c_ −�c_ 0 0 0 0 0 0 0 2�c_ ,--

---
---
-.
 

 

Using the modified dynamic condensation method (Paz 1989) the eigenvalue 

problem is reduced to a two degree of freedom problem, therefore making the 

calculation of the natural frequencies and mode shapes more manageable and 

economic. The stiffness matrix is reduced to produce a two degree of freedom 
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matrix relating u1 and u2 (translation at the diaphragm levels). The modified 

dynamic condensation method starts by assigning an approximate value (zero) to 

the first eigenvalue, âcJ, applying dynamic condensation to the dynamic matrix of 

the system ª@c¬ = ª�¬ − âcJªr¬, and then solving the reduced eigen problem to 

determine the firsts and second eigenvalues, âcJ �P- âJJ. The modified dynamic 

condensation method then allows for the reduced mass matrix for any mode to be 

calculated from equation (D�1), where ª��¬ is the reduced stiffness matrix and ª@�z¬ is 

the dynamic matrix.  

ªr/���¬ = 1âz J �ª��¬ − ª@/� ¬�  

(D+1) 
 

D.2.3 MATLAB Code to solve for natural frequencies 

The following MATLAB code was used to solve for the natural frequencies for 

Model B 

 
clc  
  
m1 = 4521.57  
m2 = 5026.838  
m3 = 274.43  
m4 = 632.71  
m5 = 632.71  
m6 = 365.904  
m7 = 131.16  
m8 = 324.24  
m9 = 324.24  
m10 = 174.87  
  
CD=importdata( 'piers_2Storey_26Oct.xlsx' );  
EF= CD.data;  
AB = EF.Sheet4;  
  
  
k3 = AB(1,7)*1000  
k4 = AB(2,7)*1000  
k5 = AB(3,7)*1000  
k6 = AB(4,7)*1000  
k7 = AB(5,7)*1000  
k8 = AB(6,7)*1000  
k9 = AB(7,7)*1000  
k10 = AB(8,7)*1000  
  
% k3 = AB(1,8)*1000  
% k4 = AB(2,8)*1000  
% k5 = AB(3,8)*1000  
% k6 = AB(4,8)*1000  
% k7 = AB(5,8)*1000  
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% k8 = AB(6,8)*1000  
% k9 = AB(7,8)*1000  
% k10 = AB(8,8)*1000  
M = 
[m1,0,0,0,0,0,0,0,0,0;0,m2,0,0,0,0,0,0,0,0;0,0,m3,0 ,0,0,0,0,0,0;0,0,0,
m4,0,0,0,0,0,0;0,0,0,0,m5,0,0,0,0,0;0,0,0,0,0,m6,0, 0,0,0;0,0,0,0,0,0,m
7,0,0,0;0,0,0,0,0,0,0,m8,0,0;0,0,0,0,0,0,0,0,m9,0;0 ,0,0,0,0,0,0,0,0,m1
0]  
  
KAA = [k3+k4+k5+k6+k7+k8+k9+k10,0;0,k7+k8+k9+k10];  
  
KAI = [-k3,-k4,-k5,-k6,-k7,-k8,-k9,-k10;0,0,0,0,-k7 ,-k8,-k9,-k10];  
  
KIA = [-k3,0;-k4,0;-k5,0;-k6,0;-k7,-k7;-k8,-k8;-k9, -k9;-k10,-k10];  
  
KII = 
[2*k3,0,0,0,0,0,0,0;0,2*k4,0,0,0,0,0,0;0,0,2*k5,0,0 ,0,0,0;0,0,0,2*k6,0
,0,0,0;0,0,0,0,2*k7,0,0,0;0,0,0,0,0,2*k8,0,0;0,0,0, 0,0,0,2*k9,0;0,0,0,
0,0,0,0,2*k10];  
  
Maa = [m1,0;0,m2]  
Mai = [0,0,0,0,0,0,0,0;0,0,0,0,0,0,0,0]  
Mia = [0,0;0,0;0,0;0,0;0,0;0,0;0,0;0,0]  
Mii = 
[m3,0,0,0,0,0,0,0;0,m4,0,0,0,0,0,0;0,0,m5,0,0,0,0,0 ;0,0,0,m6,0,0,0,0;0
,0,0,0,m7,0,0,0;0,0,0,0,0,m8,0,0;0,0,0,0,0,0,m9,0;0 ,0,0,0,0,0,0,m10];  
  
w = 0  
  
Dii1 = KII-w*Mii  
Dia1 = KIA-w*Mia  
Dai1 = KAI-w*Mai  
Daa1 = KAA-w*Maa  
  
Dii1_inv = inv(Dii1);  
  
D1_bar = Daa1-Dai1*Dii1_inv*Dia1  
  
T = -1*Dii1_inv*Dia1  
  
I = [1,0;0,1];  
  
P = [T;I]  
  
M1_bar = P'*M*P  
  
K1_bar = D1_bar + w*M1_bar  
  
A = K1_bar(1,1);  
B = K1_bar(1,2);  
C = K1_bar(2,1);  
D = K1_bar(2,2);  
  
P = M1_bar(1,1)  
R = M1_bar(1,2);  
S = M1_bar(2,1);  
T = M1_bar(2,2);  
  
a = (P*T - R*S);  
b = (B*S + R*C - A*T - P*D);  
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c = (A*D - B*C)  
  
w1 = (-b - sqrt((b^2)-(4*a*c)))/(2*a)  
w2 = (-b + sqrt((b^2)-(4*a*c)))/(2*a)  
  
Dii2 = KII-w1*Mii  
Dia2 = KIA-w1*Mia  
Dai2 = KAI-w1*Mai  
Daa2 = KAA-w1*Maa  
  
Dii2_inv = inv(Dii2);  
D2_bar = Daa2-Dai2*Dii2_inv*Dia2  
  
M2_bar = (1/w1)*(K1_bar-D2_bar)  
  
P2 = M2_bar(1,1)  
R2 = M2_bar(1,2);  
S2 = M2_bar(2,1);  
T2 = M2_bar(2,2);  
  
a2 = (P2*T2 - R2*S2);  
b2 = (B*S2 + R2*C - A*T2 - P2*D);  
c2 = (A*D - B*C)  
  
w1f = (-b2 - sqrt((b2^2)-(4*a2*c2)))/(2*a2)  
w2f = (-b2 + sqrt((b2^2)-(4*a2*c2)))/(2*a2)  
  

D.3 Model C 

The development of Model C allowed for an intermediate, realistic stiffness of the 

spandrel element, by formulating the stiffness matrix with respect to ten degrees�

of�freedom:  two translational D.O.Fs at the two floor heights (u1 and u2), and 

eight rotational D.O.Fs at the joints (u3 – u10).  The masses are lumped as single 

masses at the two floor levels (with half the first floor mass being distributed to the 

foundation level) and are therefore related to u1 and u2. 

D.3.1 Mass Matrix 

The mass distribution is assumed to be lumped at the two floors, and therefore the 

mass matrix is the same as for Model A. 

Mass Matrix: 

r =  Ô5951.703 00 5504.077Õ Q�DS 
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D.3.2 Stiffness Matrix 

The stiffness matrix was formed using the unit displacement method.  

 

� =

)**
***
***
***
***
+TÖ + Tù + Tø + Tö + T÷ + T# + Tñ + Tc_ −T÷ − T# − Tñ − Tc_ NÖ − N÷ Nù − N# Nø − Nñ Nö − Nc_ −N÷ −N# −Nñ −Nc_−T÷ − T# − Tñ − Tc_ T÷ + T# + Tñ + Tc_ N÷ N# Nñ Nc_ N÷ N# Nñ Nc_NÖ − N÷ N÷ Ö̀ + $̀c + ÷̀ $̀c 2B 0 0 ÷̀ 2B 0 0 0

Nù − N# N# $̀c 2B $̀c + $̀J + ù̀ + #̀ $̀J 2B 0 0 #̀ 2B 0 0
Nö − Nñ Nñ 0 $̀J 2B $̀J + ø̀ + ñ̀ + $̀Ö $̀Ö 2B 0 0 ñ̀ 2B 0
Nö − Nc_ Nc_ 0 0 $̀Ö 2B $̀Ö + ö̀ + c̀_ 0 0 0 c̀_ 2B

−N÷ N÷ ÷̀ 2B 0 0 0 $̀0c + ÷̀ $̀0c 2B 0 0
−N# N# 0 #̀ 2B 0 0 $̀0c 2B $̀0c + $̀0J + #̀ $̀0J 2B 0
−Nñ Nñ 0 0 ñ̀ 2B 0 0 $̀0J 2B $̀0J + $̀0Ö + ñ̀ $̀0Ö 2B
−Nc_ Nc_ 0 0 0 c̀_ 2B 0 0 $̀0Ö 2B $̀0Ö + c̀_,--

---
---
---
---
.

 

 

 

Where 

T� = cJ"óZ�11�
2     N� = ö"óZ�11�
h      �̀ = ù"óZ�11�
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�ÑÑ = ëTÖ + Tù + Tø + Tö + T÷ + T# + Tñ + Tc_ −T÷ − T# − Tñ − Tc_−T÷ − T# − Tñ − Tc_ T÷ + T# + Tñ + Tc_ ì 
�ÑZ = ëNÖ − N÷ Nù − N# Nø − Nñ Nö − Nc_ −N÷ −N# −Nñ −Nc_N÷ N# Nñ Nc_ N÷ N# Nñ Nc_ ì 

�ZÑ =
)**
***
*+ NÖ − N÷ N÷Nù − N# N#Nø − Nñ NñNö − Nc_ Nc_−N÷ N÷−N# N#−Nñ Nñ−Nc_ Nc_,--

---
-.
 

�ZZ =

)**
***
***
***
*+ Ö̀ + $̀c + ÷̀ $̀c 2B 0 0 ÷̀ 2B 0 0 0

$̀c 2B $̀c + $̀J + ù̀ + #̀ $̀J 2B 0 0 #̀ 2B 0 0
0 $̀J 2B $̀J + ø̀ + ñ̀ + $̀Ö $̀Ö 2B 0 0 ñ̀ 2B 0
0 0 $̀Ö 2B $̀Ö + ö̀ + c̀_ 0 0 0 c̀_ 2B

÷̀ 2B 0 0 0 $̀0c + ÷̀ $̀0c 2B 0 0
0 #̀ 2B 0 0 $̀0c 2B $̀0c + $̀0J + #̀ $̀0J 2B 0
0 0 ñ̀ 2B 0 0 $̀0J 2B $̀0J + $̀0Ö + ñ̀ $̀0Ö 2B
0 0 0 c̀_ 2B 0 0 $̀0Ö 2B $̀0Ö + c̀_,--

---
---
---
-.
 

 

 

D.3.3 Using Static Condensation 

Static Condensation was used to reduce the 10 × 10 matrix down to a 2 × 2 matrix 

based on the method shown below: 

Reduced Stiffness Matrix: 

ª�Ñ¬ = ª�ÑÑ¬ − ª�ÑZ¬ª�ZZ¬bcª�ZÑ¬ 
The Transformation matrix is given by: 

ª �̀¬ = −ª�ZZ¬bcª�ZÑ¬ 
ª`¬ = ëª �̀¬ªH¬ì 

The Reduced Mass Matrix: 

ªr�¬ = ª`¬0ªr¬ª`¬ 
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Appendix E 

Non�linear Modelling 

E  

An Equivalent Frame modelling approach with coupled moment�axial hinges to 

model the flexural behaviour of spandrels was detailed in Chapter 8.  The closed�

form solving of the equilibrium equations to determine the spandrel flexural failure 

domain is presented for two different cases herein. 

E.1 EPP with Tension Capacity 

The ‘EPP with tension capacity’ model adopts a simplified relationship for the 

compression and tension stress�strain behaviour, being elastic�perfectly�plastic 

(EPP), with limited ductility in compression and unlimited ductility in tension. 

 

Figure E+1 Stress and strain profile for EPP with tension capacity model for spandrels 

 

 

 

 

T′p 

T′� 
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Translational equilibrium of the section in Figure E�1 gives,  

m =  Q' − (S 12 �T′p� + (�T′p� −  12 u�Tt� −  Q� − ' − uS�T′�  
 

(E+1) 

 

Where ( = ' A1 − cæçèCand u = ' �æçè 

 

Normalised equation (E�1) gives: 

mm��� = m� = ℎ� j1 − 12,ã} + �J2,�} + �k − � 
 

(E+2) 

 

 

Where � =  !t¶!tó´ 

 Rotational equilibrium about the centre of gravity from Figure E�1 gives: 

é rê =  ëT′p��Q' − (S. 7�2 − 13 Q' − (S − (;ì + ë�T′p�( 7�2 − (2;ì
+ ë12 �uT′� 7�2 − Q� − ' − uS + u3;ì
+ ëQ� − ' − uS�T′� 7�2 − � − ' − u2 ;ì 

(E+3) 

 

 

Substituting for y and z in equation (E�3), 

r =  T′p���'2 − T′p��'J2 + T′p��'J2,ã} − T′p���'4,ã} − T′p��'J6,ã}J − T′��'J�2,ã} + T′��'J�J6,ã}J
+ T′���'2 − T′��'J2 + T′���'�4,ã}  (E+4) 

 

 

Normalising equation (E�4), 

 

rTtp���J4
= r� = 2ℎ� j1 − 12,ã} + � + �J,ã}k − 2ℎ�J j1 − 1,ã} + 13,ã}J + �J,ã} − �Ö3,ã}J + �k (E+5) 
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Rearranging equation (E�2) to solve for ℎ�, and substituting into equation (E�5), so 

that it is in terms of m� finds that: 

 

r� = 2Qm� + �S
− 2�� m�J + 2m�� + �J

71 − 12,ã} + �J2,ã} + �;J��j1 − 1,ã} + 13,ã}J + �J,ã} − �Ö
3,ã}J + �k (E+6) 

 

 

More details on this model can be found in section 8.7.2.1. 

E.2 Strain+softening Model with Tension 

Capacity 

Section 8.7.2.2 introduces the ‘strain softening model with tension capacity’ for 

flexural failure in spandrel governed by a compression failure. The moment�axial 

force interaction equations are presented in full below. 

 

Figure E+2 Stress and strain profile for Lumantarna model with  

tension capacity for spandrels 

 

Translational equilibrium of the stress profiles shown in Figure E�2 gives: 

m = 0.97235 '2 Ttp� + 12 0.7Ttp(� + 0.2Ttp(� + 12 T��u − T��Q� − ' − uS 
 

(E+7) 

 

 

m`N 

T′� 

T′p )�′ 
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Where ( = ' A1 − c.Ö_öJJ÷÷ööæçè C and u = ' �æçè, 

Substituting for y and z, and normalising N gives: 

m� = ℎ� j1.036175 − 0.723925,ã} + �J2,ã} + �k − � 
 

(E+8) 

 

 

 

Rotational equilibrium about the centre of gravity gives an expression for Moment, 

r = 0.4861768T′p�' 7�2 − 0.6041275'; + 0.7T′p( 12 � 7�2 − 23 (; + 0.2T′p�( 7�2 − (2;
+ T� 12 �u 7�2 − Q� − ' − uS + u3; + T��Q� − ' − uS j�2 − Q� − ' − uS2 k (E+9) 

 

 

Substituting for y and z, and normalising by dividing through by Mlim, equation  

(E�9) becomes: 

rTtp���J4
= r� = 2ℎ� j1.036175 − 0.72392525,ã} + � + �J2,ã}k  

− 2ℎ�J j1.25409216 − 1.75497035,ã} + 1.154970,ã}J + �J,ã} − �Ö3,ã}J + �k 
(E+10) 

 

 

Making moment a function of Normalised axial load,  

 

r�Qm�S = 2Qm� + �S
71.036175 − 0.72392525,ã} + � + �J2,ã};

− 2 Qm�J + 2m�� + �JS
71.036175 − 0.72392525,ã} + � + �J2,ã};J j1.25409216 − 1.75497035,ã}

+ 1.154970,ã}J + �J,ã} − �Ö3,ã}J + �k 
 

(E+11) 

 

 



Bed�joint Shear Strength Testing 

   
� 475 � 

E.3 Bed+joint Shear Strength Testing 

A series of bed�joint shear strength tests were performed on the Aurora Tavern – a 

three storey unreinforced masonry building located in Auckland built in 1886, and 

on the Campbell Free Kindergarten – a two storey iconic unreinforced masonry 

building built in 1920. The bed�joint shear strength tests were conducted within 

the scope of an investigation into the material properties of New Zealand URM 

buildings which was reported by Lumantarna et al. (2011), and used with 

permission. The results of the bed�joint shear strength tests are discussed in 

section 8.7.3. The stress�strain plots are shown below for reference. 

  

a) Aurora Tavern sample 1 b) Aurora Tavern sample 2 

  

c) Aurora Tavern sample 3 d) Aurora Tavern sample 4 

 

Figure E+3 Stress against strain for bed+joint shear strength tests 
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e) Aurora Tavern sample 5 f) Campbell Free Kindergarten 

Sample 1 

 

 

  

g) Campbell Free Kindergarten 

Sample 2 

 

 

h) Campbell Free Kindergarten 

Sample 3 

 

Figure E+3 Stress against strain for bed+joint shear strength tests 
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Appendix F 

Calculating Demand on In�plane 

Loaded URM Walls 

F Appendix F 

 

F.1 NZSEE (2006) Analysis Method for URM 

Buildings 

The linear elastic method for determining demand on URM buildings with flexible 

diaphragms, as detailed in NZSEE (2006) is presented below. 

 

1. For each span of the diaphragm and at each level, calculate diaphragm period 

according to equation (F21) 

` = �3.07∆  (F+1) 

Where ∆  is the maximum in2plane diaphragm displacement in metres, due 

to a lateral load in the direction under consideration, equal to the weight 

tributary to the diaphragm. 

 

2. Calculate pseudo lateral load for each span according to equation (F�2). 

 

The pseudo lateral load in a given horizontal direction can be determined from 

equation (F�2). This load is applied to the vertical elements of the lateral force 

resisting system. 
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& =  °c°J°Ö°pð�M� 
 

(F+2) 

 

 
where: 

V =  Pseudo lateral load 

T =  The fundamental period of the building in the direction under consideration, 

calculated as in equation (F21). 

Ts=  The characteristic period of the response spectrum, defined as the period associated 

with the transition from the constant acceleration segment of the spectrum to the 

constant velocity segment of the spectrum. 

C2 =   Modification factor to represent the effects of pinched hysteresis shape, stiffness 

degradation, and strength deterioration on the maximum displacement response. C2 

should be taken as 1.0 for the case of linear elastic analysis. 

C3 =  Modification factor to represent increased displacement due to dynamic P2∆ effects 

listed in Section 4B.6 of NZSEE (2006). For values of the stability index, 2i, (see 

Section 6.5 of NZS 1170.5:2004), less than 0.1 in all stories, C3 shall be taken as 

1+5(220.1)/T using 2 equal to the macimum value of 2i of all storeis. 

Cm =  Effective mass factor to account for higher mode mass participation effects and can 

be taken as 1.0 for one and two storey structures, of in the fundamental period, T, is 

greater than 1.0 seconds.  

Sa=  Response spectrum acceleration at the fundamental period and damping 

ratio of the building in the direction being considered and taken from Section 

3 of NZS 1170.5:2004. 

Wt =  The effective seismic weight of the building. 

 

3. Apply the lateral loads calculated for all diaphragms and calculate forces in 

vertical seismic2resisting elements using tributary loads. 

4. Diaphragm forces for evaluation of diaphragms are determined from the results 

of step 3 above and distributed along the diaphragm span considering its deflected 

shape. 

5. Diaphragm deflection should not exceed 300 mm for this method of distribution of 

pseudo lateral loads to be applicable. 
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F.2 Base Shear Determination 

F.2.1 Predicted Base Shear according to the NZSEE 

(2006) method 

Total base shear for each of the three representative buildings for the different 

hazard zones and soil types investigated in Chapter 10 is detailed hereafter. As 

specified in the NZSEE (2006) guidelines, ductility of URM is taken as 1 with a 

corresponding structural performance factor of 1. An overall equivalent viscous 

damping ratio of 15% of critical is recommended for both the force based and 

displacement based methods of analysis, and hence a modification factor is utilised 

for determining the acceleration spectra for 15% critically damping. 

 

 

 

 

F.2.2 Building A 

Example calculations completed for hazard zone North A – Shallow soil (type C) 

1. Determine period of each diaphragm at each level 

  ` = �3.07∆   

 where ∆ = &y�y   

 and �y = 4E» 9   

B 
= 

8.92 m  

L 
= 

10.0 m  

Gd 
= 

350 kN/m  
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 Diaphragm Top  Diaphragm Central 

Diaphragm self+weight (kN) 49.84 49.84 

Trib OOP walls 159.40 316.78 

Super Dead (0.3kPa) 0 26.76 

Live + 3kPa (including area 

reduction and seismic coefficient) 

0 79.25 

VD 209.24 472.63 

∆  0.1667 0.3793 5�Ì 0.7155 1.0791 

 

2. Calculate pseudo�lateral loads for each diaphragms & z =  °c°Ö° Q z̀SM   
C1   = 1 

C3 = 1 

Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Ch(Ti) = spectral shape factor determined from Table 3.1 of NZS 1170.5 

C(Ti) = Ch(Ti) × Z × R × N(T,D)  

Cd(Ti) = C(Ti) × Sp / K7 

Sp = 0.7 

7 = 2 

kC = 7 where T > 0.7, and  

  QæbcS0_.÷ + 1  where T < 0.7 

 

 Diaphragm Central (1) Diaphragm Top (2) 

Ch(Ti) 1.1410 1.5283 

C(Ti) 0.1483 0.1987 

Cd(Ti) 0.0519 0.0695 

Vdi (kN) 24.59 14.48 
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3. Determine pseudo lateral load for the in�plane wall &� =  °c°Ö° Q �̀SM�  
 

Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Tw = Unknown – assumed to lie on the plateaux of the design spectrum 

Ch(Ti) = 2.36 �6  = c.øQù_6S¢c + 0.5 = c.øQù_×_.cøS¢c + 0.5= 0.714286 
C(Ti) = 0.219143 

Cd(Ti) = C(Ti) × Sp / K7  = 0.219143 

Sp = 1 

7 = 1 

kC = 7 where T > 0.7, and  

  QæbcS0_.÷ + 1  where T < 0.7 

C1 = 1 

C3 = 1 

Ww = 265.20 

Vw = 58.12 kN 

 

• Total Base Shear for Building A in hazard zone North A – soil type C  

= 58.12*2 + 24.59 + 14.48 = 155.3 kN 

 

• Applying the same process, but using the design spectra for soil types D 

results in: 

Total Base Shear for Building A in hazard zone North A – soil type D = 270.37 kN 

 

• Applying the same process as above, but for hazard zone North NF, z = 0.3, 

Total Base Shear for Building A in hazard zone North NF – soil type C = 358.40 kN 
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F.2.3 Building B 

Example calculations completed for hazard zone North A – Shallow soil (type C) 

1. Determine period of each diaphragm at each level 

  ` = �3.07∆   

 where ∆ = &y�y   

 and �y = 4E» 9   

    

B 
= 

7.73 m  

L 
= 

10.5 m  

Gd 
= 

350 kN/m  

 

 Diaphragm First 

Floor 

Diaphragm Central Diaphragm Top  

Diaphragm self+weight 

(kN) 
44.91 44.91 44.91 

Trib OOP walls 473.72 454.25 324.46 

Live + 3kPa (including 

area reduction and 

seismic coefficient) 

62.25 62.25 0 

VD 580.88 561.41 369.37 

∆  0.5564 0.5377 0.3538 5�Ì 1.3070 1.2849 1.0422 
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2. Calculate pseudo�lateral loads for each diaphragms & z =  °c°Ö° Q z̀SM   
C1   = 1 

C3 = 1 

Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Ch(Ti) = spectral shape factor determined from Table 3.1 of NZS 1170.5 

C(Ti) = Ch(Ti) × Z × R × N(T,D)  

Cd(Ti) = C(Ti) × Sp / K7 

Sp = 0.7 

7 = 2 

kC = 7 where T > 0.7, and  

  QæbcS0_.÷ + 1  where T < 0.7 

 

 Diaphragm 

First Floor (1) 

Diaphragm 

Central (2) 

Diaphragm 

Top (3) 

Ch(Ti) 0.9997 1.0134 1.1638 

C(Ti) 0.1300 0.1317 0.1513 

Cd(Ti) 0.0455 0.0461 0.0530 

Vdi (kN) 26.42 25.89 19.56 

 

3. Determine pseudo lateral load for the in�plane wall &� =  °c°Ö° Q �̀SM�  
Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Tw = Unknown – assumed to lie on the plateaux of the design spectrum 

Ch(Ti) = 2.36 �6  = c.øQù_6S¢c + 0.5 = c.øQù_×_.cøS¢c + 0.5= 0.714286 
C(Ti) = 0.219143 

Cd(Ti) = C(Ti) × Sp / K7  = 0.219143 

Sp = 1 
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7 = 1 

kC = 7 where T > 0.7, and  

  QæbcS0_.÷ + 1  where T < 0.7 

C1 = 1 

C3 = 1 

Ww = 373.62 kN 

Vw = 81.88 kN 

 

• Total Base Shear for Building B in hazard zone North A – soil type C  

= 81.88*2 + 26.42 + 26.89 + 19.56 = 235.62 kN 

• Applying the same process, but using the design spectra for soil type D 

results in: 

Total Base Shear for Building B in hazard zone North A – soil type D = 324.81 kN 

  



Base Shear Determination 

   
� 485 � 

F.2.4 Building C 

Example calculations completed for hazard zone North A – Shallow soil (type C) 

1. Determine period of each diaphragm at each level 

  ` = �3.07∆   

 where ∆ = &y�y   

 and �y = 4E» 9   

    

B 
= 

18.1 m  

L 
= 

29.115 m  

Gd 
= 

600 kN/m  

 

 Diaphragm 

Level 1 

Diaphragm 

Level 2 

Diaphragm 

Level 3 

Diaphragm 

Level 4 

Diaphragm 

Level 5 

Diaphragm 

self+weight 

(kN) 

263.325 263.325 263.325 263.325 263.325 

Trib OOP 

walls 

2957.78 2359.35 2064.76 1536.25 1059.39 

Super Dead 

(1.0kPa) 

526.7 526.7 526.7 526.7 0 

Live + 3kPa 

(including 

area reduction 

and seismic 

coefficient) 

316.19 316.19 316.19 316.19 0 

VD 4063.99 3465.56 3170.98 2642.47 1322.71 

∆� 2.7238 2.3227 2.1253 1.7711 0.8865 5�Ì 2.8917 2.6704 2.5543 2.3318 1.6497 
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2. Calculate pseudo�lateral loads for each diaphragms & z =  °c°Ö° Q z̀SM   
C1   = 1 

C3 = 1 

Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Ch(Ti) = spectral shape factor determined from Table 3.1 of NZS 1170.5 

C(Ti) = Ch(Ti) × Z × R × N(T,D)  

Cd(Ti) = C(Ti) × Sp / K7 

Sp = 0.7 

7 = 2 

kC = 7 where T > 0.7, and  

  QæbcS0_.÷ + 1  where T < 0.7 

 

 Diaphragm 

Level 1 

Diaphragm 

Level 2 

Diaphragm 

Level 3 

Diaphragm 

Level 4 

Diaphragm 

Level 5 

Ch(Ti) 0.4595 0.4993 0.5202 0.5737 0.8141 

C(Ti) 0.0597 0.0649 0.0676 0.0746 0.1058 

Cd(Ti) 0.0209 0.0227 0.0237 0.0261 0.0370 

Vdi (kN) 84.96 78.74 75.06 68.98 49.00 

 

3. Determine pseudo lateral load for the in�plane wall &� =  °c°Ö° Q �̀SM�  
 

Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Tw = Unknown – assumed to lie on the plateaux of the design spectrum 

Ch(Ti) = 2.36 �6  = c.øQù_6S¢c + 0.5 = c.øQù_×_.cøS¢c + 0.5= 0.714286 
C(Ti) = 0.219143 
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Cd(Ti) = C(Ti) × Sp / K7  = 0.219143 

Sp = 1 

7 = 1 

kC = 7 where T > 0.7, and  

  QæbcS0_.÷ + 1  where T < 0.7 

C1 = 1 

C3 = 1 

Ww = 2623.31 kN 

Vw = 574.88 kN 

 

• Total Base Shear for Building C in hazard zone North A – soil type C 

 = 574.88*2 + 84.96 + 78.74 + 75.06 + 68.98 + 49.00       = 1506.50 kN 

 

• Total Base Shear for Building C in hazard zone North A – soil type D  

= 2039.60 kN 

  



Appendix F  

    
� 488 � 

F.3 Ground Motion Records 

Ground motion records were selected for hazard zone North A and North NF for 

soil types C (shallow) and D (deep) based on the recommendations by  Oyarzo –

Vera et al. (2012) The ground motion records are detailed in section 10.5.5 and 

illustrated in Figure F�1, Figure F�2 and Figure F�3. 

F.3.1 North A  –  soil class C 

 

 

a) EQ1 

 

 

 

 

b) EQ2 

 

 

 

Figure F+1 Ground Motions records for hazard zone North A – soil class C 
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c) EQ3 

 

 

 

 

d) EQ4 

 

 

 

 

e) EQ5 

 

 

 

Figure F+1 Ground Motions records for hazard zone  

North A – soil class C (Continued) 
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f) EQ6 

 

 

 

 

g) EQ7 

 

 

Figure F+1 Ground Motions records for hazard zone  

North A – soil class C (Continued) 

 

F.3.2 North A – soil class D 

 

a) EQ1 

 

Figure F+2 Ground Motions records for hazard zone North A – soil class D  
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b) EQ2 

 

 

 

 

c) EQ3 

 

 

 

 

d) EQ4 

 

 

 

Figure F+2 Ground Motions records for hazard zone  

North A – soil class D (Continued) 
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e) EQ5 

 

 

 

 

f) EQ6 

 

 

 

 

g) EQ7 

 

 

 

Figure F+2 Ground Motions records for hazard zone  

North A – soil class D (Continued) 
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F.3.3 North NF – Soil class C 

 

 

a) EQ1 

 

 

 

b) EQ2 

 

 

 

c) EQ3 

 

 

Figure F+3 Ground Motions records for hazard zone  

North NF – soil class C  
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d) EQ4 

 

 

 

 

e) EQ5 

 

 

 

 

f) EQ6 

 

 

 

Figure F+3 Ground Motions records for hazard zone  

North NF – soil class C (Continued) 
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g) EQ7 

 

Figure F+3 Ground Motions records for hazard zone  

North NF – soil class C (Continued) 

F.3.4 Frequency Domain of Response 

Fourier Power Spectrum (FPS) plots of the base shear response of the three 

representative URM buildings with flexible diaphragms that were modelled in 

SAP2000. Full details on the non�linear models are presented in Chapter 10. The 

Fourier Power Spectrum plots were constructed to illustrate the multi�degree of 

freedom response of URM buildings with flexible diaphragms. The plots show the 

FPS for the three buildings, subjected to seven earthquake ground motions 

representative for hazard zone North A for both soil types C and D. 

 

a) Building A – soil type D 

 

Figure F+4 Fourier Power Spectrum of building response 
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b) Building B – soil type C 

 

 

 

 

 

c) Building B – soil type D 

 

 

 

 

Figure F+4 Fourier Power Spectrum of building response (Continued) 
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d) Building C – soil type C 

 

 

 

 

 
e) Building C – soil type D 

 

 

 

 

Figure F+4 Fourier Power Spectrum of building response (Continued) 
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F.3.5 Amplification of Acceleration 

To access the validity of treating the in�plane loaded walls as ‘rigid’ and therefore 

assuming that the ground motion is transferred unamplified into the attached 

edges of the diaphragms, the absolute acceleration at the top of the in�plane loaded 

walls was plotted against the ground acceleration, and is shown for three different 

earthquake records for each of the three buildings modelled. 

 

a) EQ1 

 

 

b) EQ3 

 

Figure F+5 Amplification of ground acceleration for in+plane wall of  

Building A – Soil type D 
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c) EQ6 

 

Figure F+5 Amplification of ground acceleration for in+plane wall of  

Building A – Soil type D (Continued) 

 

 

a) EQ1 

 

 

b) EQ3 

 

Figure F+6 Amplification of ground acceleration for in+plane wall of  

Building B – Soil type D  
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c) EQ6 

 

Figure F+6 Amplification of ground acceleration for in+plane wall of  

Building B – Soil type D (Continued) 

 

 

 

a) EQ1 

 

 

b) EQ3 

 

Figure F+7 Amplification of ground acceleration for in+plane wall of  

Building C – Soil type D 
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c) EQ6 

 

Figure F+7 Amplification of ground acceleration for in+plane wall of  

Building C – Soil type D (Continued) 
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a) Diaphragm displacement profiles for EQ1 

 
 

 

b) Diaphragm displacement profiles for EQ3 

 
 

 

c) Diaphragm displacement profiles for EQ6 

 

 

Figure F+8 Horizontal displacement histories for Building A 
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d) In+plane wall displacement profiles for EQ1 

 

 

 

e) In+plane wall displacement profiles for EQ3 

 

 

 

f) In+plane wall displacement profiles for EQ6 

 

 

Figure F+8 Horizontal displacement histories for Building A (Continued) 
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g) Displacement profiles for EQ6 

 

Figure F+8 Horizontal displacement histories for Building A (Continued) 
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a) Diaphragm displacement profiles for EQ1 

 

 

 

b) Diaphragm displacement profiles for EQ3 

 

 

 

c) Diaphragm displacement profiles for EQ6 

 

 

Figure F+9 Horizontal displacement histories for Building B 
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d) In+plane wall displacement profiles for EQ1 

 

 

 

e) In+plane wall displacement profiles for EQ3 

 

 

 

f) In+plane wall displacement profiles for EQ6 

 

 

Figure F+9 Horizontal displacement histories for Building B (Continued) 
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g) Displacement profiles for EQ1 

 

Figure F+9 Horizontal displacement histories for Building B (Continued) 

 

 

 

a) Diaphragm displacement profiles for EQ1 

 

 

b) Diaphragm displacement profiles for EQ3 

 

10 20

.40

.30

.20

.10

0

10

20

30

40

Time (sec)

D
is

p
la

c
e
m

e
n
t 

(m
m

)

 

 

Top Of Wall

Second.f loor

First.f loor

Top Diaphragm

Central Diaphragm

First.f loor Diaphragm

10 20 30

.140

.100

.60

.20

20

60

100

140

Time (sec)

D
is

p
la

c
e

m
e

n
t 
(m

m
)

 

 

L1D

L2D

L3D

L4D

L5D

10 20 30

.100

.80

.60

.40

.20

0

20

40

60

80

100

Time (sec)

D
is

p
la

c
e

m
e

n
t 
(m

m
)

 

 

L1D

L2D

L3D

L4D

L5D



Appendix F  

    
� 508 � 

 

c) Diaphragm displacement profiles for EQ6 

 

 

d) In+plane wall displacement profiles for EQ1 

 

 

e) In+plane wall displacement profiles for EQ3 

 

Figure F+10 Horizontal displacement histories for Building C 
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f) In+plane wall displacement profiles for EQ6 

 

 

g) Displacement profiles for EQ6 

 

Figure F+10 Horizontal displacement histories for Building C (Continued) 
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F.4 Diaphragm Flexibility 

The influence of diaphragm flexibility on building period is investigated for three 

values of shear stiffness for Building A, Building B and Building C. Period and 

mass participation for each mode is presented below, with the critical periods 

highlighted in blue. 

F.4.1 Building A 

Table F+1 Periods and mass participation for Building A 

 Gd = 35 kN/m Gd = 350 kN/m Gd = 1800 kN/m 

Mode Period 
Mass 

Participation 
Period 

Mass 

Participation 
Period 

Mass 

Participation 

1 2.479346 0.25743 0.790305 0.28191 0.365306 0.42676 

2 1.628404 0.11161 0.525192 0.12918 0.257001 0.17097 

3 1.243495 1.818E�18 0.396628 6.281E�17 0.191449 3.321E�14 

4 0.833268 0.02879 0.266138 0.04855 0.150302 5.158E�13 

5 0.816731 1.549E�14 0.265152 4.643E�14 0.142273 0.20315 

6 0.750971 6.547E�13 0.237478 1.193E�12 0.111881 0.00914 

7 0.750966 2.551E�12 0.237476 4.478E�12 0.104718 5.375E�14 

8 0.750937 8.03E�11 0.237467 1.422E�10 0.104717 7.365E�13 

9 0.629474 4.509E�14 0.201562 4.479E�11 0.104713 1.433E�11 

10 0.629071 1.984E�10 0.199224 7.539E�08 0.104561 6.162E�15 

11 0.629005 8.271E�10 0.199007 4.965E�07 0.088519 2.365E�08 

12 0.628994 3.273E�10 0.198985 6.549E�08 0.087965 2.177E�07 

13 0.62898 1.613E�13 0.198901 1.425E�12 0.087904 3.444E�10 

14 0.628976 4.799E�13 0.1989 3.696E�12 0.087707 5.275E�15 

15 0.628951 2.538E�11 0.198892 1.227E�10 0.087706 4.2E�14 

16 0.547318 0.0145 0.182623 0.12263 0.087703 6.45E�13 

17 0.508282 0.01024 0.162868 0.02995 0.086653 1.424E�10 

18 0.507989 0.000001469 0.160925 2.176E�07 0.07506 0.00824 

19 0.507926 6.212E�07 0.160715 0.00000154 0.07165 1.273E�07 
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20 0.507918 1.339E�07 0.160693 1.552E�07 0.071075 2.048E�07 

21 0.492618 4.372E�13 0.155779 1.132E�12 0.071014 4.684E�08 

22 0.492611 8.168E�12 0.155777 3.149E�11 0.070247 0.0000357 

23 0.492608 9.711E�14 0.155776 2.112E�12 0.068692 4.684E�14 

24 0.428453 9.36E�14 0.153787 6.685E�12 0.068691 1.037E�11 

25 0.413463 1.714E�13 0.141206 0.19055 0.068691 2.991E�13 

26 0.412668 7.247E�11 0.134702 1.763E�11 0.060664 5.392E�10 

27 0.412615 6.544E�10 0.130729 9.84E�08 0.058244 6.253E�08 

28 0.41261 9.276E�11 0.130552 0.000001561 0.057723 0.000003829 

29 0.412595 1.197E�13 0.130534 6.573E�08 0.057676 2.211E�07 

30 0.412589 3.19E�12 0.130474 1.737E�12 0.057534 1.651E�13 

31 0.412587 4.988E�13 0.130472 4.235E�11 0.057533 2.93E�12 

32 0.388731 2.798E�12 0.130471 2.195E�12 0.057532 1.72E�13 

33 0.388728 9.522E�12 0.124227 6.249E�12 0.056857 9.608E�10 

34 0.388713 3.052E�10 0.122928 1.967E�12 0.054206 9.901E�12 

35 0.372254 0.00559 0.122927 1.267E�11 0.054206 2.365E�11 

36 0.333895 0.00666 0.122922 3.106E�10 0.054203 8.766E�10 

37 0.333241 1.083E�08 0.11696 0.00195 0.05302 0.00743 

38 0.33319 2.99E�08 0.105607 1.176E�08 0.048262 1.06E�08 

39 0.333186 2.01E�09 0.105433 3.153E�07 0.047805 0.01608 

40 0.330891 1.186E�13 0.105415 0.00000002 0.047253 0.000001263 

41 0.330708 2.524E�10 0.104698 1.28E�08 0.046642 0.00001366 

42 0.330683 1.616E�09 0.104609 7.243E�07 0.046597 9.882E�07 

43 0.330677 1.392E�09 0.104601 2.686E�08 0.046569 0.000001619 

44 0.330674 6.255E�13 0.104568 5.484E�12 0.046216 0.000007071 

45 0.330672 1.166E�12 0.104568 4.781E�12 0.046191 5.998E�07 

46 0.330659 5.869E�11 0.104564 1.139E�10 0.04611 3.675E�13 

47 0.299458 0.0033 0.104219 1.432E�10 0.04611 1.85E�12 

48 0.281478 1.596E�15 0.103728 0.00879 0.046108 4.336E�11 

49 0.275015 2.134E�13 0.094447 0.00012 0.044573 0.00888 
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50 0.274901 1.247E�09 0.088261 1.193E�12 0.044344 5.414E�07 

51 0.274882 3.956E�09 0.08703 5.276E�09 0.04107 0.00366 

52 0.274876 2.15E�09 0.086955 7.247E�09 0.038862 0.000001537 

53 0.274874 1.463E�12 0.086949 7.068E�10 0.038678 1.309E�08 

54 0.274872 3.881E�12 0.086923 6.723E�13 0.038419 0.000007236 

55 0.274862 1.361E�10 0.086922 5.174E�15 0.038397 6.291E�07 

56 0.255737 0.00232 0.086919 5.717E�13 0.038329 9.928E�13 

57 0.254998 8.91E�13 0.086723 4.386E�13 0.038329 2.727E�12 

58 0.254994 3.907E�11 0.080821 0.00003683 0.038328 7.746E�11 

59 0.254993 1.781E�13 0.080637 7.978E�14 0.037987 1.441E�08 

60 0.244581 0.00517 0.080636 1.122E�11 0.035558 5.725E�13 

61 0.240352 1.539E�13 0.080636 1.713E�14 0.035557 8.432E�15 

62 0.240261 1.143E�09 0.076826 0.00141 0.035557 4.61E�14 

63 0.240252 2.607E�09 0.076027 5.185E�09 0.035477 0.00044 

64 0.240249 1.465E�14 0.075989 1.838E�10 0.034031 0.000001017 

65 0.240247 8.404E�12 0.075986 1.071E�09 0.033778 0.00012 

66 0.240246 1.7E�09 0.075973 3.009E�13 0.033548 0.000001634 

67 0.240238 1.06E�10 0.075973 9.51E�14 0.033535 1.231E�07 

68 0.228037 0.00137 0.07597 8.004E�13 0.033501 5.316E�13 

69 0.224434 4.983E�12 0.075968 8.879E�12 0.033501 5.873E�13 

70 0.224432 1.465E�11 0.072086 0.00002861 0.0335 2.297E�11 

71 0.224424 5.384E�10 0.070972 2.175E�13 0.033402 1.38E�09 

72 0.218236 3.159E�14 0.070972 3.249E�13 0.032882 0.000001983 

73 0.217412 7.591E�14 0.070969 1.717E�11 0.032786 7.084E�08 

74 0.216942 5.886E�10 0.069023 8.134E�12 0.031729 0.00012 

75 0.216921 5.698E�09 0.068704 5.308E�09 0.031363 3.687E�07 

76 0.216919 1.34E�09 0.068625 2.078E�07 0.031296 9.035E�13 

77 0.216914 1.455E�12 0.068617 1.256E�08 0.031296 1.147E�12 

78 0.216911 1.981E�11 0.068594 4.07E�14 0.031294 5.401E�11 

79 0.21691 1.849E�14 0.068593 4.427E�12 0.031076 0.000007454 



Diaphragm Flexibility 

   
� 513 � 

80 0.210425 0.00083 0.068593 1.231E�14 0.030396 0.000003327 

81 0.210385 5.096E�08 0.068399 1.428E�11 0.03037 0.000004729 

82 0.210381 3.173E�09 0.066553 7.403E�08 0.030335 3.338E�07 

83 0.210374 9.736E�07 0.066539 0.00004315 0.030308 1.058E�07 

84 0.204396 4.897E�13 0.066534 0.000002167 0.030247 3.313E�14 

85 0.20437 8.672E�10 0.066533 3.537E�08 0.030247 2.852E�13 

86 0.204368 8.265E�13 0.064639 5.889E�10 0.030247 5.985E�16 

87 0.204368 2.574E�09 0.064633 4.113E�10 0.030132 5.612E�08 

88 0.204367 2.669E�12 0.06463 2.58E�08 0.029369 0.000000916 

89 0.204361 6.234E�10 0.064629 1.602E�08 0.029353 5.641E�10 

90 0.204359 6.649E�11 0.064627 9.052E�14 0.029336 0.00000273 

91 0.201222 3.31E�12 0.064626 1.157E�12 0.02908 0.00009635 

92 0.201221 9.597E�12 0.064624 6.93E�12 0.029065 0.00021 

93 0.201213 3.188E�10 0.063632 3.143E�13 0.028985 0.000004983 

94 0.199907 0.00041 0.063632 1.207E�12 0.028509 0.000001054 

95 0.196838 0.00615 0.063629 2.896E�11 0.028507 7.148E�08 

96 0.196794 4.046E�14 0.063218 0.00003531 0.028498 3.426E�13 

97 0.194966 0.00002496 0.062232 1.751E�13 0.028498 2.766E�12 

98 0.180854 2.974E�13 0.062006 0.00075 0.028496 6.238E�11 

99 0.180333 2.206E�09 0.061653 6.461E�08 0.028476 4.994E�08 

100 0.180316 2.364E�08 0.057114 9.612E�09 0.028396 3.18E�08 

101 0.180315 5.711E�09 0.057044 5.357E�07 0.028188 0.000003006 

102 0.180311 2.458E�12 0.057038 3.135E�08 0.028059 1.998E�13 

103 0.180308 8.978E�11 0.057019 2.873E�13 0.028059 5.424E�13 

104 0.180307 7.739E�13 0.057018 8.456E�12 0.028058 1.732E�11 

105 0.168292 0.01347 0.057018 9.166E�14 0.027864 0.00001864 

106 0.158447 1.133E�12 0.057006 4.167E�09 0.027437 1.547E�11 

107 0.157607 1.344E�08 0.05306 0.00113 0.027302 2.003E�07 

108 0.157599 1.172E�07 0.049948 9.534E�09 0.027265 0.0000401 

109 0.157598 7.256E�08 0.049887 3.792E�08 0.027186 0.0000024 
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110 0.157597 1.905E�11 0.049849 0.000002999 0.025221 6.109E�07 

111 0.157595 5.79E�10 0.049846 2.361E�07 0.025199 8.69E�08 

112 0.157594 4.286E�12 0.049837 1.518E�12 0.025143 2.952E�14 

113 0.151369 0.13249 0.049836 5.094E�11 0.025143 3.424E�13 

114 0.148388 2.198E�13 0.049836 4.466E�13 0.025143 1.009E�14 

115 0.147223 3.369E�09 0.047777 0.01942 0.025079 2.293E�10 

116 0.147221 1.056E�07 0.04721 2.144E�11 0.024922 7.061E�07 

117 0.14722 8.96E�10 0.046723 0.01829 0.023575 2.039E�08 

118 0.146556 0.20513 0.046556 3.304E�10 0.023354 0.00015 

119 0.142413 1.734E�14 0.046555 1.025E�08 0.023334 5.668E�07 

120 0.138008 2.681E�09 0.046555 8.65E�11 0.023214 0.0007 

121 0.138004 6.739E�09 0.045138 1.379E�11 0.023204 0.00001465 

122 0.138003 9.624E�09 0.043667 2.415E�09 0.022021 0.000003782 

123 0.137756 0.0077 0.043646 0.000000095 0.022004 1.645E�08 

124 0.134062 1.615E�09 0.043645 1.06E�08 0.021976 7.575E�16 

125 0.13406 2.441E�12 0.043594 0.00027 0.021976 2.66E�16 

126 0.134059 1.919E�08 0.042408 1.195E�09 0.021975 7.253E�16 

127 0.134059 7.521E�09 0.042396 1.717E�07 0.021947 2.884E�07 

128 0.134058 1.479E�10 0.042395 3.186E�08 0.021927 0.00011 

129 0.134058 1.198E�11 0.042394 1.429E�12 0.021863 0.00011 

130 0.13395 6.342E�12 0.042393 5.284E�12 0.021744 0.00004427 

131 0.131997 6.328E�12 0.042393 2.537E�13 0.020833 0.000003113 

132 0.131995 1.59E�10 0.04237 1.885E�10 0.020529 1.445E�13 

133 0.131994 7.616E�12 0.041741 2.679E�12 0.020529 2.463E�12 

134 0.131072 0.00091 0.04174 4.283E�12 0.020529 6.752E�15 

135 0.129068 1.442E�14 0.04174 2.297E�13 0.02046 0.00016 

136 0.127888 0.00006646 0.041453 0.00002961 0.020457 0.00004483 

137 0.047866 0.04092 0.040817 4.684E�14 0.019942 2.691E�14 

138 0.047866 8.502E�12 0.040442 0.000002086 0.019272 5.538E�07 

139 0.032934 2.097E�07 0.032925 0.000000336 0.019259 4.797E�08 
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140 0.032932 1.882E�14 0.032906 3.032E�14 0.019236 0.000001115 

141 0.031596 0.00001496 0.031473 0.00001521 0.019205 1.697E�09 

142 0.031596 1.862E�14 0.031471 5.026E�14 0.018709 3.473E�07 

143 0.02914 0.00022 0.029129 0.00023 0.018703 5.474E�07 

144 0.029139 4.822E�15 0.029114 6.159E�15 0.018694 5.567E�15 

145 0.028148 0.000005938 0.028045 0.000005118 0.018694 2.893E�13 

146 0.028148 2.94E�15 0.02804 7.04E�15 0.018693 1.633E�15 

147 0.023652 0.000002982 0.023629 0.000002189 0.018689 3.256E�10 

148 0.023651 6.732E�15 0.023622 7.45E�15 0.018677 3.29E�08 

149 0.023266 0.0009 0.023261 0.00089 0.018633 0.00005904 

150 0.023266 2.377E�14 0.023256 3.307E�17 0.018622 4.812E�08 

Total  85%  85%  85% 

 

F.4.2 Building B 

Table F+2 Periods and mass participation for Building B 

 
Gd = 35 kN/m Gd = 350 kN/m Gd = 1800 kN/m 

Mode Period Mass 

Participation 

Period Mass 

Participation 

Period Mass 

Participation 

1 2.978197 0.21394 1.001777 0.51402 0.651074 0.77205 

2 2.935296 0.11355 0.942119 0.00487 0.431326 0.0299 

3 2.368101 0.09816 0.793201 0.06576 0.385569 0.00025 

4 1.491265 1.021E�14 0.525884 6.021E�15 0.371916 1.669E�14 

5 1.469869 5.79E�15 0.472181 1.091E�14 0.242235 0.04377 

6 1.18623 5.964E�14 0.413515 4.923E�14 0.219898 1.905E�14 

7 0.996612 0.02916 0.393109 0.22676 0.199857 8.625E�16 

8 0.982413 0.01592 0.31739 9.103E�16 0.160436 9.235E�13 

9 0.797136 1.414E�07 0.316 0.00176 0.15617 0.02086 

10 0.797068 6.099E�08 0.294275 0.01213 0.136986 0.00001703 

11 0.797065 1.671E�09 0.252327 8.252E�13 0.129831 4.725E�14 
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12 0.79705 1.912E�16 0.252108 4.16E�10 0.123415 0.00925 

13 0.79705 2.002E�17 0.252099 3.151E�12 0.111819 5.304E�07 

14 0.797049 8.469E�18 0.252049 7.914E�13 0.111277 1.818E�07 

15 0.793406 0.01908 0.252049 5.219E�15 0.111258 5.059E�09 

16 0.784265 2.132E�12 0.252049 1.26E�12 0.111143 5.289E�15 

17 0.784187 5.457E�10 0.248295 1.735E�10 0.111143 4.303E�15 

18 0.784174 1.883E�16 0.248071 1.06E�08 0.111143 4.592E�14 

19 0.784174 2.029E�17 0.248023 4.907E�12 0.110126 1.502E�09 

20 0.784157 1.079E�11 0.248004 2.166E�13 0.109576 3.231E�12 

21 0.784157 7.958E�16 0.247978 2.971E�14 0.10947 5.779E�11 

22 0.784155 1.165E�13 0.247978 3.829E�13 0.109434 1.05E�10 

23 0.784142 3.218E�11 0.247972 5.926E�12 0.109348 1.357E�14 

24 0.784127 3.034E�15 0.247972 8.929E�13 0.109348 4.119E�14 

25 0.784127 9.152E�17 0.247963 1.079E�12 0.109345 1.885E�11 

26 0.784127 4.8E�15 0.247963 4.879E�15 0.109345 1.591E�13 

27 0.784127 2.321E�16 0.247963 1.174E�15 0.109341 1.6E�13 

28 0.750071 3.222E�15 0.247963 5.482E�14 0.109341 2.473E�15 

29 0.739494 1.208E�17 0.240323 0.01657 0.109341 2.555E�15 

30 0.708678 4.422E�14 0.23826 3.284E�11 0.109341 2.597E�13 

31 0.708678 1.278E�16 0.227704 2.572E�12 0.105067 3.392E�11 

32 0.708677 1.255E�13 0.224104 2.502E�15 0.104142 0.00215 

33 0.708676 1.767E�16 0.224104 2.07E�13 0.099361 5.063E�10 

34 0.698882 8.119E�09 0.224103 7.866E�13 0.09882 2.396E�13 

35 0.698814 3.632E�09 0.224103 2.448E�12 0.09882 9.678E�14 

36 0.698811 9.768E�11 0.221255 0.000000113 0.09882 5.026E�14 

37 0.698796 5.079E�14 0.221036 3.577E�08 0.09882 1.814E�13 

38 0.698796 9.4E�17 0.221028 1.274E�09 0.098128 6.208E�07 

39 0.698796 7.094E�16 0.220979 4.472E�13 0.097576 2.963E�07 

40 0.602851 0.01794 0.220979 2.069E�12 0.097556 6.162E�09 

41 0.598175 2.606E�18 0.220979 6.638E�14 0.097442 1.244E�13 
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42 0.594456 0.00958 0.191999 0.0025 0.097442 1.12E�13 

43 0.591178 3.476E�11 0.187233 4.079E�11 0.097442 3.419E�14 

44 0.591104 2.551E�08 0.187011 1.253E�09 0.086678 0.00016 

45 0.591078 1.088E�12 0.186965 5.704E�12 0.083953 2.185E�12 

46 0.591066 2.051E�09 0.186947 1.032E�11 0.083238 2.135E�10 

47 0.553128 1.223E�10 0.186404 9.992E�14 0.08265 1.936E�10 

48 0.553128 4.276E�11 0.184896 0.00036 0.082545 1.334E�11 

49 0.553059 2.101E�12 0.175205 4.493E�11 0.082509 5.658E�13 

50 0.553059 1.164E�09 0.175205 1.604E�11 0.081559 0.00045 

51 0.553046 2.058E�14 0.174979 1.317E�11 0.077929 4.158E�09 

52 0.553046 2.144E�15 0.174979 1.229E�08 0.077928 1.168E�09 

53 0.553042 2.823E�13 0.174936 1.29E�17 0.077339 1.152E�08 

54 0.553042 1.831E�15 0.174936 5.239E�15 0.077339 2.829E�10 

55 0.55303 2.031E�17 0.174921 4.188E�11 0.077237 1.448E�12 

56 0.55303 8.99E�18 0.174921 1.115E�11 0.077237 1.039E�13 

57 0.553029 9.709E�14 0.174883 5.849E�15 0.077203 1.7E�13 

58 0.553028 2.455E�17 0.174883 6.147E�14 0.077203 9.36E�10 

59 0.505454 1.342E�14 0.174883 1.562E�14 0.077116 4.783E�15 

60 0.498463 1.615E�14 0.174883 2.343E�14 0.077116 6.464E�15 

61 0.482976 0.03261 0.161758 1.702E�14 0.077116 6.169E�15 

62 0.436926 0.03224 0.155648 8.071E�14 0.077116 1.359E�14 

63 0.430619 0.01026 0.15346 0.01101 0.075228 3.669E�13 

64 0.412561 9.309E�13 0.141141 0.00655 0.07421 0.0005 

65 0.406372 1.293E�07 0.137637 2.245E�12 0.068991 1.13E�13 

66 0.406341 5.473E�08 0.13459 0.000007449 0.066964 0.000001377 

67 0.40634 1.539E�09 0.128917 0.01442 0.066305 1.38E�13 

68 0.406332 1.887E�14 0.128623 0.00011 0.06613 1.689E�13 

69 0.406332 2.591E�15 0.128519 0.00003466 0.063988 0.000004682 

70 0.406332 9.284E�15 0.128516 0.000001253 0.059826 0.00006495 

71 0.399809 4.41E�10 0.128494 8.874E�17 0.058291 0.00001886 
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72 0.399773 1.254E�08 0.128494 2.562E�13 0.057071 1.664E�07 

73 0.399769 7.868E�14 0.128494 1.039E�13 0.056724 4.681E�08 

74 0.399769 1.24E�13 0.126568 1.063E�08 0.056714 9.612E�10 

75 0.39976 5.388E�09 0.12646 3.636E�07 0.05666 8.743E�16 

76 0.39976 7.251E�14 0.126438 3.775E�10 0.05666 6.895E�17 

77 0.399757 1.882E�12 0.126429 9.567E�10 0.05666 1.051E�16 

78 0.399751 5.301E�11 0.126418 3.519E�13 0.056216 6.363E�10 

79 0.399745 4.893E�14 0.126418 1.73E�15 0.055856 1.245E�08 

80 0.399745 5.971E�17 0.126415 3.719E�11 0.055802 2.621E�11 

81 0.399745 1.941E�15 0.126415 5.054E�12 0.055784 1.666E�10 

82 0.399745 4.638E�14 0.12641 2.088E�13 0.055745 1.897E�17 

83 0.38624 3.462E�12 0.12641 1.077E�16 0.055745 1.195E�16 

84 0.380228 1.776E�11 0.12641 3.802E�16 0.055744 4.086E�16 

85 0.378746 0.19431 0.12641 4.526E�16 0.055744 5.764E�13 

86 0.359805 1.392E�15 0.123796 1.855E�11 0.055742 1.381E�16 

87 0.359805 4.051E�15 0.118763 8.099E�14 0.055742 8.709E�16 

88 0.359805 1.09E�11 0.117961 1.807E�11 0.055742 3.578E�16 

89 0.359804 1.298E�13 0.11378 5.21E�14 0.055742 2.173E�18 

90 0.358421 2.369E�07 0.11378 1.044E�14 0.054563 1.186E�13 

91 0.358391 9.335E�08 0.11378 2.79E�13 0.052894 9.57E�13 

92 0.35839 2.202E�09 0.11378 2.322E�13 0.052022 1.203E�12 

93 0.358383 1.731E�16 0.113459 1.375E�07 0.051771 0.00003701 

94 0.358383 1.477E�13 0.113356 6.477E�08 0.051022 2.217E�11 

95 0.358383 1.845E�14 0.113353 1.489E�09 0.050427 1.781E�07 

96 0.356899 7.837E�11 0.113331 8.886E�16 0.050172 1.625E�19 

97 0.343069 0.00149 0.113331 1.983E�13 0.050172 3.699E�17 

98 0.339826 0.005 0.113331 1.347E�14 0.050172 1.803E�16 

99 0.329418 0.04151 0.108691 0.00005609 0.050172 5.236E�19 

100 0.310887 2.796E�15 0.106654 0.00111 0.050036 4.869E�08 

Total  83% 
 88%  88% 
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F.4.3 Building C 

Table F+3 Periods and mass participation for Building C 

 
Gd = 35 kN/m Gd = 600 kN/m Gd = 1800 kN/m 

Mode Period Mass 

Participation 

Period Mass 

Participation 

Period Mass 

Participation 

1 8.978527 0.13 2.319502 0.35 1.594672 0.64 

2 8.41907 0.11 2.239879 0.2 1.257203 0.006784 

3 7.694081 0.08474 2.11274 0.04294 1.14863 0.00006005 

4 5.450323 0.04518 1.93202 0.02334 0.946385 0.00005481 

5 5.043619 0.07034 1.411247 0.0474 0.887256 0.01769 

6 4.490861 0.0003315 1.332679 1.022E�13 0.711514 0.08037 

7 4.472897 0.06245 1.332677 4.893E�18 0.638235 0.0464 

8 4.210238 6.754E�07 1.332677 2.528E�14 0.631375 0.03774 

9 3.847871 5.211E�08 1.332676 5.785E�17 0.589641 0.02033 

10 2.99615 0.01507 1.183405 1.071E�10 0.581918 2.257E�09 

11 2.950078 1.408E�17 1.141931 1.008E�10 0.495717 0.000006487 

12 2.950075 2.29E�14 1.069332 9.699E�10 0.428148 0.007177 

13 2.950074 1.968E�14 0.978793 5.996E�11 0.411369 1.639E�13 

14 2.950073 2.218E�13 0.844311 0.17 0.411368 9.309E�14 

15 2.807634 0.01376 0.787325 7.293E�11 0.411368 4.444E�14 

16 2.726373 2.076E�09 0.766698 0.002151 0.411368 7.642E�14 

17 2.569773 1.121E�14 0.720144 0.00002628 0.392024 0.0005197 

18 2.56977 4.978E�16 0.666584 3.818E�14 0.385262 0.00001578 

19 2.56977 6.01E�14 0.666583 5.102E�14 0.358338 1.025E�11 

20 2.569768 6.753E�13 0.666583 1.193E�13 0.358337 2.515E�12 

21 2.56622 0.01168 0.666583 7.227E�15 0.358337 1.283E�12 

22 2.522919 7.373E�08 0.663218 0.002057 0.358337 4.214E�12 

23 2.476788 7.425E�15 0.618639 5.566E�08 0.3571 0.001669 

24 2.476638 2.581E�12 0.598801 8.2E�13 0.346519 1.442E�11 

25 2.437907 9.217E�14 0.598165 1.035E�11 0.345622 0.003493 
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26 2.437905 4.536E�13 0.58881 3.432E�11 0.345351 2.273E�12 

27 2.437899 1.869E�12 0.58881 8.073E�15 0.33995 9.967E�14 

28 2.437894 1.084E�12 0.588808 5.047E�13 0.33995 1.555E�13 

29 2.432291 0.0000111 0.588807 5.162E�13 0.339949 1.295E�14 

30 2.425733 0.000001576 0.587344 0.0002527 0.339948 4.329E�13 

31 2.373195 1.681E�12 0.585961 0.00004393 0.339631 0.0000159 

32 2.373124 2.396E�10 0.58337 0.01605 0.338395 4.956E�07 

33 2.373051 1.487E�12 0.575899 1.513E�08 0.331954 8.326E�13 

34 2.373043 3.295E�15 0.573743 9.144E�14 0.331495 1.329E�07 

35 2.293399 4.047E�11 0.57348 9.247E�07 0.330906 2.65E�12 

36 2.270273 4.98E�12 0.573146 5.209E�12 0.330905 5.766E�12 

37 2.270061 3.517E�10 0.573144 6.055E�13 0.327977 0.001258 

38 2.270005 4.295E�14 0.553908 1.448E�11 0.319799 4.264E�13 

39 2.269998 9.208E�13 0.549656 1.892E�15 0.319182 0.008222 

40 2.266671 8.276E�07 0.548735 3.212E�07 0.319113 1.472E�10 

41 2.237773 0.000005054 0.548515 1.645E�12 0.31739 0.000005517 

42 2.225485 1.212E�12 0.548488 1.409E�08 0.317004 1.5E�13 

43 2.225484 3.359E�12 0.547238 5.593E�09 0.316955 8.301E�07 

44 2.22548 1.181E�14 0.537506 2.687E�13 0.312863 0.0008546 

45 2.225478 1.984E�13 0.537505 1.439E�12 0.310329 1.134E�12 

46 2.220679 0.000001699 0.537504 5.293E�13 0.310329 7.344E�14 

47 2.197476 5.58E�13 0.537504 1.457E�13 0.310328 5.385E�14 

48 2.197468 2.967E�12 0.536548 8.441E�08 0.310328 5.89E�16 

49 2.18597 7.422E�13 0.530741 1.604E�12 0.306423 4.296E�13 

50 2.185969 6.521E�12 0.530739 1.325E�12 0.306422 7.343E�11 

51 2.185963 8.575E�12 0.527962 3.057E�12 0.304819 8.046E�14 

52 2.185959 1.98E�14 0.527962 2.254E�13 0.304819 1.336E�12 

53 2.106569 5.987E�09 0.52796 1.061E�13 0.304818 2.385E�12 

54 2.094661 3.06E�15 0.527959 8.242E�14 0.304817 1.071E�12 

55 2.094547 6.509E�11 0.506615 6.845E�14 0.302132 0.03198 
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56 2.094518 8.915E�13 0.506117 4.959E�08 0.297583 0.0006534 

57 2.094515 3.884E�10 0.506005 1.936E�13 0.293419 3.618E�13 

58 2.072159 1.434E�13 0.50599 4.65E�09 0.292502 9.932E�08 

59 2.072158 1.664E�14 0.502764 4.634E�08 0.292304 5.026E�14 

60 2.072154 1.196E�12 0.500474 6.545E�17 0.292278 0.000001019 

61 2.072153 7.441E�14 0.500474 7.867E�13 0.288949 4.928E�13 

62 1.927134 1.896E�13 0.500473 4.522E�13 0.288949 6.397E�12 

63 1.925712 2.748E�08 0.500472 1.311E�14 0.288948 1.727E�12 

64 1.904594 6.7E�14 0.466056 5.191E�13 0.288948 3.055E�14 

65 1.904479 3.306E�10 0.460711 1.241E�12 0.275096 0.000003476 

66 1.90445 1.36E�13 0.460212 6.658E�08 0.269933 6.234E�15 

67 1.904447 9.074E�10 0.460099 7.685E�13 0.266928 7.794E�13 

68 1.890493 0.0002348 0.460085 3.989E�09 0.266001 7.807E�08 

69 1.84653 1.489E�12 0.45699 0.0003931 0.265801 2.432E�13 

70 1.846461 1.424E�08 0.45302 0.000003883 0.265775 1.126E�07 

71 1.842696 6.534E�13 0.447132 7.042E�14 0.26375 0.00009475 

72 1.842395 3.555E�10 0.446544 1.477E�12 0.261829 0.000005881 

73 1.842313 1.362E�14 0.44628 7.726E�08 0.261212 3.474E�12 

74 1.842301 1.604E�11 0.445785 0.000007072 0.258527 1.492E�12 

75 1.819549 0.01106 0.445434 9.729E�13 0.258403 0.000002698 

76 1.793671 0.004834 0.44538 8.093E�07 0.258061 2.438E�07 

77 1.686176 0.009122 0.443268 0.01168 0.257767 5.922E�12 

78 1.683551 1.563E�13 0.428331 0.001097 0.25767 3.078E�07 

79 1.683198 3.026E�08 0.408793 6.842E�12 0.250002 0.0002073 

80 1.683128 4.204E�14 0.40834 0.007918 0.240461 0.01315 

81 1.683114 3.402E�07 0.407226 0.000003323 0.239337 1.338E�11 

82 1.683108 0.005605 0.406895 5.839E�15 0.236169 0.002453 

83 1.541732 0.006824 0.406849 1.112E�07 0.235985 0.0006881 

84 1.536147 1.025E�12 0.40343 0.00004058 0.235406 5.843E�14 

85 1.535845 2.947E�08 0.373171 7.689E�12 0.235322 0.000001785 
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86 1.535763 9.426E�13 0.371752 5.926E�08 0.230562 0.002382 

87 1.535751 3.505E�09 0.371397 5.579E�13 0.218971 2.325E�12 

88 1.514693 1.531E�12 0.371342 4.771E�09 0.215701 0.000002099 

89 1.514481 6.436E�11 0.369466 0.003614 0.21503 3.631E�13 

90 1.514426 4.394E�15 0.367299 0.004592 0.214931 0.00000022 

91 1.514419 6.336E�11 0.367165 1.444E�11 0.213776 5.422E�12 

92 1.499493 0.00005457 0.366246 3.235E�08 0.212049 3.777E�08 

93 1.49322 0.007349 0.366026 1.916E�13 0.211904 0.0001654 

94 1.476935 3.743E�14 0.365998 1.111E�07 0.211649 1.172E�11 

95 1.476933 3.16E�12 0.361843 0.005424 0.211599 3.203E�07 

96 1.476933 2.218E�14 0.356714 1.175E�13 0.210022 0.003518 

97 1.476932 2.109E�13 0.356713 4.295E�14 0.207493 0.000081 

98 1.4069 2.587E�07 0.356713 3.339E�13 0.205949 1.405E�12 

99 1.365981 1.053E�07 0.356713 1.512E�14 0.205948 1.759E�11 

100 1.357597 7.474E�12 0.343131 0.00006677 0.205948 5.093E�15 

101 1.357596 4.42E�14 0.328629 0.0002362 0.205948 2.631E�13 

102 1.357595 8.445E�13 0.327891 2.462E�14 0.196786 0.0001488 

103 1.357586 7.513E�14 0.327891 4.268E�12 0.189308 4.471E�12 

104 1.303366 1.925E�12 0.32789 6.823E�13 0.189308 5.377E�12 

105 1.303365 1.957E�12 0.327888 1.759E�10 0.189308 6.81E�12 

106 1.303365 9.82E�14 0.323098 0.02047 0.189306 1.648E�12 

107 1.303356 9.334E�13 0.314793 1.517E�12 0.188104 0.00003123 

108 1.288972 0.004788 0.314793 2.293E�12 0.181746 9.984E�13 

109 1.287064 1.683E�12 0.314792 2.304E�13 0.181746 1.108E�13 

110 1.287063 7.013E�13 0.31479 1.349E�12 0.181746 8.82E�15 

111 1.287062 1.26E�12 0.310941 0.000002785 0.181744 8.033E�12 

112 1.287062 6.281E�13 0.310855 9.25E�13 0.179965 0.001989 

113 1.28588 3.267E�07 0.310855 2.022E�13 0.179472 1.466E�12 

114 1.263723 0.00002852 0.310855 2.182E�13 0.179472 1.307E�12 

115 1.240492 3.102E�12 0.310855 3.709E�13 0.179472 9.179E�13 
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116 1.240418 1.651E�12 0.306269 0.0003848 0.179472 1.803E�12 

117 1.220744 9.787E�12 0.299921 1.147E�12 0.179155 0.0003018 

118 1.220743 1.608E�11 0.299589 2.563E�13 0.177158 0.000007662 

119 1.22074 4.567E�11 0.298672 0.01054 0.17366 2.3E�12 

120 1.220737 1.147E�14 0.294838 6.242E�12 0.172968 2.121E�12 

121 1.215957 0.0001895 0.294837 9.541E�13 0.172477 0.00743 

122 1.213927 0.0001497 0.294837 1.237E�11 0.170225 1.222E�12 

123 1.206866 0.007292 0.294836 3.851E�12 0.170224 8.907E�13 

124 1.188608 3.622E�15 0.294536 0.001003 0.170224 4.035E�12 

125 1.188572 2.776E�09 0.293227 0.00005903 0.170224 2.882E�13 

126 1.188537 1.674E�14 0.292074 0.00001226 0.169506 0.0001426 

127 1.188532 7.441E�12 0.287371 6.422E�12 0.169365 0.00009609 

128 1.148967 5.238E�14 0.287228 4.736E�07 0.166356 6.997E�12 

129 1.137059 1.275E�11 0.287059 1.488E�13 0.166043 3.815E�07 

130 1.136954 3.026E�08 0.287058 5.114E�11 0.165734 6.151E�13 

131 1.136926 2.026E�12 0.28547 0.01498 0.165733 8.948E�12 

132 1.136922 5.365E�10 0.277502 2.945E�13 0.164607 0.00003839 

133 1.135017 0.00001207 0.275346 7.757E�13 0.160454 0.005427 

134 1.121556 0.0003058 0.274835 2.214E�07 0.160257 1.623E�09 

135 1.114377 1.608E�11 0.274723 1.981E�13 0.160216 9.038E�13 

136 1.114376 1.809E�11 0.274708 8.913E�08 0.159188 4.965E�12 

137 1.114374 9.282E�11 0.272961 0.0001348 0.158994 9.709E�07 

138 1.114373 1.477E�12 0.27034 0.001279 0.158777 2.763E�13 

139 1.114117 0.0001029 0.269148 1.969E�12 0.158751 6.717E�07 

140 1.108951 0.01811 0.269147 1.557E�12 0.158113 0.0004874 

141 1.10091 3.433E�13 0.269147 1.67E�12 0.155623 0.0006325 

142 1.100907 9.491E�14 0.269147 6.256E�12 0.155392 6.547E�12 

143 1.094983 1.481E�14 0.265895 1.164E�11 0.155392 1.255E�11 

144 1.094982 3.214E�14 0.265894 7.849E�13 0.155392 1.426E�11 

145 1.094979 1.896E�12 0.265403 0.00001178 0.155392 7.909E�12 
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146 1.094977 1.252E�13 0.265137 0.0003384 0.15405 0.000008527 

147 1.091362 0.001964 0.265027 9.796E�12 0.153515 7.137E�13 

148 1.087 4.597E�12 0.264463 1.333E�13 0.153514 2.869E�12 

149 1.086648 7.652E�08 0.264463 2.784E�12 0.152986 0.000002106 

150 1.086575 1.545E�12 0.264463 2.113E�13 0.152688 6.182E�12 

151 1.086562 1.896E�09 0.264462 4.52E�12 0.152688 1.583E�11 

152 1.057641 5.401E�07 0.263164 8.373E�07 0.152688 2.49E�11 

153 1.050005 4.396E�12 0.26282 9.572E�13 0.152687 1.006E�12 

154 1.049948 3.614E�10 0.262772 5.303E�08 0.15226 1.927E�11 

155 1.049934 6.582E�16 0.255853 0.004342 0.152166 0.000002277 

156 1.049932 2.423E�09 0.253976 9.15E�13 0.151569 0.004199 

157 1.037835 2.545E�11 0.253706 1.564E�07 0.147689 0.00316 

158 1.037835 5.642E�12 0.253648 9.644E�13 0.147258 1.693E�12 

159 1.037833 1.59E�11 0.253641 1.938E�07 0.146636 0.000004308 

160 1.037832 1.24E�12 0.253334 0.00001121 0.146527 2.297E�13 

161 1.01243 0.004268 0.250661 1.28E�12 0.146514 5.833E�08 

162 1.002955 0.005032 0.250661 5.47E�12 0.144719 6.781E�12 

163 0.986734 1.147E�12 0.25066 5.256E�13 0.144719 1.096E�11 

164 0.986733 2.507E�12 0.25066 7.443E�13 0.144719 1.017E�11 

165 0.986733 1.299E�13 0.244407 0.001384 0.144719 7.975E�13 

166 0.986733 2.883E�13 0.239541 0.001493 0.144354 0.00005391 

167 0.971809 0.000004172 0.238319 4.409E�12 0.140727 0.00103 

168 0.966268 1.822E�13 0.238319 1.164E�12 0.139053 0.0004112 

169 0.95524 6.088E�14 0.238319 8.367E�14 0.137594 8.899E�14 

170 0.955183 1.232E�08 0.238319 2.687E�12 0.137593 4.623E�12 

171 0.955169 4.184E�12 0.233704 1.327E�13 0.137593 6.72E�12 

172 0.955168 2.208E�08 0.231632 2.514E�08 0.137593 9.426E�13 

173 0.946782 0.0006124 0.231094 2.505E�14 0.1356 1.096E�11 

174 0.942587 0.01531 0.230818 3.875E�08 0.134893 1.808E�12 

175 0.925853 9.128E�12 0.230761 4.246E�13 0.134404 0.00002237 
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176 0.925819 2.803E�08 0.230753 4.461E�08 0.134096 6.037E�12 

177 0.923324 2.039E�12 0.22867 0.000001314 0.133426 1.008E�07 

178 0.923173 1.848E�09 0.226202 0.001876 0.133314 2.03E�13 

179 0.923132 8.751E�13 0.22424 4.236E�12 0.1333 6.529E�08 

180 0.923126 3.88E�10 0.223921 5.113E�13 0.132165 0.00002586 

181 0.919775 0.00001908 0.223768 6.491E�09 0.129819 9.645E�12 

182 0.901402 0.00007732 0.223386 1.539E�07 0.129646 0.0006123 

183 0.898775 0.005585 0.223198 1.812E�12 0.129569 0.0004652 

184 0.873364 0.05808 0.22317 9.925E�09 0.129416 0.000002205 

185 0.86047 4.95E�11 0.217922 0.0004934 0.129194 1.228E�12 

186 0.860469 5.407E�12 0.21748 0.0005736 0.129133 0.000002354 

187 0.860469 1.737E�11 0.21516 0.0001662 0.12724 0.0001408 

188 0.860468 2.813E�15 0.207823 6.615E�13 0.125194 9.62E�14 

189 0.852952 0.000003006 0.207823 7.624E�12 0.124904 0.0002323 

190 0.844967 0.0002554 0.207823 1.333E�12 0.124657 0.0004884 

191 0.842859 2.286E�13 0.207823 7.561E�13 0.121385 1.26E�11 

192 0.84268 1.213E�07 0.206195 0.000006322 0.120969 3.624E�09 

193 0.842645 8.804E�13 0.205056 9.961E�07 0.120945 0.001053 

194 0.842638 3.157E�09 0.205036 2.256E�12 0.119987 1.06E�12 

195 0.831175 0.02287 0.2039 6.135E�07 0.119987 9.789E�13 

196 0.829333 2.65E�13 0.203715 1.239E�14 0.119987 1.139E�13 

197 0.829284 1.806E�12 0.20369 3.338E�08 0.119987 6.656E�13 

198 0.817352 0.05639 0.203588 0.000009523 0.119663 4.087E�12 

199 0.815824 1.404E�12 0.20053 2.809E�13 0.118609 0.00004917 

200 0.815823 1.586E�10 0.200291 3.733E�14 0.118354 8.162E�07 

Total  78% 
 93%  96% 
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Appendix G 

Proposed Assessment Approach 

G Section 

 

The proposed linear elastic assessment approach is presented below as it is 

formatted in the 2011 Seismic Assessment and Retrofit Guideline 

G.1 Design Actions on Unreinforced Masonry 

Buildings 

G.2 Notation 

B Width of the diaphragm, m 

C1 Modification factor to relate expected maximum inelastic displacement to 
that calculated for linear elastic response 

C3 Modification factor to represent increased displacements due to dynamic P�
delta effects 

C(Ti) The elastic site hazard spectrum for a period of Ti in the direction being 
considered 

Cd(Tw) Horizontal design action coefficient 

Gd Shear stiffness of the diaphragm, kN/m 

L Span of the diaphragm, m 

n Number of diaphragms 

Ti The period of the diaphragm at storey i, s 

Ts The characteristic period of the response spectrum, s 

Tw Period of the in�plane wall, s 

Vd Shear force transferred from the diaphragm, kN 

Vw Horizontal seismic shear force induced from the inertial forces of the in�
plane wall, kN 
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Vdi Shear force transfer from the diaphragm at level i, kN 

Vsi Storey shear force for level i, kN 

Wd Total seismic weight tributary to the diaphragm, kN 

Ww Total dead load of the in�plane wall, kN 

Dd The maximum in�plane deflection of the diaphragm, due to a lateral load 
in the direction under consideration equal to the weight tributary to the 
diaphragm, m RX Modification factor for period of diaphragms to account for out�of�plane 
wall stiffness  

G.3 Scope 

This section details recommendations for the determination of design seismic forces 

for in�plane loaded walls of unreinforced masonry buildings having flexible timber 

diaphragms. The storey shear design action defined in Section G.6.2 shall be 

considered against the capacity of the individual elements calculated in Sections 6 

to 8 of the Assessment Guide (see NZSEE (2011)). 

G.4 Analysis Procedures 

This section provides guidance on the use of a linear static, linear dynamic or 

nonlinear dynamic analysis procedure for assessing strength demands that a URM 

building might be subjected to during a design level earthquake. The Equivalent 

Static Method is a linear elastic procedure, the Modal Response Spectrum Method 

is a linear dynamic procedure, and the Inelastic Time History Method is a non�

linear dynamic procedure. 

G.4.1 Modelling of the Structure 

Several means of modelling a URM structure may be employed, including those 

employed for commonly used plane frame software. However, because the cross�

sectional dimensions of elements are large compared with the length of the 

elements, some modifications to modelling procedures that might be commonly 

employed are warranted. These modifications include specific modelling for shear 

distortion and mass distribution, and facilities for coping with inelastic action and 

performing pushover analyses. 
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G.4.2 Equivalent Static Method 

Although the response of unreinforced masonry is highly inelastic and nonlinear, 

the linear static method will provide a reasonable estimate of the seismic demands 

on a URM building. Unreinforced masonry buildings with flexible diaphragms 

shall be modelled with linearly elastic stiffness and equivalent viscous damping 

values consistent with components responding at or near yield level. 

G.4.3 Limitations of this Section 

This assessment procedure shall apply to unreinforced masonry bearing wall 

buildings with the following characteristics: 

(a) Flexible diaphragms at all diaphragm levels above the base of the structure; 

(b) A maximum of six stories above the base of the structure; 

(c) A minimum of two lines of vertical elements of the lateral load resisting system 
in each principal direction, except for single storey buildings with an open front 
on one side. 

G.4.4 In+plane Loads on Shear Walls 

For in�plane loads on unreinforced masonry shear walls, two components shall be 

calculated. The first component is the shear force transferred from the diaphragm, 

Vd, and the second component is the horizontal seismic shear force induced from 

the inertial forces of the in�plane loaded wall itself, Vw. 

G.4.5 Damping 

An overall equivalent viscous damping ratio of 5% of critical is recommended for 

unreinforced masonry elements. 

G.4.6 Ductility and Structural Performance Factor 

A displacement ductility of 1.25 is recommended for unreinforced masonry 

elements. This recommendation corresponds to a Sp value of 0.925, consistent with 

section 4.4.2 of NZS 1170.5. Where the period of the in�plane wall is unknown, a 



Appendix G  

    
� 530 � 

value of 1.2 for kh is recommended. 

A displacement ductility of 2 is recommended for the timber diaphragm elements, 

with the structural performance factor taken as 0.7 in accordance with section 4.4.2 

of NZS 1170.5.  The ductility factor (kh) shall be determined in accordance with 

section 5.2.1.1 of NZS 1170.5 with relation to the modified diaphragm period. 

G.5 Diaphragm Shear Load Transfer 

Diaphragm shear load transfer at level i shall be calculated in accordance with 

Equation (G�1). 

& z =  °c°Ö°Q z̀SM    
(G�1) 

Where: C1 is taken in accordance with values suggested by FEMA 356 as given by 

Equations (G�2) and (G�3). 

°c = 1.5 for z̀ < 0.10 seconds (G�2) 

°c = 1.0 for z̀ ≥ $̀  seconds (G�3) 

Ti is as calculated as in Section G.5.1, and Ts is defined as the period associated 

with the transition from the constant acceleration segment of the spectrum to the 

constant velocity segment of the spectrum.  

C3 accounts for increased displacements due to p�delta effects. For values of the 

stability index, θi (see section 6.5 of NZS 1170.5:2004), of between 0.1 and 0.33, C3 

shall be taken in accordance with Equation 4�4. For values of θi less than 0.1 C3 

shall be set to 1.0. 

°Ö = 1 + 5Q+ − 0.1S`  (G�4) 

Where: θ is equal to the maximum value of θi of all stories. C(Ti) is determined in 

accordance with section 3.1.1 of NZS 1170.5:2004. Damping ratio, ductility and 

structural performance factors for timber diaphragms shall be as detailed in 

Section 3. 
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G.5.1 Period of Diaphragms 

Diaphragm period at level i shall be calculated in accordance with Equation (G�5). 

z̀ = 0.7�My9» E R� (G�5) 

Where: Gd is taken in accordance with Section 3.5 (see NZSEE (2011) and  R� is to be 

determined based on the thickness of the out�of�plane wall below the diaphragm. R� = 0.90 T3� *â3 ���T â���O              = 0.675 T3� *ℎ��� ���T â���O                    = 0.45 T3� T3§� \�§O ���T â���O 

Where: Wd is calculated in accordance with the seismic load case as defined by NZS 

1170.5 (2004). In the case of no cross�walls, the seismic weight of the out�of�

plane walls tributary to that level should be included. 

G.6 In+plane Inertial Shear Load 

Inertial shear load from in�plane acting URM walls shall be calculated in 

accordance with Equation (G�6). 

&� =  °c°Ö° Q �̀SM�  (G�6) 

Where: Cd(Tw) is to be determined in accordance with Section 5.2.1.1 of NZS 1170 

(2004) and consistent with the ductility and structural performance factor defined 

for unreinforced masonry responding in�plane as defined in Section G.4.6. In lieu of 

establishing period, it may be assumed that Tw lies on the plateau of the response 

spectra for buildings three stories or less, or alternatively Tw may be established 

using Equivalent Frame modelling techniques. For in�plane loaded masonry walls, 

if the period is unknown, then C1 shall be taken as 1.2. C3 shall be determined as 

defined in 4.3.2.5. 

G.6.1 Vertical Distribution of In+plane Inertial Shear 

Load 

The total in�plane inertial shear load as calculated in Section G.6 is to be 

distributed vertically to each level based on a rectangular force distribution. The 
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equivalent static horizontal force, &�z at each level i, shall be proportional to the 

tributary in�plane wall height of that level. 

G.6.2 Storey Shear Load 

Storey shear for level i, Vsi, is the Square Root Sum of the Squares (SRSS) of the 

diaphragm shear load and the component of in�plane inertial shear load distributed 

to that level in accordance with Equation (G�7). 

&$z = 9A�:(J CJ + Q&�zSJ  (G�7) 

G.6.3 Total Base Shear Load 

The total base shear load, Vb, shall be found by using the Complete Quadratic 

Combination (CQC) rule to combine the diaphragm shear load for each storey and 

the total in�plane inertial shear load. The Square Root Sum of the Squares 

summation rule may be used if the inequality of Equation (G�8) or (G�9) is 

satisfied. 

� ≤ cc.Öø  (G�8) 

� > 1.35  (G�9) 

Where: β = Tx/Ty where Tx and Ty are the two closest values of diaphragm periods 

from any storey height. 

Note: to use the CQC method, a value for the in�plane loaded wall period is 

required. Guidance on how to do this is in progress. 

G.6.4 Storey Shear Force 

If  
�	∑ �³(<i < 1,    then the storey shear force for storey i shall be equal to the sum of 

the individual storey shear loads for storeys i and above. 

 If �	∑ �³(<i > 1,   then the storey shear load shall be increased by the value 
�	∑ �³(<i . 
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G.7 Design Examples  

Three design examples are detailed below showing the application of the modified 

linear elastic assessment method presented above. 

G.7.1 Building A 

Building A is a two storey isolated URM building with straight sheathed timber 

diaphragms. The perforated walls in the east�west plane are based on 

Representative Perforated Wall 1 (see Chapter 2). The building is located in 

Auckland, on shallow soil. The analysis is completed for a principal east�west 

shaking direction such that the east�west plane walls are the in�plane walls.  

a) Plan view 

 

b) Elevation of wall in East+West plane 

Figure G+1 Geometry of Building A 

 

 

The diaphragm self�weight is determined based on 300 × 50 mm joists at 400 mm 

c�c spacing with 25mm thick floorboards. Matai timber is assumed with a density 

of 610 kg/m3. 
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 Diaphragm Top  Diaphragm Central 

Diaphragm self+weight (kN) 49.84 49.84 

Trib OOP walls 159.40 316.78 

Super Dead (0.3kPa) 0 26.76 

Live + 3kPa (including area reduction 

and seismic coefficient) 

0 79.25 

VD 209.24 472.63 

 

Diaphragm Period: 

` = 0.7�&y9» E R�  

L =  10 m 

B =  8.920 m 

Gd = 350 kN/m R� = 0.9 (two leaf OOP walls) 

 

 Diaphragm Central (1) Diaphragm Top (2) 

Diaphragm period T (sec) 0.7760 0.5145 

 

Diaphragm shear load transfer 

& z =  °c°Ö° Q z̀SM   
C1   = 1 

C3 = 1 

Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Ch(Ti) = spectral shape factor determined from Table 3.1 of NZS 1170.5 

C(Ti) = Ch(Ti) × Z × R × N(T,D) 

Cd(Ti) = C(Ti) × Sp / K7 

Sp = 0.7 
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7 = 2 

kC = 7 where T > 0.7, and 
QæbcS0_.÷ + 1  where T < 0.7 

 

 Diaphragm Central (1) Diaphragm Top (2) 

Ch(Ti) 1.4436 1.9477 

C(Ti) 0.1876 0.2532 

Cd(Ti) 0.0657 0.1022 

Vdi (kN) 31.11 21.27 

 

In+plane inertial shear load 

&� =  °c°Ö° Q �̀SM�   
Tw = 0.1508 (determined from modal analysis of Equivalent Frame model) 

Ww = 265.20 

Ch(Tw) = 2.36 

C(Tw) = 0.3068 

7 = 1.25 

kC = 1.0538 

Sp = 0.925 

Cd(Tw) = 0.269 

C1 = 1 

C3 = 1 

Vw = 71.42 kN 
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Total Base Shear Load 

Β = 0.776/0.5145 = 1.508 < 1.35 therefore use CQC method 

Note: The CQC method requires an approximation of the in�plane loaded wall 

period. 

Calculate table of �z6õ 0( 0¹B  

 n T1 T2 TIn+plane 

i  0.7760 0.5145 0.1508 

T1 0.7760 1.0000 1.5082 5.1448 

T2 0.5145 0.6630 1.0000 3.4112 

TIn+plane 0.1508 0.1944 0.2931 1.0000 

 

Calculate table of &z6 

Note: For this example ® is taken as 0.05 for all modes. 

&z6 = 8�®z®6Q�z6®z + ®6S�z6J/Ö
Q1 − �z6J SJ + 4®z®6�z6�1 + �z6J � + 4Q®zJ + ®6JS�z6J  

 n T1 T2 TIn+plane 

i  0.7760 0.5145 0.1508 

T1 0.7760 1.0000 0.0384 0.0006 

T2 0.5145 0.0761 1.0000 0.0018 

TIn+plane 0.1508 0.0086 0.0136 1.0000 

 

Calculate table of &z6 x Vi x Vn 

&% =  %é é &z6�zI�6I
�

6õc
�

zõc 'c/J
 

For example: &cJ for i = 1 and n = 2,  = 0.0384 
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Vd1/2 = 15.556 kN and Vd2/2 = 10.636 kN, so  0.0384*15.556*10.636 = 6.35 

  

Vd1/2 Vd2/2 Vw 

 

 
15.556 10.636 71.415 Sum 

Vd1/2 15.556 241.99 6.35 0.63 248.96 

Vd2/2 10.636 12.59 113.13 1.33 127.05 

Vw 71.415 9.59 10.32 5100.12 5120.03 

Sum 264.17 129.79 5102.08 

5496.04 

5496.04 

74.14 

 

Each column and each row is summed, which represents the first sum in the Vb 

formula. Then the sum of the column sums (or row sums) is found (in this example 

equals 5496.04 kN), which represents the second summation in the Vb formula.  

The square of this second sum is 74.14 kN.  

Total base shear load for one in�plane wall using CQC method = 74.14 kN 
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G.7.2 Building B 

Building B is a three storey isolated URM building with straight sheathed timber 

diaphragms. The perforated walls in the east�west plane are based on 

Representative Perforated Wall 2 (see Chapter 2). The building is located in 

Auckland, on shallow soil. The analysis is completed for a principal east�west 

shaking direction such that the east�west plane walls are the in�plane walls.  

a) Plan view 

 

b) Elevation of wall in East+West plane 

Figure G+2 Geometry of Building B 

 

The diaphragm self�weight is determined based on 300 × 50 mm joists at 400 mm 

c�c spacing with 25mm thick floorboards. Matai timber is assumed with a density 

of 610 kg/m3. 
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Top  

Diaphragm self+weight (kN) 44.91 44.91 44.91 

Trib OOP walls (kN) 473.72 454.25 324.46 

Live + 3kPa (including area 

reduction and seismic 

coefficient) 

62.25 62.25 0 

VD (kN) 580.88 561.41 369.37 
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Diaphragm Period: 

` = 0.7�&y9» E R� 
 

L =  10.5 m 

B =  7.830 m 

Gd = 350 kN/m R� = 0.675 (three leaf OOP walls) 

 

 Diaphragm First 

Floor (1) 

Diaphragm Central 

(2) 

Diaphragm Top 

(3) 

Diaphragm period T 

(sec) 

0.7049 0.6930 0.5621 

 

Diaphragm shear load transfer 

& z =  °c°Ö° Q z̀SM   
C1   = 1 

C3 = 1 

Z = 0.13 (Auckland) 

R = 1 

N(T,D) = 1 

Ch(Ti) = spectral shape factor determined from Table 3.1 of NZS 1170.5 

C(Ti) = Ch(Ti) × Z × R × N(T,D) 

Cd(Ti) = C(Ti) × Sp / K7 

Sp = 0.7 

7 = 2 

kC = 7 where T > 0.7, and 
QæbcS0_.÷ + 1  when T < 0.7 

 

 Diaphragm 

First Floor (1) 

Diaphragm 

Central (2) 

Diaphragm 

Top (3) 

Ch(Ti) 1.5407 1.5633 
1.8385 

C(Ti) 0.2003 0.2032 
0.2390 

Cd(Ti) 0.0699 0.0715 
0.0928 

Vdi (kN) 40.58 40.14 
34.28 
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In+plane inertial shear load 

&� =  °c°Ö° Q �̀SM�   
Tw = 0.392 (determined from modal analysis of Equivalent Frame model) 

Ww = 373.6 

Ch(Tw) = 2.36 

C(Tw) = 0.3068 

7 = 1.25 

kC = 1.136 

Sp = 0.925 

Cd(Tw) = 0.249 

C1 = 1 

C3 = 1 

Vw = 93.30 kN 

 

Total Base Shear Load 

Β = 0.776/0.5145 = 1.508 < 1.35 therefore use CQC method 

Note: The CQC method requires an approximation of the in�plane loaded wall 

period. 

Calculate table of �z6õ 0( 0¹B  

 n T1 T2 T3 TIn+plane 

i  0.7049 0.6930 0.5621 0.3820 

T1 0.7049 1.0000 1.0172 1.2540 1.8455 

T2 0.6930 0.9831 1.0000 1.2328 1.8143 

T3 0.5621 0.7974 0.8111 1.0000 1.4717 

TIn+plane 0.3820 0.5419 0.5512 0.6795 1.0000 

 

Calculate table of &z6 

Note: For this example ® is taken as 0.05 for all modes. 
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&z6 = 8�®z®6Q�z6®z + ®6S�z6J/Ö
Q1 − �z6J SJ + 4®z®6�z6�1 + �z6J � + 4Q®zJ + ®6JS�z6J  

 n T1 T2 T3 TIn+plane 

i  0.7049 0.6930 0.5621 0.3820 

T1 0.7049 1.0000 0.9580 0.1339 0.0144 

T2 0.6930 0.9856 1.0000 0.1548 0.0155 

T3 0.5621 0.1952 0.2194 1.0000 0.0441 

TIn+plane 0.3820 0.0400 0.0419 0.0840 1.0000 

 

Calculate table of &z6 x Vi x Vn 

&% =  %é é &z6�zI�6I
�

6õc
�

zõc 'c/J
 

  

Vd1/2 Vd2/2 Vd3/2 Vw 

 

 
20.29 20.07 17.14 93.30 Sum 

Vd1/2 20.29 411.66 390.07 46.55 27.30 875.58 

Vd2/2 20.07 401.31 402.71 53.23 29.05 886.30 

Vd3/2 17.14 67.89 75.45 293.70 70.58 507.61 

Vw 93.30 75.80 78.42 134.39 8705.56 8994.17 

Sum 956.66 946.64 527.87 8832.49 

 11263.661 

11263.661 

 106.13 

 

Total base shear load for one in�plane wall using CQC method = 106.13 kN 
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G.7.3 Building C 

Example Building C is a five storey URM building with flexible timber diaphragms 

at all levels. The building has regular perforations on two parallel sides (based on 

Representative Perforated Wall 3 – (see Chapter 2)) and mainly solid masonry with 

minimal perforations on the other two sides. The building is located in Auckland, 

on shallow soil. The floor plan is rectangular, with dimensions of 29.115 m by 18.1 

m. The walls decrease in thickness from five leafs for level one and level two, four 

leafs for level three and four, and down to three leafs for the top level. The analysis 

is completed for a principal east�west shaking direction such that the east�west 

plane walls are the in�plane walls. 

 

 

a) Plan view 

 

b) Elevation of wall in East+West plane 

Figure G+3 Geometry of Building C 

 

 

The diaphragm self�weight is determined based on 300 × 50 mm joists at 400 mm 

c�c spacing with 25mm thick floorboards. Matai timber is assumed with a density 

of 610 kg/m3. 
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 Diaphragm 

Level 1 

Diaphragm 

Level 2 

Diaphragm 

Level 3 

Diaphragm 

Level 4 

Diaphragm 

Level 5 

Diaphragm 

self+weight 

(kN) 

263.325 263.325 263.325 263.325 263.325 

Trib OOP 

walls 

2957.78 2359.35 2064.76 1536.25 1059.39 

Super Dead 

(1.0kPa) 

526.7 526.7 526.7 526.7 0 

Live + 3kPa 

(including 

area reduction 

and seismic 

coefficient) 

316.19 316.19 316.19 316.19 0 

WD 4063.99 3465.56 3170.98 2642.47 1322.71 

 

Diaphragm Period: 

` = 0.7�My9» E R� 
 

L =  29.115 m 

B =  18.1 m 

Gd = 600 kN/m R� = 0.9 (two leaf OOP walls� L4 and L5), 0.675 (three leaf OOP walls – L3 and 

L2), 0.45 (three plus leaf OOP walls – L1) 

 

 Diaphragm 

Level 1 

Diaphragm 

Level 2 

Diaphragm 

Level 3 

Diaphragm 

Level 4 

Diaphragm 

Level 5 

Diaphragm 

period T (sec) 

1.1304 1.5580 1.4856 1.7946 1.2997 
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Diaphragm shear load transfer 

& z =  °c°Ö° Q z̀SM   
C1   = 1 

C3 = 1 

Z = 0.13 (Auckland) 

N(T,D) = 1 

Ch(Ti) = spectral shape factor determined from Table 3.1 of NZS 1170.5 

C(Ti) = Ch(Ti) × Z × R × N(T,D) 

Cd(Ti) = C(Ti) × Sp / K7 

Sp = 0.7 

7 = 2 

kC = 7 where T > 0.7, and 
QæbcS0_.÷ + 1  where T < 0.7 

 

 Diaphragm 

Level 1 

Diaphragm 

Level 2 

Diaphragm 

Level 3 

Diaphragm 

Level 4 

Diaphragm 

Level 5 

Ch(Ti) 1.1092 0.8545 0.8889 0.7504 1.0042 

C(Ti) 0.1442 0.1111 0.1156 0.0976 0.1305 

Cd(Ti) 0.0505 0.0389 0.0405 0.0341 0.0457 

Vdi (kN) 242.2 157.7 149.1 103.3 72.5 

 

In+plane inertial shear load 

&� =  °c°Ö° Q �̀SM�   
Tw = 0.8194 (determined from modal analysis of Equivalent Frame model) 

Ww = 2623.3 

Ch(Tw) = 1.387 

C(Tw) = 0.180 

7 = 1.25 

kC = 1.25 

Sp = 0.925 

Cd(Tw) = 0.133 

C1 = 1 

C3 = 1 

Vw = 349.9 kN 
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Total Base Shear Load 

Β = 0.776/0.5145 = 1.508 < 1.35 therefore use CQC method 

Note: The CQC method requires an approximation of the in�plane loaded wall 

period. 

Calculate table of �z6õ 0( 0¹B  

 n T1 T2 T3 T4 T5 TIn+plane 

i  1.1304 1.5580 1.4856 1.7946 1.2997 0.8194 

T1 1.1304 1.0000 0.7256 0.7609 0.6299 0.8697 1.3795 

T2 1.5580 1.3783 1.0000 1.0487 0.8682 1.1987 1.9013 

T3 1.4856 1.3142 0.9535 1.0000 0.8278 1.1430 1.8129 

T4 1.7946 1.5875 1.1518 1.2080 1.0000 1.3807 2.1900 

T5 1.2997 1.1498 0.8342 0.8749 0.7243 1.0000 1.5861 

TIn+plane 0.8194 0.7249 0.5260 0.5516 0.4566 0.6305 1.0000 

 

Calculate table of &z6 

Note: For this example ® is taken as 0.05 for all modes. 

&z6 = 8�®z®6Q�z6®z + ®6S�z6J/Ö
Q1 − �z6J SJ + 4®z®6�z6�1 + �z6J � + 4Q®zJ + ®6JS�z6J  

 n T1 T2 T3 T4 T5 TIn+plane 

i  1.1304 1.5580 1.4856 1.7946 1.2997 0.8194 

T1 1.1304 1.0000 0.1133 0.1462 0.0629 0.3797 0.0660 

T2 1.5580 0.0664 1.0000 0.7834 0.3739 0.1994 0.0127 

T3 1.4856 0.0927 0.8480 1.0000 0.2544 0.3201 0.0156 

T4 1.7946 0.0291 0.2954 0.1856 1.0000 0.0656 0.0074 

T5 1.2997 0.3009 0.2697 0.3999 0.1123 1.0000 0.0293 

TIn+plane 0.8194 0.1128 0.0371 0.0420 0.0272 0.0631 1.0000 
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Calculate table of &z6 x Vi x Vn 

&% =  %é é &z6�zI�6I
�

6õc
�

zõc 'c/J
 

 

  

Vd1/2 Vd2/2 Vd3/2 Vd4/2 Vd5/2 Vw 

 

 
121.21 78.84 74.57 103.33 72.54 349.95 Sum 

Vd1/2 121.21 14690.99 1082.92 1320.97 788.25 3338.11 2799.60 21957.66 

Vd2/2 78.84 634.42 6215.02 4605.00 3045.57 1140.37 351.08 13898.49 

Vd3/2 74.57 837.77 4985.18 5560.36 1960.03 1731.18 406.28 13635.18 

Vd4/2 103.33 364.85 2406.27 1430.50 10678.11 491.79 265.88 5026.23 

Vd5/2 72.54 2645.26 1542.53 2163.11 841.97 5261.41 742.87 5072.73 

Vw 349.95 4785.85 1024.46 1095.11 981.97 1602.53 122463.02 130660.68 

 Sum 22454.09 15281.97 14378.24 6267.93 5344.39 126524.35  

        
190251 

       190251  

        436 

 

Total base shear load for one in�plane wall using CQC method = 436 kN 
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