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Abstract: 

In the early 20th century, steel frame buildings were built to different standards 

from those used in modern construction. Riveted, built-up members and 

connections were often used, with joints and members encased in concrete for fire 

protection. These early steel buildings were designed based upon observations of 

past building performance rather than through detailed calculations and predictions 

of structural behaviour. 

The walls were infill masonry or concrete, either unreinforced or very lightly 

reinforced and floors were typically cast in place reinforced concrete. The strength 

and stiffness of the semi-rigid connections and masonry infill as well as the effect of 

floor slabs integral with their supporting beams were not well documented and 

probably not well understood. Examples of these structures can be found 

throughout the cities and towns of New Zealand and many are quite prestigious, in 

full service and often enjoying heritage status. Developing methods of assessing their 

seismic strength and serviceability is a major objective of the research described 

herein. Assuming that their seismic strength is inadequate leads to the further 

objective of devising a retrofitting technique that will raise their strength to 

acceptable levels (without violating the heritage constraints). Seismic strength 

results from the resistance of the infill walls and steel frames, coupled together by 

the floor diaphragms. Assessment of the building strength was subdivided into two 

investigations, one focussing on the contribution of the walls (the subject of a 

separate PhD programme) and the present work which examines the contribution of 

the concrete encased steel frames. 

A search for candidate buildings due for demolition was undertaken in the hope of 

obtaining full scale, as-built beam, column and joint assemblies that could be 

removed and tested. When this was unsuccessful it was decided to adopt the 

archetypal, 1928, 9 storey Hope Gibbons building in downtown Wellington as a case 

study. It offered typical construction details, a near complete set of drawings and 

limited access to sample material properties. Three experimental tests were 

conducted on half scale replicas of typical internal and external beam-column joints 

(including secondary beam stubs, integral composite floor slab and concrete 
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encasing) to determine moment-rotation characteristics, failure mode, effect of 

concrete slab, crack development and opportunities for retrofit methods to enhance 

seismic performance. It was found that although riveted beam to column 

connections were typically not designed to resist moments, they could develop a 

modest moment capacity, contributing to the moment-rotation response and the 

horizontal strength and stiffness of a frame. Despite the early failure of the bolted 

beam flange to column face connections a moment-resisting action developed with 

the beam bottom flange bearing against the column face and the beam top flange 

tension transferred into the floor slab. This overloaded the floor slab and its low 

reinforcement ratio but suggested a retrofit technique in which carbon fibre 

reinforced polymer strips (CFRP) were embedded in the floor slab surface using the 

near surface method (NSM) to increase the tension capacity. Further tests on half 

scale joint replicas were carried out to test the effectiveness of CFRP NSM retrofit 

showing that increases of moment strength of the order of 20% were readily 

obtainable at rotations of around .04 radians (depending on initial beam flange to 

column face gap). 

The experimental work was complemented by a comprehensive finite element (FE) 

analysis programme using Abaqus software. Half and full scale FE models were 

calibrated by the experimental data and the FE output in turn was used to construct 

simplified moment-rotation joint characteristics. Overall frame analysis was then 

undertaken using Ruaumoko software with the previously mentioned joint 

characteristics. This enabled seismic time-history and push-over analyses to be 

completed to assess the as-built and retrofitted strength and stiffness. It was found 

that the retrofitting increased the frame strength by about 5% and reduced drift by a 

similar percentage. However, the strength, even with retrofitting did not reach the 

benchmark of 0.3 of new structure strength 
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A  =  Sum of all area supported by structural element in square meter 

ALPHA  =  Reloading factor 

  = Cross-sectional area of single connector 

BETA  =  Softening factor 

        Width of beam flange 

   = width of column flange 

D =  Shortest distance in km from the source  

   =  Depth of beam  

DUCT1  = Ductility at which degradation begins 

DUCT2 : Ductility at which degradation stops 

DUCT3 : Ductility at .01 of initial strength 

E = Ultimate limit state earthquake load  

FI  = Intercept force or moment 

FM =  Fault mechanism 

       Yeild stress of beam 

   =  Ultimate force or moment 

   = Shear strength of connector  

FD = Forward Directivity 
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GF  =   Gauge factor  

G =  Dead weight of the Floor  
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      =  Initiall slackness, negative axis 
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     Height of CFRP strip  
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L =  Required development Length for CFRP 
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PTRI =  Tri-linear factor beyond ultimate force or moment 

PUNL = Unloading stiffness factor 

Q = Superimposed live load  

RDUCT : Residual strength as a fraction of initial yield stress 

RCYC : % reduction of strength per cycle of inelastic behavior 

S= von Mises stress 

   = The structural performance factor  

t =  thickness of CFRP strip  

      Excitation voltage 

      output voltage 

α =  correction factor for ultimate tensile strength of CFRP 

β=  modification factor for height of CFRP 

γ=  modification factor for thickness of CFRP 

  = Yield strain 

  = Ultimate strain 

σ=  ultimate tensile strength of CFRP (MPa) 

µ =  Strength factor to capture tensile yielding of reinforcement bars 

ψ = Strength factor for capturing partial yielding in other fasteners  



 

xxvi 

 

   =  Load combination factor  

ψ                                                              

θ                       

    
   =  Maximum positive rotation 

    
   =  Maximum negative rotation 



Chapter 1 : Introduction 

 

1-1 

 

1 CHAPTER   1        :      INTRODUCTION 

1.1 Background  

Many populated areas of the world with old building stock are subject to high 

seismic risk. It is often necessary to repair or rehabilitate existing buildings in these 

areas in order to improve their seismic performance. The regulatory need for 

improvement arises from changes in applicable building codes which in turn arise 

from observed unfavourable behaviour during  past earthquakes. Steel framed 

buildings are often the most practical candidates for seismic upgrading because 

additional strength and ductility can be obtained by local rehabilitation methods that 

do not require either closing down large areas of buildings or extensive foundation 

strengthening. Before any rehabilitation scheme can be justified for an existing 

building, a correct evaluation of its structural properties and response must be 

made, including taking account of whole building behaviour where necessary. This 

evaluation is the most important step in a structure's rehabilitation as it determines 

the appropriate upgrading method.  

The evaluation of the structural performance is complex because buildings cannot be 

economically designed to resist strong ground motion elastically, since a strong 

earthquake generally has a low probability of occurrence in the life time of any 

building, even older buildings which are looking to have their working lives extended 

through retrofit. Modern buildings are designed to resist earthquakes with a return 

period not greater than the design life with minimal structural damage. For large, 

infrequently occurring earthquakes, the main requirement is that buildings must not 

collapse. Therefore buildings are detailed to be capable of undergoing large inelastic 

deformations. This characteristic of construction details is called ductility. If a 
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structure has sufficient ductility it can survive very large earthquakes when its elastic 

capacity is exceeded.  

During a strong earthquake, a well designed and detailed ductile building behaves as 

a highly redundant multi-degree of freedom system reacting nonlinearly to ground 

motion, undergoing controlled damage while remaining stable. This requires 

attention to detailing and regularity of structural form and can be achieved using 

relatively simple methods of analysis. 

When assessing the seismic performance of existing old buildings, the concept of 

ductility is always required because of their limited strength to resist lateral loading, 

but is often difficult to implement because of irregularities in strength and stiffness. 

Methods of analysis become more complex and strengthening, when required, can 

be difficult and if improperly applied can reduce the resistance to damage and 

collapse rather than increase it. Many older moment frame buildings have the beam 

to column connections as their weakest component and it is there that effort can be 

focused in assessment and retrofit.  

 

1.2 Motivation and objectives  

This research was driven by a government funded research programme aimed at 

assessing the seismic strength of old, earthquake prone buildings of various types of 

construction in New Zealand and to develop ways of improving their strength. The 

specific objectives for the research described herein were to: 

1. Find ways of assessing the existing seismic strength and performance of old, 

riveted, concrete encased steel moment framed buildings.  

2. Develop methods of retrofitting such structures to bring their performance up to 

acceptable levels. 

To fulfil the objectives of this research, attention was focussed on understanding the 

seismic behaviour of the concrete encased riveted joints of the Hope Gibbons 

Building in downtown Wellington and finding a cost-effective way of retrofitting the 

steel frames of this building to increase strength without reducing ductility. This 
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building was chosen as it is representative of a family of steel framed buildings from 

the first half of the 20th century, especially the era from 1920 to 1960. 

Almost all steel building construction before 1940 used hot driven rivets, rather than 

bolts or welds, for member fabrication and as fasteners for their beam-to-column 

connections and steel frame designed for gravity loads. Concrete walls and infill 

walls often were the main elements resisting lateral loads, where after 1935 

included minimum level of earthquake loading. 

Elevated temperatures that can occur during fires reduce both the strength and 

stiffness of steel members to a point where the members can no longer support the 

loads they must carry. Buildings of the 1920-1960 era often used fire protective 

concrete encasement around the structural beams and columns and the beam-to-

column connections. The typical concrete encasement had minimal transverse 

reinforcement, comprising widely spaced tie wire. In modern design, such  concrete 

encasement is considered  to be structurally ineffective, however, past monotonic 

experiments (Roeder et al, 1996) have shown that concrete encasement does 

increase the restraint provided by riveted connections and this is recognised in the 

New Zealand National Society for Earthquake Engineering guidelines for assessment 

and strengthening(Ref 20).  

Only a small number of seismic evaluations of existing steel frames with both riveted 

connections and concrete encasement have been done in the world.  

 

The general objective of this research is to render the seismic evaluation of older 

steel frames more realistic. More specifically the objectives are:  

 To provide information on the behaviour of riveted connections encased in 

concrete, such as the modes of failure and moment-rotation relationships 

to allow assessment of the as-built frame.  

 To show how this information can be used for the analytical study of 

frames assembled with such connections.  

 To provide an appropriate seismic retrofit solution for a typical riveted joint, 

verify predictions of its performance by experimental test and provide 

moment rotation relationships to allow evaluation of response of the 
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retrofitted frame.  

 To undertake a seismic evaluation of internal frame of Hope Gibbons building 

with and without retrofit 

 

1.3 Work plan  

To attain the goals of this research, five research phases were required.  

1- The first stage was gathering information about existing concrete encased old 

steel buildings in New-Zealand including drawings, accessibility, location, 

heritage importance, occupancy and so on. This stage also involved searching 

for and acquiring available data about past performance of the target class of 

buildings during earthquake and results of any monotonic or cyclic tests done 

on their connections or sub-assemblies in NZ or overseas.   

2- The second stage involved laboratory testing of three half-scale replica beam-

column connections to get information about realistic joint behaviour during 

cyclic loading (without retrofit). 

The details of this connection were selected and copied from an existing 

building in Wellington. This building is situated on Dixon Street in Wellington 

and was designed in 1928 and has concrete encased, riveted beam-column 

connections. The building is typical of 1920's and 1930's, and it lends itself 

well as a candidate for rehabilitation.  

One interior beam-column joint on second floor was chosen for experimental 

tests. The acquired data was used to validate a simple theoretical design 

model and a 3D FE model implemented in Abaqus software. Analytical results 

extracted from Abaqus software were used to confirm modelling 

assumptions.  

The parameters investigated with the Abaqus model were: 

 Failure modes  

 Moment-rotation capacity of joint  

 The effect of concrete slab 
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 Different retrofit measures for upgrading typical connection of HG 

building    

  

3- The third stage included two more half-scale experiments using carbon fibre 

(CFRP) strengthening of the beam- column connection. The outputs were 

utilised to calibrate the FE analysis. To ensure accuracy of FE outputs, besides 

these two half-scale experiments, two  small experimental tests were carried 

out to determine development lengths and so validate FE modelling of CFRP 

and epoxy. 

 

4- The fourth phase included generating all types of internal and external joints 

of Hope Gibbons building in Abaqus environment, using the principles 

established in the initial testing and analysis. Cases both with and without 

retrofit measures were included.  

output of these FE works was used for establishing M-  pattern for some 

typical riveted connections in New-Zealand. 

5- The fifth stage was evaluation of overall performance of a typical internal 

frame against 10 scaled ground motion records with and without retrofit. 

 

Some parts of this thesis include extra effort and research beyond the original plan 

that most important items include, item 3, experimental tests and FE analysis on 

bare steel joints and testing of repaired experimental specimen(section 6.8) 

 

 

1.4 Thesis layout 

This thesis consists of nine chapters. Following this introduction chapter, chapter2 

presents the literature review of past research on seismic and monotonic behavior of 

riveted connection. Chapter three provides specifications of heritage steel buildings 

in New Zealand. Chapter four establishes performance of as-built joints and 

calibrates half-scale experiments against FE for both replica internal joint with 
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concrete slab and bare steel joint. It also gives a detailed description of instruments 

used during the experimental tests. Chapter five presents options for seismic 

upgrading of typical joints and explains why near surface mounted CFRP (CFRP-NSM) 

was chosen. Chapter five covers two extra experimental tests for calibration of 

carbon fiber strips.  

Chapter six evaluates results of retrofitted connections using CFRP-NSM and 

corresponding FE analysis. 

Chapter seven presents details of full-scale modelling of external and internal joints 

located on internal frame of Hope Gibbons building and develops M-Ѳ  relationship 

for both internal and external joints (with and without retrofit). 

Chapter eight covers the time history analyses of an internal frame of Hope Gibbons 

building in Wellington using the computer program Ruaumoko (Carr,2000). 

Chapter nine provides the main findings of the research, presents conclusions and 

makes recommendations for further areas of research. 
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2 CHAPTER 2 :  BACKGROUND AND LITERATURE 

REVIEW 

 

 

 

 

2.1 Introduction  

In a steel framed building, the beam-to-column connections exhibit the most 

complex behaviour of the structural elements. For many modern systems 

connections are considered as either simple or rigid. The former are considered to 

undergo rotation without developing significant moment and the latter hold the 

angles between the two members effectively unchanged up to attainment of the 

design capacity of the weakest member. This binary type of approach is suitable for 

most modern building designs. However, for the evaluation of the as-built strength, 

stiffness and ductility of steel framed structures with semi-rigid connections 

potentially subjected to large load reversals, such simplifying assumptions are not 

accurate. All beam-to-column connections have some intermediate nonlinear degree 

of resistance to moment. Monotonic moment-rotation curves for some common 

connection types are illustrated in Figure 2.1.  

In beam-to-column joints, there are two main deformation components. The first is 

the change in angle φ between a column and a beam due to the applied moment at 
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the column face. This change in angle is the summation of local deformations such 

as:  

The deformation of fasteners, the slip between connected plates, and the 

deformation of the plates.  

The second type of deformation in a beam-column joint is the angular distortion  of 

the part of the column web included in the joint. This second type of deformation is 

called panel zone deformation, and is caused by shear transfer through the column 

web.  

 

 

Figure 2-1  Connection moment-rotation curves (Kulak et al., 1987). 

 

 

 



Chapter 2 : Literature review 

 

2-3 

 

As the experiments in the following sections show, the behaviour of the connections 

will be strongly influenced by the behaviour of the fasteners. Before presenting 

some background about the behaviour of the whole joint, some information about 

rivets and bolts will be presented. 

 

 

2.2 Fasteners 

2.2.1 Rivets and riveting  

In the first half of the 20th century and until the widespread use of the high strength 

structural bolt, hot driven rivets were the fasteners of choice for field connection of 

steel members. Riveting was a very labour intensive method of fastening. The field 

installation process is as follows:  

(1) The rivets are heated to temperatures of up to 1150°,  

(2) Once installed in the hole, each rivet is held in place by a backing tool which 

prevents it from being pushed out of the hole by the pneumatic hammer, and  

(3) The rivet shank protruding from the hole is formed into another head with a 

pneumatic hammer.  

The common practice in steel riveted construction was to insert fasteners in holes 

that were 1/16" greater in diameter than the nominal diameter of the fasteners. 

During forming the repeated blows of the pneumatic hammer cause the rivet shank 

to diametrically expand and to fill completely the hole. During cooling, the rivet 

shank contracts and the rivet heads exert a clamping force on the joined steel plates. 

The initial stress in the rivet has been found to be generally greater than 70% of the 

yield-point strength of the steel from which the rivets were made (Wilson and Oliver, 

1930).  

The properties of driven (installed) rivets differ from the properties of rivet bar stock. 

Generally, driving increases the yield and ultimate strength by as much as 20% for 

rivets installed by hand held pneumatic hammers. These apparent increases in 

strength are based on the nominal diameter of the rivets (Hechtman, 1948). Since 

driving affects the properties of rivets, rivets must be tested driven. 
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Structural rivets are made of A502 steel (ASTM AS02-91). This type of steel was 

formerly designated as ASTM A141. It is available in three grades. Grade 1 is for 

standard structural applications. Grade 2 is for use with high-strength carbon and 

high strength low-alloy structural steels. Grade 3 is similar to Grade 2 but has 

enhanced corrosion resistance. ASTM does not specify any strength or hardness 

requirements for rivets in the driven state. ASTM does however specify some 

hardness requirements applicable to the rivet bar stock. Kulak et al. (Kulak et al., 

1987) proposed lower bounds for the ultimate tensile strength of rivet material:  

    = 410 Mpa   for Grade 1 rivets  

    = 550 Mpa   for Grade 2 or 3 rivets. 

 

They also proposed design formulas (Equations 2.1 and 2.2)  for the evaluation of the 

strength of rivets in tension and shear.  

The tensile capacity Bu of a rivet is:  

Bu=Ab σu                         (2.1) 

The shear capacity Su of a rivet is:  

Su= .75 m Ab σu                    (2.2) 

 

Where     is the undriven cross section area of the rivet shank,    is the rivet 

tensile capacity, and “m”  is the number of shear planes passing through the rivet. 

For cases where both tension and shear forces are acting on the rivets an elliptic 

interaction curve (Eq.2.3) fitted to test results was developed (Higgins and Munse, 

1952; Munse and Cox, 1956):                                                   

  

    
                                 (2.3) 

 

Where x is the ratio of the shear stress on the shear plane to the ultimate tensile 

strength, and y is the ratio of the tensile stress to the ultimate tensile strength.  
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2.3 Structural bolts  

The use of bolts in structural joints  became common in the mid 1950. The ease with 

which bolts can be installed and their reliability led to the disappearance of the use 

of rivets for new construction. Two bolted were studied, one of them used A307 

bolts, and the other A325 bolts. A307 bolts are not considered to be structural bolts 

but they have material properties closest to rivets. A307 steel has a specified 

minimum tensile strength (    of 410 MPa. A325 structural high strength bolts are 

commonly used in steel construction and have a specified minimum tensile strength 

of     = 820 MPa. Bolts are customarily installed in holes that are        greater in 

diameter than their nominal sizes. Contrarily to rivets, bolts do not fill the holes 

completely, and are not necessarily in bearing with the sides of the holes until slip in 

the connected plies occurs. The design strengths of bolts can be estimated with Eqs. 

(2.4), (2.5) and (2.6) (Kulak et al., 1987).  

The tensile capacity Bu of a bolt is: 

Bu= .75  Ab σu                              (2.4) 

 For shear planes passing through the bolt shank (not through the threaded portion ) 

the shear capacity Su of a bolt is : 

 

Su= .62 m Ab σu                                      (2.5) 

Where Ab is the nominal cross section area of the bolt, σu is the bolt tensile capacity, 

and m is the number of shear planes passing through the bolt shank. For cases where 

both tension and shear forces are acting on the bolt an elliptic interaction curve 

Eq.2.6 can be used:  

  

                                           (2.6) 

 

Where x is the ratio of the shear stress on the shear plane to the ultimate tensile 

strength, and y is the ratio of the tensile stress to the ultimate tensile strength. In 

addition to their ultimate strength properties bolts, made of A325 steel, have a high 

and reliable resistance to slip.  
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The most important difference between riveted and bolted assemblages is that 

rivets fill completely the oversized holes and bolts do not. The difference in 

behaviour between riveted and bolted beam-to-column connections is very much a 

function of this difference in initial conditions.  

The High Strength Friction Grip Bolt (HSFG Bolts) is another type of bolt that mostly 

used in bridges than buildings. High Strength Friction Grip bolts provide extremely 

efficient connections and perform well under fluctuating/fatigue load conditions. 

These bolts should be tightened to their proof load and require hardened washers to 

distribute the load under the bolt heads.  

HSFG bolts are made from quenched and tempered alloy steels with grades 

(property classes) from 8.8 to 10.9. The most common are mild steel bolts general 

grade 8.8, and with medium carbon content, which makes them less ductile. The 

10.9 grade has a much higher tensile strength, but lower ductility. In the repetitive 

dynamic loading condition, the stress change, in fully tensioned bolts is negligible 

compared to that rivet connection, so HSFG bolt connection is much suitable at the 

location where dynamic Forces are large and frequently are changing such as railway 

bridges. 

 

 

 

2.4 Monotonic tests of riveted connections  

In 1917, Wilson and Moore tested a series of 12 full scale steel beam-to-column 

joints (Wilson and Moore, 1917). All joints were riveted, and most of them were 

connecting built-up riveted members. The authors were concerned about the fact 

that, for many of their connections, the standard assumption of perfect compatibility 

of rotation between the connected columns and beams was significantly in error. A 

large study on the effect of connection flexibility was reported in Great Britain by a 

steel structures committee (Batho and Rowan, 1934). From their beam-column 

connection tests, it became apparent that most connection types had nonlinear 

rotation responses to moment, even for low load intensities.  
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As part of the same research effort, Batho and Lash (Batho and Lash, 1936) studied 

the effect of monotonically increasing loads on 13 bolted top-and-seat angle beam-

to-column connections encased in concrete. The resulting moment-rotation curves 

showed that concrete encasement effectively increases the stiffness relative to bare 

steel specimens; the increase depended on the amount of reinforcement in the 

concrete. In these tests the increase in stiffness was due to the confining effect of 

the concrete, which prevented the vertical legs of the angles attaching the beam 

flanges in tension from separating from the column. Once the concrete cracked 

parallel to the column flanges, the stiffness of the connection became the same as 

the stiffness of the bare specimens. Tests to destruction showed that encasement 

did not increase appreciably the ultimate strength of the subassemblies. Further 

experiments on concrete encased connections reported by Batho (Batho, 1938) 

examined the influence of loading sequence. In these experiments he compared 

behaviour of specimens loaded from a virgin state to that of specimens that 

underwent limited load reversals. The conclusions were that whatever the loading 

sequence, the stiffness of the encased specimens became the same as the bare steel 

specimens when the concrete confining the vertical legs of the angles attached to 

the tension flanges cracked. [Ref 24] 

Rathbun presented the experimental results of 18 beam-column connections 

(Rathbun, 1936). All the specimens were bare steel and fastened by rivets. He 

investigated the moment-rotation properties of web angle, top and seat angle, and 

T-stub connections. Most of the beam-to-column connections in this case were 

experimentally modelled as centreline beam splices, and the specimens were tested 

as simply supported beams loaded monotonically at midspan. The main observations 

were that riveted beam-to-column connections offer non-negligible restraint and are 

nonlinear. Hechtman and Jonhston (Hechtman and Johnston, 1947) conducted a 

large study on 47 different sub-assemblages. The purpose of their research project 

was to demonstrate that many connections considered to be pinned in practice offer 

a non-negligible amount of restraint. Accounting for this restraint could lead to 

considerable savings in structural steel. Amongst other things, they studied the 

effect of different riveting crews on identical specimens. Hechtman and Johnston 
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also decomposed the total rotation they measured in various components, and 

found that slip between plates is often the major contribution to rotation. 

Comparisons between connections assembled with rivets and connections 

assembled with high-strength bolts have also been made. Munse et al. (Munse et al., 

1959) tested web angle connections, and compared the effects of using hot-driven 

rivets versus modern high-strength bolts. The main conclusions of this study were 

that the connections using high-strength bolts were stiffer, and that the rivets 

connecting the angle legs to the column flanges experienced permanent elongation 

at lower connection moments than did the high strength bolts.  

 

2.5 Cyclic tests of riveted connections  

There is much less information about the behaviour of riveted assemblages 

subjected to large cyclic load reversals. During the investigation following the 

collapse of the first Quebec Bridge in 1907, many experiments were conducted on 

various riveted details (Government Board of Engineers, 1919).  Figure2.3 shows the 

experimental results of a cyclic uniaxial test performed on a riveted single joint. The 

figure shows a series of progressively larger cycles being applied to the specimen, 

each division in the horizontal axis corresponds to an elongation of 0.01 in a 20 inch, 

or a .00005 strain. 

Each division in the vertical axis corresponds to 10,000 psi shear stress on the 

nominal area of the rivets. The evolution of the response of the joint to load is very 

interesting; the responses for the initial small load reversals are linearly elastic. With 

higher load amplitude, hysteretic response develops, the response becomes very 

pinched, and a low stiffness, slipping zone develops. It should be noted that although 

there was a considerable variation of stiffness during a given cycle, the nominal 

strength of the joint was unaffected. Very similar behaviour was described by Young 

and Jackson for small amplitude cyclic tests on riveted T-stub connections (Young 

and Jackson, 1934). They observed that even for cycles having rotation amplitudes 

smaller than 4 milliradians the behaviour was not elastic and significant hysteresis 

occurred.  
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Figure 2-2  Degradation of rivet shear behaviour with cycling (Ref 24) 

 

More recently Roeder et al, (Roeder, 1994) conducted a large project aimed at 

assessing the strength, stiffness, and ductility of older riveted connections, including 

the effect of encasement.  As part of this programme,  specimens tested by Forcier 

and Leon (Forcier, 1994) compared the behaviour of riveted and bolted connections. 

The specimens were interior T-stub connections, with 4 metre high W14x99 columns 

and W18x50 beams.  

The flange connections were made with WT13.5x47, with eight 19 mm [0.75      ] 

bolts or rivets in each T-stub to both the beam and column. The web connection was 

made with pairs of 8×6× 0.5 angle with six bolts per leg. 

Two types of connection of lower part of a building in San Francisco built in 1928 

were selected to study. Theses T-stub connections are referred as B3 and B4. 

The B3 connection has a stiffened seat and the B4 has a pair of web angle to 

accomplish the shear transfer. Figure 2.4 shows 3D views of these connections with 

typical sizes used for testing. 

The first three tests run by Leon and Forcier were on bare steel specimens, rivets 

(A502 Grade 1) for specimen B4CR2, black bolts (A307) for B4CRl, and slip-critical 

bolts (A325) for B4CR3. 
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Figure 2.5 illustrates the moment-rotation behaviour of these specimens. The 

pronounced pinching behaviour in the riveted specimen was surprising and contrary 

to what many researchers had assumed in the past.  The pinching was due primarily 

to slip at the shear interface where very large local deformations had taken place. 

This led to an elongation of the rivet and a rapid loss of any clamping action. The 

energy dissipation capacity decreased rapidly with increasing deformations, but the 

connection regained stiffness and strength once the rivets went into bearing, in 

modern systems, these hysteresis loops would be considered unsatisfactory, 

however, the load history imposed was severe and in the real structure the 

connection would have benefited from additional restraints and force redistribution. 

Thus the performance of a structure incorporating these connections would 

probably be better than that determined from this type of isolated connection test.  

In the remaining tests by Leon and Forcier, which included stiffened seats and the 

effect of encasement and floor slabs, the behaviour improved markedly. The 

encasement increased both the strength and stiffness of the specimens even though 

there were no shear studs in the beam or column. In fact, the measured response 

indicated that the sections behaved as fully composite under cyclic loads until the 

concrete cover began to crush around drifts of 2.5%.  The beneficial effect of the 

concrete cover was also surprising since the confinement steel was minimal. 

Although a crack formed at the beam-column interface early in the load history, it 

did not grow appreciably, resulting in smaller rotations for the encased specimens 

than for the bare steel specimens. 
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Figure 2-3  Typical connection of B3 and B4 (Ref 21) 
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Figure 2-4  Comparison of behaviour for T-stub connections with A307 bolts, A325 bolts and 
A502 rivets (Ref 24) 

 

Two mechanisms can be postulated to explain this behaviour. Firstly, on the flange 

subject to moment-induced compression, the concrete transferred most of the force 
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by bearing directly into the end of the T-Stub and the column directly. Thus, no 

appreciable shears were induced in the rivets and the slip was very small.  

Secondly,  at the tension flange,  the rivet heads provided an additional load transfer 

mechanism by bearing, which in addition to the friction between the two materials, 

resulted in only the first few rivets being loaded to their yield  point in shear. As the 

loading progressed, the web of the T-stub began to yield resulting in a stable 

hysteretic response. Specimen B3RC5, tested as part of this series, Specimen, had a 

riveted stiffened seat during the fully reversed load cycles, most of the sub-

assemblage drift for this specimen originated from the beam-column connection 

rotations. The connection rotations in the specimen were dominated by flexure of 

the T-stub flanges and stretching of the tensile rivet groups connecting the T-stub to 

the column flange rather than shear deformations of the rivets connecting the T-stub 

to the beam. At the maximum drift of 6.5%, during the final cyclic imposed on this 

specimen, the strength was beginning to decrease and both the panel zone and the 

steel girders were yielding.  

Another set of tests consisted of  16 experimental riveted joints and was carried out 

by Charles W. Roeder, Eric Thomas and Roberto T. Leon in USA(Ref 21). Figure 2.6 

shows the typical of joint tested, a commonly used configuration for many years in 

the United States. These Partial-restraint connections employ T-sections or angles, 

which are riveted to the flanges of the beam and the column to develop moment 

resistance. Six T-stub and 10 clip angle connections were tested at the University of 

Washington (Knechtel 1992; Thomas 1992; Roeder et al. 1994; Vaneaton 1994). The 

specimens were 85% scale subassemblies of connections and members used in the 

450 Sutter Building in San Francisco. Figure 2.7 summarises the general properties of 

the test specimens and their connections. Eleven specimens were encased in 

concrete for fire protection and five (TI, T2, L1 , L5, and L8) were bare steel. The 

concrete encasement was massive but lightly reinforced. The concrete encasement 

for the test specimens was designed to have a compressive strength of 24 MPa when 

the specimens were tested (approximately 28 days after placement), since this 

should simulate the increased strength expected with the 17.2 MPa, 28-day 

compressive strength of the prototype structure. The encasement of the columns 
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was wrapped in a light wire encasement comprising 5 diameter wire at 150 mm [6 

inch] pitch but had no other confinement. The beam concrete encasement had wire 

mesh partially wrapped around the flanges but no other confinement was used in 

either the prototype or the test specimens.  

The rivets were simulated with mild steel (A307 Type A) bolts tightly fitted into their 

holes. Properly installed rivets fill the rivet hole and prevent slip and looseness in the 

connection until yielding occurs, and the tight fitting bolt holes simulate this 

behaviour. Rivets shrink during cooling after driving, and shrinkage induces a 

clamping force on the connection. The mild steel bolts were over-tightened to 

develop this same clamping force. Tests were performed on riveted splices removed 

from old buildings and on bolted simulations of these old components. These 

experiments (Roeder et al, 1994) verified that this bolted simulation provided 

accurate indication of the riveted connection behaviour.  

 

Figure 2-5  Typical riveted connection (Ref 21) 

 

The specimens were tested with a cyclic load history based on the ATC-24 

recommendations (Krawinkler 1992), but modifications were required for some 

specimens.  
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SPECIMEN 

IDEN 

SPECIMEN 

TYPE 

FLANGE CONNECTION ENCASEMENT WEB CONNECTION  

CONNECTO

R 

ELEMENT 

CONNECTOR

S 

CONNECTO

R 

ELEMENT 

CONNECTOR

S 

L1 UNSTIFFEND 

SEAT 

OR CLIP 

ANGLE 

 

 

L5×3.5×5/8 

Angles 

200 mm 

In length 

Four 15.9 mm 

A307A 

Bolts in 

Beams 

Flange 

And two 19 

mm A307A 

Bolts 

to column 

BARE  

 

A Pair of 

L3 5×3×5/16 

Angles 

254 mm 

Long 

 

 

Four 15.9 mm 

A307 

A Bolts in 

double 

Shear to the 

beam web 

 

 

 

 

Eight 15.9 

mm A307 

A Bolts in 

single shear 

to the 

column 

flange 

 

MONOTONIC 

BEHAVIOR 

SHEAR 

YIELDING 

CONNECTORS 

L2  

ENCASED 

L3 CYCLIC 

BEHAVIOR 

SHEAR 

YIELDING 

CONNECTORS 

L4 CYCLIC 

BEHAVIOR 

WITH A 

REHABILIATIO

N DETAILS 

L5  

CONNECTIONS 

With  W14×22 

BEAM AND A 

W10×66 

COLUMN 

A490 Bolts 

Substituted 

to 

Force 

flexural yield 

of angles 

BARE STEEL CYCLIC 

BEHAVIOR 

FLEXURAL 

YEILDING 

OF CLIP 

ANGLES 

L6 ENCASED 

L7 

L8 Two 12.7 mm 

A307 A Bolts 

to 

Columns to 

force Tensile 

yield 

BARE STEEL CYCLIC 

BEHAVIOR 

WITH 

YIELDING OF 

TENSILE 

CONNECTORS 

L9 ENCASED 

L10 

T1  

 

 

 

T-STUB 

CONNECTIONS 

With an 

S15×42.9 

BEAM AND A 

W12×79 COL 

 

 

9.5” Deep T 

Section Cut 

From 

W16×57 

280 mm 

Long 

 

 

 

Eight 19 mm 

A307A bolts 

to 

Beams flange 

and eight 19 

mm 

A307A bolts 

to column 

face 

 

BARE 

STEEL 

 

 

 

A Pair of 

L6×6×3/8 

Angles 

190 mm 

Long 

 

Six  19 mm 

A307A 

Bolts in the  

double 

Shear to the 

beam web 

 

 

 

 

Twelve 19 

mm A307 A 

Bolts in 

single shear 

to the 

column 

flange 

 

MONOTONIC 

BEHAVIOR 

 

T2 CYCLIC 

BEHAVIOR, 

SHEAR 

YIELDING 

CONNECTORS 

 

T3  

 

ENCASED 

MONOTONIC 

BEHAVIOR, 

SHEAR 

YIELDING 

CONNECTORS 

 

 

T4 CYCLIC 

BEHAVIOR, 

SHEAR 

YIELDING 

CONNECTORS 

 

T5 Same T-

Stub 

165 mm 

Long 

Six bolts 

Each location 

MONOTONIC 

BEHAVIOR, 

FLEXURAL 

YIELD- 

REDUCED T-

STUB 

T6 Same T-

Stub 

280  mm 

Long 

Eight  bolts 

Each location 

CYCLIC 

BEHAVIOR-

INCREASED 

NUMBER  OF 

CYCLES 

 

Table 2-1  Material properties and capacity of test specimens (Roeder et al.,1996) 
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Table 2.1 introduces the specimen specifications while Table 2.2 summarises the test 

results. The mild steel bolts closely simulated riveted connection behaviour as noted 

earlier. The deformation and resistance of the mild steel bolted connections was 

consistent with the results for rivets if individual variations of the yield stress and 

other material properties were considered. In addition, companion riveted tests 

were performed at the Univ. of Minnesota (Roeder et al. 1994), and these 

companion tests produced resistance, failure modes and deformations which were 

consistent with these mild steel bolted tests. The tests examined both monotonic 

and cyclic deformation. 

The monotonic behaviour (Specimen L2) typically provided an upper-bound 

envelope to the cyclic (Specimen L3) moment-rotation behaviour of the connection 

as illustrated in Figure. 2.7. The mode of failure for the cyclic tests was similar to the 

monotonic tests, with monotonic and cyclic tests failing or deteriorating at similar 

deformations. The hysteresis behaviour was pinched and deteriorating with little 

energy dissipation. The deformation primarily occurred within the connection. The 

deformations required for a given mode of failure were very similar for both the T-

stub and clip angle connections. Specimens T1 through T4 and L1 through L3 were 

closely scaled to the connections designed for the target building.   

These connections experienced initial failure by shearing of the rivets connecting the 

leg of the angle or stem of the T-section to the beam flange. The beam flange 

connectors plastically deformed and ultimately fractured in shear. This shear fracture 

resulted in the sharp drop in moment capacity for the cyclic and monotonic tests at a 

rotation of approximately 0.02 radians. All connectors failed at approximately the 

same deformation for both the bare steel and encased connection. The initial failure 

of these connectors did not result in a complete loss of the resistance of the 

connection as shown in Figure 2.8. Considerable moment capacity still was provided 

by the web angles and composite action provided by the concrete encasement even 

after this initial failure. Considerably larger cyclic rotations were possible after this 

initial fracture, but the specimen had much smaller moment resistance.  
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SPECIMEN 

IDEN 

CONCRETE 

STRENGTH 

(MPa 

COMPONENT TENSILE STRENGTH SHEAR STRENGTH OF CONNECTORS (MPa)  

MAX 

HORZ 

LOAD 

(KN) 

AT MAXIMUM 

WEB 

ANGLE 

FLANGE 

 ELEMENT 

BEAM 

STEEL 

BEAM 

WEB   

BOLTS 

BEAM 

FLANGE  

BOLTS 

COLUMN 

SHEAR 

 BOLTS 

COLUMN 

TENSILE 

BOLTS 

MOMENT 

 (KN-M) 

ROTATION  

(RAD) 

L1 (Bare) 

L2 (Encased) 

L3(Encased) 

L4(Encased) 

 

L5(Bare) 

L6(Encased) 

L7(Encased) 

L8 

L9(Encased) 

L10(Encased) 

 

 

T1(Bare) 

T2(Bare) 

T3(Encased) 

T4(Encased) 

T5(Encased) 

T6(Encased) 

N/A 

25.5 

27.1 

21.4 

 

N/A 

22.8 

22.8 

N/A 

26.9 

22.8 

 

 

N/A 

N/A 

25.5 

26.2 

21.4 

24.8  

 

303.6 

(MPa) 

YIELD 

 

 

 

448.5 

(MPa) 

ULTIMATE 

 

 

 

289.8 

(MPa) 

YIELD 

 

 

 

441.6 

(MPa) 

ULTIMATE 

310.5  

 

 

 

244 

MPa 

282.9 

MPa 

 

 

 

 

244.3  

MPa 

359 

MPa 

80.5 

139 

128 

160 

 

144 

167 

163 

62.9 

97 

94.3 

 

97.5 

162 

147 

184 

 

164 

198 

197 

75.4 

UNAVAILABLE 

106 

.022 

.02 

.025 

.022 

 

.035 

.038 

.042 

.018 

.015 

.015 

372.6 

(MPa) 

YIELD 

NOT 

NEEDED 

A490 

NOT 

NEEDED 

A490  

 

 

331.2 

(MPa) 

YIELD 

 

NOT 

NEEDED 

A490 

 

 

269 

MPa 

 

289.8 

(MPa) 

YIELD 

 

 

278.76 

(MPa) 

YIELD 

 

340.2 

(MPa) 

YIELD 

 

276 

MPa 

 

244.3 

MPa 

 

276 

MPa 

 

359 

MPa 

 

N/A 

231 

319 

324 

258 

319 

 

N/A 

292 

368 

374 

299 

324 

 

 

N/A 

.032 

.025 

.022 

.035 

.035 

Table 2-2  Test results (Roeder et al.,1996) 

 

 

 

 

 

Composite action increases the stiffness and resistance of the connections. However, 

the increased capacity was essentially lost after the crushing of the concrete or after 

initial connector fracture. This is illustrated by the monotonic moment rotation 

behaviour for Specimens L1 and L2 in Figure2.8. The increase in resistance was 

significant for the weaker, more flexible clip angle connections, since ultimate 

capacity may be increased by more than a hundred percent by encasing specimens. 

The stiffer, stronger T-stub experienced only a 30% increase in moment capacity with 

encasement.  
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The tests show that the T-stub connection is a stiffer and stronger connection than 

the clip angle connection. Approximately 8% of this increase can be attributed to 

greater beam depth for the T-series test specimens, but the majority can be 

attributed to the larger number of connectors and the greater resistance to 

deformation by the T-stubs.  

 

Figure 2-6  Comparison of monotonic and cyclic moment-rotation behaviour (Ref 21) 

 

 

 

Figure 2-7  Comparison of bare steel and encased moment rotation behaviour (Ref 24) 
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2.6  Hysteretic behaviour of retrofitted concrete-encased 

riveted stiffened seat angle connections (case study) 

Michel Bruneau and Marc Bisson used as-built connection of a 1910 building to 

investigate a steel-band/fuse plate retrofitting scheme to improve the connection 

hysteresic behaviour (Ref 19).  The retrofit strategy proposed in research work of M. 

Bruneau, M. Bisson follows the philosophy of localized interventions. Furthermore, it 

minimizes disturbances by not requiring removal of the existing concrete 

encasement around the columns at the beam connections. It consists of steel bands 

wrapped around the column concrete to transfer loads to the column and “fuse-

plates” acting as energy dissipaters connecting the beam flanges to the steel bands, 

as shown in Figure 2.9.  To maximize the energy dissipation provided by the new 

connecting elements, while respecting constraints arising from the fact that this 

retrofit would have to be performed on existing buildings, the following design 

criteria were adopted:  

             1. The steel-band/fuse-plate assembly must be sized to avoid contact with 

other structural elements in the vicinity (i.e. joists supported by beams, floor 

elements immediately above the beam, etc.). 

2. The connection must be able to exhibit plastic rotation of at least 2% at 

strains not exceeding 20     in the energy dissipaters.  

3. Fuse-plates must be designed with a compression- tension strength ratio 

(Cr/Tr) as close as possible to 1.0 (i.e., with a low slenderness ratio, KL/r) to permit 

effective energy dissipation in both tension and compression when resisting the 

applied moments.  

4. The strength of the fuse-plates must be chosen such as to preclude 

undesired failure mechanisms elsewhere in the structural system (i.e. plastic hinges 

may form in the columns if the fuses are too strong), as well as to avoid excessive 

ductility demands at the expected drifts (if the fuses are too weak and unable to 

provide sizeable energy dissipation).  

Taking the above mentioned criteria into consideration, the fuse-plates were 

designed to yield at a moment of 200 kN.m. This value is comparable in magnitude 
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to the resistance of other proposed retrofit techniques for similar connection 

configurations, yet is not overwhelming compared to the capacity of the beams or 

column. Rounded cross-section transitions were provided at both ends of the fuses 

to avoid large stress concentrations in these areas. The steel-bands were designed to 

remain elastic. For ease of installation, and to minimize the amount of field welding 

required, the steel-band/fuse-plate assembly was conceived such that two halves of 

the assembly could be first welded in-shop, transported to the site, and joined 

together with complete penetration welds. The ends of the fuse-plates connected to 

the beams were welded using SMAW with E70 electrodes. Welding was chosen to 

minimize the length of plate required, but a bolted connection is also possible (in 

such case, the bolts should be designed as slip critical and care must be taken to 

avoid net area tensile yielding in the vicinity of the bolts). Once the steel-band/fuse-

plate assembly was in place and connected to the beams, a quick setting grout with a 

28-day compressive resistance of 30 MPa was poured behind the steel-band to 

ensure uniform contact with the column face.  

 

 

Figure 2-8   Steel-band and fuse plate retrofit strategy (Ref 6) 
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Figure 2-9  Hysteretic M-Ѳ  relationship results for retrofitted specimen (Ref 6) 

 

 

2.7  Effect of floor slab 

In new design it is often thought that ignoring the additional strength and stiffness 

provided by a floor slab is conservative. For seismic design this is not typically 

correct, because: 

 

1. The field and laboratory experimental evidence reveals that a large amount 

of interaction will occur even if there are relatively few or no shear studs or 

mechanical connectors. For example, older steel beam bridges behave 

compositely far beyond the service range even if there is no mechanical 

attachment between the beams and slab (Leon et al, 1993).  

2. While the amounts of slab reinforcement provided for flexural strength are 

generally small or non-existent in the lateral load resisting frames, there is 

generally reinforcement placed above the girders as : 

             (a) Part of the mechanism to transfer diaphragm action and  

             (b) To limit cracking above the girders and beams and around the column,  
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This steel will participate in carrying the loads whether its effect is included in design 

or not.  Clearly, from a capacity design standpoint, this steel reinforcement cannot 

be neglected because if some degree of interaction exists, the stiffness and strength 

ratios between beams and columns will shift In particular, the ratio of column to 

beam flexural strength will decrease leading to the possibility of column hinging 

rather than beam hinging. 

 There is new evidence that the presence of a slab will considerably affect the local 

strains. In a recent series of tests, the strains in a fully welded connection with a 

composite floor slab were one order of magnitude greater at yield at the bottom 

flange than at the top flange (Leon and Hajjar, 1996). This helps explain the 

preponderance of failures in bottom flanges observed during the Northridge 

earthquake and should serve as a warning to designers that slabs play an important 

role in connection behaviour, As further evidence, while bottom flange failure 

occurred in over 90% of the connections damaged in the Northridge earthquake 

(where floor slabs were in place), laboratory testing without floor slabs has resulted 

in a nearly random distribution of top and bottom flange failures.  

The effect of the floor slab will be significantly influenced by the detailing (primarily 

anchorage) of the slab reinforcement and how the slab is formed around the 

column, Figure. 2.11 shows a strut-tie mechanism describing how the tensile forces 

in the slab on one side of the connection are transferred to the column by bearing on 

the other side. Note that transverse slab reinforcement is needed in order to 

maintain the force transfer and that the transfer mechanism can be improved by 

infilling the area between the column flanges with concrete. 
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Figure 2-10  Strut and tie mechanism for force transfer from the slab to the column (SAC95-
09, Roberto Leon) 

 

If the slab is not in full contact with the column flanges, this mechanism may not 

exist or be fully effective. In fact, isolating the slab from the column may be a good 

way of dealing in new construction with some of the over-strength problems 

described above , The key point, however, is that designers must account for the 

effect of the floor system in their connection design and that to ignore its effect is 

un-conservative. With existing much weaker construction the opposite is often 

employed. 

An additional factor to consider is the presence of transverse beams (not shown in 

Figure 2.11) which will help in the force transfer particularly if their connections 

possess some torsional strength. While the tendency will be to ascribe negligible 

torsional restraint to the beam framing into the weak axis of the column, the 

presence of the slab precludes this assumption. Unfortunately, there is very little 

experimental or analytical work in this area, and it is has not been possible to 

formulate design recommendations on how to handle this effect from the literature 

review, leading to part of the experimental test programme being formulated to 

develop these recommendations. The procedures provided in this section are meant 

to be conservative and to be used if better data is not available. (Roberto T. Leon, 

2011). The floor slab influence is incorporated into NZS3404 (appendix 2, 2007) from 

HERA report by Nandor Mago.  
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2.8 New Zealand recommendations  for seismic assessment of 

frames with riveted joint (version of 2006) 

2.8.1 Clip angle type connection 

Following procedure for evaluating the nominal moment capacity and rotation of 

riveted or early bolted steel connections is given in Roeder’s work. This procedure is 

applicable for beam to column connections formed with either tee-stub or clip angle 

connections between beam flange and column flange, as shown in Figure. 2.12. 

(Roeder et al. 1996). 

The procedure includes a method for calculating the effective yield moment for a 

riveted connection, along with expressions for the rotational capacity at maximum 

strength of the joint. 

 

Figure 2-11   Joint detail 

 

 

Roeder et al (1996) require three modes of failure to be checked for the critical case, 

as : 

(1) Tensile failure of the stem or outstanding leg of the angle or tee section 

connection onto the supported beam flange. 

(2) Shear yielding/failure of the connectors 
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(3) Flexural yielding of the leg(s) of the angle or tee-stem connecting onto the 

supporting column flange. 

 

Bending moment capacity of flange cleat angle: 

   
     

  
 ×                                                           (2.7) 

Where    is minimum of (beam flange width, angle length) and     is thichness of 

flange cleat angle length and      is design yeild strength of the angle section. 

From equasion (2.7)  tensile force in flange cleat bolts(rivets) is : 

P= 
   

 
                                                                        (2.8) 

Where a is the distance between bolt centerline to the flange cleat angle leg 

Bending moment capacity of web cleat angle 

    
  

 
         ×                                          (2.9) 

    is length of web cleat angle face and     is thickness of web cleat angle leg. 

Tensile force in web cleat bolts (rivets) is: 

T=  
   

 
                                                                   (2.10) 

Where k is the distance between bolt centerline to the web cleat angle leg. 

 

Yield moment capacity of the joint is: 

 

   = PDb + T b                                                      (2.11) 

 

Figure 2.13 shows the proposed moment–rotation behavior of riveted clip angle/T-

stub connection based on Roeder et al experimental studies on seismic resistance on 

older steel structures at the University of Washington and University of Minnesota 

(Roeder et al 1994). 
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Figure 2-12  Moment–rotation curve 

 

 

  =   5 milliradians, for a clip angle type connection 

   = 
    

  
                   

                          

 

          

 

     As given by equation (2.11) for a bare steel connection 

              2×     for a clip angle type connection                                (2.12) 
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2.9 Revised New Zealand recommendations for seismic 

assessment of frames with riveted joint (2011) 

 

The previous NZ recommendations that published by New Zealand Society for 

Earthquake Engineering (NZSEE) in 2006 had considered the influence of concrete 

slab by increasing the moment-capacity of joint by factor of two. It seems that this 

factor was chosen based on lack of efficient data on slab contribution in moment 

capacity of riveted connection. 

The research undertaken in this project, has generated changes to the NZSEE 

recommendations (version 2011). 
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2.10    Review of past researches on CFRP-NSM 

The first known experiments with near-surface mounted CFRP laminate strips as a 

strengthening technique were published by Baschko and Zilch in 1999. In this work, 

the authors compared externally bonded reinforcement with NSM-CFRP laminate 

strips as strengthening techniques. With this purpose, Baschko and Zilch carried out 

the bond and mechanical tests schematically represented in Figure 2.14. The 

properties of the utilized CFRP laminates and the dimensions of the slits are included 

in Figure 5.2. Based on the results obtained in the bond tests, the authors concluded 

that the NSM technique provided a higher ductility and load carrying capacity than 

the EBR technique. The bending tests performed with the beams shown in Figure 

2.14 indicated that the NSM technique was capable of almost double the load 

carrying capacity of the corresponding beams strengthened with the EBR technique. 

One experimental test of RC two-way labs strengthened with NSM CFRP rods carried 

out by Gilles Foret (2007) showed that the NSM technique improves the bearing 

capacity of RC two-way slabs and also more ductile behaviour is also observed 

compared to the EB technique. 

In order to evaluate the efficiency of the NSM-CFRP laminate strips technique for 

increasing the flexural capacity of reinforced concrete beams, an experimental 

program was carried out by Barros and Fortes (2002). The test results have shown 

that the strengthening configurations adopted in the test series were capable of 

almost double the load carrying capacity of the corresponding reference beams. High 

efficacy was obtained, since at the failure of the beams, the stress on the CFRP 

reached values ranging between 60 % and 90 % of its tensile strength.  
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Figure 2-13  :  Baschko and Zilch’s tests on the beams 

 

Tan et al. (2002) carried out an experimental program in order to study and compare 

the efficiency of different CFRP strengthening systems and techniques for the 

flexural strengthening of reinforced concrete slabs. Figure 2.15 shows the details of 

the slabs analyzed in this research. Two laminate strips of CFRP were used to 

reinforce slabs A and B. The strips of the latter were pre-stressed. In slabs C and D 

the strengthening system was composed of a CFRP sheet and several CFRP laminate 

strips, respectively. Her test results showed that slab D exhibited the highest load 

carrying capacity. In this case the CFRP laminate strips were fully utilized prior to 

failure. 
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Figure 2-14 : Tan et al.’s tests on the slabs 

 

Another set of experimental test was carried out by R. El-Hacha, S.H. Rizkalla, and R. 

Kotynia (2004) on concrete beams.  

In these tests the effectiveness of NSM-FRP rebars and strips was examined and 

compared to externally bonded (EB) FRP strips (Figures 2.16 – Figure 2.18). 

 

Figure 2-15  Various FRP Strengthening Schemes 
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Table 2-3  Test matrix for the T-Beam Specimen 

 

 

Figure 2-16  Load –tensile strain of NSM-CFRP 
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Figure 2-17   Load-deflection of beams strengthened with strips (NSM and externally bonded 
CFRP) 

 

 

2.10.1 Summary of significant results and failure mode of tested 

beams  

 

 The beams strengthened with various NSM reinforcements achieved higher 

ultimate load than the beams strengthened with various EB reinforcements having 

the same axial stiffness of FRP. This is due to the high utilization of the tensile 

strength of the FRP reinforcement.  

 The beams strengthened with NSM-CFRP strips failed by tensile rupture of the 

strips.  

 The beams strengthened with NSM-CFRP and GFRP rebars failed by debonding at 

the FRP- epoxy interface.  

 For the beam strengthened with NSM-GFRP strips, failure was dominated by the 

high shear stresses at the concrete-epoxy interface.  

 All beams strengthened with EB-FRP strips and sheets failed by debonding 

between the FRP and the concrete.  
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 In general, the behaviour of the NSM strengthened beams indicated significant 

increase in the stiffness and strength in comparison with the EB strengthened 

beams as well the non-strengthened beam.  

 

J.A. Barros conducted three series of experimental tests to study the efficacy of 

CFRP-NSM techniques for the flexural and shear strengthening of concrete beams. 

He concluded for the flexural strengthening, the NSM technique was the most 

effective, but the difference between the efficacy of NSM and EBR techniques 

decreased with the increase of the longitudinal equivalent reinforcement ratio, (steel 

and CFRP converted into equivalent steel).   

Firas Al-Mahrnoud, Arnaud Castel (Ref 9) studied the strengthening of RC beams 

with near-surface mounted CFRP rods (Figure 2.19).  

Concrete with different compressive strength and one type of CFRP rods with 

diameters of 6 and 12 mm were used in the tests. The modulus of elasticity and ten-

sile strength of the CFRP rods were determined by laboratory testing. They were 146 

GPa and 1875 MPa, respectively. 

 

 

Figure 2-18   Test Beam details and set-up (Ref 9) 
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The most important results are: 

In the case where the failure of strengthened members is due to the NSM system failure, 

two different types of rupture are possible:  

 If the CFRP rod is longer than the cracked span length of the beam at the ultimate 

stage, the failure is due to the pull-out of the rods,  inducing almost simultaneous 

splitting of the cracked concrete surrounding the groove.  

 If the load causes some cracks which reach the end of the CFRP rod, the failure is 

due to the peeling-off of the concrete covering the groove from the end of the rod.  

 The concrete strength does not influence the load-carrying capacity of the 

strengthened beam when the failure occurs by NSM system failure.  

 

Hassan and Rizkalla (Ref 26) conducted nine experimental tests on concrete beams 

and concluded that the tensile stresses at the concrete-adhesive interface as well as 

at the CFRP adhesive interface are highly dependent on the groove dimensions and 

control the mode of failure of the NSM-CFRP bars. They suggested that the efficiency 

of NSM-CFRP strips was three times that of the externally bonded strips. 

 

 

Figure 2-19  Test Set-up (Ref 26) 
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Figure 2-20   Maximum tensile strain in CFRP strips at failure versus bond length (Ref 26) 

 

Hassan and Rizkalla  concluded that use of NSM- CFRP strips substantially increases 

both the stiffness and strength of concrete beams. The ultimate load carrying 

capacity of the beams can be increased by as much as 53%. Groove dimensions of 5 

mm wide by 25 mm deep were adequate to prevent splitting of the epoxy cover. 

They also suggest that the development length decreases with the increase of either 

the concrete compressive strength and/or the groove width. 

Debonding loads increase by increasing the embedment length of CFRP strips, 

concrete compressive strength, and/or groove width.  

The most critical failure mode appears to be concrete cover separation starting from 

the maximum moment region. Provided that bars with a reasonable degree of 

surface deformation are used, failure at the bar-epoxy interface is unlikely. 

Moreover, in cases where the NSM reinforcement is needed over the entire length 

of a member, NSM bars can be easily anchored to adjacent members so that 

debonding failure at a cut off section can be prevented.  

For design purposes, the simplest approach to the prediction of debonding is to 

establish a bond reduction factor for the ultimate tensile strain of the reinforcement. 

Such an approach is currently adopted by ACI-440 for debonding of externally 

bonded laminates. 
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2.11    Development length for NSM- CFRP bars: 

Tarek K. Hassan and Sami H. Rizkalla (Ref  27) carried out several experimental and 

analytical investigations undertaken to evaluate bond characteristics of NSM FRP bars to 

concrete. A total of eight concrete beams, strengthened with NSM CFRP bars were 

tested under monotonic static loading. Different embedment lengths were studied to 

determine the development length of the FRP reinforcement. A quantitative criterion 

governing debonding failure was established. The proposed bond model assumes linear 

elastic behaviour for the concrete, adhesive and the near surface mounted (NSM) FRP 

bars, following the same philosophy of the ACI provisions for bond analysis and design. 

The proposed analytical model is validated by comparing the predicted values to test 

results as well as to nonlinear FE modeling. The influences of key parameters, including 

the thickness of the adhesive cover, groove width, groove spacing and internal steel 

reinforcement configuration are discussed.  

Tarek K. Hassan and Sami H. Rizkalla present design guidelines for an efficient use of 

NSM FRP bars through comprehensive experimental and analytical investigations. 

They observed that mode of failure for all beams strengthened with NSM CFRP bars was 

due to splitting of the concrete surface at the concrete-epoxy interface. The observed 

mode of failure did not involve the internal steel reinforcement. After debonding of the 

NSM CFRP bars, the beams behaved as conventional concrete beams reinforced with the 

steel reinforcement only. The load dropped to a load level equivalent to the yielding 

moment of the beam and was maintained until crushing of the concrete. Test results 

showed that increasing the embedment length by 50 percent resulted in an increase in 

the maximum tensile stress in the CFRP bars by less than 7.5 percent. 
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Figure 2-21   Load-deflection for the behaviour of the test (Ref 27) 

 

 

Figure 2-22  Bond-slip relationship for the NSM-CFRM bar (Ref 27) 

 

Two different types of debonding failures can occur for NSM-FRP bars. The first mode of 

failure is due to splitting of the epoxy cover as a result of high tensile tresses at the FRP-

epoxy interface, and is termed "epoxy split failure". Increasing the thickness of the epoxy 

cover reduces the induced tensile stresses significantly. Furthermore, using adhesives of 

high tensile strength delays epoxy split failure.  The second mode of failure is due to 

cracking of the concrete surrounding the epoxy adhesive and is termed "concrete split 

failure". This mode of failure takes place when the tensile stresses at the concrete-epoxy 

interface reach the tensile strength of the concrete. Widening the groove minimizes the 

induced tensile stresses at the concrete-epoxy interface and increases the debonding 
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loads of the NSM bars. Concrete split failure was the governing mode of failure for the 

test specimens reported in this investigation. Large epoxy cover and high tensile 

strength of the epoxy adhesive provided high resistance to epoxy split failure and shifted 

the failure to occur at the concrete-epoxy interface'".  

The tangential bond stress,   can be estimated with an average value of 

d

frp

L

fd

4
                                               (2.12) 

Where d is diameter of the bar and dL  is embedment length needed to develop a stress 

of frpf  in the NSM bar. If the coefficient of friction between the bar and the epoxy 

is defined as  , then, the radial stress radial  shown in Figure 2.24 can be 

expressed in terms of the radial stress as follows: 

 

 

Figure 2-23  Force between NSM-CFRP and adhesive (Ref 27) 

 

d

frp

radial
L

fd

4





                                     (2.13) 

The tensile stresses at the concrete-epoxy interface, EpoCon   and at the FRP-epoxy 

interface,  

EpoFrp , shown in Figure 2.25, can be expressed in terms of the radial stress as follows:  

 

d

frp

EpoCon
L

fd
G




4
1                               (2.14) 
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d

frp

EpoFrp
L

fd
orGG




4

'

22                   (2.15) 

Where 
1G  ,

2G and '

2G  are coefficients, determined from the finite element analysis 

based on a unit radial pressure applied at the bar location and using specified groove 

dimensions, concrete and adhesive properties. The maximum tensile stresses at the FRP-

epoxy interface, depend on the coefficients G2 and '

2G , whichever is greater as shown in 

Figure 2.25.  Equating the tensile strength of concrete to Equation (2.14), the minimum 

embedment length needed for NSM-CFRP  bars to prevent concrete split failure can be 

expressed as : 

 

t

frp

d
f

fd
GL

4
1                                    (2.16) 

Equating the tensile strength of adhesive to Equation (2.15) , the minimum embedment 

length needed for NSM FRP  bars to avoid epoxy split failure shall not be less than: 

 

a

frp

d
f

fd
orGGL

4

'

22                            (2.17) 

 

Where tf  and af  are the tensile strength of concrete and adhesive, respectively.  

The modular ratio, n, can be defined as:  

a

c

E

E
n                                                     (2.18) 

Where cE and aE  are the modulus of elasticity of concrete and adhesive, respectively. 

Practical values of the modular ratio, n, can vary between 5 and 40.  
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Figure 2-24  Typical stress distribution around the bar (Ref 27) 

 

Figure 2.26 shows a proposed design chart for the development length of NSM-FRP bars. 

Using wider groove (w), increases the tensile stress at the FRP-epoxy interface (G2 

and/or '

2G ) due to the substantial increase in the area of adhesive and consequently in 

its stiffness. The coefficient of friction between CFRP bars and different epoxy adhesives 

used in this study to bond the NSM bars to the concrete was determined according to 

the ASTM, G115-98. Smooth- and rough-surface topographies of the adhesives were 

tested. Test results showed that the average coefficients of friction between CFRP bars 

and adhesives of rough- and smooth-surface topographies were 0.66 and 0.33, 

respectively with an average value of 0.5.  
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Figure 2-25   Design chart for the development length of NSM FRP bars (Ref 27) 

 

 

 

2.11.1 Determination of  development length of NSM-FRP bars   

a)  Determine the material characteristics of FRP bars, concrete and adhesive.  

b)  Determine the coefficient of friction between the FRP bar and the bonding adhesive 

according to the ASTM 0115-98 or based on information provided by the manufacturer.  

c)  Select groove dimensions, thickness of the clear epoxy cover and use the proposed 

design chart, given in Figure 2.26 to determine the coefficients G1 and the greater of 

coefficients G2 and '

2G   

d)  Determine the maximum allowable tensile stress in NSM-CFRP bars prior to 

debonding using either non-linear finite element analysis or laboratory testing. A 

conservative value of 40% of the tensile strength of the CFRP bars can be used 

alternatively, regardless of the embedment length used.  

e)  Calculate the development length using the greater of Equation B5 and Equation B6  

f)  Reselect groove dimensions if necessary and repeat steps (c) to (e).  

g)  Development length of NSM-CFRP bars tested should not be less than 80 times the 

diameter of the bars.  
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Figure 2-26  Influence of groove spacing on tensile stresses at the concrete-epoxy interface 
(Ref 27) 

 

 

 

Figure 2-27  Influence of edge distance on tensile stresses at the concrete-epoxy interface 
(Ref 27) 
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 Hassan and Rizkalla (2002), for the development length of bar and laminate CFRP-

NSM, suggested an expression for max  when concrete crushing is the controlling 

failure mode as: 

ctc

ctc

ff

ff




'

'

max                                      (2.19) 

 

Figure 2.29 shows the equilibrium condition of an FRP bar with an embedded length 

equal to its development length    . The force in the bar is resisted by the shear 

stresses b  acting on the surface of the bar. Assuming a triangular stress distribution 

(Ibell and Valerio, 2002), the average bond stress can be expressed as max5.  b  

Via equilibrium, the following equations can be derived for circular and rectangular 

bars, respectively:  

fe

b

d f
d

l
)5(.4 max

                                     (2.20) 

fed f
ba

ba
l

)5)(.(2 max


                           (2.21) 

 

When '

cf  and ctf  are compressive and tensile strengths of concrete, respectively. 

When the controlling failure mode is not known, a conservative value of 

MPa5.3max   is suggested.  

 

Figure 2-28  Transfer of force in an FRP bar 
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2.12     Minimum recommended dimension for groove  

The minimum dimension of the grooves should be taken at least 1.5 times the 

diameter of the CFRP bar. However, when a rectangular bar with large aspect ratio is 

used, the limit may lose significance owing to constructability. In such a case, a 

minimum groove size of ba 5.13   as depicted in Figure 2.30 could be suggested, 

where parameter    is the smallest bar dimension. In other instances, the minimum 

groove dimension could be the result of installation requirements rather than 

engineering. For example a 5 mm  groove may be the smallest possible because of 

the saw blade size.  

Bond properties between CFRP reinforcement and concrete are similar to that of 

steel reinforcement, and depend on CFRP type, elastic modulus, surface 

deformation, and shape of the CFRP bar (Al-Zahrani et al., 1996, Uppuluri et al., 

1996, Gao et al., 1998).  

For the case of RC beams strengthened using NSM-CFRP rectangular bars, Hassan 

and Rizkalla (2002) found that the development length is highly dependent on strip 

dimensions, groove size, concrete and adhesive properties, internal steel 

reinforcement ratio, reinforcement configuration, and type of loading. They 

suggested that the development length increases by increasing the internal steel 

reinforcement ratio, and decreases with the increase of either the concrete 

compressive strength and/or the groove size.  

 

Figure 2-29  Minimum dimension for groove 
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2.13   Design philosophy  

The strength design approach with its strength reduction factors as used in ACI 

318(1999) is recommended for RC members using NSM-FRP reinforcement. 

Additional strength reduction factors applied to the contribution of the NSM 

reinforcement are suggested to reflect the novelty of FRP systems compared with 

traditional methods.  

The equations presented in this section are based on principles of force equilibrium, 

strain compatibility, constitutive laws of the materials, and make reference to the 

"Guide for the Design and Construction of Externally Bonded FRP Systems for 

Strengthening Concrete Structures" reported by ACI Committee 440 (2002), and the 

"Guide for the Design and Construction of Concrete Reinforced with FRP Bars" also 

reported by ACI Committee 440 (2001).  

Careful consideration should be given to determine a strengthening threshold. The 

threshold is imposed to guard against collapse of the structure should bond or other 

failure of the FRP system occur owing to fire, vandalism, or other causes. The existing 

strength of the structure ( nR ) should be sufficient to resist a level of load described 

by Equation B11:  

nR = 1.2D +.8L                                   (2.22) 

Material properties of the FRP reinforcement reported by manufacturers, such as 

the ultimate tensile strength, typically do not consider long-term exposure to 

environmental conditions, and should be considered as initial properties. FRP 

properties to be used in all design equations are given as follows (ACI 440, 2001, and 

2002):  

  *

fuEfu fCf                                              (2.23) 

  *

fuEfu C    

Where fuf  and fu  are the FRP design tensile strength and ultimate strain 

considering the environmental reduction factor 
EC  as given in Figure 2.31. 
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*

fuf  and *

fu   represent the FRP guaranteed tensile strength and ultimate strain as 

reported by the manufacturer. FRP design modulus of elasticity is the guaranteed 

value reported by the manufacturer.  

 

Figure 2-30  Environmental-reduction factor CE  (ACI 440, 2002) 

 

 

2.13.1 Flexural design 

Guidance for the calculation of the flexural strengthening effect resulting from 

longitudinal FRP reinforcement mounted onto the tension face of an RC member is 

illustrated in Figure 2.32  for the case of a rectangular section.  

Assumptions used in the design are:  

 A plane section before loading remains plane after loading 

 The maximum usable compressive strain in the concrete is 0.003, and its 

tensile strength is neglected 

 The FRP reinforcement has a linear-elastic behaviour up to failure 

 Perfect bond exists between FRP reinforcement and surrounding concrete.  

 

The strength reduction approach follows the philosophy of ACI 318 (1999) Appendix 

B, where a member with low ductility should be compensated with a higher strength 

reserve. The higher strength reserve is achieved by applying a factor of 0.70 to brittle 

members, as opposed to 0.90 for ductile members. The strength-reduction factor (¢) 

given by Equation B13 should be used (ACI 440, 2002):  

 

9.                                for     005.s  
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75.             for      005. sy                 (2.24) 

7.                                 for       005.s  

Where y  and s    are the strains in the reinforcing steel at ultimate and yielding, 

respectively.  

The calculation procedure used to arrive at the ultimate strength should consider the 

governing mode of failure.  

The trial and error procedure presented in this section involves selecting a given neutral 

axis depth (c) and a failure mode (i.e. selecting cuc   ); then  calculating the strain 

level in each material using strain compatibility; calculating the associated stress level in 

each material from its stress-strain relationship, and checking internal force equilibrium. 

If the internal force results do not equilibrate, the depth to the neutral axis is revised 

and the procedure repeated.  

When failure is controlled by concrete crushing, the Whitney stress block approach (ACI 

318, 1999) can be used without modifications. In the case of FRP rupture or concrete 

cover delamination control failure, the Whitney stress block gives reasonably accurate 

results provided that
1 , takes the expression of Equation 2.25 rather than the fixed 

value of .85 (while 
1  remains the same as from Section 10.2.7.3 of ACI 318,1999):  

 

                
1

''

2'

1
3

3






cc

ccc 
                                     (2.25) 

      Where 

                
c

c

c
E

f '

' 71.1  

                
cc

cc






26

4
'

'

1



                                     (2.26) 

The ultimate effective strain ( fe ) that should be used for FRP reinforcement is given 

below:  

                   fumfe k                                            (2.27) 
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Where km is a bond dependent coefficient meant to limit the strain in the FRP 

reinforcement to prevent debonding or delamination. Limited experimental evidence 

(De Lorenzis and Nanni, 2002) indicates that Km is highly affected by surface properties 

of the FRP bar (deformed or sandblasted), by groove size, by properties of the epoxy 

paste, and concrete tensile strength. Splitting of the epoxy cover, cracking of the 

concrete surrounding the bar, and pull-out of the FRP bar were the main failure modes 

experimented on during the laboratory tests reported in the literature. Experimental 

values of (km) were found to vary between 0.60 and 0.84. Further research should result 

in a more accurate method for predicting the appropriate bond dependent factor. A 

value of         has been selected in the design. This value is consistent with both 

experimental data (De Lorenzis and Nanni, 2002) and the approach followed by ACI 440 

(2002) when defining an equivalent strain reduction factor for externally bonded FRP 

laminates.  

Nominal tension strain attained in the concrete surrounding FRP bars can be expressed 

as:  

bife

f

fc
c

cd
 


,

                                                        (2.28) 

Where fd  represents the depth to the FRP reinforcement.  

The initial strain bi in Equation 2.28  can be evaluated using an elastic analysis of the 

existing member, considering all loads present at the time of FRP installation. The 

first term in the above equation     
    

 
    should be used when concrete crushing 

failure governs. The second term, bife   , should be used when FRP is the 

controlling failure mode. Assuming no compression steel reinforcement, the 

moment capacity of the strengthened member can be expressed as follows:  

)
2

()
2

( 11 c
dfA

c
dfAM ffeffssn







                         (2.29) 

Where sf  and fef  are taken from Eq. (2.30), and f  is an additional reduction factor 

of .85 recommended to be taken into account for the novelty of FRP (ACI 440, 2002):  

 

ysss fEf    
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feffcffe EEf   ,                                                               (2.30) 

 

 

 

 

Figure 2-31  Ultimate internal strain and stress distribution for rectangular sections 
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2.14  Summary 

 

In Chapter 2, previous research on steel riveted joints has been presented, revealing 

a limited number of monotonic tests on riveted joints and very few cyclic tests, with 

none of these including the effect of the slab. The only available information on the 

influence of the concrete slab on these types of early steel connections was report 

SAC-95 (Ref 24). More information can be found in (Ref 24) on cyclic and monotonic 

tests on riveted connections. These tests were used to develop the NZSEE 

recommendations for assessment of steel riveted joints (Ref 20).  However, these 

tests were on North American and Canadian built structures and the geometry of 

their joints is slightly different to that used in the Hope Gibbons Building. The 

research undertaken in this project has generated changes to the NZSEE 

recommendations (version 2011). 
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3. CHAPTER 3 :   BUILDINGS WITH RIVETED JOINTS IN        

NEW ZEALAND 

 

 

 

3.1 Introduction : 

 This chapter presents all available drawings of  steel buildings in  New Zealand  in order to 

compile  a complete set of typical detailed drawings and consents which been used in 1920-

1960 in New Zealand. 

 

 

 

  

 

3.2 Technical challenges and constraints of   experimental tests on 

riveted joints 

 

3.2.1 Heritage status 

 Many of the target buildings have heritage status meaning that they cannot be sampled in 

any significant way. This makes it difficult to obtain as-built properties such as material 

strengths and concrete encasement reinforcing details. Similarly, retrofit measures are not 

permitted to alter the appearance of the buildings. Few, if any specimens extracted from 

actual buildings have ever been tested and it would have been a significant achievement if 

this could have been done. There was a target building, situated within the Central Business 

District of Auckland City, close to the University, which, although scheduled for demolition 
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was  not demolished within the time span of the present research and the demolition order 

has since been revoked. This illustrates the difficulties of obtaining actual samples from 

existing buildings. 

 

3.2.2 Vanishing technology 

 The technology and skills for constructing full-scale duplicate riveted joints can no longer be 

readily accessed.  Even rivet substitutes such as ribbed or interference body bolts are no 

longer obtainable.  Although Roeder [Roeder,1996] has reported effectively duplicating rivet 

behaviour with bolts it was decided to conduct one more experimental test to evaluate the 

accuracy of duplicating rivet behaviour with bolts. 

 

 

 

 

 

 

 

 

3.3 Buildings with riveted joints in New Zealand: 

 

A search of council and library archives in the larger cities revealed a relatively small number 

(9) of old, riveted steel-framed buildings mostly constructed in the early 20th century. In only 

a few cases were there accessible drawings, specifications or other records of good quality, 

despite the fact that the buildings were often prestigious (especially at their time of 

construction) and in most cases now classified as heritage buildings. Because of their 

concrete encasement it was generally difficult to determine construction details from a 

visual inspection, or to establish how the designers had intended their buildings to resist 

horizontal loading. Some of the more notable buildings are listed below with brief 

comments on their characteristics. 

It been tried to find all available drawings of old steel buildings, all around New Zealand  in 

means of  compiling  a complete set of typical detailed drawings and consents which been 
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used in 1920-1960 in NZ. The most important source of consent in NZ , are city council 

archives which required exact address of buildings so in this way, all potential buildings in 

downtown of Auckland, Wellington, Christchurch, Wanganui cities had been checked to find 

out about address of these potential buildings. The other source is general Library archives 

and old consultants in Auckland and Wellington. The result of these searching ended up 

finding these heritage buildings with riveted steel frame such as: 

 Britomart Transport Centre, Auckland 

 Guardian Trust Building, Auckland 

 St James Theatre, Auckland 

 Prudential Assurance Building, Wellington 

 New Government Life Insurance Building, Wellington 

 Evening Post Building, Wellington 

 Public Trust Building, Lambton Quay, Wellington 

 Jean Batten Building, Auckland 

 Hope Gibbons Building, Wellington 

 

A brief description of each building is given as following:  

 

 

3.3.1  Britomart transport centre, Auckland central 

The building completed in 1912, served as Auckland’s Chief Post Office until 1992. 

Subsequently it has been re-developed as the entrance to the Britomart Transport Centre in 

downtown Auckland. Some of the riveted joints of its steel frame have been exposed as a 

feature of interest in the basement. There are no accessible drawings available for this 

building. 
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Figure 3.1  Britomart Transport Centre, Auckland central 

 

 

 
Figure 3.2  A glass-enclosed riveted joint at basement 
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3.3.2 Guardian Trust building, Auckland central 

Erected during the First World War for the New Zealand Insurance Company (NZI), this was 

one of Auckland’s first high-rise buildings and replaced an earlier three-storey building. It 

features a projecting clock from this earlier building. The building has four sheets of 

architectural and two sheets of structural drawings but they contain very little information 

about joint and other details. The rivet used in every connection as fasteners and building 

has a 2-way frame system without shear wall or bracing. 

 
Figure 3.3  Guardian Trust Building 

 

  

3.3.3 St James Theatre, Auckland central 

The building is located on Queen Street, Auckland central and was being considered for 

seismic retrofitting at the time of inspection (4 years ago). This would have provided an 

opportunity for taking samples and exposing joints. However, at the time of writing the 

building is still unoccupied and the retrofit operation is stalled. Being a purpose built theatre 

meant that it was not a typical structural form and so not ideal for research aimed at 

developing assessment and retrofit measures with reasonably broad applicability. Adjacent 
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to St James was a small, four-storeyed steel-framed building with concrete encased riveted 

joints that would have been demolished if the St James retrofit had proceeded. This would 

have provided an opportunity to cut out several complete beam-column joint samples for 

subsequent laboratory testing. Unfortunately this was not to be. The small building had six 

sheets of architectural and two sheets of structural drawings, which were helpful but not 

particularly clear. The rivet used in every connection and building had a 2-way frame system 

without shear wall or bracing. 

 

Figure 3.4  Four stories building next to St James building 

 

 

 

3.3.4  Prudential Assurance Building ,Wellington 

This outstanding Art Deco building was structurally designed in 1933 by an Australian 

company and completed the following year. It was one of the first buildings in Wellington to 

have a steel-framed structure incorporated in its design, the result of a new earthquake 

code introduced in NZ after the disastrous Napier earthquake of 1931. There are no 

drawings for this building. 
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Figure 3.5  Prudential Assurance Building, Wellington (332 Lambton Quay) 

 

 

 

3.3.5  New Government Life Insurance Building, Wellington, 50-64 

Customhouse Quay   

 

After the 1931 Napier earthquake this building was thought unsafe and it was pulled down. 

The present building, designed in 1932 and completed in 1936, has riveted joints with 

concrete encasement. This building has two pages of architectural and two pages of 

structural drawings of poor quality. 

The all connections are riveted and building had a 2-way frame system without shear wall or 

steel bracing. 
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Figure 3.6  Government Life Insurance Building, Wellington 

 

 

 

 

3.3.6 Evening Post  Building ,Wellington, 82-86 Willis street 

The eight storey  Evening Post building holds a special place in the culture of the capital city, 

as the Evening Post newspaper has been published there since the building was constructed 

in 1928. It is a good example of the Chicago style of steel building. Drawings of the building 

consist of five sheets of architectural plus one sheet of structural details. 

The rivet used in every joint and building has a 2-way frame system without shear wall or 

bracing. 
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Figure 3.7  Evening Post  Building ,Wellington 

 

 

 

 

3.3.7 Public Trust, 332–340 Lambton Quay  

The former Public Trust Office is an outstanding example of Edwardian Baroque architecture 

for which there are few counterparts elsewhere in the country. The dramatic effect of its 

great corner drum and dome; the giant order columns and segmental arches, and the 

richness of the decoration, is allowed full play by the wedge-shaped corner site of Lambton 

Quay and Stout Street. The construction, completed in 1909, and main frame includes steel 

riveted joints and is surrounded by stone walls. There are no drawings available for this 

building.  
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Figure 3.8  Public Trust, Lambton Quay, Wellington 

 

 

 

3.3.8 Jean Batten building, Auckland central 

This Art Deco building, completed in 1941, initially housed government offices but also 

served as a post office during its lifetime. Named in honour of New Zealand’s most famous 

woman aviator, Jean Batten, who had become an overnight international celebrity when she 

smashed the women’s record for a solo flight from England to Australia in 1934[Auckland 

city heritage walks, Auckland city,1995]. Jean Batten State Building was located on Queen 

Street, Auckland central, but has been demolished apart from one wall which serves as a 

façade of the BNZ building which has replaced it. The rivet utilized in every connection and 

building has a 2-way frame system without shear wall or bracing. 
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Figure 3.9  View of Building during demolition 

 

 

Figure 3.10  Close up view of concrete encased joint 
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3.3.9 Hope Gibbons’ Building, Wellington 

This building is an outstanding piece of townscape, which remains nearly prominent as it did 

when completed in 1927. It was designed by J.M Dawson. This classically detailed building 

was erected for the Gibbons, a successful business family in NZ. It now use for both 

commercial and residential purposes.  

 

Figure 3.11  Hope Gibbons Building, Wellington, from North-East corner 

 

 

This building has a nearly a complete set of drawings and a 45 pages construction 

specification of poor quality. The building is a dual frame-wall building and in which the 

walls play a significant role in the overall behaviour. It consist semi-rigid connection on both 

sides and external frames incorporated with shear wall. 
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Figure 3.12  Another view of Hope Gibbons building, Wellington, East side view 
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Figure 3.13  Typical drawing of Hope Gibbons building, Wellington 
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4. 3.4 Summary 

All potential buildings in downtown of Auckland, Wellington, Christchurch, Wanganui cities 

had been checked to find out about heritage steel building been erected 1920-1960. The 

result of these searching ended up finding 9 heritage buildings with riveted steel frame. A 

brief description of each building has been provided in section 3.3.  

5.  
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4 CHAPTER 4 :  ESTABLISHING PERFORMANCE OF AS-

BUILT BEAM TO COLUMN JOINT 

 

 

 

 

4.1 Importance of study 

Because of the considerable uncertainties in the behaviour associated with the semi-

rigid joints used in buildings of the Hope-Gibbons type, such as those due to 

concrete encasement and weak, flexible rotational connection, it was considered 

essential to conduct physical testing. Unfortunately the heritage status of the 

building precluded the extraction of sample joints, or any material other than a small 

number of concrete cores. Consequently, as an important part of the investigation of 

the seismic behaviour of the as-built beam-column joints, laboratory tests were 

carried out on half scale replicas of a typical connection, with concrete floor slab.  

A FE (Abaqus) model of the half scale replica was analysed to enable validation with 

the half scale laboratory test. Results of this study are presented in section 4.7. The 

half scale FE model was subsequently extended to full scale and used for numerical 

studies of the full scale, as-built joint that the tests were based on, as well as other 

typical joints throughout the building. The results of these numerical studies are 

presented in chapter 7.  
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The choice of a half scale model was due to the limited size of the laboratory test 

frame used to support the specimen during testing. The joint chosen for replication 

was located on an internal frame at second floor level of the HG building. The replica 

joint specimens were subjected to quasi-static, displacement controlled, cyclic 

loading of increasing amplitude. The reliability of the experimental results depends 

on the accuracy of simulation of the scaled material and mechanical properties. 

Section 4.2 summarises basic information on scale effects in commonly used 

experimental procedures in earthquake engineering research.  Material size, strain-

rate effects and scale effects due to fabrication of test specimens at reduced sizes 

are discussed.  

 

4.2 Scaling of test joint  

The theory for the static and dynamic testing of reduced-scale models and the 

application of the theory to the model testing is presented in section 4.2.1. 

Construction of the half-scale model of the replica HG joint is discussed in section 

4.3. 

  

 

4.2.1 Theory of reduced-scale model testing 

4.2.1.1 Similitude requirements for static structural models 

Similitude laws for static structural modelling are well known and reviewed briefly 

here. Static elastic model similitude is summarised in Table 4.1. Since all variables 

can be expressed in terms of two independent physical parameters (force and 

length), only two terms may be selected independently in forming the dimensionless 

π ratios. Typically, these two terms are modulus E and length L. Setting the scale 

factors SE and SL as the ratios of prototype to model values, the remaining model 

design rules (scale factors) are then uniquely defined in terms of these two inde-

pendent scale factors. Note that the strain scale factor is unity so strains must be 
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identical in model and prototype. There are no real difficulties met in satisfying this 

set of scaling laws except for the scaling of mass, where SM must equal   
  

  
 . (SE=1) 

 

Quantities Dimensions Scale factor 

Material-related properties 

Stress FL-2 1 

Modulus of elasticity FL-2 1 

Poisson ratio - 1 

Mass density FL-3 1/SL 

Strain - 1 

Geometry 

Linear dimension L SL 

Linear displacement L SL 

Angular displacement - 1 

Area L2 SL
2 

Moment of inertia L4 SL
4 

Loading 

Concentrated load Q F  SL
2 

Pressure distributed load q FL-2 1 

Moment  or torque FL SL
3 

Shear force V F SL
2 

Table 4.1  Similitude requirements, static elastic modelling 

 

 

4.2.1.2 Theory of scaling model 

Modelling theory establishes the rules according to which the geometry, material 

properties, initial conditions and boundary conditions of the model and the 

prototype can be related so that the behaviour of the model will predict the 

behaviour of the prototype. The laws of similitude, which are based upon well-

established principles of dimensional analysis, lead to the development of a 
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complete set of correlation functions (scaling laws) defining the model-prototype 

relationship. To satisfy modelling requirements for dynamic testing, there are three 

basic types of models: 

1- True replica models 

2- Models with artificial mass simulation and  

3- Models, which neglect the simulation of gravity forces [Krawinkler, 1981].  

 

Dimensional analysis is based on the premise that every physical phenomenon can 

be expressed by a dimensionally homogeneous equation that includes all physical 

quantities of interest in the phenomenon. With the greatest degree of simplification, 

this equation for a problem of structural dynamics is of the form: 

 

σ =F(r,t,ρ,E,a,g,L)                                 (4.1) 

 

Where σ = stress, r = position vector, t = time, ρ = material density, E = material 

stiffness, a = acceleration,  g = gravitational acceleration and L = length.  

Utilising dimensional analysis, this equation can be rewritten in the dimensionless 

form as: 

 

 

 
 =F(r/t,t/L(E/ρ)1/2,a/g, gLρ/E)                   (4.2) 

 

For a simulation of all quantities in equation (4.1), the dimensionless terms in 

equation (4.2) must be equal in both the model and the prototype. This imposes 

severe limitations on the selection of model materials and scale factors.  

Recognising these difficulties, it is necessary to take a close look at several types of 

model. Either the models must fulfil all requirements stipulated in equation (4.2), or 

only some of the requirements, provided they are still feasible for realistic modelling 

of specific problems in earthquake engineering. 
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 True Replica Models  

These models are defined as those that fulfil all of the similitude requirements stated 

in equation (4.2). With true replica models, if gravity is the same in the model and 

prototype it is not possible to use the prototype materials in the models. Since    

(   
  

  
   is equal to one. It follows that   

  

 
    is equal to one which means 

 
 

 
        which requires model materials having a much smaller stiffness E or 

much larger density   than the prototype. This restriction comes from the necessity 

to simulate gravitational forces in addition to inertia forces and severely limits the 

application of true replica models since suitable model materials can rarely be found. 

In column one of Table (4.2) the similitude requirements for several physical 

quantities of true scale models are listed assuming that     is equal to one. 

It is therefore necessary to develop reduced-scale modelling alternatives which 

result in negligible or minimal distortions of the response quantities of interest, two 

such alternatives are: 

1- Models with artificial mass simulation  

2- Models without simulation of gravity loads 

 

 

 

 Models with Artificial mass simulation  

Equation 4.2 for true replica modelling requires that model material have a small 

modulus or large mass density or both. Since such materials are difficult to find, it 

appears attractive to augment the density of structurally effective material with 

additional material which is structurally not effective. 

This can be easily achieved in structural systems in which the mass is concentrated at 

certain locations. In multi-story buildings with heavy concrete floors, masses can be 

added at the floor levels. A lumped mass system will closely simulate the prototype 

behaviour since the majority of the mass is concentrated at the floor levels. The 

modelling requirements for models with artificial mass simulation are listed in the 

second column of Table 4.2. 
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 Models without the simulation of gravity forces  

In this type of model, stresses induced by gravity loads are assumed small compared 

to the stresses generated by seismic motions. If gravity has a negligible effect on the 

seismic response, there is no need to simulate gravitational effects. In this case, (
 

 
    

need not be equal to one, which allows more freedom in selecting model materials 

and scaling parameters, The scaling laws can then be derived from the remaining 

dimensionless products of equation 4.2 with  "g"  in    
   

 
   replaced by  "a."  

The independent quantities are L, E and   and the associated similitude 

requirements listed in the third column of Table 4.2. If the prototype material is used 

in the model (i.e.,   =    = L), all scale factors in this column can be expressed in 

terms of     . 

The advantage of models without simulation of gravity forces is that they are simply 

scaled down versions of the prototypes without the need for additional masses. 

However, modelling theory dictates that input accelerations be increased by the 

factor 
 

  
  and time be compressed by the factor     when using the prototype 

material in the models. In the elastic range, this type of model is very accurate when 

compared to the behaviour of the prototype structure. When the structure is 

damaged and becomes inelastic, the accuracy of the model is more difficult to 

assess.  

Model scaling 

parameters 

True replica 

models 

Artificial mass 

simulation 

Gravity forces 

neglected 

Length (Lr) Lr Lr Lr 

Time (tr) (Lr)
1/2 (Lr)

 1/2 Lr(E/ρ) r-1/2 

Gravitational 

acceleration (gr) 

1 1 neglected 

Acceleration (ar) 1 1 Lr
-1 (E/ρ)r 

Mass density (ρr) Er/Lr Er Lr 
2 ρr 

Strain  (εr) 1 1 1 

Stress (σr) Er Er Er 

Module of elasticity (Er) Er Er Er 

Displacement  (ξr) Lr Lr Lr 

Specific stiffness  (E/ρ)r Lr augmented (E/ρ)r 

force  Er Lr 
2 Er Lr 

2 Er Ir 
2 

Energy Er Lr 
3 Er Ir 

3 Er Ir
3 

Table 4.2  Similitude Requirements [Moncarz and Krawinkler, 1980] 
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Subscript notation:  

m = model  

p = prototype  

r = ratio between model and prototype  

Augmented means that the mass of the building has been augmented by adding 

additional, structurally ineffective mass to the building. In the third column, the 

effect of gravity is neglected in this model as the name of the model implies. The 

theory of this model assumes that the effect of gravity forces is small or negligible.  

 

 

4.2.1.3 Size effect on strength properties 

There is considerable evidence that a reduction in specimen size leads to an increase 

in strength properties. This increase can be explained by the "weakest link" theory 

and is affected by the difference in strain gradients of large and small specimens. For 

structural steel, it is proposed that the yield stress can be related to the volume of 

the test specimens and can be expressed by the equation of: 

σy=σY1/(V1/m)                      (4.4) 

 

Where V  is the volume of the test specimen and  σY1  is the yield stress for a 

specimen of unit volume and  m  is a material constant. For mild steel, Helmut 

Krawinkler [Moncarz and Krawinkler, 1980], suggested a value of 40 for m. 

 

 

4.2.1.4 Effect of scaling on the response of reinforced concrete elements  

Krawinkler at el. showed, scaling effects due to fabrication of reinforced concrete 

elements and structures can be reproduced faithfully in models at scales as small as 

1:15 [Ref 13]. 

Figure 4.1 shows how closely the stress-strain characteristics can be met at 1/10 

scale. Figure 4.2 illustrates the excellent matching of stress-strain response on a non-
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dimensional basis for a prototype concrete and several different Portland cement 

and gypsum-based model concretes. 

 

Figure 4-1  Comparison of stress-strain behaviour of prototype concrete and 1/10 scale 
model concrete [Ref. 22] 

 

 

Figure 4-2  Comparison of compressive stress-strain curves for various concretes [Ref. 22] 
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4.3 Design of replica scaled as-built joint for HG building 

This section presents the detailed design for the column, main beam, secondary 

beams and angles of the half-scale model based on the as-built connection located 

on the second floor of the middle frame of the HG building. 

For other parts of assembly such as bars and slab, etc  only a summary of the results 

of their half-scale design is shown in Table 4.3. 

It is important to be noted that that scaling is necessarily a process of compromising, 

as complete similitude is not possible in structural testing. The concrete strength 

used was based on the strength of the original mix as determined from core samples 

of the building with an allowance for age. 

 

Figure 4-3   Typical joint on second floor of Hope Gibbons building 
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Parameters scaling factor Prototype model 

Stress  Er σ σ 

Displacement Lr ξ .5ξ 

Strain 1 ε ε 

Force Er Lr 
2 F .25F 

Moment of inertia Lr 
4 I .0625 I 

F’c 1 21 MPa 21 MPa 

Be  for  slab Lr .25*7.75=1.937 .97 

Thickness of slab Lr 115  mm 57.5 

Distance between bars Lr 150 *300 mm 75 *150  mm 

Column (Lr)
4 I=343E6 mm4 150UC (37.2) 

I=22.2E6  mm4 

Main Beam (Lr)
4 I=696E6 mm4 250UB(31.4) 

I=44.5E6  mm4 

Secondary Beam (Lr)
4 I=51E6 mm4 Taper flange 125 

I= 4.4E6   mm4 

Length of Column(each side) Lr 175  87.5 cm 

Length of main beam(each side) Lr 387.5  193.75 cm 

Length of secondary beam(each side) Lr 212.5  106  cm 

Top Angle for  main Beam Lr 75×75×12 40*40*5  mm 

Bottom Angle of  main Beam Lr 150×100×12 75*50*6   mm 

Stiffener Lr 90×90×12   50*70*5  mm 

Plate between angle and column flange Lr 180×190×20 146*85*6  mm 

Bottom  Angle of  secondary beam Lr 150×100×12 75*50*6   mm 

Top Angle for  secondary beam   Lr 75×75×12 40*40*5  mm 

mesh for concrete encasement Lr 10   5  mm (6 mm used) 

bolt diameter Lr 16 8  mm 

Table 4.3  Dimensions of half-scale assembly 
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4.4 Test setup  

4.4.1 Test setup of bare steel joint 

The laboratory test setup was such that it allowed the beam-to-column joints to be 

loaded in a way that corresponded to a frame under pure lateral load (Figure 4.5). 

Using an ‘A-frame’ reaction rig bolted to a strong floor, the column top was held in 

place by a pinned support which also allowed free vertical movement - i.e. there was 

no axial force in the column (Figure 4.7). The beam segments had simple supports at 

their ends (Figure 4.6). The bottom of the column was pinned, restrained from 

vertical movement and forced to move horizontally by a displacement-controlled 

hydraulic actuator (Figure 4.9). The actuator had displacement limits of 65 mm pull 

and 110 mm push. The pinned conditions at the beam and column ends 

corresponded to the points of zero moment at the mid-span inflection points in a 

laterally loaded frame (Figure. 4.4).  

 

Figure 4-4  Laterally deflected continuous frame showing test substructure 

 

 

Arrangement of the test setup for applying simulated seismic shear and moment to 

the experimental beam-column joint in order to obtain its moment-rotation 

response is shown in Figure 4.5. 
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Figure 4-5   Support and loading arrangement for experimental test 

 

Figure 4-6  3D model of experiment (concrete encasement and slab not shown) 

 

 

Detailed drawings of each part of assembly can be found in Appendix C. 
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Figure 4-7  Test set-up for bare steel experiment 

 

The simple supports at the girder ends were provided by vertical, pin-ended struts, 

offering negligible horizontal restraint in the direction of loading. The struts were 

strain gauged to obtain the vertical shear at their location (corresponding to mid-

span of the beam in the actual building structure). The dimensions of the main 

components of the half-scale model can be found in Table 4.3.   

Figure 4.7 shows the bare steel test being set up in the A-frame test rig. 

The single actuator which displaced the bottom of the column horizontally via a load 

cell can also be seen in Figures 4.7 and 4.9. The actuator was pinned to the bottom 

of the column and reacted against a bracket attached to the strong floor. Detailed 

drawings of the A-frame rig can be found in appendix B. 

 

A- frame 

Strut 

Pin-Pin ends 
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Figure 4-8  Column top details – free to rotate and move vertically 

 

Horizontal movement at the base of the column was measured by several 

transducers of different types (wire potentiometer, LVDT and portal type), providing 

data acquisition redundancy (Figure 4.9).  

 

Figure 4-9  500 KN actuator, load cell and displacement transducers 

 

To measure longitudinal slip between slab and main beam, three portal gauges were 

installed on top of slab between column and strut at end of slab. 

Actuator 

Portal gauge 

Wire potentiometer 

Guided-end column 
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Figure 4-10  Pin end connection between main beam and strut, also strut and strong floor 

(dimension in mm) 

 

Figure 4-11  Top and bottom angles connected to column flange 
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4.4.2 Test setup of concrete encased joint with concrete slab 

The test setup for the concrete-encased specimen with integral slab was similar to 

the bare steel specimen apart from the additional need for formwork to enable the 

concrete to be poured. The decision was made to leave some part of the joint (over 

the depth of the main-beam) un-encased to permit better observation of the joint 

behaviour.  

The thickness of concrete slab was 70 mm with bottom of slab sitting on the top of 

secondary beam flange and flange of main beam was embedded in slab which 

simulates the Hope Gibbons drawing details.  

 

 

 

 

Figure 4-12  Formwork for floor slab 

 

Supporting timber screwed 

to secondary- beam 

 



Chapter 4 : Establishing performance of as-built beam-column joint 

4-17 

 

 
Figure 4-13  Position of slab against main-beam and secondary- beam 

 
The reinforcement for slab was placed according to details provided in Table 4.3 and 

as shown in Figure 4.15, all longitudinal and transverse bars were tied together at 

their intersections. Formwork was oiled to facilitate stripping of hardened concrete. 

 

 

Figure 4-14  Assembly before pouring the concrete 

 

Slab sitting on secondary-beams 

Flange of 

main beam 

embedded in 

slab 
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4.5 Instrumentation 

The instrumentation of the specimens was designed to measure the applied loads, 

the reactions at the supports, and to determine deformation and internal strain at 

selected location. The applied displacements were controlled by a double-acting 

hydraulic jack gauge and the corresponding loads were measured using pre-

calibrated load cells. Portal-gauges (displacement transducers) were installed at the 

both ends of the beam, on the slab and top and bottom of column to measure 

vertical and horizontal displacements of those points (see Figures 4.16, 4.17 and 

4.18). The readings from these instruments were used for evaluating the behaviour 

of the test specimen. The separation between beams and column faces which occurs 

due to semi-rigid behaviour of the joint was measured with portal-gauges connected 

between beam and column face (Figure 4.18).  

 

Figure 4-15  Test setup with instruments 
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Figure 4-16 Test setup with instruments 

 

For measuring horizontal displacement at both end of main-beams and bottom of 

the column, three temporary columns were installed and attached to strong floor as 

seen in Figure 4.16. 
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Figure 4-17  Portal gauges connect the ends of beam to temporary column 

 

The separation between beams and column faces was measured with portal-gauges 

connected between beam and column face and it shown in Figure 4.18. 

 

 

Figure 4-18  Measurement of separation between beam web and column face 
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Figure 4-19  Measurement of separation between beam web and column face 

 

 

Horizontal displacement at outer end of each main beam was measured by portal-

gauges connected to temporary columns and LVDT displacement transducers were 

used to measure horizontal displacement at the bottom of the column.  

The moments were calculated, using  the measured load applied by the actuator and 

recorded by the load-cell, multiplied by length of column from the hinge support at 

bottom to hinge support of top. The rotation was derived from displacement 

measured at bottom of column divided by length of column. 

 

 



Chapter 4 : Establishing performance of as-built beam-column joint 

4-22 

 

4.5.1 Loading equipment 

Loading was applied by means of a 70 MPa hydraulic pump, double acting 500 KN 

actuator with load cell and associated hydraulic hoses. A data acquisition system 

including Lab-View software was used to record load, strain and displacement. The 

drawings of special frame utilized for experimental test (A-frame), can be seen in 

appendix B. The detailed drawings of assembly can be seen in appendix C.  

4.6 Testing protocol  

The testing of structures for assessment of their seismic response is generally 

performed using either monotonic tests or cyclic tests. Monotonic testing is used to 

evaluate the capacity of a structure through a pushover type test, where the 

specimen is loaded in one direction until failure. This type of test provides some 

information about how a structure behaves; namely the monotonic strength, 

stiffness, and ductility. Cyclic testing involves the application and reversal of loads to 

levels less than the ultimate capacity. 

Cyclic testing can be performed using two types of procedure: dynamic and quasi-

static. Dynamic test procedures require high flow hydraulics and extremely fast data 

acquisition because the testing is performed in a manner similar to a real time event. 

However, quasi-static testing is less demanding on the hydraulic system and less 

dependent on the speed of the data acquisition system. This type of testing is 

performed by applying displacements in increments and stopping at each increment 

to take readings. Quasi-static testing has another advantage over dynamic testing, 

which is the opportunity for visual observation of cracking at various displacement 

levels during the test. For these reasons, the connections in this study were tested 

using quasi-static cyclic procedures.  

There are at least four quasi-static loading patterns commonly used for cyclic testing 

in New Zealand, Japan, Europe and USA as detailed below. 
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4.6.1.1 New Zealand  Pattern  

Park [Park and Paulay ,1975] summarised a standard quasi-static loading test, which 

has been used extensively at the University of Canterbury, New Zealand, for 

unidirectional loading in order to establish ductility factors for sub- assemblages. 

This procedure consists of two parts:  load controlled test cycles and displacement 

controlled test cycles.  

The lateral load levels required for the first yield and for the ideal strength of the 

member are calculated prior to the test for each direction for which the column is 

designed. The measured properties of the materials are used in this calculation. The 

test is started by applying the lateral load to the specimen in one direction, and the 

load is increased until it reaches the calculated or measured first yielding load of the 

specimen or three quarters of the calculated ideal strength of the specimen, 

whichever is less. Then the specimen is loaded in the opposite direction using the 

same procedure. As can be seen in Figure 4.19, the largest displacement point 

achieved in the first cycle defines the secant stiffness of the specimen on the load-

displacement relationship for each direction. Then the average of the displacements 

corresponding to the intersection points of the straight lines for the secant stiffness 

and the horizontal lines for the ideal strength of the specimen is defined as the 

reference yielding displacement    . 

 

Figure 4-20  Definition of yield displacement [Park and Paulay ,1975] 

 

For the second load cycle, the test is controlled by the displacement of the specimen 

at the loading point. The maximum imposed displacement for the next two cycles is  

2  ,  then the maximum displacement is increased by       steps after every two 
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cycles with the same displacement, namely two cycles for      , two cycles for 

     ,  two cycles for       , etc, as seen in Figure 4.20. The displacement 

ductility factor is given by: 

  = 
    

  
 

Where  δmax is the maximum imposed displacement in a loading cycle.  

The test is terminated when the lateral load decreases to less than 80% of the 

maximum lateral load strength measured during the test. 

 

Figure 4-21  Common loading history for quasi-static loading test in New Zealand [Park  and 
Paulay, 1975] 

 

It is also suggested that the available displacement ductility factor      is determined 

as: 

   = 
  

 
 

For example, if the applied lateral load at the point "m" in Figure 4.20 is for the first 

time less than 80% of the maximum lateral load recorded in the test, the available 

cumulative ductility is 36 on the point "L" . Therefore, the available displacement 

ductility factor     is: 

   = 
  

 
= 4.5 
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4.6.1.2 Japanese code 

In Japan, the quasi-static loading pattern shown in Figure 4.21 has been widely 

used. It was derived from Kawashima[Ref 26]  research and was commonly used 

before the Hyogo-ken Nanbu Earthquake in 1995, especially in the Public Works 

Research Institute, Ministry of Construction.  

 

Figure 4-22  Example of quasi-static loading pattern with greater repetition [Ref 16]  

 

The ductility level is increased step-wise as seen in the so-called standard tests in 

New Zealand and the United States, and the number of symmetrical loading cycles 

was typically 10. Recently, however, smaller numbers have been used, typically 

about three. A typical history of quasi-static loading used in Japan recently is seen in 

Figure 4.22.  

 

Figure 4-23  Example of quasi-static loading pattern with less repetition 

 

The displacement amplitude for the first three cycles is the initial yield displacement 

     , corresponding to the displacement where the first yield of the specimen is 

detected. The amplitude is then incremented by     after three cycles of the same 

amplitude.  
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4.6.1.3 European code 

According to ECCS the loading history should include 3 cycles to displacement 

ductilities of 1δy, 2δy ,  4δy and 6δy . 

 

Figure 4-24  ECCS loading history [Ref 7] 

 

4.6.1.4 SAC loading history  

The basic loading history is a multiple step test, in which the loading (deformation) 

history consists of stepwise increasing deformation cycles as illustrated in Figure 

4.24. The deformation parameter to be used to control the loading history is the 

inter-storey drift angle,  ,  defined as inter-storey displacement over storey height. 

In the test specimen, this angle is defined as beam deflection over beam span (to 

centreline of column) if the vertical beam deflection is the control parameter, or as 

column deflection over column height if the horizontal column deflection is the 

control parameter. Deformation control shall be used throughout the experiment.  

In the basic loading history, the cycles shall be symmetric in peak deformations (drift 

angle).  

Thus, the loading history is defined by following parameters expressed in Table 4.4. 

Continue with increments in   of  0.01, and perform two cycles at each step. 

The loading history shall be continued in the established pattern until severe 

strength deterioration is evident. If the displacement limit of the test setup is 

approached before severe deterioration occurs, the test specimen shall be cycled at 

maximum peak deformation until severe deterioration is evident. Severe 
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deterioration may be defined as attaining a resistance at peak deformation of less 

than 30% of the maximum resistance.  

 

Load Step Peak drift angle( ) Number of cycles(n) 

1 .0035 6 

2 .005 6 

3 .0075 6 

4 .01 6 

5 .015 6 

6 .02 2 

7 .03 2 

Table 4.4  SAC loading pattern 

 

 

 

 

 

Figure 4-25  Loading history for multiple step test. 

 

The SAC loading pattern was chosen as it was widely being used around the world 

especially in USA and New Zealand. The standard SAC loading history developed by 

Krawinkler [SAC/BD-97/02, 1997. The loading sequence is controlled by interstory 

drift angle. A detailed description of SAC loading history is explained in following 

paper by Helmut Krawinkler.  “LOADING HISTORIES FOR CYCLIC TESTS IN SUPPORT 

OF PERFORMANCE ASSESSMENT OF STRUCTURAL COMPONENTS”. 
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4.7 Experimental testing of replica joint 

First of all, what is measured as rotation in following experimental testing is in fact 

beam-column subassemblage moment-rotation curve. Throughout the thesis, where 

the word of rotation is used , it means beam-column subassemblage rotation. 

Description of the three experiments conducted and important observations such as, 

hysteresis curves and measured data during the tests are major objectives of section 

4.7. 

In preparing all Figures and results, the sign convention defined as:  

Negative moments apply tensile force on top angles and compressive force on seat 

angles, while positive moments produce tension in the seat angles and compression 

in top angles.  

The M-  relationship of the connections is the most important information obtained 

by these tests. Due to importance of rotation values, they were measured by two 

independent methods.  

The first method relied on using values of the measured column base displacement 

from multi-turn potentiometer displacement transducers and the second method 

depended on values of the measured column base displacement obtained from LVDT 

or portal-gauge displacement transducers installed on the other side of the column. 

For moment measurement, values of the measured actuator force from the load cell, 

multiplied by the effective lever arm (distance between the hinged supports at top 

and bottom) gave the required value (i.e. the total moment transferred from the 

column to the beams, or the sum of the magnitudes of the beam end moments 

adjacent to the column). Comparison of the results from these measurements 

showed that the M-  calculated based on the first method correlated well with 

those from the second method. A sample can be seen in Figure 4.58. 
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Three experimental tests were carried out to investigate the seismic behaviour of 

bare steel and concrete encased joint incorporated with slab (called composite 

connection) as: 

 Cyclic test on connection with slab as replica internal column  

 Cyclic test on bare steel joint as replica  internal column  

 Cyclic test on bare steel joint as replica external column  

In section 4.7 results of each experimental test are discussed. Numerical modelling 

results are presented in section 4.8 and compared with the experimental results. 

 

4.7.1 Cyclic test on half scale replica internal encased joint with 

concrete slab 

 This was the first test carried out on the replica joint which had been constructed to 

resemble the as-built joint as closely as possible, albeit at half scale. Encasement 

concrete was placed between the column and beam flanges, but not outside the 

flanges and was omitted from the vicinity of the joint to enable visual observation of 

joint components during testing. This was a compromise in which encasing was 

omitted from locations where it was likely to have little structural significance or 

where it obstructed the observation of critical aspects of behaviour. The absence of 

axial load in the column also reduced the importance of discarding the potential 

benefit of full (column) encasement. 

The main purpose of doing this test was understanding the seismic behaviour of a 

real connection consisting of steel joints and concrete slab and quantifying its 

response to simulated lateral seismic loading.  The main targets of this test can be 

summarised as: 

 Critical aspects of behaviour that limit the joint strength   

 Importance of concrete slab 

 Moment-capacity of whole joint 

A significant output extracted from test is moment-rotation relationship of the 

connections. It is therefore important to understand how the values of moments and 

rotations are acquired.  
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In all experimental tests, there is an extra LVDT or portal-gauge attached to column 

base to measure movement and provides a source of redundant data. The LVDTs  

installed at the column faces had 50 mm range and were removed when this was 

exceeded. As a result the last few hysteretic loops of the test program are not 

included in the recorded dataset for these instruments but it has no effect on results 

since data was recorded in parallel from the multi-turn potentiometer displacement 

transducers (which had a working range in excess of 1000mm). 

 

 

Figure 4-26   Replica internal encased joint with concrete slab 

 

The final M- Ѳ relationship obtained for the connection is illustrated in Figure 4.27. 

The specimen was subjected to 28 cycles of loading following the SAC loading 

pattern. The hysteretic loops, as shown in Figure 4.27 are visibly pinched. The 

maximum positive moment reached (    
   was 29.2 kN-m corresponding to a 

maximum positive rotation     
  of .028 radians, while the maximum negative 

moment (     
   was -34.2 kN-m and the maximum negative rotation     

   was -.01 

radians. Note that positive rotation and moment corresponded to the actuator 

pushing and vice versa.  The experiment ended with the shear failure of the two 

bolts connecting the beam to the seating angles (both sides).  
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The loading continued until we were concerned that beam would drop-off their 

seatings. 

 

 

 

 

  

Figure 4-27  Moment-rotation graph for encased joint with slab 

 

 

 

 

Figure 4-28  Two of the first group of cycles 
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The maximum negative moment is more than two times bigger than maximum 

positive moment at a rotation of about .0035 radians. This can be explained by 

different gaps between the column faces and the incoming beam flanges. On the 

negative side there was no gap between column and beam while there was a 2 

millimetre gap on the positive side. 

  

 

Figure 4-29  Crack developments after first 3 cycles 

 

 

 

 

 

 

 

 

Figure 4-30  Crack development pattern for slab in first cycle to 0.005 radians 
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Figure 4-31  Crack development pattern in slab, third cycle to  0.005 radians 

 

 

 

 

 

 

 

Figure 4-32  Crack development pattern in slab, third cycle to  .0075 radians 

 

Small cracks were observed running in the east-west direction around column and 

cracks in direction of south-north developing toward edge of column.  

The crack widths observed in the previous set of cycles grew larger, to approximately 

2 mm in both negative and positive flexure.  

 

 

 

 

 

 

 

Figure 4-33  Crack development pattern in slab, third cycle to  .01 radians 

 

 

N 

S 

W E 



Chapter 4 : Establishing performance of as-built beam-column joint 

4-34 

 

At this amount of displacement, the cracks at both sides of column were the same 

width, approximately 2-3 mm each. (Figure 4.34) 

 

Figure 4-34  Crack developments at .01 radians 

 

Figure 4-35   Crack development at .01 radians, view from below slab 
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In the first cycle to .01 radians, the first row of bolts between column and stiffener 

showed signs of yielding but none reached shear yielding even at .03 radians. 

 

Figure 4-36  Concentration of stress in first row of bolts 

 

At .015 radians the cracks were more visible and some more cracks appeared in 

positive and negative flexure. 

 

 

 

 

 

 

Figure 4-37  Crack development pattern in slab, third cycle to .015 radians 

 

In the first cycle to .02 radians, the first bolt between seating angle and beam 

fractured following shear yielding, showing as a drop in the M-θ  plot.  

In the second loop, the second bolt fractured noisily. At .02 radians, the cracks 

around the column had a width of  5-8 mm. 

 

Positive side 
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Figure 4-38   Crack development pattern in slab, third cycle to .02 and .03 radians. 

 

 

Figure 4-39  M-θ   for loops at .02 and .03 radians amplitude 

 

The results are summarised in Table 4.5. 

Rotation (radians) Positive flexure (kN-m) Negative flexure (kN-m) 

.004 8.9 -24.5 

.005 10.6 -27.8 

.0075 12.45 -32 

.01 24.42 -34.2 

.015 26.3 -30.4 

.02 29.2 -28.57 

.03 28.8 -18 

Table 4.5  Moment values against rotation for encased joint with slab 
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Figure 4-40  Wide open crack around column at   .03 radians- view from below 

 

In Figure 4.39, the M-  loops at .02 and .03 radians amplitude are presented and it 

can be seen that pinching in the M-  curve continued. On Figure 4.39, each sudden 

drop in moment indicates failure of one bolt between seating angle and main beam 

or beam and top angle. 

In the first cycle at .03 radians, the last (4th)  bolt between seating angle and beam 

fractured. In second loop at .03 radians, there was noise characteristic of bolt 

fracture, most probably coming from shear yielding of bolts between main beam and 

top angle. 

It should be noted that after completing the test, the concrete around the top angle, 

which had been crushed, was removed and shear yielding of two bolts connecting 

beam and top angles was observed (both sides). 

At .03 radians, the cracks around the column were very noticeable, nearly 8-10 mm 

in width.  

It was noted that at rotations exceeding 0.02 radians wide cracks were observed and 

continued to widen - no longer closing when the loads reversed. 
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Figure 4-41  Wide open crack around column after .03 rotations 

 

 

After finishing the experiment (at .045 radians), the concrete on the front and back 

of the column face was removed revealing that: 

 All four bolts between beam and top angle had failed in shear.  

 The reinforcing bars adjacent to the column had yielded in tension. 

 

The crack width was large (at amplitudes greater than .045 radians), such that it was 

possible to see right through the slab.  

As seen in Figure 4.40, after .02 radians, the assembly became soft on positive side 

and there is a drop in stiffness and strength after .015 radians on the negative side. 

It can be concluded that shear yielding of bolts between beam and seating angle was 

the main reason for putting limitation in load capacity (Figures 4.42, 4.43), besides 

shear yielding of bolts had important contribution in moment capacity of joint so 

after .03 radians , with fracture of these bolts,  there was a noticeable loss of joint 

strength. 
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Figure 4-42  Shear yielding of bolts 

 

 

Figure 4-43  Location of shear yielding of bolts which caused first significant drop in strength 

 

After the test was completed, the crushed concrete was removed from around the 

column where it passed through the slab to enable inspection of the condition of the 

reinforcing bars. These showed some sign of yielding and also it was observed that 

all top bolts between top angle and beam had failed in shear. 
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The longitudinal slip between slab and main beam is measured and shown in Figure 

4.44. It can be seen that slip is negligible with the gauges recording repeatable, 

cyclic, recoverable elastic deformation rather than slip. 

 

 

Figure 4-44 Output from slip measurement gauges between concrete slab and main-beam 

 

There was also minor plastic deformation in the outer edge of the seating angle. The 

residual deformations of the seating angle and the stiffeners of the bottom angle are 

shown in Figure 4.45, indicating small inelastic excursions suffered during the 

experiment. 

 

Figure 4-45  Deformation of seating angle 
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4.7.1.1 Tension load path  

 

  

 

Figure 4-46  Typical joint test configuration (Ref 12)  

 

As the column begins to rotate it pushes the slab apart causing tension to develop in 

it over the width of the joint. This is evidenced by transverse cracks developing in the 

slab and spreading outwards from the column edge towards the slab edge. There is a 

corresponding compression force applied to the column on diagonal corners as 

shown in Figure 4.46. The mechanism of this compression transfer is as shown in 

Figure 2.11.   

As column rotation increases a compression load path from top flange of right beam 

(Figure 4.46) to bottom flange of left beam is established, with the compression 

forces initially transferred through the flange angle cleats, but once the cleat bolts 

have failed, force transfer occurs by direct bearing of beam flanges (and concrete 

slab at the top flange level) against column faces and into the panel zone. The 

corresponding diagonal tension forces initially transfer from top left to bottom right 

via the flange cleats and through the panel zone. After flange cleat bolts fail the 

tension load path at the bottom flange level is largely lost, but some tension capacity 

is retained at top flange level as a result of the membrane tension which develops in 

the slab, between the compression face of the slab where it bears against the 

column and out to the left where it equilibrates into the composite top flange of the 

beam. The tensile capacity of the slab as it passes the column is dictated by the 

Compression Yield 

Compression Yield 
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capacity of the slab reinforcing bars. As a result of these actions the joint is able to 

sustain a moderate moment even after all the cleat bolts have failed. 

The residual moment at large rotation is limited by the tensile capacity of the slab 

which was clearly not designed with these actions in mind. As will be seen later, 

augmenting the slab tensile capacity is the focus of the retrofit strategy. 

Ultimate failure of the joint occurs when either the beams become unseated or all 

the rebars in the slab fracture. 

 

 

Figure 4-47  Wide cracks around column at .03 rotations 
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4.7.1.2  Retrofit solution   

The shear yielding of bolts is initial failure mode of assembly,  an undesirable failure 

mode and this non-ductile behaviour must be modified to develop higher strength 

and more ductile modes of failure by introduction of appropriate retrofitting 

measures.  

The method being considered to achieve this is to greatly enhance the tension load 

path through the slab described in Section 4.7.1.1 so that the rotating column cannot 

push the two halves of the slab apart, but instead will generate compression yielding 

of the beam flange in contact with the column flange. Development of this enhanced 

tension load path through the use of carbon fibre wrap laid on the top of the 

concrete slab and extending past the column was the first option considered. Using 

carbon fibre strips (CFRP) as an alternative for retrofitting of the assembly will be 

discussed in chapter 6.  

4.7.1.3 Effect of concrete encasement 

 The concrete encasement inside the column had no obvious effect on the seismic 

performance of the assembly and no cracks were discovered in the encasement after 

test completion. The FE analysis, supported this argument as there was no plastic 

strain recorded in the concrete encasement after .04 radians. 

 

4.7.2  Cyclic test on half scale replica internal bare steel joint  

This test was performed after the fully encased composite joint test by removing the 

slab and concrete encasement and reinstating the joint as closely as possible to its 

initial condition, replacing any damaged cleats, bolts, etc. Figure 4.50 shows the bare 

steel specimen following the removal of the concrete from the fully composite 

specimen. 

The cyclic behaviour of the bare steel connection as replica internal joint of 

connection located on second floor of HG building was investigated to find out 

about, hysteresis curve, failure modes and influence of encasement and slab on the 

ultimate moment-capacity of this type of connection. 
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The experimental outputs were used to calibrate Abaqus FE models of the identical 

connection when subject to monotonic loading. The comparison can be seen in 

section 4.8. 

 

Figure 4-48   Test setup for internal connection, bare steel condition 

 

 

 

Figure 4-49  FE model in Abaqus environment 



Chapter 4 : Establishing performance of as-built beam-column joint 

4-45 

 

 

Figure 4-50  3D model of experimental bare steel joint  

 

 

Parameters Model 

Column 150UC (37.2) 

Main Beam 250UB(31.4) 

Secondary Beam Taper flange 125 

Length of Column(each side) 87.5 cm 

Length of main beam(each side) 193.75 cm 

Length of secondary beam(each side) 106  cm 

Top Angle for  main Beam 40*40*5  mm 

Bottom Angle of  main Beam 75*50*6   mm 

Stiffener 50*70*5  mm 

Plate between angle and column flange 146*85*6  mm 

Bottom  Angle of  secondary beam 75*50*6   mm 

Top Angle for  secondary beam 40*40*5  mm 

mesh for concrete slab 5  mm (6 mm used) 

bolt diameter 8  mm 

Table 4.6  Assembly characterization 

 

 



Chapter 4 : Establishing performance of as-built beam-column joint 

4-46 

 

Detailed  drawings can be found in appendix C. 

The details of assembly characterization provided in Table 4.6. 

The test-set up is shown in Figure 4.49 and the FE model shown in Figure 4.50. The 

SAC loading history was adopted for cyclic loading. (Table 4.4) 

As there was a limitation on the maximum pulling displacement capacity of the jack, 

the hysteresis loop is un-symmetric. During the test, after 18 cycles (up to .01 

radians) the multi-turn potentiometer displacement transducer failed and was 

replaced. The moment-rotation capacity of the connection is shown in Figure 4.52. 

Because of pulling limitation, the negative part of the curve has reached .02 radians 

while the positive side of the curve achieved .08 radians (80 mrad). The moments 

were calculated, using  the measured load applied by the actuator and recorded by 

the load-cell, multiplied by length of column from the hinge support at bottom to 

hinge support of top. The rotation was derived from displacement measured at 

bottom of column divided by length of column. 

 

 

Figure 4-51  M-  for bare steel replica internal joint 

 

 The shear yielding of two bolts between seating angle and beam occurred at .035  

radians, and illustrated as sudden drop in Figure 4.51, although the joint could be 

displaced further until it reached maximum push limitation.  
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It can be seen that the behaviour of connection is pinching with minimum energy 

dissipation. The events leading to fracture, occurred in the following order:  

 Shear yielding of bolts between seating angle and beam, then 

 Shear yielding of bolts between top angle and beam on opposite side 

 

The capacity up to .04 radians can be described as follows: 

The maximum positive moment reached (    
   was 25 kN-m corresponding to a 

maxim               ation of     
       radians, while the maximum negative 

moment (     
   was -19.6 kN-m and the maximum negative              

              

radians. The experiment  was terminated following the shear failure of the two bolts 

connecting the beam to the angle. (Negative side)  

The maximum negative moment in the first and second group of cycles is more than 

twice the maximum positive moment. This was a result of the different gaps 

between the column faces and the flange ends of the two incoming beams. 

 

 

Figure 4-52  M-  relationship for bare steel replica internal joint 
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Figure 4-53  M-  for bare steel replica internal joint, up to .02 radians 

 

 

 

The results are summarised in Table 4.7. 

 

Rotation (radian) Positive flexure (kN-m) Negative flexure (kN-m) 

.0035 1.4 -3.5 

.005 2 -4.1 

.0075 4.2 -4.7 

.01 6.4 -10.2 

.015 7.8 -12.1 

.02 8.7 -19.6 

Table 4.7  Moment values against rotation for bare steel replica internal joint  

 

 

Separation between column face and incoming beam flange is shown in Figure 4.54. 
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Figure 4-54  Relative separation between beam flange and column face during the cyclic 
loading 

 

Maximum separation (at .02 rotations) on negative side is 1.0 millimetre while 

maximum separation before failure on positive side is 2.4 millimetre. 

The before-test gap between column and beam on positive side was measured as     

0 -2 millimetre along the beam flange,  0-1 millimetre on the negative side and 

changing along the beam flange.  

The top of column is pinned to A-Frame and it can move up-down and expected that 

the horizontal movement of top column be nearly the zero. In FE model, the top of 

the column is constrained against horizontal movement to simulate the experiment 

condition.  The experimentally recorded lateral movement at the top of the column 

is less than .004 mm, justifying the assumption. (Figure 4.55) 
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Figure 4-55  Horizontal movements at top of column 

 

As setting up the experimental test is time-consuming, it was prudent to provide 

some duplication of critical data such as the horizontal movement of column base 

(from which joint rotation was deduced). For the recording displacement a multi-

turn potentiometer transducer was used with another portal-gauge attached to the 

column end using a temporary column which was fixed to the strong floor. This 

portal-gauge was installed on the other side of column face and had a 50 mm range. 

When comparing the results of the rotations calculated from the portal-gauge data 

with those calculated using the potentiometer system, the correlation is very good 

as shown in Figure. 4.56.   

 

Figure 4-56   Measurement with portal-gauge compared with potentiometer system 
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4.7.3 Concrete contribution of composite joint 

Figure 4.62 compares the moment  capacity of test 1 versus test 2. The difference 

between the two tests indicates concrete slab contribution under cyclic loading. 

Knowing that both joints had a 2 mm gap on the positive side, it can be seen that the 

composite connection reveals pinching behaviour and achieves a maximum moment 

of 29.2 kN-m at .028 radians, while the bare steel joint provides a resistance of        

20 kN-m at .031 radians, accompanied by severe pinching behaviour.   

The severe pinching behaviour in the bare steel joint originates with the slack 

resistance following shear yielding of the fasteners, while in the composite joint 

most of energy dissipation resulting from compressive strength of concrete.  

As a general observation, slab contributes 30% of total strength of composite connection 

and its contribution for energy dissipation is almost  80%. 

 

 

Figure 4-57  Comparison of bare steel and composite joint 
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4.7.4 Cyclic test on half scale replica external bare steel joint 

This test was performed on the same specimen as the internal, bare steel joint 

(section 4.7.2). After the testing described in section 4.7.2 the joint was reinstated as 

closely as possible to its un-tested form, with damaged parts replaced. One beam 

was then removed to replicate the condition of a joint lying in the plane of an 

outside wall. 

The cyclic behaviour of the bare steel connection as external joint was investigated 

to have a better understanding about failure modes and moment-capacity of this 

type of connection. 

The experimental outputs are compared with the results of a monotonically loaded 

Abaqus FE model of nominally identical properties. The specification of column, 

beam, angles and fasteners is obviously  identical to the first experimental test 

described above and can be found in Table 4.5, noting that one main beam was 

removed before re-testing. 

 

 

Figure 4-58  Configuration of external joint 

 

The test set-up was identical to the internal connection, except that there was just 

one main beam. The SAC loading history was again used for the cyclic loading 

pattern.  
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The moments were calculated, using the measured load applied by the actuator and 

recorded by the load-cell, multiplied by length of column from the hinge support at 

bottom to hinge support of top. The rotation was derived from displacement 

measured at bottom of column divided by length of column. 

The moment-rotation capacity of the connection is shown in Figure 4.59. 

The sequence of events leading to failure was as follows:  

 Shear yielding of bolts between seating angle and beam 

 Shear yielding of bolts between top angle and beam 

 

It is obvious that due to this failure mode, the behaviour of the connection results in 

severely pinched loops with low energy dissipation.  

 

Figure 4-59  M-θ  for bare steel internal joint 

 

The maximum positive moment reached (    
   was 9.2 kN-m corresponding to a 

maximum positive rotation     
  of .037 radians, while the maximum negative 

moment (     
   was -7.7 kN-m and the maximum negative rotation     

   was  -.02 

radians.  

The experiment ended with the shear failure of the two bolts connecting the beam 

to the seating angle.   
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Figure 4-60   M-θ  for bare steel internal joint up to .01 radians 

 

 

Results are summarised in Table 4.8. 

 

Rotation (radian) Positive flexure (kN-m) Negative flexure (kN-m) 

.0035 .85 -1.1 

.005 1.5 -1.4 

.0075 1.7 -2.3 

.01 2.4 -3.4 

.015 3.8 -6.1 

.02 3.2 -7.7 

Table 4.8  Moment values against rotation 
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Figure 4-61  Comparison based on LVDT versus multi-turn potentiometer displacement 
measurements 

 

 

To ensure reliability of the measurement of this deformation, an extra LVDT was 

attached to end of column to provide back-up for reading and a comparison 

between readings of these two systems provided in Figure 4.61. 

 

 

 

 

 

 

 

 

 

 

 

 

 

y = 0.9796x + 0.0002 
R² = 0.9997 

-0.03 

-0.02 

-0.01 

0 

0.01 

0.02 

0.03 

0.04 

0.05 

-0.03 -0.02 -0.01 0 0.01 0.02 0.03 0.04 0.05 



Chapter 4 : Establishing performance of as-built beam-column joint 

4-56 

 

4.8   FE modelling of  as-built experiments (half-scale) 

In this section, the results of numerical analysis of finite element models of 

experimental tests 1, 2 and 3 are presented. 

The three models were created using Abaqus software and used to obtain the 

response to monotonic lateral loading. 

The main target of this subchapter is the validating of FE models against experiments 

and most emphasis is put on following aspects: 

 Moment-rotation behaviour of connection 

 Failure modes 

 Distribution of stress and strain in fasteners 

 Development of cracking and damage in slab 

 

4.8.1 FE modelling of test 1 

Test 1 is representative of typical concrete encased riveted joint located on internal 

frame of Hope Gibbons building. FE model of this joint assembly is shown in Figure 

4.62. 

 

Figure 4-62  FE model for test 1 
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Figure 4-63  FE model for test 1 (slab and encasement inside columns removed) 

 

Part of assembly Number Size (mm) 

Slab --- 4000×1000 

Thickness of slab --- 75 

Column 1 150UC (37.2) 

L=2200 

Main beam 2 250UB(31.4) 

L=2000 

Secondary beam 10 Taper flange 125 

L=500 

Top Angle for  main beam 2 40×40×6 

Bottom Angle for  main beam 2 75×50×6 

Stiffener 2 70×50×6 

Plate between angle and column flange 2 70×160×6 

Bottom  Angle for  secondary beam 2 75×50×6 

Top Angle for  secondary beam 2 40×40×6 

Cleat connecting secondary beam to main beam 10 40×40×6 

Mesh for concrete slab --- Φ6 

bolt 86 Φ8 

Table 4.9  Characterization of Test 1 
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Assembly characterization for test 1 provided in Table 4.9 and for details of drawings 

for assembly can be found in Appendix C. 

The FE model generated in Abaqus has 2 mm gap between column face and beam 

flange on positive side and no gap on negative side to simulate as-built condition of 

experiment. The output of the FE model under monotonic loading and that of the 

cyclically loaded experimental model is shown in Figure 4.64. The FE model had a 

very fine mesh in all parts and for explicit solution, besides the reduced integration 

element with enhanced hourglass control, second order accuracy and distortion 

control were utilized for analysis.(C3D8R) 

The moments were calculated, using  the measured load at the reference point 

located at the bottom of the column, multiplied by length of. The rotation was 

derived from displacement measured at bottom of column divided by length of 

column. 

 

 

 

 

Figure 4-64  FE analysis versus experiment for different gap sizes on opposite sides of 
column. 

 

Table 4.10 compares the predicted failure capacities with the experimental values 

obtained under the application of cyclic (positive and negative) rotations. 
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 Positive side Negative side 

Max moment Corresponding 

rotation 

Max moment Corresponding 

rotation 

Experiment 29.2 .015 -34.2 -.008 

FE 28.2 .022 -29.2 -.027 

Table 4.10  comparison of FE values against experiment 

On positive side, with 2 mm gap, moment rotation increased from zero to 29.2 kN-m 

at .015 radians then moment decreased slowly as the rotation increased. The FE 

curve, on positive side successfully simulated M-θ relationship of experiment. The 

maximum moment and corresponding rotation from FE is pretty close to experiment 

value. 

 On negative side, with no gap, moment rotation increased from zero to -34.2 kN-m 

at .008 radians then stiffness and strength dropped as the rotation increased. The FE 

model with no gap simulated the initial high stiffness of the experimental test up to  

.007 rotations but above that the stiffness of the FE model is less than the 

experiment. 

This difference can be explained in this way that the shear resistance of the bolts 

under cyclic loading in laboratory is less than that under monotonic loading in the FE 

model. 

 The maximum moment capacity predicted by the FE model is 14% less than 

experiment but the main difference located in corresponding rotation, which is .008 

and .027 for experiment and FE respectively. The above-mentioned explanation can 

be used again for this difference. 

Crack development in Abaqus distinguished   with  “PE”  parameter and half-scale FE 

model in Abaqus successfully predicts  crack pattern during  the connection rotation 

(Figure 4.65) 
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Figure 4-65  Crack development in slab at .03 radians 

Comparison of Figure 4.66 with Figure 4.34 indicate strong ability of plasticity model 

available in Abaqus program to predict crack pattern of concrete slab and tensile 

yielding of reinforcing bars, although it should be noted that experimental cracks 

formed during cyclic loading whereas monotonic loading was applied to the FE 

model. 

 

 

Figure 4-66  Local tensile yielding (PEEQ) in reinforcing bars around column 
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Figure 4-67  Plastic yielding at top and bottom of beam flange due to bearing at .04 radians 
(as-built internal joint) 

 

Figure 4.67 shows the ends of the steel beam with only very localised yielding of the 

beam end and well short of full slab yielding. Figure 4.66 shows that the 

reinforcement running past the columns yields, although the extent of inelastic 

strain is non-uniform, with bars adjacent to the column subject to the greatest strain 

and stress. 
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4.8.2   FE modelling of  test 2 

Test 2 is representative of typical bare steel connection located on internal frames 

(Figure 4.68) 

 

 

Figure 4-68  FE model for test 2 

 

Assembly characterization provided in Table 4.9 and also details drawing can be seen 

in Appendix C. The loading condition explained in Table 4.11. 

 

Displacement at 

column Bottom 

(m) 

Amplitude time 

in Abaqus 

(Second) 

Approximate time 

needed to complete 

the analysis  (Day) 

3.5 3 7 

Table 4.11  Loading condition for FE model of test 2 

 

The results of FE analysis with monotonic loading are compared with the cyclically 

loaded experimental test in Figure 4.69. The FE models used a very fine mesh in all 

parts with a reduced integration element, enhanced hourglass control, second order 

accuracy and distortion control and the explicit analysis option of Abaqus.(C3D8R) 

Field output was chosen such that output size remained less than 5 GB after 

completion.  
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The moments were calculated, using the measured load at the reference point 

located at the bottom of the column, multiplied by length of. The rotation was 

derived from displacement measured at bottom of column divided by length of 

column. 

Two FE analyses were carried out with the beam flange to column face gap set at   

0.0 mm and 2.0 mm respectively. The results of these two analyses are presented as 

M-θ plots in Figure 4.69 along with the experimental result for cyclic loading (actual 

gap size in experimental model was 0.0 -2.0 mm). 

 

 

Figure 4-69  Comparison of monotonic FE analysis with cyclically loaded experimental model 

 

The sensitivity of the initial M-  response to gap size can be seen.  

In both FE models, the first significant strength loss was associated with bolt yielding. 

 The first FE model had the same dimensions as the experiment and only differed  in 

gap between column and incoming beams which was zero on both sides of column. 

The second FE model also had the same dimensions as the experimental test but 

with a 2 mm gap on each side between column face and beam flange. 

 The failure mode for both FE models was identical and affected the path of tensile 

forces through the joint as follows: 
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 Shear yielding of bolts between seating angle and beam (on the side that had 

tension in the bottom flange)  

 Shear yielding of bolts between top angle and beam on opposite side 

 Partial yielding of bolts between column-top angle on opposite side 

 

Figure 4.69 shows that less gap between column and incoming beams leads to a 

steeper slope and higher initial stiffness accompanied with sudden strength drop  

whilst the model with 2 mm gap induced less initial peak strength but a similar 

residual strength at high rotation. 

The behaviour of the experimental model lies somewhere between the two FE 

model curves, but closer to the FE model with 2 mm gap  (noting that a  1-2 mm gap 

was measured in assembly before starting the test and this gap  varied across the 

beam flange. More data can be seen in Table 4.12.  

 

Option Ultimate 

strength (kN-m) 

Rotation 

corresponding to 

fracture 

Experiment 25 .04 

FE model with 0 mm gap 31 .03 

FE model with 2 mm gap 23 .052 

Table 4.12  Comparison FE output versus experiment 
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Figure 4-70  Von Mises stress (Pa)  distribution on top of joint after fracture (.06 radians) 

 

 

 

Figure 4-71  Von Mises stress distribution (Pa) on the bottom of joint after fracture (.06 
radians) 
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Figure 4-72  Shear yielding of bolts between beam and seating angle 

 

 

Figure 4-73  Same condition as in Figure 4.73, expressed by PEEQ 
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Figure 4-74  Distribution of von Mises stress measure in main beam after .03 radians  

 

 

 

4.8.3      FE  modelling of  test 3 

Test 3 is representative of typical bare steel connection located on external frame of 

Hope Gibbons building. FE model of this model shown in Figure 4.75. 

The moments were calculated, using  the measured load at the reference point 

located at the bottom of the column, multiplied by length of. The rotation was 

derived from displacement measured at bottom of column divided by length of 

column. Apart from running time, the assembly characterization provided in Table 

4.5 was accepted for test 2 as well. 

The response of the FE model to monotonic loading compared to experimental 

values is illustrated in Figure 4.76.  
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Figure 4-75  FE model for test 3 

 

 

The FE model for test 3 had a very fine mesh in all parts and for Abaqus/explicit, the 

reduced integration element with enhanced hourglass control, second order 

accuracy and distortion control was utilized. (C3D8R elements) 

 

 

Figure 4-76  Monotonic loading of FE model and cyclic loading of experimental model for 
test 3 
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The FE model in Abaqus/Explicit had 2 mm gap between column face and incoming 

beam, as in the experimental model, and its failure modes were as follows: 

 Shear yielding of bolts between top angle and beam  

 Shear yielding of bolts between seating angle and beam 

 

Maximum moment capacity is 8.7 and 9.24 kN-m in experimental test and FE work, 

respectively and also the rotation corresponding to maximum moment is .035 and 

.05 radians in experimental test and FE work, respectively. 

In Figure 4.77, final rupture of assembly shown. Figure 4.78 distribution of stress in 

assembly shown and Figure 4.79 distribution of von Mises stress in fasteners after 

.05 radians shown.  

Figure 4.80 is similar to Figure 4.79 except it shows PEEQ instead of von Mises stress. 

In order to define bolt fracture, it is suggested to use plastic strain as indication for 

bolt fracture and referring to Figure A.15 of Appendix A, the value of PEEQ=.17 is 

used to define bolt fracture in FE results. From Figure 4.80, it can be seen that 

PEEQ=1.19 exceed 0.17. 

 

Figure 4-77  Final stage of rotation 
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Figure 4-78  Distribution of von Mises stress at .05 radians  

 

Figure 4-79  Von Mises stress in fasteners at .05 radians (beam removed) 
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Figure 4-80  PEEQ  in fasteners at .05 radians (beam removed) 

 

4.9  A  family of simple, multilinear M-θ models based on 

half scale, bare steel joint test  

In section 4.9, two approximate, multilinear M(θ) (moment-rotation) families of 

models based on the internal and external bare steel joints of the Hope-Gibbons 

type are presented. The models are based on a visual fit to the experimental data 

derived from the half scale testing programme detailed in sections 4.7 and 4.8.  

Appropriate models for full-scale joints, located in both external and internal frames, 

is established in chapter 7 based on many FE analyses of full scale joints in the Hope 

Gibbons building using the validated model from half-scale experimental tests.  
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   4.9.1           Simple M-  model for half-scale, bare steel internal joint 

 

In this section, a M- θ model for a typical bare steel internal joint is presented. This 

model is simple but sufficiently accurate for the practical purpose of enabling 

practical engineers, knowing the dimensions of a semi-rigid connection and the 

fastener specification, to predict the M-θ capacity of the joint. The equation 4-2 is 

used to predict moment capacity of joint: 

 

NAFp bvCE                              (4-1) 

And 

             (4.2) 

  = beam depth = .252 m     

  = Cross-sectional area of single connector = .5e-4  m2   

N= Number of connectors = 2×2=4 

    = Ultimate connector shear force 

α= Modification factor to capture local yielding of other bolts  and recommended  as 

1.2 

 

  = Shear stress at failure of connector = .75 ×                    

83CEP  KN                   and                            KN.m           

                        

 

The modification factor is needed for capturing partial yielding effect of bolts 

between column and top angle in equation 4.1. 

Another issue in this model is the gap between column and incoming beams. 

Inspection of one exposed joint of Hope Gibbons building revealed  a gap between 

column face and beam flange of 1-2 mm. At time of design of parts , this gap was 

presumed to be 2 mm, but in practice, when the test was being set up, it was 

observed that the gap  varied between 0-2 mm and also varied across the width of 

the beam flange.  
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Figure 4-81  M-  pattern for typical internal column 

 

                                                  

     From equation 4.2.    

   
 

 
                                                 

   
 

 
                                                                                                          

 

 

4.9.2     M- θ Pattern for bare steel external joint (half scale) 

 

The following pattern is suggested for prediction M-θ  capacity of  typical  bare steel 

external joint. This pattern is valid just for half-scale model and similar pattern will 

be provided for full-scale model in chapter 7. 

The equation 4-4  is used to predict moment capacity of joint: 

 

NAFp bvCE                            (4-3) 

And 

                 (4.4) 

  = beam depth = .252 m     

  = Cross-sectional area of single connector = .5e-4  m2   

N= Number of connector = 2 
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  =  Shear stress at failure of connector = .75 ×                    

41CEP  kN                    

                  

 

 

 

Figure 4-82  M-  pattern for typical external column 

 

 

                                                    

      Coming from equation 4.4     
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4-10   Finite element analysis of typical cyclically loaded joint 

Cyclic loading of a connection can be simulated by FE analysis but would have been 

too computationally expensive for the models initially contemplated. If concrete 

encasement and slab were included, simulating the half scale joint of experimental 

test 1 was estimated to have required 2 months running time on the available 

computers. 

Artificially increasing the time increment in the Abaqus “step” module reduces 

running time at the expense of some reduction in accuracy. To minimise the loss of 

accuracy the Abaqus guideline of keeping the proportion of kinetic energy to internal 

energy less than 10% was adopted. To test the ability of this method to reduce 

running time, it was decided to perform two cycles of .005, .01 radians rotations on 

the joint of experimental test 2 (bare steel, internal joint) and compare the results 

with experiment. 

 The automatic time increment in Abaqus/Explicit is about 7E-8 sec which mainly 

depends on the geometric proportions of elements in the assembly and also a 

function of mesh size. 

A time scaling of 5e-7 sec was eventually chosen in order to keep running time less 

than 3 weeks.  Apart from changing the time increment, no other option or 

characterization was changed in model. 

A comparison of the dimensionless ratio of kinetic and internal energy is shown in 

Figure 4.86. The kinetic energy was fluctuating around .12 (KJ) while internal energy 

was varying from 2-22 (KJ), giving a ratio that ranged from 0.0 to .55%. 

 

 
                

               
                 Less that 10%. 

 

Figure 4.83 shows the M-  relationship from the FE analysis for two cycles each of  

.005 and .01 radians rotations for the test 2 specimen. Figure 4.85 compares the FE 

analysis results with the measured experimental values. 

To change monotonic loading to a cyclic loading, we need to define 6 steps (each 

loop need 3 cycles) then define 6 new boundary conditions in load module of Abaqus 
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program, so  displacement at bottom of column changing corresponding to relevant 

cycle.  

 

Figure 4-83  Moment-rotation curve for test 2 specimen from FE analysis 

 

 

 

Figure 4-84  Comparison of experimental and  FE results 
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Figure 4-85    Ratio of kinematic energy/internal energy 

 

From Figure 4.85, it can be seen that the maximum moment provided by FE model is 

in a good agreement with experiment and difference between predicted maximum 

moment, coming from different gap between experiment and analysis. 

The hysteresis loops of FE are severely pinching which does not agree well with the 

behaviour of experiment.  This is because the model does not incorporate the 

complex slip along multiple interfaces. 

As the main target of cyclic loading is to obtain hysteresis behaviour of connection, 

so using time-history option in Abaqus environment is not useful for this means 

although it predicts maximum moment capacity very well but maximum moment 

can be achieved by monotonic loading in a much shorter time. 

It can be concluded that using time-history option in Abaqus software leads to some 

amount of error although proportion of kinetic energy to internal energy is much 

less than the value required by Abaqus/manual, so using this option to reduce 

running time is not recommended. 
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4.11    Summary       

 

 In chapter 4, three    experimental, cyclically loaded tests of reduced (half) 

scale, replica, as-built  beam-column joint models were presented. From joint 

behaviour described in chapter 4, it can be concluded that :  

 

 Shear yielding of the mild steel bolts between the beam-seating angle and/or 

beam—top flange angle caused a significant drop in joint strength. Although 

the joint did not fail completely it can be concluded that bolt failure was the 

single most important event leading to its ultimate failure. Ultimate failure 

occurred when the rotation was increased sufficiently to cause beam 

unseating.   

 

 The tests revealed the expected weakness of the beam flange to column face 

connections, which were clearly designed only for the gravity loading case. 

The application of sway moments quickly led to the failure of the connecting 

bolts with consequent near total loss of bottom flange tension capacity and a 

reduction in top flange tension capacity (transfer of beam top flange tension 

into the overlying floor slab provided some residual capacity). However the 

beam compression flange was able to develop considerable compression                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                    

capacity once it had displaced sufficiently to close the gap and bear directly 

against the column face. This resulted in some moment resistance from 

whichever beam had its bottom flange in compression, at a sufficiently large 

rotation to cause gap closure. The additional tension transferred to the slab 

from the top flange of the beam caused cracking and yield of the reinforcing. 

These observations led to the conclusion that enhancing the slab tensile 

capacity in the vicinity of the joint should result in additional moment 

resistance after bolt failure, at moderately large rotations (gap dependent). 

The use of embedded CFRP strips was subsequently adopted to achieve this. 
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 The gap between column and main beams played a significant role in M-θ 

relationship of composite joint.  

 A very good agreement between FE and experiments on crack development 

of concrete slab and failure mode. 

 It attempted to run cyclic loading of FE models but it were not successful in 

terms of time.  Then using Abaqus recommendations, to reduce running time 

were tried but a comparison between FE analysis and experiment showed 

inaccuracy of this approach and cyclically loading of FE model is not 

recommended. It has been shown (Figure 4-64) that monotonic loading of FE 

model can successfully predict ultimate moment capacity of real joint under 

cyclic loading. It is obvious that monotonic loading in FE environment is 

unable to predict a real cyclic behavior of typical riveted or bolted joint.  
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5 CHAPTER 5 :  PROPOSED RETROFIT SOLUTION 

 

5.1 Importance of study 

This chapter describes the advantages and disadvantages of some solutions for 

enhancing the seismic behaviour of the as-built composite joints of the Hope 

Gibbons building, leading to the selection of a method employing CFRP (carbon fibre 

reinforced polymer) strips strategically embedded near the surface of the floor slab. 

The immediate objective of the CFRP strips was to increase the tension capacity of 

the slab in the vicinity of the column, preserving the tension path through the joint 

and complementing a fortuitous compression path provided by compressive bearing 

between the beam flange ends and the column faces. The advantages and 

disadvantage of externally bonded and near surface methods of applying CFRP are 

explained in relation to past experiments carried out around the world. 

Using FE models, the following two methods of applying CFRP were investigated  

 full-embedment of CFRPs in concrete slab and  

 un-bonding the central 0.5m of the strips. 

The last part of the chapter covers two experiments to calibrate the FE models of 

slab with embedded CFRP strips. 
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5.2 Retrofit solutions for as-built joint 

As explained in chapter four, the shear yielding of bolts is the initial failure mode of 

the assembly and is an undesirable failure mode. This non-ductile behaviour must be 

modified to develop higher strength and more ductile modes of failure by 

introduction of appropriate retrofitting measures. These measures should require 

minimal disruption to historically listed buildings. 

When determining retrofit measure for this dual frame-wall building, the retrofit of 

the frame must not be considered in isolation from the walls. A parallel research 

project to characterise the seismic strength and stiffness of the walls have been 

undertaken by PhD candidate, Adane Gebreyohaness, 2012 (Ref 30) 

This work shows the performance of the walls is critical to the overall building 

performance. The walls are elastically very stiff but lose 50% of their peak strength at 

interstory drift of over 1% . 

The advantage of this retrofit solution is to enhance the moment capacity of the 

frames under drift exceeding around 1%  to compensate for the loss of the strength 

of the walls. 

The method being considered to achieve this is to greatly enhance the tension load 

path through the slab described in Section 4.7.1.1 so that the rotating column cannot 

push the two halves of the slab apart, but instead will generate compression yielding 

of the beam flange in contact with the column flange.  

Regarding this failure mode for as-built connection, the appropriate retrofit solution 

should involve increasing stiffness and strength of joint.  

The retrofit solutions considered include: 

 Using friction dissipating joint 

 Using CFRP with traditional method of applying (Externally bonded) 

 Using   CFRP with advanced method of applying (Near surface method) 

The biggest  issues with the first method is that all beams and columns of the Hope 

Gibbons building  are enclosed in concrete and removing all concrete around column 

and inside of beams is not  a practical solution. The heritage value of this building 
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also means that any concrete removed will have to be reinstated to the original 

appearance.  

Applying CFRP strips to the slab, in a direction parallel to the plane of the frame, 

appears to be a practical way of retrofitting to improve the in-plane tensile capacity 

of the slab, and as will be shown later to enhance the moment retention of the joint 

at larger rotations. Some beneficial aspects of the use of CFRP are: 

 

 Enhances tensile strength of slab, contributing to passage of flexural tensile 

forces through the joint 

 Increases rotational stiffness and strength of joint  

 No visual alteration to structure (heritage benefit) and easy to apply 

 Low cost of applying compared to other solutions 

 Enhance the strength of the frame under higher rotation to compensate for 

loss of strength in the walls. 

There are two methods of applying CFRPs, the first one, known as the  traditional 

method bonds CFRP strips to the surface whereas the new method embeds the CFRP 

strips into the top of  the concrete slab and is called NSM (near surface mounting) 

method. 

Studies have been carried out to determine the advantages and disadvantages of 

these application methods, leading to the conclusion that NSM method is superior to 

the traditional method. These studies are summarised in section 5.3. 

 

5.3 Comparison of NSM method with externally bonded method 

5.3.1 Introduction: 

In recent years the significant and increasing demand for FRP to be used in structural 

repair or strengthening is due to the following main advantages of these composites 

like low weight, easy installation procedures, high durability and tensile strength, 
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electromagnetic permeability and practically unlimited availability in terms of 

geometry and size [FIP 2001]. 

The most common strengthening technique is based on the application of FRP to the 

surface of the elements to be strengthened and is designated as externally bonded 

reinforcement (EBR) technique. Recent research has revealed that this technique 

cannot mobilize the full tensile strength of FRP materials due to premature 

debonding [Mukhopadhyaya and Swamy 2001, Nguyen et al. 2001]. EBR systems are 

susceptible to damage caused by vandalism and mechanical malfunctions.  

Several attempts have been made to overcome these drawbacks. Strengthening with 

near-surface mounted (NSM) FRP rods or strips is one of the most promising 

techniques. The term 'near-surface' is used to distinguish this technique of structural 

strengthening from the case where externally bonded FRP composites are utilized. 

In recent years, the near-surface mounted (NSM) strengthening technique has been 

used to increase the load carrying capacity of concrete structures. This technique 

consists of the insertion of carbon fibre reinforced polymer (CFRP) laminate strips 

into pre-cut slits opened in the concrete cover of the elements to be strengthened.  

The laminates are fixed to concrete with an epoxy adhesive. Typically, the CFRP laminate 

strip has a cross section of about 1-2 mm thick and 5-10 mm width, while the width and 

depth of the slit vary between 3 and 5 mm, and 12 and 15 mm, respectively.  

This practice requires no surface preparation work and, after cutting the slit, requires a 

minimal installation time, when compared with the EBR technique. The following steps 

are usually adopted in the application of the NSM technique:  

   Open slits in the concrete cover using a concrete cutting saw;  

 Clean the slits with compressed air;  

 Clean the CFRP laminate with an appropriate cleaner (e.g., acetone);  

 Prepare the epoxy adhesive according to the supplier recommendations;  

 Fill the slits and cover the lateral faces of the CFRP with the epoxy adhesive;  

 Insert the CFRP laminate into the slit, and slightly press it to force the epoxy 

adhesive to flow between the CFRP and the slit borders.  

This phase requires special care in order to ensure that the slits are completely filled 

with epoxy adhesive. 
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Figure 5.1  Near-surface mounted CFRP reinforcement technique 

 

5.3.2 Summary of previous research on CFRP-NSM 

A concise review of previous research on CFRP-NSM including design philosophy and 

required development length is provided in Appendix B.    

 

5.3.3 The advantages of NSM over EB 

 The larger bond surface/unit length of bar induces better anchorage capacity; it 

provides higher resistance against peeling-off, so a lower development length is 

required to mobilise the bar. 

 No preparation work is needed other than grooving. 

 The FRP reinforcement due to the special mounting setup is protected by the 

surrounding concrete against mechanical influences; therefore, this technique is 

attractive for strengthening in the negative moment regions of beams. 

 The strengthening has improved protection against freeze/thaw cycles, elevated 

temperatures, fire, ultraviolet rays and vandalism.  

 The experiments also showed an improved ductility, composite action over EB, 

and an ultimate load that is less dependent on concrete tensile strength. 
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5.4 Design of CFRP for half-scale experiment 

It has already been noted that the CFPR-NSM method was chosen because of its 

superior performance over EB. The details of CFRP design for half-scale experimental 

test are: 

 Using 3 CFRP strips each side of the column to add the increase the  tension 

capacity of slab with improving tension load path.( 100 mm distance  from 

column face and next strip)  

 Strip cross-section dimensions were            

 Groove size chosen according to minimum requirement recommended in 

previous studies (Figure 5.2).  

 

Figure 5.2  Minimum dimension for groove 

 

Depth of groove: 

 The strip will be embedded in the middle of groove so 5 mm cover for top and 

bottom+10 mm  = 20 mm  > 1.5b = 15  mm   

Width of groove =                       

So dimensions of groove chosen as 20(depth) ×10 (width) mm. 

Ultimate tensile stress=3100 MPa 

Module of elasticity=170 GPa 

Ultimate tensile strain=.02 

The CFRP  provided by MAPEI company has thickness of 1.2 mm and 100 width. The 

minimum practical width that been cut in laboratory was 10 mm. In the half-scale 
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tests the CFRP with dimension of 10×1.2 mm was used. In the actual building this 

would be 20×1.2 mm. 

 

 

5.4.1 Required development length: 

Alternative 1: 

According to Hassan and Rizkalla (2002) if concrete crushing is the controlling failure 

mode, then: 

Assuming dimensions of strips as 10×1.2 mm  : 
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   and      are compressive and tensile strength of concrete. 

                        

 

 

Alternative 2: 

Using formula suggested by Hassan and Rizkalla based on changing area of CFRP 

laminate to an equivalent circular area. 

Equivalent area=1.2 2mm  

From Figure  B14 (Appendix B)  :     

w=10  mm   and    c=5  mm 

d=3.9 mm 
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The arrangement below is suggested for this specimen:                                                                                                                                                                                                          

6 CFRP strips  10×1.2 mm spaced 100 mm apart across  the slab. 

Dimension of grooves is   20×10  mm 

CFRP with E=170 GPa and ultimate strain of 2% was used according to 

manufacturer’s catalogue. 

 

 

5.4.2 Accuracy of previous development length equations: 

The two formulas discussed in this chapter for prediction of development length of 

CFRPs, were derived from flexural tests on slabs or beams (See Appendix B). 

The CFRP strips in experimental testing carried out in this research are under tension 

due to the column rotation trying to push apart the two sides of the slab as the 

column goes into compression against the diagonally opposite corners of the beam 

on each side. Their  development length is determined from outputs derived from 

the measured strain of attached strain-gauges on each strip (See Figure 5-9). 

 In addition, small scale test specimens under central point loading with positive face 

mounted CFSP-NSM were tested to confirm calculated development lengths. 

As the column rotates and pushes the main beams apart the slab attached to the 

main beams is also pushed apart, initiating cracking from the column flange and 

progressing toward both edges of the slab. The tension load path is through the 

CFRP strips buried in the slab with the tension directed along whichever beam is 

being separated from the column face at its top flange level.  
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The tension load path provided by the CFRP strips creates a ‘bridge’ that assists the 

slab in resisting the tension that develops in it as the rotating column tries to move 

the opposing beams apart. Without the CFRP strips the slab and its reinforcing are 

the only tension-capable elements over the width of the column. The unbonded 

lengths of CFRP pass through this zone and develop tension as a result of the high 

tensile strains over the column width (as evidenced by the slab cracking in this 

vicinity). The CFRP tension is then transferred into the slabs on both sides of the joint 

and there must be sufficient development length on both sides to anchor the peak 

tension.  

The fact that the loading is cyclical means that the tension in the CFRP strips will also 

be cyclical, from zero at θ = 0.0 to a maximum when θ is a maximum. This does not 

alter the need to provide full development length for each strip, if we didn’t there 

would be a possibility of the strips pulling out of one or other sides of the slab before 

the required tension was developed. 

Embedment lengths given in the chapter 2 and in section 5.4.1 herein are based 

upon flexural yielding of slabs on two pin supports and under monotonic loading. 

This means their results may not be relevant for estimating embedment length 

needed for our experimental testing with the CFRP strips in alternating tension 

loading under cyclic loading. The accuracy of these equations is investigated using 

recorded strains of strain- gauges, in chapter 6 and a new equation for development 

length is established as required. 

 

 

5.4.3 Choosing configuration of CFRP  strips 

After choosing CFRP-NSM to strengthen the slab, it was decided to try two different 

configurations of embedment of CFRP into the slab. In theory, embedment of the 

entire length of a CFRP strip in concrete is likely to lead to premature breaking of the 

strip due to high strain concentrating in the strip where it spans across the 

transverse slab cracks in a fully bonded condition. Unbonding a 0.5m length centered 

on the crack propagating out from the face of the column  at this location results in 
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the elongation due to cracking being spread over the 0.5m length, generating a 

smaller more uniform strain in the strip. To test the accuracy of this theory, two FE 

Abaqus models were generated to check stress distribution and M-θ relationship and 

their results compared with the experimental testing program. The FE models 

generated for these two tests were identical except that, for the first model, all CFRP 

strips were fully embedded in the concrete and for the second test, each CFRP strip 

was unbonded over the central 0.5 m length but fully bonded elsewhere.  

For FE analysis dimensions of CFRPs were taken as 2×10 mm  with ultimate tensile 

resistance of 3100 MPa. What in practice were used for the experimental tests were 

1.2×10 mm  CFRP strips with ultimate tensile strength of 3100 MPa (supplied by 

MAPEI Company in Auckland). 

 

Figure 5.3  Effect of partially unbonding CFRP stripe 

 

A fully embedded CFRP strip led to a stiffer response and higher ultimate tensile 

capacity which collapsed at .04 radian rotations with sudden fracture of strips as 

their strain exceeded the ultimate value for the material. Ultimate strength was 42% 

higher than the corresponding partially unbounded case.  

The FE model with 0.5 m unbonded length provided less tensile capacity than the 

fully bonded  FE model but it provided ongoing strength with increasing rotation and 

up to .08 radian rotations , with no evidence of brittle fracture of CFRP strips.  
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The 0.5m of unbounded strip provided a softening ‘spring’ which led to lower 

stiffness but more desirable (non-brittle) behaviour. 

The FE model had a very fine mesh in vicinity of joint and fine mesh in the rest of 

model for explicit solution, besides the reduced integration element with enhanced 

hourglass control, second order accuracy and distortion control were utilized for 

analysis.(C3D8R) 

 

 

Figure 5.4  FE model for assessment of embedment length of CFRP strips (view from 
beneath) 

 

Loading condition used for FE analysis was according to Table 5.1. 

 

Displacement at 

column bottom 

(m) 

Amplitude time 

in Abaqus 

(Second) 

Approximate time 

needed to complete 

the analysis  (Day) 

3.5 4 28 

Table 5-1  Loading Condition for FE model 

 

With fully embedded CFRP strips, distribution of stress in middle of strip is not 

homogenous, so they break prematurely under relatively low levels of rotation 
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although this rupture means using maximum capacity of tensile capacity of CFRP but 

as it occurs in early rotation of assembly, it is not desirable.  

In 0.5 m unbonded area, the distribution of stress is homogenous so breaking the 

CFRP strip is not probable unless there is a high column rotation. The disadvantage 

of this method is not using ultimate tensile capacity of CFRP until larger rotation 

occur. 

 

Figure 5.5  Stress in model with full length of CFRPs  embedded (.04 radians) 

 

 

Figure 5.6  Stress in model with 0.5 m unbonded  section 

 

Premature Breaking 

Homogenous stress 

along unbonded area 
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Despite high strength provided by fully-embedded CFRP, it is recommended to leave 

at least 0.5 m of CFRP strips unbounded, because the additional rotational capability 

from the unbounded solution is more beneficial than the greater strength gain but 

early rupture of the fully bonded system. 

 

5.5 Experimental tests for calibration of CFRP strips and epoxy 

material 

Two simple flexural tests carried out on the half scale model in order to allow 

validating of the FE model. This is necessary to allow use of the FE model to predict 

the performance of the full-scale system. 

The test set up is a slab spotted on two pin supports at both ends and point load is 

applying in the middle of slab up to failure. One slit is made in the middle of slab 

(10×20 mm) and filled with epoxy type PG1,PG2 and CFRP strip placed in the middle 

of trench(Figure 5.10). The slab is then placed on the loading frame using the five-

ton overhead crane. Extra care was made to minimize any impact that might cause 

cracking to the slab specimens. Two pieces of thin plate are placed in between the 

pin support and the slab and also extra beam between the point load and middle of 

the slab to redistribute the reaction force and prevent local failure.  
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Figure 5.7  Test Setup 

 

Figure 5.8 shows a schematic of the side view of the laboratory setup for the slab. 

One Linear Voltage Differential Transducer (L VDT) used to measure displacement in 

the middle of slab with a measuring limit of 100 mm. Three Strain gages were placed 

at the middle and two strain-gages at ends of embedded CFRP. Figure 5.9 shows the 

top view of the beam and the location of the strain gages and LVDTs used to 

measure strain and displacement in the concrete slab.  
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Figure 5.8  Three dimensional view of   test Setup  

 

 

The dimension of all parts of assembly can be found in Appendix F. 

The applied load was located at half point of the span and was applied using steel     

l-beam attached to loading actuator. After the applied loading exceeded the cracking 

load, and before final rupture, many pictures taken. Both slabs were loaded up to 

failure with a constant loading rate.  

In both slabs, cracking was initiated at the bottom face of slab and progressed 

upward toward upper edge of slab. The FE model (ABAQUS/Explicit) showed the 

same behaviour, where cracking is also initiated at the bottom edge under the load 

and progress toward upper edge. 
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Figure 5.9  Schematic Drawing of Location of LVDTs, Strain Gages on slab, distances in mm. 

 

The red points indicate location of strain-gauge and the black point indicate location 

of LVDT. The dimensions of two experiments provided in Table 5.2. 

 

Dimension Length(mm) Width(mm) Thickness(mm) 

Test1 1500 500 70 

Test2 1700 500 70 

Table 5-2  characteristics of two experiments 

 

 

Figure 5.10  Applying CFRP onto epoxy 
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Figure 5.11  Progressing of cracks before failure in test 1 (View from underneath) 

 

 

Figure 5.12  Progressing of cracks before rupture in test 2 

 

The force-displacement for the middle of slab and also crack development are 

compared against those observed in experimental testing. Another output of these 
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tests were ensuring of good performance of strain-gauges before using them in main 

experimental test. The force-displacement for first test is illustrated in Figure  5.13. 

 

 

Figure 5.13  Force-displacement of experiment versus FE 

 

In the first test, a fine mesh for Epoxy, CFRP strips and concrete slab was used. The 

element used for Abaqus/explicit have reduced integration and enhanced hourglass. 

Average running time was 3 days. 

The fluctuation in experimental test coming from pause during applying force to 

allow of taking enough pictures while progress of cracks  on slab was fast. The crack 

in first test initiate from bottom of slab nearly under of location of vertical force.  

In order to obtain accurate behaviour of FE model, it was essential to model two pin 

supports and vertical load as rigid body in Abaqus environment which means 

deformation of these bodies is negligible compared to assembly. In Abaqus 

environment, CFRP (1.2×10 mm) is fully buried onto epoxy (size of 10×20 mm) and 

outside surface of epoxy is tied to inside surfaces of trench to produce a full- contact 

surface, inside of interaction module of Abaqus/explicit.  

There is a good agreement between FE results and experiment with about 10% error 

on average.  
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Figure 5.14   Set up of first test in Abaqus environment 

 

The process of embedding CFRP onto epoxy shown in Figure 5.15. 

 

 

Figure 5.15  Details of trench, epoxy and CFRP in FE environment 

 

The development of strain in strain-gauges located in middle of CFRP of first test is 

provided in Figure 5.16. The fracture of strain gauges happen in 1.1% and ultimate 

failure occurred simultaneously with slab failure.   

Rigid Body 
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Figure 5.16  development of strain in strain-gauge during the test 1 

 

The second test was identical to first test except it had 1700 mm length instead of 

1500.  

To investigate effect of mesh size on output, two different FE model of second test 

generated in Abaqus environment, the first one have fine mesh and another one 

with medium size mesh. The running time for the model with very fine mesh was 6 

days while it was one day for model with medium size mesh. The model with 

medium size presents 20% underestimated values on average while the model with 

fine mesh provides nearly the identical force-displacement curve as experiment. 
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Figure 5.17  Force-displacement of experiment versus FE 

 

 

Figure 5.18  strain in strain-gauge on middle of slab (second test) 

 

The ultimate strain measured by strain-gauge is 1.1% at time of splitting the slab into 

two pieces which is close the value measured in first test. (Figure 5.18) 

The crack in second test initiate from beneath of slab and progress toward top edge 

of slab (Figure 5.12) similar to what observed in FE model. The crack progression in 

FE model, on slab before final rupture shown in Figure 5.19. 
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Figure 5.19  Crack development in slab before rupture 

 

 

The ultimate stress in CFRP before rupture is 2150 MPa (Figure 5.20) against 3100 

MPa as nominal ultimate tensile strength. 

ε=
      

     
=.0126 

 

The ultimate rupture in FE model measured as  1.26%  against 1.1% measured by 

strain-gauge in experiment.(Figure 5.18) 

 

 

Figure 5.20  Ultimate stress in CFRP before rupture 
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5.6 Summary 

 In chapter 5, it was recommended to employ NSM method over EB 

method (externally bonded) and also leaving the central 0.5m of the 

strips unbonded to avoid strain peaks in cracked concrete zones. 

 A FE model was validated against the experimental tests allowing it to 

be used to make prediction of full-scale retrofitted joint behavior. 

 The development length used was well below that recommended 

literature but was adequate to fully anchor the CFRP strips. 

 It validates Abaqus model which used no-slip in the CFRP-concrete 

interface in the development length. 
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6 CHAPTER 6 :  ESTABLISHING PERFORMANCE OF THE 

RETROFITTED BEAM TO COLUMN JOINT 

6.1 Importance of study 

In chapter 4, the seismic behaviour of the as-built connections of the Hope Gibbons 

building was discussed. In this chapter, two experimental tests on retrofitted 

connections are presented.  

The first retrofitted test was a half-scale concrete encased bolted internal beam to 

column joint reinforced with CFRP-NSM strips.  

The second test was a repaired version of the joint of the first test, but with the 

beam on one side only (ie an external joint), in which the cracks had been repaired 

with epoxy and the assembly tested under cyclic loading to find out about 

embedment length of CFR strips for external joint plus the efficiency of epoxy for 

repairing cracks after earthquake. 

In section 6.7, experimental values are discussed and in section 6.9, finite element 

analyses results presented and compared with the experimental tests. 

The similitude requirements and scaling effects for the retrofitted half-scale test are 

very similar to those used for the as-built half-scale test and are not repeated herein. 

 These tests also confirmed the anchorage length requirement for the CFRP strips. 
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6.2 Scaling of retrofitted joint  

The theory for the static and dynamic testing of half-scale models and also the 

application of this theory to the experimental tests is covered in section 4.2. The only 

extra materials that should be addressed are the epoxy and CFRP strips. For practical 

reasons these are full scale; the number of strips used in practice can be increased as 

required to achieve a given joint strength. 

 

 

6.3 Design of replica scaled retrofitted joint 

In section 4.4, the set-up for the three  as-built joint tests was explained and because 

most of the definitions and explanations are unchanged for the following two tests, 

this detail is not repeated herein. The discussion is confined to just the new 

materials introduced as part of the retrofit process.  

 

6.4 Test setup of concrete encased connection with CFRP strip 

reinforcement (test 4) 

The augmenting the slab tensile capacity is the major target of the retrofit strategy 

and discussed in section 4.7.1.2. The method being considered to achieve this is to 

greatly enhance the tension load path through the slab so that the rotating column 

cannot push the two halves of the slab apart, but instead will generate compression 

yielding of the beam flange in contact with the column flange.(CFRP-NSM) 

Utilizing CFRP-NSM (carbon fibre strips with near surface mounting method) 

required a special procedure to enable laying CFRP in pre-defined grooves. The 

process can be summarized as:  

 Cut pre-defined trenches into the concrete slab with a circular saw to 

required depth and width.  
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 Clean trenches and if using water allow to dry in accordance with the epoxy 

manufacturer’s instructions 

 Fill trench with epoxy 

 Lay CFRP strips in trenches 

 Leaving assembly for a pre-defined time (7 days) for the epoxy to cure before 

testing 

 

 

Figure 6.1  Cutting the ’trenches' 

 

The trenches were rinsed clean with water, allowed to dry for a week before 

cleaning again with compressed air. To avoid the presence of epoxy adhesive in CFRP 

de-bonded zones (0.5 m length adjacent to the column), a special procedure was 

adopted. Preparation of the CFRP strips involved the following steps:  

 

 Cut strip to widths of 10 mm from roll of 100 mm width 

 Remove the cover on CFRP 

 Clean CFRP strip  with MEK solvent 

 Bond strain gauges to the CFRP strip at the pre-defined points  

 Cover both faces of CFRP strip with weak tape over the central 0.5 m to avoid 
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any bond between epoxy and CFRP in this designated de-bonded region. 

 Insert the CFRP strips in the epoxy-filled trenches and remove surplus epoxy 

 

In the regions where the laminate has to bond to concrete, the slit was filled with 

the epoxy adhesive.  

As a means of achieving a better bond between laminate and epoxy, the surface of 

the laminate was covered with a thin layer of the epoxy adhesive before immersing 

the laminate in the epoxy filled trenches.  

To do this, the CFRP strips were inserted into the trench, and slightly pressed to 

force the epoxy adhesive to flow between the CFRP and the slit sides. Finally, the 

excess epoxy adhesive was removed and the surface levelled. Figure 6.3 shows the 

appearance of the specimen after the filling of two trenches had been completed. 

 

 

Figure 6.2 Un-bonding the middle of strip 

 

The epoxy used for three slits on the left side of column was the material 

recommended by MAPEI Company which was very difficult to work with due to its 

high viscosity. Also fibres from the carbon fibre strips delaminated from the edges 

during installation and these could penetrate normal protective gloves. 
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A new type of epoxy (Eporip) was utilised for the three right-hand trenches. Eporip 

has low viscosity (high fluidity) and was easy to apply. The appearance of the 

trenches after curing is shown in Figure 6.4. 

This experience showed that an upper limit on viscosity of the epoxy is very 

important. Given that this application is onto a horizontal trench a low viscosity 

epoxy is well suited to the application. It requires the carbon fibre strip to be 

wrapped in a debonding tape over the proposed unbonded region, however, to 

separate it from the epoxy which will fill the whole trench including the region near 

the column which is required to be unbonded. 

Mechanical properties Component A Component B 

Compressive 

modelue of Elasticity (N/ mm
2
) 

>2000 3000 

Compressive Strength(N/ mm
2
) >30 >70 

Bond Strength (N/ mm
2
) >14 >24 

Viscosity (Pa.s) 20 1.5 

Mixing ratio 3 1 

Table 6.1  Mechanical properties for epoxy Eporip 

 

Mechanical properties Component A Component B 

Compressive 

modelue of Elasticity (N/ mm2) 

6000 6000 

Compressive Strength(N/ mm2) >70 >70 

Bond Strength (N/ mm2) >18 >18 

Viscosity (Pa.s) 900 600 

Mixing ratio 3 1 

Table 6.2  Mechanical properties for epoxy PG1, PG2 
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Figure 6.3  Epoxy with high viscosity (PG1,PG2) made it difficult to embed CFRP strips 

 

 

Figure 6.4  New Epoxy with lower viscosity (Eporip) – much easier to use 

Un-bonded 

region 



Chapter 6 : Establishing performance of the retrofitted beam to column joint 

6-7 

 

6.5 Instrumentation 

The instrumentation and its placement for the two retrofitted experimental tests, 

were identical to those used for the as-built joint except for additional strain gauges.  

 

6.5.1 Laboratory equipment  

The same equipment was used  for both retrofitted and as-built connection tests. 

 

6.5.2 Testing protocol  

The SAC loading history, as used for the as-built tests was applied to the retrofitted 

connections. 

. 

6.6 Testing of retrofitted specimen 

In this section, the results of two experimental tests on retrofitted half-scale replica 

specimens are presented. The most important results include hysteresis curves 

based on data measured during the tests. 

The M-  relationship of the connections is a commonly used and important means 

of presenting the behaviour of nonlinear dissipative systems and consequently 

redundant measurement of the data needed for these plots was made. 

Two experimental tests were carried out to investigate the seismic behaviour of the 

composite connection (concrete encased bolted joint with concrete slab), namely:  

 

1. Cyclic test on an internal connection with slab, retrofitted with CFRP-NSM strips. 

This joint had identical, incoming beams entering it from both sides. 

2. Cyclic test on a repaired external composite connection. This joint had an 

incoming beam on one side only and was ‘reconstructed’ from the internal joint 

specimen after it had been cyclically tested.  
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6.7 Cyclic test on retrofitted joint with CFRP-NSM (half-scale) 

The connection is identical to the plain as-built composite experimental test, with 

the addition of CFRP-NSM reinforcing strips in the slab. Figure 6.5 shows the state of 

the slab and the CFRP trenches just after the experiment was completed. 

 

 

Figure 6.5   Internal composite joint with CFRP at conclusion of testing 

 

The details of the specimen assembly is the same as in Table 4.5 with the addition of 

six full length trenches with dimensions of 10×20 mm, containing 1.2x10 mm CFRP 

strips embedded in epoxy resin.          
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Figure 6.6  General view of test 4 specimen (generated from finite element model) 

 

 

Figure 6.7  Slab showing freshly cut trenches 

 

The SAC loading history was again adopted for cyclic loading. As there was a 

displacement limitation on the pulling (negative) side of about 0.027 radians, the 
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hysteresis loop is asymmetric for radians rotation exceeding this value, see Figure 

6.8 for the  M-θ  capacity of the connection.  

Asymmetry of the M-θ relationship (Figure 6.8) resulted from different gap between 

column and coming beams and there is zero-gap between column- beam on negative 

side and 1-2 millimeter gap on positive side.  

As the column rotate, there is an immediate contact between column face and beam 

flange on negative side leads to steeper slope and higher initial stiffness 

accompanied with sudden strength drop  whilst on the positive side with 2 mm gap 

induced less initial strength due to slackness at the same rotation so  it can be seen 

from Table 6.3, developed moment on positive side is about twice bigger than 

negative side. 

   

  

Figure 6.8  M-  relationship for internal composite joint with CFRP 

 

Figure 6.9 shows the (more symmetric) M-θ relationship that results when 

displacement cycles are symmetric (i.e. less than 0.027 radians). 

The maximum positive moment reached (    
   was 55.6 kN-m corresponding to a 

maximum positive rotation     
  of .046 radians, while the maximum negative 

moment (     
   was -47.8 KN-m and the maximum negative rotation     

   was        

-.027 radians.  
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Figure 6.9  Symmetric M-  relationship  for composite internal joint with CFRP up to .01 
radians 

The experiment ended with the shear failure of the two bolts connecting the beam 

to the seating angle (both sides).  

Details of positive and negative moments for different radians rotation shown in 

Table 6-3.  

Figure 6.9, shows that at .01 rotations,       
  is two times bigger than       

  at the 

same rotation as a result of zero-gap between column- beam on negative side and  

1-2 millimeter gap on positive side.  

 

Rotation (radians) Positive flexure (kN-m) Negative flexure (kN-m) 

.0035 2.43 -4.8 

.005 2.8 -7.15 

.0075 4.1 -8.1 

.01 8.3 -17.1 

.015 11.1 -27 

.02 22 -38.7 

.03 32.7 - 

.04 54 - 

Table 6.3 Comparison of moment values against rotation 

 

 

The hysteresis loop is still severely pinched with low energy dissipation. (Figure 6.10) 

-20 

-15 

-10 

-5 

0 

5 

10 

-0.015 -0.01 -0.005 0 0.005 0.01 0.015 

Rotation 

Moment (kN-m) 

Negative Side 



Chapter 6 : Establishing performance of the retrofitted beam to column joint 

6-12 

 

 

 Two new features observed during the test were: 

 In composite joint without CFRP, all bolts between beam-top angle and 

beam-bottom angle broke before .03 radians. However, in composite joint 

retrofitted with CFRP, apart from one bolt located between beam-seating 

angle on positive side which broke at .018 radians, none of the other 

fasteners broke before .03 radians. 

 In composite joint without CFRP, cracks began to develop at small radians 

rotation (.0035 radians) and before .03 radians some cracks were so wide 

that it was possible to right through the slab from top to bottom. In 

composite joint with CFRP, hairline cracks started to develop at .01 radians 

and they remained hairline until .03 radians. 

 

 

Figure 6.10  M-  for composite joint with CFRP up to .03 radians  

 

 On the negative side of the curve, no failure of CFRP or bolts was observed. There 

was no gap between beam and column on the negative side. The  M-θ curve on the 

negative side , due to the jack constraint limiting rotation, could increase only up to 

0.027 radians.  The development of cracking in the slab under radians rotation up to 

.10 radians on positive and up to .027 radians on negative side of slab is described in 

Figures 6.11 to 6.14. 
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Figure 6.11  Plan view of development of hairline cracks at .01 radians 

 

The first hairline crack appeared at .01 radians and developed from column edge 

toward slab edges. These cracks were tiny and closed when the column returned to 

its zero position. 

At .03 radians, the number of cracks increased but they remained hairline.  They still 

closed when column was returned to its zero rotation position. 

 

 

 

 

 

 

 

Figure 6.12  Plan view development of slab cracks at .03 radians 

 

At .06 radians cracks between column and slab edge and front of column widened to 

3-4 mm and did not fully close when rotation returned to zero. (Shown in Figure 6.13 

with thick lines). 
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Figure 6.13  Plan view development of slab cracks at .06 radians  

 

 

 

 

 

 

 

 

 

Figure 6.14  Plan view development of cracks at .09 radians  

 

 

At .09 radians cracks between column and slab edge on positive side increased to 5-7 

mm width and did not closed when rotation returned to zero. In addition, a 

longitudinal crack from column to end of slab developed, with a width more than 10 

mm (approx. horizontal thick line in Figure 6.14) and there was a concrete crushing 

line visible from edge of column toward slab edge. (Approx. vertical thick lines in 

Figure 6.14) 

 These ‘thick line’ cracks in Figure 6.14 did not close when the column was rotated 

back to the  zero-position.  

The tension forces developed in the joint at .09 radians being sufficient to cause the 

slab to slip relative to the supporting steel beams, generating longitudinal splitting 

along the secondary beams. Previously the internal actions generated in the joint 

were not high enough to cause this slip. 
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It should also be noted that 0.09 radians and maybe even 0.06 radians is outside the 

scope of interest of this joint in Hope Gibbons building as the building would be 

becoming unstable at 0.06 radians and close to or beyond collapse at 0.09 radians. 

It can be concluded that adding CFRP strips is an effective solution to control the 

crack development in concrete slab and cracks introduced by earthquake would be 

tiny and would not need any repair. After .09 radians rotation, the concrete in front 

and back of column are crushed, however this is a level of rotation well beyond that 

which could be sustained in practice by the building. 

 

Using CFRP Strips to enhance tension load path through leads to these conclusions: 

1- Decrease in positive and negative moment capacity in rotations less 

than .015 radians. As the gap was nearly the same in both test 

specimens (as-built and retrofitted) so the gap  have small 

contribution to this event but most contribution related to concrete 

slab which have less influence on the moment rotation curve with the 

CFRP than it did on the joint without CFRP  at rotation .015 or less. 

This proved in experiment due to the reduced crack width.  

2- Increase in positive and negative moment capacity nearly after .015 

radians most related to improved tension load path through CFRP 

strips and this is evidenced by developed transverse cracks and partly 

localised top and bottom flange of coming beams.   

3- It would be beneficial in practice to shim any gap between the beam 

and column in the joints to engage the CFRP as soon as column 

rotation commences. This can be done with thin, bent plates put 

between the I- section beam flange and the column flange face.   
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Figure 6.15  Crushing of concrete at back and front of column 

 

 

Figure 6.16  Slab rupture at .09 radians  at end of slab 

 

To show the contribution of CFRP-NSM in experiment, the test results of as-built 

composite and retrofitted joint are compared in Figures 6.17, 6.18 and 6.19. 
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Figure 6.17  M-θ  for composite joint with and without CFRP up to .03 radians 

 

  

Figure 6.18  M-  for composite joint with and without CFRP up to .015 rotation 

 

 

As the gap was nearly the same for both test specimens (as-built and retrofitted) so   

the following conclusions may be drawn: 

 Using CFRP-NSM leads to more pinching in M-  curve at lower rotations. This 

is probably due to the crack reducing effect of the CFRP (compare Figure 6.12 
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with Figure 4-38) meaning that the plain bar reinforcement is not mobilised 

to the same extent at this level of rotation.   

 There is no increase in moment capacity of joint before .015 radians, 

regardless of gap between beam-column. 

 On negative side of connection (with no gap), increase in moment capacity 

begins nearly from .015 radians. With rotation more than .015, there is a 

drop in stiffness and strength of as-built composite joint while the strength 

and stiffness in retrofitted joint is still increasing.   

 From Figure 6.19, it can be seen that the effectiveness of CFRP in increasing 

strength is dependent on the gap between beam and column. There is a need 

for a certain minimum amount of rotation in the joint to mobilise the CFRP 

and this minimum amount of rotation in no-gap side is .015 radians while  on 

the side with 2-milimeter gap,  it is .03 radians.  
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A comparison between moment capacity for both cases of as-built and retrofitted 

joint  provided in Table 6.4.  

 

Rotation 

(radians) 

As-Built 

positive 

flexure 

(KN-m) 

Retrofitted 

positive flexure 

(KN-m)  

As-Built 

negative 

flexure (KN-m) 

Retrofitted 

negative flexure 

(KN-m)  

.0035 8.9 2.43 -24.5 -4.8 

.005 10.6 2.8 -27.8 -7.15 

.0075 12.45 4.1 -32 -8.1 

.01 24.42 8.3 -34.2 -17.1 

.015 26.3 11.1 -30.4 -27 

.02 29.2 22 -28.57 -38.7 

.03 28.8 32.7 -18 -- 

.04 19.1 54 -- -- 

Table 6.4  Comparison of moment capacity for as-built  and retrofitted, half-scale joint  

 

 

Figure 6.19  M-θ   relationship for composite joint with and without CFRP 
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6.8 Testing of repaired  experimental specimen (test 5) 

The main targets of this experiment were evaluation of the effectiveness of epoxy in 

repairing earthquake-induced cracks in the slab and obtaining information relating to 

required development lengths for CFRP strips in external joints. 

After completion of the previous test (composite joint with CFRP), 
 

 
  of the slab on 

the positive side of the slab (the part of slab with major cracks) was cut off and 

removed and the remaining  
 

 
  of the positive side was repaired with two types of 

epoxy. For filling the hairline cracks on the upper face of the slab, epoxy type Eporip 

with high fluidity was used and for repair of cracks on the underside of the slab and 

also wide cracks between column and edge, epoxy type PG1 was used. (Figure 6.20) 

 

 

 

Figure 6.20  Test set-up for repaired assembly – note section of slab to right of column 
removed 

Removed Part of Slab  
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Figure 6.21  Using epoxy for repairing underside of slab 

 

The M-θ   relationship of the connection is the most important information obtained 

by this test.  

It is important to ensure good performance of epoxy as a means of filling the cracks 

induced by earthquake and the effect of the CFRP strip anchored on the external 

face of the column.  

The loading pattern of SAC accepted during the test and measurements include:  

 Strain in CFRP strips 

 Displacement at  top, bottom and both ends of beams 

 

The results of FE analysis are compared with experimental results in section 6.11. 

M-θ relationship for test 5 is provided in Figure 6.22. 
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Figure 6.22  Moment-rotation relationship for test 5 

 

The maximum positive moment reached (    
   was 23.9 kN-m corresponding to a 

maximum positive rotation     
  of .02 radians, while the maximum negative 

moment (     
   was  -38.7 kN-m corresponding to negative rotation     

    -.02 

radians.   

Details of positive and negative moments for different radians rotation shown in 

Table 6-5. 

 

Rotation (radians) Positive flexure (kN-m) Negative flexure (kN-m) 

.0035 9.2 -7.5 

.005 11.3 -12.5 

.0075 13.2 -19.1 

.01 14.5 -25.4 

.015 20.2 -30.1 

.02 23.9 -38.7 

.03 21.9 ---- 

.04 14.5 --- 

Table 6.5  Moment values against rotation 
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Figure 6.23  illustrated that at .01 rotations,       
–

 is nearly  two times bigger  than 

      
  at the same rotation which resulting from zero-gap between column- beam 

on negative side and  1-2 millimeter gap on positive side. 

The hysteresis is moderately pinched and final failure mode was shear yielding of 

bolts between beam and seating angle at .038 radians. 

 

 

Figure 6.23  M-θ  curve for test 5 up to 0.01 radians 

 

Development of cracks in joint explained in Figures 6.24, 6.25 and 6.26. The first 

hairline crack appeared at .015 radians and it closed when column back to zero-

position. 

 

 

 

 

 

 

 

Figure 6.24  Plan view of crack development pattern for slab at .015 radians  
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Figure 6.25  Plan view of  crack development pattern for slab at .02 radians  

 

 

 

 

 

 

 

Figure 6.26  Plan view of  crack development pattern for slab at .04 radians  

 

At .04 radians rotations, cracks on negative side became bigger but still remained 

small meanwhile; some cracks began to develop from column edge toward outer 

edge on positive side. These cracks on negative side were small but not closed when 

column forced back to zero position. 

In experiment after .03 radians, there was some noise coming from breaking of some 

small fibres in un-bonded area. Result of these local fractures was loss of stiffness 

and strength in experiment after .03 rotations as seen in Figure 6.22. 

The length of embedded CFRP on positive side of joint was .5 m and as there was no 

sign of epoxy fracture after test completion, it can be concluded that .5m anchorage 

length was  enough for external joint. 

From experiment, it can be concluded that: 

 Epoxy can successfully be utilised for repairing highly damaged slab and for 

refilling hairline cracks.  

 .5m  CFRP anchorage length was enough for external joint for this size of strip 

and anchorage detail. Development lengths are presented in section 6.10. 

 

Negative side 



Chapter 6 : Establishing performance of the retrofitted beam to column joint 

6-25 

 

6.9 FE modelling of retrofitted experiments (half-scale) 

In this section, results of numerical analysis for experimental tests 4 and 5 are 

explained. 

Two FE models were produced and used to investigate response to monotonic 

loading. 

The main aim of this section is validating of FE models against experiments and most 

emphasis is put on following aspects: 

 M-θ relationship of experiment against FE curve coming from monotonic 

loading 

 Required development length for external joints  

 Failure modes 

 Distribution of stress and strain in fasteners 

 Development of crack and damage in slab 

 

6.9.1  FE modelling of  test 4 

Test 4  is representative of a typical (Hope Gibbons building) composite connection 

retrofitted with CFRP-NSM strips and  located in an internal frame. 

The FE model produced for this test is similar to that used for test 4 except in this 

model, six trenches were built in the slab with 20×10 mm (depth × width) and filled 

with epoxy and CFRP strips. Loading condition was according to Table 6.6. 

 

Displacement at 

column Bottom 

(m) 

Amplitude time 

in Abaqus 

(Second) 

Approximate time 

needed to 

complete the 

analysis  (Day) 

3.5 4 30 

Table 6.6  Loading condition for FE model of test 4 

 



Chapter 6 : Establishing performance of the retrofitted beam to column joint 

6-26 

 

 

Figure 6.27  Epoxy and CFRP modelling in Abaqus FE model 

 

The results of FE analysis (monotonic loading) compared with experimental test is 

illustrated in Figure 6.28. 

Concrete damaged plasticity has been used to model the concrete slab and the 

cracking was modelled using plastic strain component (PE) variable as a function of 

cracking. 

Friction behaviour in the horizontal and variation of reactions in the vertical direction 

require contact modelling. To model this behaviour, nonlinear contact algorithm was 

used in the modelling the contact between epoxy and slab. These two surfaces form 

as contact pair. The concrete slab was made as master surface and outside face of 

the epoxy was assigned to be the slave surface. 

In FE models, a fine mesh was used in all parts and a reduced integration element 

with enhanced hourglass control, second order accuracy and distortion control was 

used in Abaqus/Explicit. Choosing field output was such that output size remained 

less than 5 GB after completion.  
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Figure 6.28  Monotonic loading in Abaqus versus  experimental cyclic loading 

FE model had no gap on negative side and 2 mm gap on positive side. The 

experiment had 1-2 mm gap on positive side and no gap on negative side.  

The maximum moment capacity of experiment occurred at .046 radians with 55.6 

kN-m while for the same rotation, corresponding value in FE is 57.2 kN-m.  

The maximum value from FE model is 59 kN-m corresponding to .07 radians. 

FE model successfully predicted maximum moment capacity but it could not predict 

loss of stiffness and strength in assembly very well.  

Considering that each CFRP strip consisted of many tiny fibres bonded together with 

strong epoxy, in experiment after .05 radians, there was some noise thought to be 

coming from breaking of some small fibres, and with increasing rotation , there was 

more and more noises, which meaning more and more fibres breaking in un-bonded 

area. Result of these local fractures was loss of stiffness and strength in experiment 

but in Abaqus model, the CFRP strips are a homogenous part and with adding the 

rotation, stress in CFRP will be re-distributed instead of leading to local breaking of 

some fibres. As a result, it can be seen from Figure 6.28 that loss of stiffness in 

Abaqus model begins from a bigger rotation than occurred in the experiment. 

The failure mode observed in the FE model was identical to experiment and was due 

to shear yielding of bolts between seating angle and beam on positive side of slab. 

Running of this model was more than 4 weeks as there was a need for modelling 

epoxy and CFRP which required the use of a fine mesh all around the slab.      
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Figure 6.29  Von Mises stress (Pa)  concentration in front of column (.04 radians)  

 

 

 

Figure 6.30  Crack development in slab (PE) at .01 radians  
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Abaqus manual suggest plastic strain component (PE) variable as a function of 

cracking and it is shown in Figurer 6.30 and it is in a very good agreement with 

experimental observation (Figure 6.11). 

The variable of tensile damage “DAMAGET” in Abaqus is used to define post-cracking 

damage (or stiffness degradation) properties for the concrete damaged plasticity 

material model. The study on tensile damage variable as a function of cracking strain 

shows that this option can be used as a crack development function. The value of 

DAMAGET for .03 radians is shown in Figure 6.31 and it is in a good agreement with 

Figure 6.12.   

The “PE” variables provide a very good pattern for crack development but 

“DAMAGET”  is a clearer option for tracing crack development in slab although it is 

not as accurate as PE variable.  

 

Figure 6.31  Tension damage variable (DAMAGET) in slab (.03 radians) 

 

Stress distribution in the six rows of strips is shown in Figure 6.32 which shows that 

stress value in strips closest to column is maximum and decreases in strips located 

further from the column. The maximum stress in strips  at .07 radians is 1650 MPa , 

less than nominal ultimate stress of 3100 MPa. 
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Figure 6.32  Von  Mises stress distribution in CFRP strips (.07 radians) 

 

Figure 6.32 illustrate that maximum strain concentrated in nearest strip to column. 

Because 0.5 m of strip is un-bonded, there is a uniform distribution of strain in this 

0.5 m of strip.  

 

 

Figure 6.33  PEEQ distribution in main beam 
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Figure 6.33 shows equivalent plastic strain (PEEQ)  in one main beam, revealing high 

concentration in the vicinity of the contact zone between bottom flange and column 

face.  

The stresses in the beams begin to develop as they start contacting with column. 

Depending on the direction of column rotation, stress develops on top flange on one 

side and bottom flange of beam on the other side.  

 

 

 

 

Figure 6.34  PEEQ  in reinforcement bars around column at .07 radians  

 

 

After completion of test, the slab concrete around the column was removed and 

there was sign of tensile yielding in bars around column, in agreement with FE 

analysis as shown in Figure 6.34.  
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6.9.2  FE modelling of  test 5 

Test 5 was carried out to understand more about efficacy of epoxy in repair of 

damaged slabs after an earthquake plus investigating anchorage length required for 

CFRP in external joints.  It was  assumed that epoxy refills all cracks in the slab 

successfully, so FE model simulated as an un-cracked model and its results will be 

compared  with experiment. 

 

Figure 6.35  FE model for test 5 

 

Assembly characterization for test 5 is similar to test 4,  except  
 

 
 of slab on positive 

side has been been removed. The results of monotonic loading from FE analysis are 

compared with experimental values and illustrated in Figure 6.36.  

FE models for test 5 use a very fine mesh in all parts and for Abaqus/explicit, the 

reduced integration element with enhanced hourglass control, second order 

accuracy and distortion control were utilised.  

Loading condition used in Abaqus/explicit is similar to that used for test 4(Table 6.6), 

except the running time which was about 20 days for each monotonic loading on 

positive and negative side. On positive side, where the highly damaged slab was 

repaired with epoxy, FE analysis successfully predicted ultimate moment capacity of 

experiment and its corresponding rotations, which indicate success of epoxy as a 

solution for repairing the cracks in slab. 
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On negative side, maximum moment and its relevant rotation is close enough to 

experiment and difference between FE and experiment resulting from different gap 

of column-beam between them.  

 

 

Figure 6.36  Compare Monotonic loading against experiment for test 5 

  

The FE model produced for test 5 has 2 millimeter gap between column and 

incoming beams on positive side and no gap on negative side. 

The failure mode from FE analysis was identical to those of experimental tests, as 

shear yielding bolts between seating angle and beam on positive side. 

Table 6.7 compares the predicted failure capacities with the experimental values 

obtained under the application of positive and negative moments. 

 

 Positive side Negative side 

Max 

moment 

Corresponding 

rotation 

Max 

moment 

Corresponding 

rotation 

Experiment 23.9 .02 -39 -.02 

FE 24.7 .026 -36.7 -.03 

Table 6.7  comparison of FE against experiment 
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6.10  Development length for embedded CFRP in slab 

The required development length needed for embedded CFRP strips in the slab is a 

controversial issue. Previous researches to define development length are 

summarised in Appendix B. 

This section covers these topics as follows: 

 Result of recorded strain in CFRP strips for different rotations.  

 The recorded strain compared and verified against equivalent strain coming 

from FE analysis 

 Establishing an equation  for development length of embedded CFRP strips 

 

 

 

6.10.1 Recorded strain from experimental test 4 

 

In test 4, there were six strips in the slab and each CFRP strip had seven attached 

strain gauges, one in the middle and three each side at half-metre spacing. Because 

of symmetrical geometry, outputs of strain-gauges in just one quarter of the slab are 

explained. (Figure 6.37) 

 

 

 

 

 

 

 

 

 

Figure 6.37  Location of un-bonded CFRP strips 

 

The Area under scrutiny for strain  

Un-bonded Length of CFRP 
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The un-bonded length of CFRPs in test 4 and test 5 was half a metre, indicated by red 

dashed lines in Figure 6.37. Position of strain gauges in quarter of slab can be seen in 

Figure 6.38. 

Displacement at bottom of column versus time of test is shown in Figurer 6.39 and 

as it was expected that the most strain during the rotation, happen in strain of gauge 

3D (Figure 6.38). 

Development of strain in a row of strain-gauges is evaluated and illustrated in the 

graphs of Figures 6.40, 6.41, 6.42 and 6.43.  

The maximum strain in strain-gauge of 3D was .012(1.2%) corresponding to .06 

radians. 

A comparison  between strains  in these four  Figures shows  a drop  from 1.2% strain 

in middle of un-bonded strip to .7% in strain-gauge 3C which is located 0.5  metre 

beyond strain-gauge 3D.  

This strain dropped to .015 %   in strain-gauge 3B , which is 1.0 metre further from 

un-bonded area.  

In the last strain-gauge, located 1.5 metres further from un-bonded area, only noise 

was recorded (.0004% strain). 

Obviously, the most strain during the rotation occurred in closest CFRP to column 

and strain deceased for strain-gauges  located further from column, longitudinally 

and transversely,  so it can be concluded that  in most critical case, which is row 

number 3,  having one metre development length is enough to ensure full 

development of the tensile capacity of the embedded CFRP strips. 

 It should be mentioned that during the rotation after .04 radians rotation, there was 

loud noise considered to result  from local rupture of some strips of CFRP. After the 

test was completed (.09 radians), the un-bonded part of strips was carefully checked 

and some local rupture of CFRP was observed. This shows the importance of 

effectively debonding the CFRP strips over the central region. 

The strain in second row (row number 2) was much smaller than first row and strain 

in strain-gauge 2B  was very small  accompanied with just noise in 2A. 

In the third row (number 1), there is zero strain in 1A and 1B and also small strain in 

1C. 
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                         A                 B             C                    D 

 

 

 

 

 

6.20 Location of un-bonded CFRP  

Figure 6.38  Location of strain-gauges 

 

Figure 6.39  Displacement of column bottom versus time of test (imported from Matlab 
program) 

 

A comparison between strain-gauge 3D (Figure 6.40) and strain-gauge 2D (Figure 

6.44) carried out. Although strip 2 is 10 cm away from strip 3 but maximum strain in 

strain-gauge 2D is 40% less than 3D (on average). This indicates that maximum strain 

is concentrated in nearest strip to column and indicates presence of shear lag. 

1
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(Rotation) .01 
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Figure 6.40  Strain in strain-gauge number 3D 

 

Figure 6.41  Strain in strain-gauge number 3C 

 

Figure 6.42  Strain in strain-gauge number 3B 
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Figure 6.43  Noise in strain-gauge number 3A 

 

Figure 6.44  Strain in gauge 2D 

 

 

Figure 6.45  Strain in strain-gauge number 3D (other quarter) 
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The recorded strains in the other quarter are in reasonable agreement with those 

discussed above. For instance, recorded strain for symmetric strain-gauge 3D, is 

shown in Figure 6.45. 

Measured strain from is summarised in Table 6.8. 

 

Rotation 

(radians) 

Location 3D Location 3C Location 3B Location 3A 

.005 .3 .25 .005 Noise 

.01 .58 .35 .015 Noise 

.02 .6 .35 .012 Noise 

.03 .64 .4 .012 Noise 

.04 .76 .48 .012 Noise 

.05 .9 .42 .012 Noise 

.06 .95 .55 .012 Noise 

.07 1.1 .58 .012 Noise 

Table 6.8  measured strain on row 3 (%) 

 

As can be seen from Table 6.8, strain,  1.0m away from middle of un-bonded area is 

very small (.012 %) and there is only some noise in strain-gauge located  1.5 m away 

so it can be concluded that  for the most critical CFRP strip (row number 3)  having 

one metre development length is sufficient. 
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6.10.2 Comparing recorded strain against FE analysis  (Test 4) 

The output of FE analysis for CFRP strips is based on stress (MPa) while output of 

strain-gauge is voltage which is converted into strain. The best location to compare 

values of FE and experiment  is point of 3D as it has the maximum strain. 

The strain of point 3D extracted from Figurer 6.40 and from FE analysis, the stress in 

CFRP strips changes into strain using   E=170 GPa for each CFRP strip.  

Result of this comparison for different rotations is provided in Table 6.9.  

It should be noted that maximum strain of CFRP type E170, supplied by MAPEI 

Company is 2% according to company catalogue. 

 

Rotation(mrad) Strain from FE (%) Strain from experiment (%) 

20 .3 .5 

30 .4 .6 

40 .7 .7 

50 .8 .9 

60 .9 1.0 

70 1.0 1.1 

Table 6.9  Strain comparison - experiment and FE, at location 3D (Fig 6.38) 

 

 

Variation of strain in FE environment investigated and it showed, up to .06 radians 

rotation, changes occurred solely in a  1.0 m length away from the point that CFRP is 

embedded so it can concluded that 1.0 m length is sufficient  as development length 

for internal joints.  
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6.10.3  Recorded strain from experimental test 5 

In experiment 5, about half remaining strain-gauges around column did not record 

any strain during cyclic loading meaning that they had been damaged during 

reconstruction work to remove the portion of slab on the  negative side. Other 

strain-gauges worked well but strains were small as the joint rotation was not taken 

beyond .045 radians. 

 

                                                            A                     B                C     

 

 

 

 

 

 

Figure 6.46  Location of strain-gauges for Experiment 5 

 

 

 

 

 

 

6.10.4   Establishing an equation for CFRP development length  

Regarding the materials provided in Appendix B, there are two different equations 

available to calculate embedment length of  CFRP strips. All these equations result in 

an overestimated development length compared with the length needed for the 

most critical CFRP  strip (closest strip to column). 

 For CFRP strips away from column, these equations are unrealistic and give much 

longer length than really needed. The main problem with the equations is, they are 

coming from flexural tests performed on many simple slabs or beams located on two 

1

1 2 

3 
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 simple supports and loaded in the middle, so they cannot predict behaviour of 

embedded CFRP onto slab, under tension force. An equation for predicting 

development length taking account of the following is needed: 

 Size of Grooves 

 Size of CFRPs 

 Distance between grooves 

 Variation of stress distribution in CFRPs, depending on distance from column 

 Mechanical properties of CFRP and concrete 

 Depth of CFRP in slab 

 

It is based on the following layout parameters and materials: 

 

 The development length is for full tension capacity of the CFRP   

 Distance between grooves is 100 mm, including first groove from column, 

which is recommended as a good practice on site. 

 Size of groove is 20×10 mm which suits a wide range of CFRP with different 

sizes. 

 Distance of CFRP from top of slab (in most cases, about 5-10 mm. 

 When a length of CFRP is to be left de-bonded the development length is 

measured from the ends of this un-bonded length 

 Compressive strength of slab does not play an important role as compressive 

strength of Epoxy is 2-3 times stronger than concrete. However, the slab 

comprises normal weight concrete with specified compression strength ≥ 20 

MPa 

 The embedding epoxy is chosen from the CRFP supplier’s recommendations 

to match the CFRP strength 

 

Equation 6-1 is suggested for estimating development length required for 

CFRP-NSM under tension force: 
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L=1000× α β γ                                                    (6-1) 

              α= 
 

    
                                                                     (6-2)                                                             

              β= 
  

  
  ,                                                                      (6-3) 

               γ= 
 

   
  ,                                                                     (6-4) 

   

L= Required development Length for CFRP 

α= correction factor for ultimate tensile strength of CFRP 

β= modification factor for height of CFRP 

γ= modification factor for thickness of CFRP 

σ= ultimate tensile strength of CFRP (MPa) 

    Height of CFRP strip (mm) 

t= thickness of CFRP strip (mm) 

 

Equation 6-1 generates a 1.0 metre development length for half-scale model, 

which was confirmed by FE analysis and experiment. 

Note that CFRP strip should placed close to column, within the effective width of 

slab and in order to ensure that stress in un-bonded region of CFRP strip does not 

exceed 85% of fracture stress at a joint rotation of 40 mrad, the un-bonded length 

of CFRP out from each side of column face is given by equation 6-5. 

 

  
          

        
         

 

         =1.18× (     )                                                 (6-5) 

 

                                          ach side of column in mm 
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6.11   Summary 

In chapter 6, from experiments on retrofitted connections, it can be 

concluded that: 

 

 Good agreement between FE and experiments for prediction failure 

mode and crack development.  

 

 Using CFRP-NSM decreases width of induced cracks considerably. 

 

 Shear fracture of bolts is still the main cause of  loss of strength. 

 

 Effectiveness of CFRP in increasing strength is dependent on the gap 

between beam and column. There is a need for a certain minimum 

amount of rotation in the joint to mobilise the CFRP depending on 

the gap between column and in-coming beams. It is recommended 

that any gap existing in the practice be eliminated  by shimming. 

 

 From measured strains and FE analysis, it was concluded that 1m and 

.5m anchorage length is enough for internal and external joints 

respectively.  

 The Epoxy supplied by Mapei Company for filling the grooves  must 

have low viscosity to allow  for effective placement of CFRP-NSM 

strips. 

 An equation was established for predicting the required CFRP 

development length for the case of an internal composite joint. 

 

 The research undertaken in this project has generated changes to the 

NZSEE recommendations (version 2011). 
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7 CHAPTER 7 :  NUMERICAL MODELLING OF FULL-SCALE 

JOINTS 

7.1 Importance of study 

 

In Chapter 7, results of finite element push-over type analyses of full-scale internal 

and external joints, located in the middle frame of the Hope Gibbons building are 

presented, including : 

 M-θ  relationships for all (four) typical internal joints including the bare steel 

case and the fully composite joint (concrete encased with composite slab) 

 M-θ relationship  for selected internal joint, retrofitted with CFRP-NSM strips. 

 M-θ  relationship for all (four) typical external joints include bare steel and 

composite cases. 

 M-θ relationship for a selected external joint, retrofitted with CFRP-NSM 

strips. 

 

As with the FE results presented earlier, the modelling is undertaken for monotonic 

loading only to generate the spine curve which is compared with the experimental 

cyclic tests. This is because the numerical demands for obtaining representative 

cyclic behaviour are beyond the capability of our computer software and hardware 

system to realistically level for the scope of analyses required. The results are used 

to establish an empirical formula for predicting M-θ relationships for as-built 

composite, retrofitted internal and as-built external joints. 
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7.2 Characteristics of as-built joints 

The plan of the Hope Gibbons building is shown in Figure 7.1 and a typical 

connection and middle frame shown in Figures 7.2 and 7.3 respectively. 

 

Figure 7.1 Plan of Hope Gibbons building 

 

  

Figure 7.2  Typical connection on second floor 
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Figure 7.3  Middle frame of Hope Gibbons building (dimensions in mm) 

 

Note that both external columns have the identical cross section.  

The middle frame of building has six different columns (C1-C6) and two types of 

beams (B1 and B2). Location of each column type is shown in Figure 7.3 and all 

beams on floor 1-7 has, beam type B1 except roof which has typical beam type of  

B2. 
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The details of columns and beams are provided in Table 7.1. 

 

 

Figure 7.4  FE model of typical connection on second floor 

Type British standard SI Unit (cm) Location 

C1 10’’×8’’×70 UB 

+PL25 

20.3×25.4×2.5+PL25×1.6 External joint 

levels: 1,2,3 

C2 10’’×8’’ 25.4×20.3×2.5 External joint 

levels: 4,5,6 

C3 8’’×6’’ 20.3×15 1.6 External joint 

levels: 7,8,9 

C4 10’’×8’’×70 UB 

+PL35 

20.3×25.4×2.5+PL35×1.6 Internal Joint 

Floors: 1,2,3 

C5 9’’×7’’ 

UB+PL30 

17.7×22.8×2.3+PL30×1.3 Internal Joint 

Floors: 4,5,6 

C6 9’’×7’’ UB 17.7×22.8×2.3 Internal Joint 

Floors: 7,8,9 

B1 20×7.5 50.8×19×2.5 Every floor except 

roof 

B2 18×6 45.7×15×1.9 Roof 

Secondary Beams 10×4.5 24.5×11 -------- 

Bolt ------ Ø16 96 per each joint 

Table 7-1  Characteristics of columns and beams 
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7.3 Scope of  full-scale FE analysis 

For FE analysis of half-scale models and full-scale bare steel joints, the facilities 

provided by the BESTGRID network system were utilised to run the models 

generated on finite element software package Abaqus (www.bestgrid.org). This 

network system is a joint computational system between many New Zealand 

research institutes. The computers of BESTGRID system are much faster than 

individual work stations but still unable to run any FE models of full scale joints with 

incorporated concrete slab. 

The analyses were made on a typical internal frame which is representative of all the 

internal frames in this building.. 

For nonlinear time-history analysis of this frame within Ruaumoko software, there is 

a need for having a hysteresis rules for each typical joint. 

The main reasons for generating all typical joints of Hope Gibbons building in Abaqus 

environment are as follows: 

 To validate the upscaling of the experimental results (conducted at half scale) 

to full scale application 

 To generate parameters for the moment-rotation  relationship for internal 

and external composite joint (both cases, as-built and retrofitted) that can be 

input into the earthquake modelling program Ruaumoko. 

The range of   FE full-scale models built in Abaqus environment is as follows: 

 

Internal joints: 

 4  full-scale composite internal joint with 2 mm gap between column-beams  

 1  full-scale retrofitted internal composite joint with 2 mm gap  

 4  full-scale bare steel internal joint with 2 mm gap  

 1 full-scale bare steel internal  joint with no-gap   

 1 full-scale retrofitted composite internal joint with no-gap   

 1 full-scale composite internal joint with no-gap between column-beams  
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External Joints : 

 4  full-scale external composite joint with 2 mm gap  

 1  full-scale external retrofitted composite joint with 2 mm gap  

 1  full-scale external retrofitted composite joint with no gap  

 4  full-scale bare steel external  joint with 2 mm gap   

 1 full-scale bare steel external  joint with no-gap   

 

7.4 Governing failure modes 

7.4.1 Failure modes for as-built composite internal joints (with and 

without gap) 

It is  important to note that for the non-retrofitted joint the ultimate failure mode is 

fracture of the slab reinforcement or the beam slipping off the bearing seat (which is 

not probable up to .09 radians), but there is a noticeable loss of joint strength 

associated with shear yielding of the bolts between the seating angle and beam 

flange and/or between top angle and column flange and to facilitate explanations 

about joint behaviour,  the term of  “failure mode”  is used to identify this point of 

significant loss of joint strength. 

The next important note is Von Mises stress is used to identify onset of yielding in an 

initially elastic material and once    exceeded, the Von Mises stress measure is no 

longer meaningful as it is based on equating elastic shear strain  energy density to 

that in simple tension. 

Abaqus program showing values of stress after yielding stress with term of           

“Von Mises stress”  which is accumulated value and physically makes no sense but 

allows the user to interpret sensibly. There is no  method of determining fracture in 

materials under complex stress and there is no damage based criterion for this which 

can be coded into Abaqus program. 
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 In order to define bolt fracture,  It is suggested to use accumulated plastic strain as 

indication for bolt fracture and referring to Figure A.15 of Appendix A, the value of 

PEEQ=.17 is used to define bolt fracture in FE results. 

The governing failure mode for a typical connection of internal joint, located on 

second floor (with and without gap) is shear yielding of bolts between beam-seating 

angle(Figure 7.5). After shear yielding of these two bolts, with increasing rotation, 

shear yielding in bolts between beam and seating angle on other side, begins to 

develop more.  But there was no failure up to the point where test stopped.    

There was no sign of plastic yielding in the bolts between beam-top angle and 

column on both sides up to .04 radians and the maximum Von Mises stress in bolts 

between top angle and column reached 3.1 MPa  which is small. 

 

 

 

 

Figure 7.5  PEEQ distributions at .04 radians in as-built internal joint with 2 mm gap-bolts 

between seating angle and beam (See Figure 7.6 for location of bolts) 

 

 

 

 

Shear yielding  

of bolts 
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Figure 7.6  Von Mises stress in column web at .04 radians (slab and encasement removed) 

 

 

The column web did not experience yielding during the rotation and its maximum 

Von Mises stress was 210 MPa. 

The incoming beams and supporting stiffeners show only localised yielding at up to 

0.04 radians.  

 

Figure 7.7  Slippage after fracture of bolts between seating angle and beam ( one main beam 
shown) 

 

Cracks in slab initiate from column edge and develop toward slab edges with a 

similar pattern observed in experimental test. 

Figure 7.5 
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Figure 7.8  Crack progress in as-built composite joint (.04 radians) 

 

The reinforcing bars nearest to the column experienced yielding at a rotation of .04 

radians however the bars furthest from the column in the model did not experience 

tensile yielding until a joint rotation of 0.04 radians was developed. 

 

Figure 7.9  Plastic strain of reinforcing bars  around column at .04 radians  
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Some small local plastic strain was observed in the supporting stiffeners and seating 

angle leading  to some deformation similar to what observed in half-scale as-built 

experiment. (See picture 4.45 and Figure 7.11). 

 

 

Figure 7.10  Von Mises stress in in-coming beams (.04 radians) 

 

Figure 7.11  The same as Figure 7.10 , PEEQ used 
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As the column contacts the in-coming beams, the stress begins to develop in beam 

flange and web (Figure 7.10)  but the main beams did not experience partial yielding. 

(Figure 7.11). 

 

 

Figure 7.12 PEEQ in encasement inside column at .04 radians 

 

There is a very small amount of plastic stress in the encasement at contact area with 

in-coming beams and secondary beams, as shown in Figure 7.12.  

 

 

 

 

 

 

 

 



Chapter 7 : Numerical modelling of full-scale joints 

7-12 

 

7.4.2 Behaviour of  retrofitted internal joints (with and without gap) 

For the retrofitted joint the failure mode is fracture of the slab reinforcement, beam 

slipping off the bearing seat or CFRP rupture but similar to what explained in section 

7.4.1, the term  “failure mode” is used to describe of significant loss of strength in 

the joint due to bolt rupture. 

There is a noticeable loss of joint strength due to shear yielding of the bolts between 

seating angle and beam, this happened approximately at .02 radians for both cases 

(no joint gap and joint with 2 mm gap).  

After rupture of these two bolts, with further rotation, there is partial yielding in the 

fasteners as follows: 

 Partial tensile yielding of bolts between column and seating angle on both 

sides. 

 Partial shear yielding in bolts between beam and seating angle on the other 

side 

The bolt rupture occurred at PEEQ=.17 as shown in Figure 7.13 and stress 

distribution on the other side shown in Figure 7.14  and location of bolts shown in 

Figure 7.15.  

There was no sign of yielding in bolts between top angle and beam and also between 

top angle and column on both sides of connection at rotations up to  0.05 radians. 
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Figure 7.13  PEEQ  at .05 radians in retrofitted joint with no gap, rupture of bolts between 
beam and seating angle( beam removed) 

 

 

Figure 7.14  Von Mises stress  in bolts at .05 radians in retrofitted joint with no gap (located 
on beam-seating angle- column on opposite side) 

 

Figure 7.14 shows accumulated stress in bolts on opposite side, giving an indication 

about stress distribution in these bolts. 

Rupture of bolts 
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Figure 7.15  PEEQ in column web at .05 radians, seating angles and fasteners removed, side 
view (scale factor of  10) 

 

There is some small plastic strain in column web of retrofitted joints up to .05 

radians compared with no plastic strain in as-built joints, indicating more energy 

dissipation at the higher rotations enabled by the action of the CFRP.. 

In Figure 7.16 stress distribution in slab at .05 radians is shown.  

 

 

Figure 7.16  Von Mises stress in slab at .05 radians 

 

Figure 7.13 

Figure 7.14 
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The crack development in slab is illustrated in Figure 7.17 and it initiates from 

column edge and progresses toward slab edge. They remain hairline, up to .05 

radians. 

 

Figure 7.17  Crack development in retrofitted slab up to .05 radians (column removed ,top 
view) 

 

The stress in CFRP strips was distributed equally on both sides of the column due to 

symmetry of geometry of strips, embedment in slab.  

Stress decreasing with distance from column. As shown in Figure 7.18, the stress in 

1.0 m un-bonded strip is distributed  equally with maximum value reaching  2814 

MPa at .05 radians, less than ultimate capacity of CFRP(3100 MPa). 
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Figure 7.18  Von Mises stress in CFRP at .05 radians (slab and bars removed from view) 

 

The stress distribution in seating angles at .05 radians is shown in Figure 7.19. 

 

 

Figure 7.19  Von Mises stress in stiffeners and seating angles 

 

There was localised plastic strain in the main beams at top and bottom of beam 

flanges but this was not considered to be significant. 
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Figure 7.20  Plastic strain at beam flange at .05 radians 

 

 

 

Figure 7.21  PEEQ in bars around column at .05 radians (Half-shown) 

 

The reinforcing bars nearest to the column experienced tensile yielding at a rotation 

of .05 radians however the bars located further from column did not experience 

tensile yielding. 

There is a small amount of equivalent plastic strain (PEEQ) in the concrete 

encasement (in the area adjacent to beams and angles) which lead to hairline cracks 

in these areas (Figure 7.22).    
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Figure 7.22 PEEQ in concrete encasement inside column 

 

Effect of existence of axial load on the moment-rotation relationship of typical joint 

on second floor (C4-B1) was investigated by FE analysis and is illustrated in Figure 

7.23. 

The axial load calculated according to AS/NZS 1170 standard for a column located on 

second floor of internal frame. 

It showed that a compressive axial load on the column , had only a minor effect on 

the M-θ relationship and can be ignored when considering joint behaviour. 

 

 

Figure 7.23  Effect of axial load on M-θ of internal joint (C4-B1) 
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7.4.3 Behaviour of as-built composite external joints (with and 

without retrofit) 

 

In external joints, for both the as-built and the retrofitted joint, the principal mode of 

behaviour under cyclic loading comprises shear yielding of bolts between seating 

angle-beam as shown in Figure 7.24. 

As with the internal joint, this type of failure mode is undesirable and leads to 

minimal energy dissipation during earthquake. 

 

 

 

Figure 7.24  Shear yielding of bolts between beam and seating angle in external joint 
(column, beam, top and bottom angles removed) 

 

 

Fracture of two bolts between beam 
and seating angle 

Bolts between column, 

beam and top angle 

See Figure 7.25 
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Figure 7.25  The same as Figure 7.24, with zooming on fractured bolts 

 

 

Figure 7.26  Rupture of external joint at .05 radians (slab removed) 

 

Bolts between beam-seating angle had plastic strain bigger than .14, an indication of 

fracture in these bolts. The stress pattern in the stiffeners and seating angle at .05 

radians is shown in Figure 7.27.  

Fractured bolts 
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Figure 7.27  Von Mises stress in stiffener and seating angle and inside of holes 

 

In Figure 7.28 the distribution of stress in CFRP strips embedded in the slab is 

illustrated and it can be seen that a short length of end part of CFRP strips was 

activated during the rotation offering little increase to the moment capacity of the 

joint. (symmetric half of the strips shown, slab and column removed) 

 

 

Figure 7.28  Von Mises stress in half CFRP strips in external retrofitted joint, column and slab 
removed (.05 radians) 
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Figure 7.29  Von Mises stress in reinforcing bars around column in external retrofitted joint 
at .05 radians 

In Figure 7.29 the distribution of stress in reinforcing bars around column is 

illustrated for the retrofitted joint and it can be seen that a limited length of bars 

around column was activated during the rotation offering little to increase the 

moment capacity of the joint. The increase in tensile yielding of these reinforcing 

bars was small, compared to as-built joint. 

The crack in the external composite joint initiated from column edges and 

progressed toward slab edges as shown in Figure 7.30. 
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Figure 7.30  Crack development in external composite joint (.05 radians) 

 

Maximum Von Mises stress observed in concrete encasement inside the column was 

7.6 MPa at .05 radians, showing negligible effect of concrete encasement for 

external joints. 
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7.4.4 Failure modes of  as-built internal bare steel joints  

FE models of the different types of full-scale, bare-steel internal connections (4 

models) were generated in Abaqus environment to confirm the governing failure 

modes and ultimate moment capacity of the joints. A typical joint is shown in Figure 

7.31. 

 The governing failure modes of this type of connection comprises:  

 Shear yielding of bolts between seating angle- beam and beam-top angle on 

opposite side before .01 radians. 

 Partial tension yielding of bolts between top angle-column and partial shear 

yielding of bolts between seating angle-beam, on opposite side after .01 

rotations. 

 

Stress concentration is bolts shown in Figures 7.32 and 7.33 and fracture of bolts 

illustrate in Figure 7.34, using PEEQ . 

 

Figure 7.31  As-built joint on second floor 
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Figure 7.32  Plastic strain in fasteners between beam-seating angle at .05 radians 

 

 

 

Figure 7.33  The same as Figure 7.32, von Mises stress used for a better observation 

 

 

 

Shear yielding of bolts 
between seating angle -beam  
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Figure 7.34  PEEQ in bolts between beam and top angle 

 

 

 

 

Figure 7.35  Rupture of bare steel internal joint (Scale factor 5) 

 

Figure 7.33 

Figure 7.34 

Figure 7.33 

Figure 7.34 
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7.5 Appropriate amplitude time and corresponding 

displacement for control of rotation in  Abaqus/explicit 

analysis  

7.5.1 Amplitude time for bare steel internal and external joint 

 Specifying the magnitude of controlled displacement at end of column in the 

direction of Z (parallel to slab) and corresponding time amplitude is one of the most 

important parts of input data for analysis and should be carefully considered. To 

obtain the appropriate time and displacement amplitudes, three different options 

were tried on a typical internal joint located on the second floor of Hope Gibbons 

building with no gap and results utilised for control of further explicit analyses in 

Abaqus environment. Three different time and displacement amplitudes are shown 

in Table 7.2, besides the results illustrated in Figure 7.36. The length of running time 

affects the dynamic nature of the analysis and because of its influence on the 

accuracy of the result, needs to be chosen carefully.  

 

Option Amplitude Time 

 (sec) 

Applying Displacement at end  

of column (L) in metre 

Running time 

 (day) 

1 2 3.5 5 

2 2 1.75 9 

3 3 3.5 9 

Table 7.1  Time and displacement amplitude for bare steel joints 

 

All the options provide the similar moment capacity response up to .018 radians, and 

a nearly identical drop in strength at .028 radians. There is nearly the same ultimate 

moment capacity, as it is   203, 203, 206  kN-m for options 1, 2 and 3 respectively.  

Although all options provide the same ultimate moment capacity, the first option 

needs less running time, so it was chosen for the remaining FE analyses in Abaqus 

explicit environment. 
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Figure 7.36  Comparison of time and displacement amplitude for bare-steel internal joint (no 
gap) 

It should be noted that the displacement  is applied to the end of the column over a 

pre-defined time period but analysis stops at a pre-defined displacement at bottom 

of column equivalent to  a desired column rotation. 

 

7.5.2 Amplitude time for composite internal and external joint 

To obtain appropriate time and displacement amplitudes for control of explicit 

analyses of composite joints, four different options were investigated using a typical 

internal joint located on the second floor of Hope Gibbons building, (with 2 mm gap 

between column face and beam flange) and results analysed to obtain appropriate 

time and displacement amplitudes for further control of further explicit analyses of 

composite joints in Abaqus. 

Option Amplitude time 

 (sec) 

Applying displacement at end  

of column (L) in metre 

Running time 

 (day) 

1 1 3.5 5 

2 2 3.5 12 

3 3 3.5 21 

4 4 3.5 28 

Table 7.2  Time and displacement amplitude for composite joints 
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Figure 7.37  Comparison of time amplitude for composite internal joint (2 mm gap) 

 

Referring to Figure 7.37, the last option was chosen, because it provided sufficient 

accuracy although it imposed a long running time for each analysis (28 days). This 

was the upper limit on length of analysis that was feasible to run for the project.  
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7.6 Effect of mesh size on FE outputs 

One alternative to reduce running time during FE analysis is using a coarse mesh. To 

investigate this idea, the typical composite joint on second floor of internal frame 

(C4 + B1 type) was chosen to investigate effect of coarse mesh on accuracy of the 

results. 

The mesh of slab, fasteners and steel members in one model (blue line) were chosen 

to be nearly coarse and the FE analysis results compared against the same model 

with a fine mesh in the tension vicinity area and a medium mesh in areas away from 

tension vicinity. For both models T=4 second used as amplitude time for minimise 

dynamic effects during explicit analysis. 

As can be seen from Figure 7.38, this idea led to similar M-θ relationships  up .01 

radians but  produced different moment capacity at rotations higher than .01 radians 

so  as a  result this idea was rejected  due to inaccuracy. 

 

 

 

Figure 7.38  Comparison between models with coarse and fine meshes 
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7.7  Effectiveness of CFRP-NSM in improving seismic behaviour 

of  internal and external composite joints 

7.7.1 Effectiveness of CFRP-NSM on composite internal joints 

The arrangement of CFRP strips in the slab plays a significant role in the ultimate 

moment capacity of the retrofitted connection. The distribution of strain in CFRP 

strips is dependent on distance from column so the maximum strain is found in the 

closest strip to the column, decreasing in other strips with increasing distance from 

the column. The strips have dimensions of 1.2×10 mm and embedded in the slab at 

100 mm from the column edge and at 100mm spacing thereafter. The whole depth 

of trench consisted of 20 mm including 5 mm cover over the CFRP, 10 mm for CFRP 

itself and 5 mm for epoxy between CFRP and bottom of trench. 

To assess the influence of the gap between column face and incoming beam flanges, 

the typical joint on second floor of internal frame was selected and four different 

models of this connection generated in  Abaqus environment as follows:  

 As-built composite joint with 2 mm gap 

 Retrofitted composite joint with 2 mm gap 

 As-built composite joint with no-gap 

 Retrofitted composite joint with no-gap 

 

The average running times for as-built and retrofitted joints were approximately 4 

weeks and 5 weeks respectively. 

The effect of CFRP strips on increasing the moment capacity of this typical joint is 

shown in Figures 7.39 and 7.40. 

For the joint with 2 mm gap, there is no increase in moment capacity before .01 

radians and, for rotations bigger than .01 radians, the moment capacity increases 

slowly with increasing rotation such that the increase in capacity is about 5% on 

average, compared to corresponding moment capacity of as-built joint. 

For the joint with no gap, the increase in moment capacity of the strengthened 

external joint begins from .008 radians and the rate of increase with increasing 
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column rotation is significantly more rapid than for the unretrofitted joint and the 

average increase in moment capacity is 20%  at a rotation of 40 milliradians. 

Averaging over all cases the addition of CFRP strips to composite joints led to a 15% 

increase in ultimate moment capacity at 40 milliradians rotation. 

 

 

Figure 7.39  CFRP effect on M-θ capacity (internal joint with no-gap) 

 

 

Figure 7.40  CFRP effect on M-θ capacity (internal joint with 2 mm gap) 
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7.7.2 Effectiveness of CFRP-NSM strips on composite external joints 

The arrangement and geometry of CFRP strips in the slab adjacent to external joints 

is similar to the arrangement applied to internal joints.  The embedded strips have 

dimensions of 1.2×10 mm embedded in the slab with the closes to the column at  

100 mm distance in plan from the column edge and with adjacent strips spaced at 

100 mm. The whole depth of trench was 20 mm including 5 mm cover over the CFRP. 

To find out about importance of gap between column and incoming beams, the 

typical external joint located on second floor (Column type C1 and beam type B1) 

was selected for more investigation and following models generated in Abaqus 

environment as follows:  

 As-built composite joint with 2 mm gap  

 Retrofitted composite joint with 2 mm gap 

Figure 7.41  compare as-built external joint against retrofitted external joint and it 

illustrate that  CFRP strips have negligible influence on improvement of  moment 

capacity of external joint ( approximately 10%) so it is recommend that ultimate 

moment capacity of external retrofitted composite joint considered the same as  as-

built connection. 

 

Figure 7.41  M-θ for external composite joint with and without retrofit (with 2 mm gap) 
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7.8  Establishing  empirical functions  for M-θ relationships  

7.8.1 M-θ relationship of  full-scale internal bare steel joint  

FE models of the all types of full-scale, bare-steel internal connections (4 models) 

were generated in Abaqus environment and the M-θ plot for these as-built 

connections is provided in Figure 7.42.  

The first contact between column and beam occures at .001 radians and up to nearly 

.01 radians strength is increasing linearly but there is a sudden drop in strength and 

stiffness after shear failure of bolts between beam and seating angle. The moment 

capacity fluctuates up to .03 radian due to re-distribution of load path in assembly 

and shear or tensile yielding of other fasteners. After .03 radians rotations, the 

moment capacity of joint remained constant with further rotation. 

  

Figure 7.42  Moment capacity for existing as-built bare steel connections on middle frame 

 

Note in this Figure: 
C4-B1 indicates column type C4 and beam type B1 

C5-B1 indicates column type C5 and beam type B1 

C6-B1 indicates column type C6 and beam type B1 

C6-B2 indicates column type C6 and beam type B2 (Roof) 

 

Location of each type of column and beam shown in Figure 7.3.  
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To predict M-θ relationship of typical bare-steel internal connection, equation 7.3 is 

suggested. The issue with this equation is of the variable N, which depends on 

number of fasteners between beam-top angle and beam-bottom angle that fail in 

shear. In these joints, this is four bolts but the problem is that there is partial shear 

yielding and tensile yielding in other fasteners which contributes to the moment 

capacity. The influence of these additional fasteners is incorporated in a strength 

factor ψ, which called a strength factor and has a value determined from the 

analyses. 

This equation is checked for typical joint of C4-B1 on second floor, as follows:  

 

                                                   (7.1) 

                                            (7.2) 

                                              (7.3) 

  = Beam Depth = .508 m     

  = Cross-sectional area of single connector = 2e-4  m2   

N= Number of connectors = 4 

  = Shear strength of connector = .75 ×                    

ψ= Strength factor to capture effect of local yielding of other fasteners in joint and 

determined as 1.2 

 

From equation 7.2, we have: 

  M=167 KN-m             so                                         

Suggested empirical function is shown in Figure 7.43 accompanied with M-θ 

relationship resulting from FE analysis of a model with 2mm gap and another model 

with no gap.  
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Figure 7.43  Suggested multi-linear empirical function for prediction of moment capacity of 
full-scale bare steel internal joint 
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  =  depth of beam 

 

The moment capacity suggested by this empirical, piece-wise linear function is close 

to the average of the two FE models with zero and 2 mm gap. 

The drop in value from C to D is based on experimental tests for connection with no 

gap between column and beam. 

The moment at point D is   
 

 
 of the value at point C and remains constant with 

further increase in rotation. 
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7.8.2  Empirical function  for M-θ relationship of an internal 

composite joint 

To investigate the seismic behaviour of a typical composite joint, four full-scale FE 

models were generated in Abaqus environment. All models had 2 mm gap between 

column and incoming beam and each model consisted of column, two main beams, 

96 bolts, 10 secondary beams, member encasement and composite reinforced 

concrete slab. 

These four models included three different columns (C4, C5, C6) with the same Beam 

(B1) and the fourth connection was exclusively made for roof level with C6 as column 

and B2 type of beam. (Table 7.1) 

The M-θ relationships for these joint types are shown in Figure 7.44.  

As general observation, the first contact occurred at .001 radians, and up to .008 

radians the stiffness and strength increase linearly, but from that rotation the M-θ 

relationship begins to fluctuate as the cracks propagate and most the tension force 

concentrates in reinforcing bars. Shear yielding of fasteners can be observed with 

sudden drops on the curves and general trend of curve can be summarised as slow 

increase of stiffness and strength after .02 radians, accompanied by continuous 

fluctuation resulting from bolt fractures and crack development. The M-θ 

relationships illustrated in Figure 7.44 relates to joints with 2 mm gap. 

  

Figure7. 44 Moment-rotation plots for typical internal composite joints (2 mm gap) 

 

0 

100 

200 

300 

400 

500 

600 

0 0.01 0.02 0.03 0.04 

C4-B1 

C4-B1 

Moment (kN-m) 

Rotation (radian) 



Chapter 7 : Numerical modelling of full-scale joints 

7-38 

 

Note  in this Figure: 

C4-B1 indicates column type C4 and beam type B1 

C5-B1 indicates column type C5 and beam type B1 

C6-B1  indicates column type C6 and beam type B1 

C6-B2-roof  indicates  column type C6 and beam type B2 (Roof) 

 

Location of each column and beam can be seen in Figure 7.3. 

In establishing an empirical function defining the M-θ relationship, the gaps between 

column and incoming beams play an important role for ultimate moment capacity of 

connection.  

To compare effect of gap on moment capacity, a new model was generated, 

identical to previous model of typical joint located on second floor of internal frame 

(C4-B1) except there was no gap between column and incoming beams. 

M-θ curves from both FE analyses are illustrated in Figure 7.45 and it can be seen 

that the model with no gap, developed a 10% higher moment on average after .018 

radians.  

 

Figure 7.45  M-θ  relationships for typical internal joints  with and without gap (Joint type 
C4-B1) 

 

The suggested empirical function should be simple and sufficiently accurate for 

practical purposes, enabling practical engineers, with knowledge of a connection’s 

dimensions, concrete slab and fastener specifications, to be able to predict M-θ 

relationship with reasonable accuracy.  
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The procedure for predicting the moment-rotation M- θ characteristics of typical 

composite internal joints comprises two parts, namely: 

 

1. Moment capacity from shear yielding of the bolts between the beam flanges and 

the angle cleats, called,       .  

For this type of connection where the column is concrete encased with normal 

weight concrete, the concrete suppresses other failure modes associated with 

the angle cleats. The ultimate force at cleat level  is multiplied by the beam depth 

to generate the moment. 

2. Moment capacity from the resistance of the two sides of the slab to being forced 

apart as the column rotates, which is given by the lesser of the three forces 

below, multiplied by the beam depth to generate a moment, called        . 

Note that to develop this moment requires beams on both sides of the column 

and no column bearing or panel zone failure to occur. For this type of joint that is 

typically the case, but it must be checked for each case.  The three forces are: 

 

a. The concrete crushing force against the face of the column 

b. The axial compression force in the steel beam flange; or 

c. The tensile yielding of the slab reinforcement over the effective width 

of slab. This is the failure mode that will typically govern, as seen in 

the composite experimental test. 

 

The finite element results support the experimental results. Figure 7.12 shows the 

ends of the steel beam with only very localised yielding of the beam. Figure 7.11 

shows that the reinforcement running past the columns yields, although the extent 

of inelastic strain is non-uniform, with bars adjacent to the column subject to the 

greatest strain and stress. 

The procedure is applied as follows, to construct a multi-linear empirical function 

defining the moment-rotation relationship of a typical internal composite joint (C4-

B1 joint on second floor of internal joint): 
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Figure 7.46  Internal actions on one half of the joint 

 

 

                                                (7.4) 

 

  = Minimum of: 

. 

      
                            (7.5.1) 

 

                                                      (7.5.2) 

 

                                                     (7.5.3) 

 

                                          (7.6) 

 

                                          (7.7) 

 

                                      (7.8) 
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Where: 

  = Beam depth = .508 m     

  = Cross-sectional area of single connector = 200 mm2   

N= Number of connectors = 4 

  = Shear stress of connector = .75 ×                    

ψ=strength factor for capturing partial yielding in other fasteners of joint 

determined from FE work for bare steel joint=1.2 

Height of concrete slab= 115 mm 

   = width of column flange=355 mm 

                                 
  

 
, centred on the beam and this is 

continuous past the column and is anchored on each side of the column 

    =yield stress of reinforcement=430 MPa 

Number of rebars in effective beam width=  
 

     
      

Bar spacing= .15 m 

         

 

 

So:                

                                     

                       kN-m                               

      
                     

                     

                          270 KN 

  = min (620,1256,270)= 270 KN 

                               

                   200=340 kN-m 
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Figure 7.47   Moment-rotation plots and proposed empirical function for typical internal 
joint (C4-B1) with and without gap 

 

                                                  

     Coming from equation (7.8) 

    =                                             

         

K= slope of part part of curve (From zero to point B) 

This strength increase follows yield and is determined from the slope of the post-

yielding curve obtained from the FE analysis. 

 

       =                                          

                                       

      
  

  
        

                                                                                                                                                                                                   

                                                                                                                                                                                                   

 

The drop in value from C to D is based on experimental tests for the connection with 

2 mm gap between column and beam. 

The moment at point D is the same as point B and remains constant with further 

increase in rotation. 
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7.8.3 Empirical function for M-θ relationship of a full-scale internal 

composite joint retrofitted with CFRP  

In establishing an empirical function for predicting the M-θ relationship of a CFRP-

NSM retrofitted connection, the gap between column and incoming beams plays an 

important role in determining the ultimate moment capacity of the connection.  To 

investigate the effect of CFRP on the strength and stiffness of an internal joint, two 

FE models were generated, both typical of a joint located on the second floor of the 

Hope Gibbons building, and identical apart from having beam to column gaps of zero 

and 2 mm respectively.  

The 1.2×10 mm CFRP strips with 3100 MPa ultimate tensile strength and 2% ultimate 

strain, were embedded in 10*20 mm trenches filled with epoxy. 

The average running time was more than 5 weeks for each analysis. Some results of 

the FE analyses are shown in Figure 7.48. 

Both connections retrofitted with CFRP-NSM showed no increase in moment 

capacity before .012 radians as the CFRP strips were not mobilised. With rotations 

bigger than  .012 radians, the moment capacity increased linearly with increase in 

column rotation. Based on the FE results, a linear relationship is suggested for 

predicting the M-θ relationship after .012 radians.  

At .05 radians, the maximum stress in the closest CFRP strip to the column reached 

2810 MPa uniformly distributed along the 1.0 m un-bonded length of CFRP, showing 

good utilisation of capacity with a small reserve of strength in the most critical CFRP 

strips.  
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Figure 7.48  Proposed empirical function for typical internal joint (C4-B1) retrofitted with 
CFRP-NSM with two different type of gap 

 

The procedure for predicting the moment-rotation (M- θ) characteristics of typical 

retrofitted composite internal joints comprises three parts, namely: 

1- Moment capacity from shear yielding of the bolts between the beam 

flanges and the angle cleats, called,       . For this type of connection 

where the column is concrete encased with normal weight concrete, the 

concre               ther failure modes associated with the angle 

cleats. This force is multiplied by the beam depth to generate the 

moment. 

2- Moment capacity from the resistance of the two sides of the slab to being 

forced apart as the column rotates, which is given by the lesser of the 

three forces below, multiplied by the beam depth to generate a moment, 

called        .  Note that to develop this moment requires beams on both 

sides of the column and no column bearing or panel zone failure to occur. 

For this type of joint that is typically the case, but it must be checked for 

each case.  The t             re: 

a. The concrete crushing force against the face of the column 

b. The axial compression force in the steel beam flange; or 

c. The tensile yielding of the slab reinforcement over the effective width 

of slab.        
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3- Moment capacity from the resistance of the CFRP strips located on the 

slab, which is determined by the FE results, called        . 

 

Concrete crushing is the failure mode that will typically govern, as seen in retrofitted 

composite experimental test. 

 

So :                           

 

Moment capacity up to point B, simply comprises               as CFRPs mobilise 

after .012 radians and stress concentration in CFRP strips depend on joint rotation 

and distance from column so it suggested that moment capacity up to .012 rotations 

be determined by equation 7.8 and for rotations greater than 0.012 radians 

determined by results of FE analysis.(equation 7.9) 

 

 

                                                            (7.4) 

  =      
                                   (7.5)                            

                                                        (7.6) 

                                                        (7.7) 

                                                     (7.8) 

                                          (7.9) 

                                        

     Coming from formula 7.8    

                                                 

                         

   
 

  
                                         

                                        

  = depth of beam  
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7.8.4 Empirical function for M-θ relationship of  full-scale external 

composite joint  

To investigate the seismic behaviour of an external composite joint, four Abaqus FE 

models of an external joint on the second floor of the Hope Gibbons building were 

generated. They comprised: 

 Composite joint with 2 mm gap 

 Composite joint with no gap 

 Retrofitted composite joint with 2 mm gap 

 Bare steel joint with 2 mm gap 

 Bare steel joint with zero gap 

 

Each model has column, two main beams, 48 bolts, 5 secondary beams and integral 

reinforced concrete slab. 

Figure 7.49  illustrates the effectiveness of CFRP strips as a means of strengthening 

an external joint. 

  

Figure 7.49  M-θ  relationships for external joint with and without CFRP (2 mm gap) 

 

It can be seen that using CFRP-NSM may increase the strength of an external joint up 

to about 10%, so it is suggested that the moment capacity of a retrofitted external 

joint be considered the same as an as-built one. 
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To assess the concrete’s contribution to the strength of an external joint, the M-θ 

relationships of composite  and  bare steel joints are provided in Figures 7.50 and 

7.51. 

 

 

Figure 7.50  Comparison of M-θ  relationships for composite and bare steel external joint    
(2 mm gap) 

 

 

Figure 7.51  Comparison of M-θ  relationship for composite external joint with bare steel 
joint (no gap) 
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 Comparison of M-θ relationship from composite joint against bare steel joint, 

showing that on average there is a negligible increase for joint with 2 mm gap 

against 20% increase in strength for joint with zero gap.   

It is recommended that in establishing an empirical function for external joint, the 

ultimate moment capacity of composite external joint be considered 20% greater 

than bare steel joint capacity. 

The following construction of the empirical function is suggested for composite 

external joint: 

 

                                                                           (7.10) 

 

                                                                (7.11) 

 

                                                          (7.12) 

 

  = beam depth = .508 m     

  = Cross-sectional area of single connector = 2e-4  m2   

N= Number of connectors = 2 

  = Shear strength of connector = .75 ×                    

µ= Strength factor to capture concrete effect =1.2 

 

So               

Then                        

Finally                          
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Figure 7.52  Multi-linear empirical function for external composite joint 

 

                                                   

       from equation 7.12     

                           

   
  

 
                     

   
 

  
                          

                                    

                                            

   =  depth of beam  
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7.9 Calculation of moment-rotation capacity using the NZSEE 

document and comparison with FE analysis 

  

 

Figure 7.53– NZSEE report for assessment and improvement of earthquake performance 
of buildings (NZSEE, 2006) 

 

The provisions for bolted and riveted connections are given in Appendix 8A of 

(NZSEE, 2006) based on research undertaken principally in the USA and adapted for 

use in New Zealand. The following issues have been raised in regard to these 

provisions: 

 Differences in connection geometry and components between USA and New 

Zealand. 

 Most of the research is based on bare steel tests for members that support a 

floor slab, which has a dominating effect on the behaviour. 

 

In the NZSEE Appendix, three modes of failure are required to be checked: 

 Tensile failure of stem of angle onto the supported beam flange. 

 Shear yielding of connector. 

 Flexural yielding of legs of angles connecting onto the supporting column 

flange. 
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The failure mode giving the least capacity of these three becomes the failure mode 

for the connection. 

Figure 7.54 shows the proposed moment-rotation behaviour functions of riveted  

connections based on Roeder experimental studies[Roeder et, al, 1996]  on seismic 

resistance of older steel structures at the University of Washington and University of 

Minnesota.  

 

 
Figure 7.54  Moment rotation curves 

 
 
 

 
Figure 7.55  Joint Detail 

 
 
 



Chapter 7 : Numerical modelling of full-scale joints 

7-52 

 

        

    
   

  
 

   

   
                         For shear yielding  

 

Shear yielding is governing, therefore: 

                               

 

   
   

 

 
   

   
  

 
 

            

 

 

Where    is minimum of (beam flange width, angle length) and    is thickness of 

flange cleat and    is design yield strength of angle section. 

When shear yielding of connectors governs, the above equations for calculation of 

moment capacity are no longer valid and the seven step procedure given on pages 

370-371 of Roeder report  (Ref 21) is to be used.  

 

 

Figure 7.56  Sketch of overall connection Geometry and Equivalent moment Couple 

 

  ≤        

 

   =      
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d is beam depth and     is area of single connector,     is minimum ultimate shear 

stress of connector and N is the number of connector in shear plane. 

According to Appendix 8A, Mu of concrete encased joint is twice that of bare steel 

connection.  

Calculation of moment-rotation for typical joint on second floor of Hope Gibbons 

building using Roeder equations is as follows: 

 

       = .0002×4×412E6×.508= 167 kNm       

          =167×2=334  kNm 

 

When the joint is rotated from       to     , the moment reduces by a factor of 0.5 

and then remains constant up to  θ= 40 milliradians, after which zero moment 

capacity is assumed.  

The moment-rotation relationship for a typical composite joint of second floor of 

internal frame determined from the FE studies of the author is compared with the 

Roeder method and results provided in Figure. 7.57. 

 

 

Figure 7.57  Comparing interim moment-rotation design recommendations with the 
NZSEE provisions for moment-rotation capacity 
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This comparison shows that the Appendix 8A provisions: 

 Cannot capture dominant effect of concrete slab 

 Underestimate the moment capacity of the joint, especially when there is no 

gap between the beam and the column flange 

 Predict a greater drop in capacity after 12/db plastic rotation than is observed 

in practice 

 

 

 

7.10   Summary  

 

In Chapter 7, results of finite element push-over type analyses of typical full-

scale internal and external joints, located in the middle frame of the Hope 

Gibbons building were discussed. These FE analyses for typical internal and 

external joints including fully composite joints and retrofitted composite 

joints produced the following outputs: 

 

 Failure mode, crack development and stress distribution in full-scale 

models with and without retrofit were similar to those observed in 

half-scale. 

 

 FE results showed negligible contribution from either concrete 

encasement or axial load to the moment-rotation relationship. 

 

 For the joint retrofitted with CFRP-NSM, an increase in moment 

capacity above the as-built value begins from approximately .008 

radians increasing with further rotation. 
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 Parameters could be extracted from the moment-rotation 

relationship for internal and external composite joints (both cases, as-

built and retrofitted) that were needed as input into the earthquake 

modelling program Ruaumoko to assess overall seismic behaviour of 

internal frame with and without retrofit. 

 

 Influence of CFRP-NSM on increasing the strength of an internal joint 

is dependent on  the gap the between column and in-coming beams. 

For example, a  5% increase for a  2 mm gap and 20% for a zero gap at 

a rotation of 40 milliradians. 

 

 CFRP strips have small influence on improvement of  moment 

capacity of external joint (approximately 10% for zero gap and 

negligible for 2 mm gap) so it is recommend that ultimate moment 

capacity of external retrofitted composite joint be considered as the 

same an as  as-built connection. 

 

 It was concluded that CFRP strips would not fail under joint test 

conditions (.05 radians) because the stress in 1.0 m un-bonded strip in 

full-scale joint is distributed  equally with maximum value reaching  

2800 MPa at .05 radians, less than the ultimate capacity of CFRP of 

3100 MPa. 

 

 Empirical functions for predicting the M-θ relationships for practical 

purposes are suggested for internal bare steel, internal as-built, 

external as-built and internal retrofitted joints.  
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The accuracy and validity of current NZSEE recommendations for seismic  

assessment of steel riveted joints was discussed and a new function 

suggested to replace the current recommendations. 

 

The research undertaken in this project has generated changes to the NZSEE 

recommendations (version 2011). 
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8 CHAPTER 8 :  SEISMIC ASSESSMENT OF OVERALL SYSTEM 

 

 

8.1 Introduction and scope  

This chapter presents the numerical analyses of an as built and a retrofitted 

moment-resisting steel internal frame from the Hope-Gibbons building. 

The purpose of these analyses was two-fold: 

 First, to determine the performance of the as-built frame under seismic loading, and  

Secondly, to determine the performance of the retrofitted system, where the joints 

have been strengthened with  CFRP-NSM laid in the slab past the column, as 

described in chapters 6 and 7. 

Ten records were used for the time-history analyses throughout this chapter. These 

records were scaled for Wellington city by a researcher in the Department of Civil 

and Environmental Engineering at the University of Auckland [Claudio Oyarzo-Vera, 

et al, 2006]. 

The selection and scaling of these records has been undertaken in accordance with 

Clause 5.5 of NZS 1170.5 Loadings Standard Part 5 Earthquake Actions. These criteria 

select records on the basis of their spectral shape being a suitable fit to the design 

spectrum and the application of scaling such that at least one of the applied spectra 

exceeds the standard’s design spectrum within the period range of interest, which 

runs from 0.4T1 to 1.5T1, where T1 is the first mode period of the building. Further 

details are given in section 8.2 below 
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8.2  Selection and scaling of earthquake records for 

analyses 

Ten earthquake records (two horizontal directions per record) were used for the 

numerical integration time-history analyses, with these records selected and scaled 

in accordance with Clause 6.4 of NZS 1170.5 for the building’s location and soil 

conditions. A background to and details of this process is given below. 

New Zealand is located along a highly active tectonic zone, at the junction of the  

Australian and Pacific plates. This relative motion of the plates is reflected by the 

presence of numerous active faults, a high rate of small-to-moderate seismic events 

(M<7) and a proportionally lower rate of more severe earthquakes. The 

seismological characteristic of New Zealand are extensively described by Stirling et 

al. (2002) and Stirling et al. (2008) and are summarised in Figure 8.1. 

 

 

 Figure 8.1  Plate Tectonic setting of New Zealand 
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Figure 8.2  Hazard factor (Z) mapping for North Island of NZ 

 

The seismic design spectra for New Zealand, given in section 3 of NZS 1170.5, have 

been developed for this tectonic setting and also for the modifying impact of 

different subsoil conditions. A detailed background to these spectra is given in 

Commentary Clause C3.1.  

When selecting strong motion records, a rigorously defined process is given in Clause 

5.5 to ensure that the suite of earthquake records chosen represent the design 

characteristics of the spectra developed in the standard. Orayo-Vera et al [Orayo-

Vera et al , 2006] have applied this procedure to develop representative zones within 

the North Island of New Zealand, as shown in Figure 8.3, and then to develop a suite 

of 10 records appropriate for each zone. These records are selected appropriate to 

the soil type and scaled using the zone factor, Z. 
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Figure 8.3 Seismic hazard zonation for the North Island of New Zealand proposed for 
the selection of suites of ground-motion records 

 

This building is located in Wellington, in zone NF. For this zone, it is recommended 

that most of the selected records have a magnitude in the range 7-7.5 with a 

shortest distance of up to about 10 km from the rupture surface, and that the suite 

include subduction interface records (magnitude 7.5-8.3 at about 15 to 25 km 

shortest distance) and records that have strong forward directivity characteristic. 

The suite profiles are summarized in Table 8.1. In this table, the columns indicate the 

criteria (magnitude, distance and tectonic type/fault mechanism) for selecting 

appropriate records for each zone, considering the different hazard scenarios 

identified for the range of periods of interest (0.4 to 2.0 seconds).  

In the selection of the specific records to be part of each suite, special attention was 

given to the degree of matching between the records’ response spectra shapes and 

the shape of the target spectrum in the range of fundamental periods of the 

structures under study (0.4 to 2.0 seconds). The suites of records recommended for 

each zone and site class are presented in Table 8.2  



Chapter 8 : Seismic assessment of overall system 

 

8-5 

 

Most of the records are available in internet based depositories (COSMO, 1999;  QC 

GNS, 2004; PEER, 2005; K-NET, 2010).  

 

Zone Hazard 

Scenario 

Magnitude Distance (Km) Tectonic Class/Fault 

mechanism 

 

 

 

North NF 

NF1 

 

 

 

NF2 

 

NF3 

7-7.5 

 

 

 

6.5-7.5 

 

7.5-8.3 

<10 

 

 

 

<10 

 

15-25 

Shallow crustal earthquake 

without pronounced forward-

directivity feature 

 

Records with strong forward 

directivity 

 

Subduction interface record 

Table 8.1   Recommended suite profile for seismic zone of North NF   

 

 

Zone  

Record Name 

 

Date 

 

M 

 

D 

 

FM 

 

FD 

Type of Soil 

Shallow Deep 

 

 

 

North 

NF 

El Centro 1940 7 6 Strike-slip No Yes Yes 

El Centro #6 1979 6.5 0 reverse Yes No Yes 

Caleta de Campos 

(Mexico) 

1985 8.1 16 Subduction 

interface 

No Yes No 

Yarimka , Turkey 1999 7.5 3 Strike-slip Yes No Yes 

TCU 51, Taiwan 1999 7.5 7 Reverse Yes No Yes 

Duzce, Turkey 1999 7.1 8 Oblique No Yes Yes 

HKD085,Hokkaido, 

Japan 

2003 8.3 43 Subduction 

interface 

No Yes Yes 

Tabas, Iran 1978 7.4 2 Oblique Yes Yes No 

Arcelik, Kocaeli, 

Turkey 

 

1999 7.5 14 Strike-slip Yes Yes No 

Lucerne, Landers, USA 

 

1972 7.3 1 Strike-slip Yes Yes No 

Table 8.2  Deep Soil- Site Class D according to NZS 1170.5   
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M= Magnitude in    

D= shortest distance in km from the source  

FM= Fault mechanism 

FD=Forward Directivity 

HS=Hazard scenario from Table 8.1 

 

8.3 Structural loads  

 

These have been determined in accordance with the following standards:  

 

AS/NZS 1170.0 Structural design actions - general principles  

AS/NZS 1170.1 Structural design actions - permanent, imposed and other actions  

NZS 1170.5 Structural design actions - earthquake actions.  

 

8.3.1 Permanent and imposed loads  

From AS/NZS 1170.0, the applicable loading combinations for structural elements 

under ultimate limit state are:  

1.2G + 1.5Q 

 And 

 G +    Q +    

 

G = the permanent weight of the Floor  

Q = the superimposed load  

  =  the ultimate limit state earthquake load  

   =     the load combination factor  

 

Table 3.3 of AS/NZS 1170.1  provides  values  of imposed floor loads; for an office 

building the magnitude is  3.0 KPa. 
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Imposed Load for Floors : 

Horizontal distance between columns =7.75 metres 

Spacing between frames =4.26 metres 

A=7.75×1×4.26=33    

A : sum of all area supported by structural element in square metres 

      
 

  
    

 

   
     

Imposed Load=.82×3=2.46 KPa 

Imposed Load=2.46×4.26=10.5 kN/m 

 

Imposed Load for Roof: 

 Values for imposed action appropriate to roof given in Table A3.2, AS/NZ 1170.1 

which suggests 

     
   

 
  for uniformly distributed action. 

This gives 0.25kPa for a roof of the size being considered. Thus the imposed load per 

beam is: 

Imposed Load=.25×4.26=1.065 kN/m 

For calculating permanent load for roof and floors, the unit weight for concrete from 

Table A1 of  of AS/NZS 1170.1 is used in conjunction with the average thickness of 

concrete. 

 

Permanent Load for Floors: 

Concrete slab (4.5 inch):  .115*24=2.76 kPa (and in other places)    

Partition: .5 KPa 

Clay tiling: .27 KPa 

Ceiling: .22 KPa 

Cross beam weight: (section 10×14.5 UB)= 370 N/m 

Unit Weight for cross beam:   
   

    
           

Concrete inside beam=24×.45×.087×2=1.87 kN/m 

Concrete encasement for beam=24×.19×.02=.09 kN/m 

ΣDL= 4.26× (2.76+.5+.27+.22)+.215+1.87+.09=18.15 kN/m 
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Permanent Load for Roof: 

Concrete slab(4 inch) :  .1*24=2.4 kPa    

Asphalt : .53 KPa 

Clay tiling : .27 KPa 

Ceiling : .22 KPa 

Cross beam weight: 370 N/m 

Unit Weight for cross beam:   
   

    
          =.215 kN/m 

Concrete inside beam=24×.17×.07×2=.57 kN/m 

Concrete encasement for beam=24×.19×.02=.09 kN/m 

ΣDL= 4.26× (2.4+.53+.27+.22)+.215+.57+.09=15.5 kN/m 

 

 

8.3.2 Seismic weight 

The seismic weight at level i  is calculated from NZS 1170.5 as 

            

 

Where  

              are summed between the mid-heights of adjacent stories 

   = .3  

 

Seismic weight for floors: 

18.15+.3× 10.5=21.3 kN/m 

External point weight = 21.3×9.81×
    

 
= 800 kN 

Middle point weight =21.3×9.81×7.75=1600 KN 

 

 

Seismic weight for Roof: 

15.5+.3× 1.065=15.82 kN/m 

External points= 15.82×9.81×
    

 
= 600 kN 

Middle Point =15.82×9.81×7.75=1200 kN 
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8.3.3 Static nodal load 

 

The static nodal load at level i was calculated for the load combination 

            

 

Where  

   = .4  

 

Floors: 

18.15+.4× 10.5=22.35 kN/m 

External point load= 22.35×
    

 
= 87 kN 

Middle point load =22.35×7.75=174 kN 

 

 Roof: 

15.5+.4× 1.065=15.92 kN/m 

External points= 15.92×
    

 
= 62 kN 

Middle Point =15.92×7.75=124 kN 
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8.4 Rotational stiffness of column bases  

A detailed evaluation of the soil foundation structure interaction has not been 

undertaken in this study, due to time constraints. From the original drawings, the 

columns are set into a two way grillage of steel beams that are encased in concrete 

to form a robust pad footing. This is intermediate between a fixed base and a pinned 

base and the influence of this base fixity is approximately accounted for using the 

steel Structures Standard, NZS 3404, provisions for the rotational stiffness of actual 

bases. 

These are given in NZS 3404 Clause 4.8.3.4.1 and the relevant equations are: 

  

   
     

  
    for a pinned base connection 

 

   
       

  
   for a fixed base connection 

 

Where 

   =rotational stiffness (KNm/radian) 

E=205000 MPa 

                                                                                  

    is column actual length 

  

The grillage detail into which the columns are set is  representative  of a fixed base,  

so the second equation is used, generating the following values for the rotational 

springs at the column bases:  

 

                         
                    

 
        kNm/radian 

 

                        
                   

 
         KNm/radian 
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8.5 Input properties for numerical analyses  

 

The program Ruaumoko [Carr,2000] was used for the push-over and time-history 

analyses. Ruaumoko has a wide range of hysteresis models that can be used to 

accurately represent the cyclic characteristics of the critical frame components, as 

well as having reasonable post-processing capability. 

 

 

8.5.1 Steel frames 

Frame member design strengths and properties for the inelastic time history analysis 

(ITHA) were determined using the original engineering drawings and literature 

detailing properties of steel sections produced and used at the time of construction 

(Bates, 1991). The average strength of the members was used in the analyses. 

Figure 8.4 presents how the steel frames in the MRF direction are modelled. Beams 

and columns of the steel frame were modelled using one-component Giberson 

BEAM and flanged steel BEAM-COLUMN members respectively. Point plastic hinges 

were assumed to form at the ends of beam members adjacent to the column faces, 

an assumption appropriate for seismic-dominated frames or for frames containing 

composite steel beams.  
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Figure 8.4:  Steel frame modelling approach in the MRF direction 

Rigid end-blocks were incorporated within each member to model the increased 

stiffness of the beam-column joints. Column rigid end blocks were incorporated 

directly in the members themselves; a column rigid end block has a length equal to 

half of the depth of a beam connected to the column. Short rigid elastic beams with 

a length equal to half of the depth of the columns connected to the beams were 

used to represent the beam rigid end blocks. The translation degrees of freedoms of 

the nodes of these short beams were slaved to that of the column nodes. Panel zone 

rotational springs connect column nodes and the nodes of the beam rigid end blocks 

closer to the columns, while beam-column joint springs connect nodes of the beam 

rigid end blocks further from the columns and beam member nodes. 

The column bases were not assumed to be infinitely rotationally stiff, rather 

rotational flexibility was introduced at the bases according to NZS 3404 Clause 

4.8.3.4 provisions (Standards NZ, 1997). A bi-linear stress-strain relationship with 

constant strain hardening beyond yield was used to model both the column and 

beam members. The flexural stiffness of the column members was made to vary 

with the yield moment, so that the yield curvature would remain constant.  

A B C

Panel zone spring

connection spring

Rigid end block
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8.5.2 Panel zone 

Panel zones could not be directly incorporated in the numerical model; hence 

rotational springs were used to represent their shear strength and stiffness. The 

equation given below was used to calculate the elastic stiffness of the panel zone 

springs (Clifton, 2005): 

 

                              
   

   
                 (8.1)        

     

                                    

             

                     

                       

                               

                                    

The panel zone design shear capacity was calculated using equation 12.9.5.3 (5) of 

NZS 3404 (Standards NZ, 1997). The panel zone average moment capacity was then 

determined by using the equation elow.  

 

                                            (8.2)        

 

        

                                              

                     

                                   

 

The panel zone was assumed to remain elastic. 
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8.5.3 Beam-column connections 

The inelastic cyclic properties of the beam-column joints were determined based on 

experimental testing conducted on reconstructed specimens by Naderi et al. [Naderi 

et al,2010] and described in chapter 4. The weak semi-rigid beam-column 

connections were modelled using rotational springs(point plastic hinges at beams 

ends). The more general Wayne-Stewart Degrading Stiffness rule developed for 

timber shear walls (Carr, 2009) was used to represent their behaviour. Stiffness & 

strength degradation and area enclosed by each full cycle were considered during 

calibration of the hysteretic rule to the experimental responses.  

 

 

Figure 8.5:  Moment-rotation behaviour of the internal beam-column joints of the steel 
frames 

 

The parameters used to define the shape of the hysteresis of the internal beam-

column joint presented in Fig. 4.6 were: 
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Note that the strength degradation data is based on the recommendations of NZSEE 

(2006) section 8A.1.1 which is shown (section 7.9) to be conservative.  

The Wayne-Stewart hysteretic rule captured the pinched hysteretic properties of the 

tested connection with stiffness and strength degradation satisfactorily. With this 

rule the initial gap which had to be traversed before the rotating column touched 

the floor slab could be accounted for.  

 The terminology for the Wayne-Stewart hysteresis elements is illustrated in Figure 

8.6. 
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Figure 8.6  Terminology for Stewart hysteresis elements 

 

   :  Ultimate force or moment 

FI  : intercept force or moment 

PTRI : Tri-linear factor beyond ultimate force or moment 

PUNL : Unloading stiffness factor 

     : initial slackness, positive axis 

     : Initiall slackness, negative axis 

BETA : Softening factor 

ALPHA : reloading factor 

 

Wayne-Stewart hysteresis element properties for as-built internal joint, retrofitted 

internal joint and as-built external joint are given in Tables 8.3, 8.5 and 8.6 and 

hysteresis loops versus experimental testing are plotted in Figures 8.8, 8.9 and 8.10. 

The hysteresis rules implement the M-θ relationship from the half scale 

experimental testing and were extrapolated to the full size joints, as follows: 

For internal joints, the values are given from the moment-rotation characteristics of 

function developed in chapter 7 and  are shown in Table 8.3. 
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Spring property Value assigned 

(half scale) 

Value assigned 

(Full-scale) 

   30 510 

FI 2 1/15  ×    = 34 

PTRI .001 .001 

PUNL 1.1 1.1 

    
 .002 .002 

    
 0 0 

BETA 1.2 1.2 

ALPHA .8 .8 

Table 8.3  Wayne-Stewart hysteresis element properties for as-built internal joint on 
second floor 

 

Degradation strength pattern adopted from Ruaumoko Manual, and implemented 

for as-built hysteresis model (Figure 8.7). 

 

Figure 8.7  Strength reduction variation (Carr,2000) 

 

DUCT1 : Ductility at which degradation begins 

DUCT2 : Ductility at which degradation stops 

RDUCT : Residual strength as a fraction of initial yield stress 

DUCT3 : Ductility at .01 of initial strength 

RCYC : % reduction of strength per cycle of inelastic behaviour 
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Figure 8.8  Comparison of Wayne-Stewart hysteresis output with test data 

 

 

Degradation factor Value assigned  

DUCT1 1 

DUCT2 2 

RDUCT .70 

Table 8.4  Degradation factor for Wayne-Stewart hysteresis rule 

 

 

The degradation factors applied only to the as-built joints as the experimental test 

on the retrofitted joint with the CFRP-NSM strips with an unbonded length adjacent 

to the column showed no strength drop-off with increasing joint rotation. 
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Figure 8.9  Comparison of Wayne-Stewart hysteresis model and test data (retrofitted 
half-scale) 

 

 

The    for each retrofitted internal joint is derived from the moment-rotation 

function presented in chapter 7. The hysteresis properties for a typical internal joint 

on the second floor are presented in Table 8.5. 

 

Spring Property Value assigned 

(half scale) 

Value assigned 

(Full-scale) 

   (kN-m) 60 710 

FI (kN-m) 3 35 

PTRI .009 .009 

PUNL 1.1 1.1 

    
 .002 .002 

    
 0 0 

BETA 1.01 1.01 

ALPHA .5 .5 

Table  8.5   Wayne-Stewart hysteresis element properties for retrofitted  internal joint 
(second floor) 
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To obtain the     value of external joints, four FE models for four different bare-steel 

external joints were generated in Abaqus environment, and the moment capacity 

was increased by 20% to incorporate the effect of the composite slab as explained in 

section 7.8.4. 

This 20% increased value was substituted for     of each full-scale model. 

The resulting values for second floor of external joint shown in Table 8.6. 

 

 

Figure 8.10  Comparison of Stewart hysteresis model and test data(external joint) 

 

Spring property Value assigned 

(half scale) 

Value assigned 

(Full-scale) 

   10 145 

FI 1 14.5 

PTRI .001 .001 

PUNL 1.01 1.01 

    
 .002 .002 

    
 0 0 

BETA 1.2 1.2 

ALPHA .8 .8 

Table 8.6  Wayne-Stewart hysteresis element properties for as-built external joint 
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The hysteresis rules used for retrofitted external joints is identical to as-built ones as 

FE analyses showed negligible increase in ultimate moment capacity of external 

connections,  when strengthened with CFRP-NSM method.(section 7.8.4)  

 

In generating the model for the internal frame of the Hope Gibbons building in 

Ruaumoko program, the following important features were considered: 

 

 Mechanical properties of all columns and beams were calculated and 

introduced in program.  

 All internal and external connections modelled as a spring in program. 

 Beams modelled as one component (Giberson) beam member. 

 Columns modelled as Beam-Column member. 

 The Pushover analysis carried out to define location of plastic hinges, soft-

storey and observation of overall behaviour of frame under monotonic 

loading. 

 The nonlinear time history analysis carried out using ten scaled records 

 Inter-story drift  demand checked  for 
 

  
        against 2.5% limitation 

 The time history analysis repeated with retrofitted joint   

 

The input file for as-built frame and retrofitted frame can be found in Appendix G. 
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Figure 8.11  Numbering the panel Zone and connection spring in middle joint 

 

 

 

 

8.6 Pushover Analysis of Frame  

8.6.1 Design Spectra 

For the ultimate limit state, the horizontal design action coefficient,        is given 

by following equation from NZS 1170.5 : 

      
      

  
 

The elastic site hazard spectrum,      , is determined using the following equation 

from NZS 1170.5:  
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Where  

          The spectral shape factor determined from clause 3.1.2 NZS1170.5 

Z =  The hazard factor determined from clause 3.1.4 

R  =  the return period factor,          for the appropriate limit state determined 

from clause 3.1.5 but limited such that Z    does not exceed .70 

N(T,D) = the near fault factor determined from clause 3.1.6 

 

 The fundamental period of Hope Gibbons building determined by GNS science 

consultant and it was .34 second in longitudinal and .53 second in transverse 

direction so return to table 3.1 of NZS1170.5,  so : 

          

Z=.40 

R= 1.0  for 
 

   
                                

N(T,D) =        =1.0 

 

     1.2 

   = The structural performance factor defined by clause 4.4 as .70 

   = 
      

  
                                   

   
         

  
        

 

      
      

  
 

      

    
     

The equivalent static horizontal force,    at each level, shall be obtained from 

following equation : 

 

          
    

     
 

 

Where          at the top level and zero elsewhere. 
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8.6.2 Results of monotonic pushover analyses  

 
The monotonic pushover analyses were performed in order to determine the 

envelope of the base shear versus peak central roof displacement relationship for 

building.  

Lateral loads were applied in proportion to the weight distribution at each floor level 

and followed an inverse triangular distribution along the building height, typical of 

first mode response. The pushover analysis was carried out as a slow dynamic 

analysis using a gradual ramp loading function for each applied lateral load (Carr, 

2000). The loads were applied slowly to ensure that inertia and viscous damping 

forces were minimal.  

Figure 8.11 presents the results of the monotonic pushover analyses for frame.  

The results are presented in non-dimensional terms as : 

 The normalized lateral load is a base shear coefficient, ζ , defined as the base 

shear divided by the seismic weight of  building (V/W) 

 The lateral displacement is expressed in terms of a building drift ratio, Δ ,  

defined as the lateral displacement at the centre of the roof divided by the 

building height.  

The base shear versus building drift is illustrated in Figure 8.11 and picture of 

displaced shape shown in Figure 8.12.  

 

The push-over curve highlighted the flexibility of the steel frames with semi-rigid 

connections and the NSM-CFRP retrofit solution does not increase the initial elastic 

stiffness of these frames or of the building system. However company the force-

deflection curves of these frames with those of the walls, as researched by 

Gebreyohaness(Ref 30) in university of Auckland shows that this retrofit solution 

adds increasing strength to the frames at lateral drifts of over 2.5%, the region in 

which the external walls lose up to 50% of their peak strength. The rate of the 

strength increase would be greater if the gap between beam flange and column 

flange of frame connection was eliminated by shimming. A combination of this 
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retrofit solution with shimming the beam to column gap would provide a partial  

retrofit solution and possibly reduce the strengthening required to external walls.   

 

 

 

 

Figure 8.12   Base shear versus building drift  

 

Figure 8.13  Deformed shape of Frame under pushover 
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8.7  Numerical integration time history analysis 

The numerical integration time history inelastic analyses of the building are typically  

conducted at two different  levels of seismic loading to determine whether the 

building passes the percentage New Building Standard (%NBS) thresholds set by the 

Act and incorporated into the NZSEE assessment guidelines (NZSEE, 2006). The two 

levels are 33% of new building requirement, which determines whether a building is 

classed as earthquake prone (the case if it fails that check) and 67% of new building 

requirement which any earthquake prone building must be strengthened to. 

The analysis performed using a suite of ten earthquake records relevant to the 

seismicity of the building location (Oyarzo Vera et al., 2009) as described in section 

8.2.  

In the first place, the analyses were conducted for the 
 

 
    of full design level 

earthquakes. As the frame failed to pass the 33% of full-design level for all 

excitations, the time-history analysis was not carried out for 67% and 100% of full-

design level. 

Note that these analyses were conducted on a two dimensional steel frame only. In 

practice the frame behaviour is only one part of the overall response of the building, 

which is a dual frame-wall building and in which the walls play a significant role in 

the overall behaviour. Determining the behaviour of the three dimensional dual 

frame/wall building is the focus research of Gebreyohaness (Ref 30) as discussed in 

section 8.6.2. This retrofit solution offer reducing the retrofit requirements on the 

external walls.  

The assessment was performed to determine whether the inter-story drift demand 

imposed by the excitations exceeded NZS1150.5, clause 7.5.1 or not. (2.5% inter-

story deflection limit).  

Results of time history analysis for 6 excitations with forward directivity are shown in 

Figures 8.14 to 8.19. 

The results of 4 excitations with normal directivity are shown in Figures 8.20 to 8.23. 
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8.7.1 Time history Analyses for excitations with forward directivity 

 

 

 

Figure 8.14   Drift demand envelope for Elcentro97  record 

 

 

  

Figure 8.15  Drift demand envelope for Yarimka  record 
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Figure 8.16  Drift demand envelope for TCU51  record 

 

 

 

 

Figure 8.17  Drift demand envelope for Tabas  record 
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Figure 8.18  Drift demand envelop for Arcelic  record 

 

 

 

 

 

Figure 8.19  Drift demand envelop for Lucerne  record 
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8.7.2 Time history Analyses for excitations with normal directivity 

 

 

 

Figure 8.20  Drift demand envelope for Elecentro40 record 

 

 

  

Figure 8.21   Drift demand envelop for Calete  record 
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Figure 8.22  Drift demand envelop for Duzce  record 

 

  

 

 

Figure 8.23   Drift demand envelop for Hokaido  record 
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The average of 4 excitations with normal directivity is illustrated in Figure 8.22. 

The average value for 6 excitations with forward directivity is shown in Figure 8.23. 

  

  

Figure 8.24   Average drift demand envelope for 4 excitations with normal directivity 

 

 

 

Figure 8.25   Average drift demand envelop for 6 excitations with forward directivity 
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The records with forward directivity, generate greater inter-story demand. This 

includes the ElCentro 79, TCU51, Tabas, Arcelik, Lurence and Yarimka excitations and 

is consistent with the nature of a near-fault velocity pulse on this flexible and weak 

frame.  

The small but demonstrable benefit of CFRP-NSM retrofit in the pushover analysis 

results is also demonstrated in the time -history analyses results. However it must be 

stated that the individual frame behaviour is only one aspect of the overall response 

of the building. This is because the building has stiff, strong but low ductility 

perimeter walls on all sides and so is a dual frame-wall building. Seismic performance 

of the walls  has been determined  by Adane Gebreyohaness (Ref 30)  and it is likely 

that  combining the retrofitted frames with the as-built walls would improve the 

performance, this is identified as a future  research in section 9.3. 

  

 

8.8 Summary       

 

In chapter 8, the numerical analyses of  one as-built and one retrofitted moment 

frame from the Hope-Gibbons building were investigated to determine the 

performance of the as-built frame under seismic loading, and, to investigate the 

performance of the system when retrofitted with  CFRP-NSM. Ten scaled records 

were used for the time-history and pushover analyses. Time history analyses 

conducted at 1/3 of full seismic design level showed that both frames (with and 

without retrofit) were inadequate for all excitations. Consequently planned time-

history analyses were not carried out for excitations at 67% and 100% of full-design 

level.  

From nonlinear analysis , it been concluded that steel columns designed to be able 

to carry just the gravity loads and lateral forces been presumed to be resisted by 

perimeter concrete walls. 
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The records with forward directivity, caused greater inter-storey demand than 

normal directivity. (nearly two times more on average). 

Pushover analyses showed that using CFRP reduced base shear at maximum drift 

(2.5%)  by approximately 5%. Time history analyses  showed an overall 5% reduction 

in drift resulting from use of CFRP-NSM.  

 Although results showed limited improvement in overall seismic behaviour of frame 

using CFRP-NSM, it should be noted that Hope Gibbons building has substantial 

shear walls in both directions in outer frame and a realistic nonlinear time history 

analysis would need to be 3D and include the wall elements. The influence of the 

walls is the subject of a parallel investigation by Adane Gebreyohaness (Ref 30). The 

present investigation was intended to determine the contribution of the steel frames 

to the seismic resistance of the structure, but it is recognised that some aspects of 

the dynamic response require consideration of the entire structure. 
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1 CHAPTER   9        :      CONCLUSIONS  AND 

RECOMMENDATIONS FOR FURTHER WORK 

9.1  Summary 

The main aims of this research programme were the assessment of the existing seismic 

strength and performance of old, riveted, concrete encased steel framed buildings and the 

development of methods of retrofitting such structures to bring their seismic performance 

up to satisfactory levels. 

To fulfil the objectives of this research, attention was focussed on understanding the seismic 

behaviour of the concrete encased riveted joints of the Hope Gibbons Building in downtown 

Wellington and finding a practical way of retrofitting the steel frames of this building. This 

building was chosen as it was representative of a family of steel framed buildings from the 

first half of the 20th century, especially the era from 1920 to 1940. It was also the only 

heritage steel building with a reasonable set of drawings and a construction specification. 

A comprehensive experimental and numerical investigation was conducted to obtain a 

better understanding of structural behaviour of this building. The research included 5 half-

scale experiments and validating FE models of these experiments in Abaqus program 

accompanied with many FE models  of full-scale  internal and external joints. The 

experimental models had bolts substituted for rivets, with preliminary, validating 

experiments carried out to justify the substitution. 

Regarding the governing failure mode, application of CFRP-NSM was chosen to enhance 

seismic performance of external and internal connections. 

Time history and pushover analysis of internal steel frame of Hope Gibbons building was 

carried out using Ruaumoko (Ref 5)  to find out about  the overall performance of the frame. 
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Based on critical assessment of experimental results, FE and numerical analyses, the 

following detailed conclusions can be drawn. 

  

 

 

9.2   Conclusions   

 

1- Shear yielding of the mild steel bolts between the beam-seating angle and/or 

beam—top flange angle caused a significant drop in joint strength. Although the 

joint did not fail completely it can be concluded that bolt failure was the single 

most important event leading to its ultimate failure. Ultimate failure occurred 

when the rotation was increased sufficiently to cause beam unseating.   

 

2-  The observations from experiments led to the conclusion that enhancing the 

slab tensile capacity in the vicinity of the joint should result in additional moment 

resistance after bolt failure, at moderately large rotations (gap dependent). The 

use of embedded CFRP strips was subsequently adopted to achieve this. 

 

3- The gap between column and main beams played a significant role in M-θ 

relationship of composite joint and should be eliminated as part of any retrofit 

solution. 

 

4- A very good agreement between FE and experiments on crack development of 

concrete slab and failure mode. 

 

5- Cyclic loading of a connection can be simulated by FE analysis but it is too 

expensive for the models and not recommended. 

 

6- It was recommended to employ NSM method over EB method (externally 

bonded) and also leaving the central 0.5m of the strips unbonded to avoid strain 

peaks in cracked concrete zones. 
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7- Effectiveness of CFRP in increasing strength is dependent on the gap between 

beam and column. There is a need for a certain minimum amount of rotation in 

the joint to mobilise the CFRP depending on the gap between column and in-

coming beams. 

 

8- One equation was established for predicting the required CFRP development 

length for the case of an internal composite joint. 

 

9- FE results showed negligible contribution from either concrete encasement or 

axial load to the moment-rotation relationship. 

 

10- Influence of CFRP-NSM on increasing the strength of an internal joint is 

dependent on  the gap the between column and in-coming beams. For example, 

a  5% increase for a  2 mm gap and 20% for a zero gap at a rotation of 40 

milliradians. 

 

11- CFRP strips have small influence on improvement of  moment capacity of 

external joint (approximately 10% for zero gap and negligible for 2 mm gap)  

 

12- Empirical functions for predicting the M-θ relationships for practical purposes are 

suggested for internal bare steel, internal as-built, external as-built and internal 

retrofitted joints (chapter 7).  

 

13- The accuracy and validity of current NZSEE recommendations for seismic 

assessment of steel riveted joints was discussed and a new function suggested to 

replace the current recommendations. 

 

14- Pushover analyses of internal steel frame of Hope Gibbons building showed that 

using CFRP reduced base shear at maximum drift (2.5%)  by approximately 5%. 

Time history analyses showed an overall 5% reduction in drift resulting from use 

of CFRP-NSM.  
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15-  Although results showed limited improvement in overall seismic behaviour of 

frame using CFRP-NSM, it should be noted that Hope Gibbons building has 

substantial shear walls in both directions in outer frame and a realistic nonlinear 

time history analysis would need to be 3D and include the wall elements. The 

influence of the walls is the subject of a parallel investigation by Adane 

Gebreyohaness(Ref 30). The present investigation was intended to determine 

the contribution of the steel frames to the seismic resistance of the structure, 

but it is recognised that some aspects of the dynamic response require 

consideration of the entire structure.  

 

16-  The research undertaken in this project, has generated changes to the NZSEE 

recommendations (version 2011) for practical engineers. 

 

 

 

 

 

9.3   Recommendations for Further work   

 

The following areas of research were outside the scope of the project but are topics that 

should be investigated further: 

1- Undertake a 3D analysis of the as-built  and tested walls with zero-gap to determine 

the extent of benefits arising from this retrofit proposal.  

2- The retrofit solution using CFRP-NSM shims in the slab should be tested with zero 

gap between the beam flange and the column flange in order to determine the 

maximum benefit, this can generate. 

3- Numerical modeling of whole building behaviour incorporating the retrofitted CFRP-

NSM  joint with zero-gap  and the wall model developed by Adane Gebreyohances 

(Ref 30) should be undertaken to determine the effectiveness of this retrofit solution 

in overall structure. 
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4- Obtain and test as-built specimens from actual structures or test in-situ suitably 

isolated beam to column joints. 

5- Application of passive devices or semi active devices and possibly base-isolation. 
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This appendix comprises two important topics: 

 Concise description of generating models  in  Abaqus/Explicit 

 Define material properties of steel, concrete, reinforcement bar and CFRP needed 

for material module in Abaqus environment 

The material properties presented in this section are very important to  achieve accurate 

results especially the proper definition of concrete behaviour in tension and compression 

after crack is vital to get through the numerical analysis.  

This appendix include  concise  description of the process of the FE modeling in Abaqus 

program in order to  predict the critical characteristics and failure modes of differently 

designed riveted joint connections  incorporated with concrete slabs.  

This description include, different types of elements used to develop the model, as well as 

the techniques and tools to establish the boundary conditions and impact will be addressed. 

Besides, since FE analysis will cover nonlinear dynamic analysis in Abaqus/explicit, some 

issues corresponding to explicit method, such as step and run time will be addressed as well. 

On the basis of the central objectives of this research, three dimensional FE models of steel 

connections and concrete were developed using Abaqus/explicit. A complete model in 

Abaqus program includes nine sections as follows and each section explained in detail 

hereafter. 

 Part  module 

 Material Property 

 Assembly 

 Step  

 Interaction 

 Load  

 Mesh  

 Job  

 Visualization 
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A.1.   Part module  

The numerical simulation of a steel connection incorporated with concrete slab requires an 

accurate 3D model of the structural elements and its constituent members acting as a 

composite, made up of concrete and steel. A sketch of each part should be created 

separately with ABAQUS/CAE, which can then be extruded in any direction.  This is why a 3D 

deformable solid element in “part module" chosen for all parts of assembly. The other ways 

of creating parts are: 

 Importing  the part from a file containing geometry stored in it 

 Importing  a meshed part from an Abaqus/Standard or Abaqus/Explicit input file 

Abaqus/CAE is an environment that provides a simple, consistent interface for creating, 

monitoring, and evaluating parts for Abaqus/Standard or Abaqus/Explicit simulations. 

 

A.2 Defining the material properties  

A series of laboratory tests were undertaken to determine the properties of the 

materials. Material properties play an essential role when undertaking any kind of 

nonlinear finite element analysis. A controversial discussion in this section of research is 

related to modeling the post cracking behaviour of concrete.  Access to certain data such as 

the stress-strain curve for concrete under compression undertaken in material lab, post-

crack stress-strain curve for concrete derived from some research carried out in university 

of Louisiana and some parts of data was extracted from ABAQUS/Explicit users' manual. 

Detail of material tests carried out to predict realistic behaviour of material used in 

experimental test listed as follows : 

 

A.2.1  Concrete 

Concrete cylinders were constructed the same time of pouring concrete slab. 

Unconfined compression tests were carried out at 28 days at temperatures of 20°C. 

Concrete Damage Plasticity (CDP) is a constitutive model included in ABAQUS developed by 

Lubliner et al. (1989) which was later modified by Lee and Fenves (1998). 
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The main failure mechanisms of the concrete in CDP are (i) the tensile cracking, and (ii) 

compressive crushing of the concrete. In compression, concrete behavior is represented as 

linearly elastic until the initial yield stress is reached. Then it passes to the plastic zone with 

a strain hardening prior to the ultimate compressive stress followed by strain softening. The 

program computes the concrete compressive stress-strain curve based on the input of 

stress versus inelastic strain. In tension, initial behavior is linear elastic until cracking is 

initiated. A tensile strain softening response is assumed in the post cracking region. In 

ABAQUS material definition module, the CDP parameters are defined by three sets of 

parameters, "plasticity", "compressive behavior" and "tensile behavior". Figure A-0 shows 

the  stress-strain curve of CDP model used in ABAQUS. 

 

Figure A-0  Uniaxial stress-strain curve of concrete damaged plasticity model in 
ABAQUS (ABAQUS, 2009) 

 

 

A.2.1.1  Tensile behaviour of concrete after the crack 

Behaviour of concrete members often change abruptly when tensile crack form. There are 

several ways to measure  the tensile strength of concrete, none is entirely satisfactory. 

Direct tensile test, modules of rupture test and split cylinder test can be used. In this 
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research tesile stenght of concrete defined from Abaqus manual according to compresive 

strength of concrete. In fact, this test is difficult to perform because it is necessary to have a 

very stiff testing machine to record the postcracking response. Quite often such equipment 

is not available and in this situation you must make an assumption about the tensile failure 

strength of the material and the postcracking response. The assumption for concrete usually 

is that the tensile strength is  7–10% of the compressive strength. The values given for 

tension stiffening are a very important aspect of simulations using the Abaqus/Explicit 

brittle cracking model. The postcracking tensile response is highly dependent on the 

reinforcement present in the concrete. In simulations of unreinforced concrete, the tension 

stiffening models that is based on fracture energy concepts should be utilized. If reliable 

experimental data are not available, typical values can be used.   In simulations of reinforced 

concrete the stress-strain tension stiffening model should be used and the amount of 

tension stiffening depends on the reinforcement present. A reasonable starting point for 

relatively heavily reinforced concrete modeled with a fairly detailed mesh is to assume that 

the strain softening after failure reduces the stress linearly to zero at a total strain about ten 

times the strain at failure. Since the strain at failure in standard concretes is typically 10–4,  

this suggests that tension stiffening that reduces the stress to zero at a total strain of about 

10–3  is reasonable.  

 

Figure A.1  Postfailure stress-displacement curve 

In Abaqus/Explicit post-failure behaviour can be invoked by specifying the postfailure stress 

as a tabular function of displacement across the crack, as illustrated in Figure A-1. 

Alternatively, the model fracture energy    
  , can be specified directly as a material 

property. In this case, define the failure stress     
  , as a tabular function of the associated 
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model fracture energy. This model assumes a linear loss of strength after cracking         

(Figure A-2). 

 

Figure A.2  Postfailure stress-fracture energy curve. 

 

Therefore the crack normal displacement at which complete loss of strength takes place is: 

   = 2
   

 

   
 .  Typical values of     

   range from 40 N/m for a typical construction concrete 

(with a compressive strength of approximately 20 Mpa)   to 120 N/m  for a high-strength 

concrete (with a compressive strength of approximately 40 Mpa). In numerical works, to 

define post-crack behaviour of concrete in tension, in both experimental tests, with 21 Mpa 

compressive strength, the energy method with   
  =40  was utilized. 

 

A.2.1.2   Stiffness recovery 

Stiffness recovery is an important aspect of the mechanical response of concrete under 

cyclic loading. Abaqus allows direct user specification of the stiffness recovery factors 

   and     . In Abaqus the damage variables are treated as non-decreasing material point 

quantities. At any increment during the analysis, the new value of each damage variable is 

obtained as the maximum between the value at the end of the previous increment and the 

value corresponding to the current state (interpolated from the user-specified tabular data). 

The choice of the damage properties is important because generally, excessive damage may 

have a critical effect on the rate of convergence. You can define the uniaxial tension damage 

variable, as a tabular function of either cracking strain or cracking displacement. The 

experimental observation in most quasi-brittle materials, including concrete, is that the 
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compressive stiffness is recovered upon crack closure as the load changes from tension to 

compression. On the other hand, the tensile stiffness is not recovered as the load changes 

from compression to tension once crushing micro-cracks have developed. This behavior, 

which corresponds to      and       , is the default used by Abaqus.This default 

accepted during nonlinear analysis in research. The tensile damage variable was derived 

from research done by Cicekli and Voyiadjis carried out in University of Louisiana. They used 

normal concrete with 26 MPa. It can be noted from Figure A-3a that the maximum tensile 

damage is about .88 which correspond to a strain of .6×10-3  , whereas Figure A-3b  shows a 

maximum compressive damage of  5×10-3 .  

 

Figure A.3  Damage evolution in biaxial tension and compression 

 

The data for tension property and tension damage is inserted in material section ( concrete 

plasciticity subsection) and can be seen in Figure A-4.  
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Figure A.4 Tensile properties and compression damage data for Abaqus 

 

A.2.1.3  Compressive  behaviour of  concrete 

To determine the modulus of elasticity of concrete,     , as well as the stress–strain diagram 

in compression, in first set of test , ten concrete cylinders (100×200 mm) were tested 

according to BS 1881-121 ,as shown in Figure A.5.   For the measurement of the 

compressive strain, a special rig was mounted on the cylinder using spring loaded screws as 

illustrated in Figure A.6.  This rig carried two LVDTs spaced radially 180 apart and 

measurements were taken in the middle part of the concrete to avoid the infuence of the 

confined region near the steel loading platens. Those ten sapmples taken while pouring of 

slab concrete carried out and the samples cured for two weeks and tested one day after the 

experimental test completed. This process repeated for second experimental test (3 

samples) and then compressive stress-strain curve  for both tests presented in Figures A7 

and A8 respectively. For both experimental test , concrete with 21 MPa and maximum 

aggragate size of 12 mm and 100 mm slamp were ordered to manufacturer. 
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Figure A.5   Test arrangement to  measuring compressive stress-strain curve 

 

 

Figure A.6  The  concrete sample  after been crashed 

 

LVDT 

Rig 
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Figure A.7 Strss-strain relationship  for first experimental test in compression 

In the first test, the average of    =22 Gpa and compressive strength vary from 18-27 Mpa 

which correspond to a strain of .002 so the average 21 Mpa with strain .002 has been used 

as input data  for Abaqus program. 

 

 

Figure A.8  Strss-strain relationship  for second experimental test in compression 
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In the second test, compressive strength varies from 20-23 Mpa with strain variable .0018-

.005. The second curve chosen as average with compressive strength of 20 Mpa , strain of 

.0025  and also    =21 Gpa ,as input data  for retrofitted model with CFRP. 

It is important to notice that Abaqus do not accept compressive stress-strain relationship 

directly and input data have to be as compressive stress against plastic strain curve. The 

average compressive stress-strain curve for first test and stress-plastic strain for second test 

presented in Figures A9 and A10 respectively. 

 

 

Figure A.9   Stress-plastic strain curve  for first test 
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Figure A.10   Stress-plastic strain curve  for second test 

 

The details of input data required for model in Abaqus environment is presented in Figure 

A.11. 

 

Figure A.11   Compressive strength versus plastic strain in property module 
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A.2.2   Steel Memebers  

Nominal stress-strain behavior of an elastic-plastic steel l in a tensile test  shown in Figure 

A.12. 

 

Figure A.12  Typical stress-strain curve for steel members 

The plastic behavior of a material is described by its yield point and its post-yield hardening. 

The shift from elastic to plastic behavior occurs at a certain point, known as the elastic limit 

or yield point, on a material's stress-strain curve the stress at the yield point is called the 

yield stress. In most metals, the initial yield stress is 0.05 to 0.1% of the material's elastic 

modulus.  Abaqus approximates the smooth stress-strain behavior of the material with a 

series of straight lines joining the given data points. Any number of points can be used to 

approximate the actual material behavior; therefore, it is possible to use a very close 

approximation of the actual material behavior. The plastic data define the true yield stress 

of the material as a function of true plastic strain. The first piece of data given defines the 

initial yield stress of the material and, therefore, should have a plastic strain value of zero. 

The strains provided in material test data used to define the plastic behavior are total 

strains in the material. We must decompose these total strain values into the elastic and 

plastic strain components. The plastic strain is obtained by subtracting the elastic strain, 

defined as the value of true stress divided by the Young's modulus, from the value of total 

strain (Figure A.13).  
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Figure A.13 Decomposition of the total strain into elastic and plastic components. 

This relationship is written as : 

 
  
          =      

 ⁄  

Where  
  
  is true plastic strain and      is true total strain besides      is true elastic strain.  

Three tensile tests carried out to find out about tensile properties of steel members. The 

longitudinal tensile test specimens were cut from beam section, and through-thickness 

specimens from the top and bottom flange and web of 200UB. The specimens were tested 

in accordance with BS EN 10 002-1:1990, with a crosshead rate of 0.5mm/minute. The 

results are summarized in the Table A.1.  

Specimen Location 
Upper yield 

stress (MPa) 

Ultimate 

stress (MPa) 

elongation at 

fracture (%) 

Grade of 

Material 

1 

 

2 

 

3 

 

Top flange 

 

Bottom Flange 

 

Weblange 

384 

 

385 

 

380 

505 

 

505 

 

510 

22 

 

22 

 

25 

300 

 

300 

 

300 

Table A.1 Tensile test on steel members 

 

Module of elasticity 2E10 MPa is found from tests for steel members. 
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Figure A.14   Stress-strain curve for structural steel 

 

In Figure A.15, two curves are presented, the first one is average of tensile strength-strain 

and second curve is tensile strength-plastic strain, which required for Abaqus program. 

 

Figure A.15  stress-plastic s train used in Abqus 

 

In material property medule, the input data required for analysis is yeild stress of member 

versus plastic strain. The total strain is elastic strain plus plastic components which is 

computed in Aabqus and known as PEEQ. 
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Figure A.16  Input data for yeild stress-plastic strain in Abaqus 

 

 

A.2.3    Reinforcement bar 

According to HG building specification document, all the reinforcements shall be of round 

mild steel of approved British manufacturer. All bars shall be hooked and where joint occur 

the bars shall be lapped 450 mm for 12 mm bars and end shall be bounded together with 

3.4 mm wire.  All bars shall be bound with wire 16 at intersection with transverse bars.  At 

the intersection of floors with walls, partitions and stairs, reinforcements shall be carried 

well into adjoining concrete. The concrete slab was reinforced by using a mesh of 15 cm 

across and 100 cm of diameter bar along the slab. Four tests carried out on reinforcement 

bars to define stress-strain curve (3.29) and for each test the elongation of top and bottom 

of sample was measured but just the average value used as representative one. (Figure 

A.17) 
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Figure A.17 Test  setup for tensile test on reinforcement bars 

From stress-strain relationship for the reinforcing bars, shown in Figure A.18, the average 

yield strength was found to be 430 MPa with E (Young’s modulus) as  2E6 MPa and the 

ultimate tensile strength was found 530 MPa.   

 

Figure A.18 Average of stress-strain curve for sample 3 
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Figure A.19 stress-strain curve for 4 bars 

 

In Abaqus environment, reinforcement defined by 3D elements and embedded in oriented 

3D slab. These elements are superposed on the mesh of plain concrete elements and are 

used with metal plasticity models that describe the real behaviour of rebar material. The 

input data for plasticity of reinforcement bar is similar to way plasticity  already defined for 

steel members. 

 

 

A.2.4       Bolts 

Tensile test on Bolts carried out to determine stress-strain curve needed for analytical 

analysis. The bolts used in experimental test were supplied by EDL Company in New 

Zealand. The mild steel bolts are classified as 4.8 with ultimate tensile strength of 400 MPa 

and tensile yielding of 320 MPa. It been tried to obtain any experimental test for stress-

strain curve of this type of bolts from EDL company or any relevant tests done on overseas 

but it was not a success. The bolts used for experimental test have a short length (less than 

50 mm) so we did not able to set up a test to measure elongation of bolt shank under 

tensile test. After consulting with lab technician, it been concluded that measuring strain is 

not feasible but force-displacement can be measured with loner bolt which has the  same 

0

100

200

300

400

500

600

0 0.02 0.04 0.06 0.08 0.1 0.12 0.14

S
tr

e
s
s
 (

M
P

a
) 

 

Strain 

Tensile Test  for Bars 

Test 1

Test 2

Test 3

Test 4



Appendix A 
 

specification. The special instrument utilized for this test that shown in Figure A.20a and 

A20b. 

  

Figure A.20 Test setup 

 

 

Figure A.21 stress–displacement  for 3 bolts 
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Although this test is not a standard test, but it was useful to obtain some information about 

ultimate strength of bolts. The ultimate strength of bolts was, 550,524 and 570 MPa for 

three tests respectively which give average strength of 550 Mpa.  

 

A.2.4    CFRP strips 

The CFRP laminate produced by MAPEI company, was provided in rolls of 1 meter width  

and 1.4 mm thickness. The CFRP material was composed of unidirectional carbon fibers, 

bonded with an epoxy adhesive. The laminate properties provided by the supplier are 

included in Table 3.2. To verify of the Young's modulus, tensile strength and ultimate strain, 

one tensile test  was carried out using recommendation of ISO 527-5 (1997). 

Property  

Width [mm] 10 

Thickness [mm] 1.4 

Tensile strength [Mpa) >3100 

Young's modulus [GPa] 170 

Ultimate strain [%] 2 

Table A.2 CFRP laminate properties 

The test was controlled with a constant displacement rate of 2 mm/min. To evaluate the 

strain of the laminate, two portal gages were used. The applied force was measured by a 

load cell attached to machine with 100 KN capacity. Figure A.22 shows the test layout of this 

test.  

At about 80% of the nominal ultimate tensile strength defined by manufacturer, the rupture 

happened. The brittle failure took place during the test accompanied by a loud sound. 

Figure A.23 depicts the appearance of the specimen after being tested. In specimen, the 

failure region was not located in the central part of the specimen and this can be justified by 

the difficulty of ensuring homogeneity in terms of fiber distribution, fiber alignment and 

laminate cross sectional area.  



Appendix A 
 

 

Figure A.22   Layout of the CFRP tensile test 

 

Figure A.23 Failure of CFRP specimen at one end 

Figure A.24 shows the uniaxial stress-strain relationship obtained in the test and compared 

with properties provided by manufacturer (MAPEI Company). A linear stress-strain 

relationship up to the 80% of peak load observed. A slippage was occurred during test but It 

can be said that overall stress-strain relationship of experimental test confirm the catalogue 

data so for FE works, the properties  provided by MAPEI company were accepted and used. 
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Figure A.24 Compare Tensile Stress-strain of the CFRP- from manufacturer catalogue and test 

 

 

A.2.5    EPOXY 

There were two types of epoxy used to retrofit and repair of specimens as follows : 

 Adesilex PG1,PG2   

 Eporip  

Adesilex PG1, PG2 were special product of MAPEI company for CFRP laminates so Adesilex 

PG1,PG2  used for first two small experimental test to calibrate CFRP and Epoxy in Abaqus 

environment , Also It used for filling three grooves onto slab in retrofitted test with CFRP. In 

the experimental test with repaired concrete, it used to replace the smashed concrete 

around the column and to repair or replace cracks around and beneath of slab. 

Working with Epoxy PG1,PG2 was very difficult as its workability was less than one hour so 

laying CFRP laminate in groove was a big challenge while epoxy getting hard fast. This 

challenge ended up, getting hurt by inserting CFRP strips in hands and having two minor 

surgeries to take them out of body. After this harm, it been decided to replace PG1,PG2 

with another type of epoxy from  MAPEI company. After checking out specification of three 

new epoxy materials, the Eporip Epoxy chosen to filling the remained trenches.  
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Despite of disadvantage of low workability of PG1, PG2 epoxy for filling the trench onto slab 

surface , It works very well to filling  the vertical trenches on masonry walls or repairing 

crack under the slab due to its high viscosity.(550,000 Mpa.s) 

The Eporip was used to filling the trenches on half the slab of the retrofitted experimental 

test and for next test for repairing the crack onto the slab. Eporip epoxy has low viscosity 

and its workability was about 3-4 hours and easy to work on horizontal trenched but it was 

not appropriate epoxy for work on beneath of slab. 

The mechanical properties of Eporip and PG1, PG2 can be found in appendix E. 

 

 

A.3 Assembly  module 

Assembly module is used to create instances of parts and to position the instances relative 

to each other in a global coordinate system.  We position part instances by sequentially 

applying position constraints that align selected faces, edges, or vertices or by applying 

simple translations and rotations. An instance maintains its association with the original 

part. If the geometry of a part changes, Abaqus/CAE automatically updates all instances of 

the part to reflect these changes. We cannot edit the geometry of a part instance directly. A 

model can contain many parts, and a part can be instanced many times in the assembly; 

however, a model contains only one assembly. Loads, boundary conditions, predefined 

fields, and meshes are all applied to the assembly.  We can create either independent or 

dependent part instances. An independent instance is effectively a copy of the part. A 

dependent instance is only a pointer to the part, partition, or virtual topology; and as a 

result, a dependent instance cannot be meshed. There are limited options available in 

assembly module to position the parts relative to each other, which show in Figure A.25.   
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Figure A.25 Options available in assembly 

 

 

A.4 Step module 

A basic concept in Abaqus is the division of the problem history into steps. A step is any 

convenient phase of the history such as a dynamic transient, etc. In its simplest form a step 

can be just a static analysis in Abaqus/Standard of a load change from one magnitude to 

another. There are two kinds of steps in Abaqus/standard and Abaqus/Explicit as general 

analysis steps, which can be used to analyze linear or nonlinear response. The step module 

is using to perform the following tasks:  

A.4.1 Create analysis steps  

Within a model, we need define a sequence of one or more analysis steps. The step 

sequence provides a convenient way to capture changes in the loading and boundary 

conditions of the model, changes in the way parts of the model interact with each other, the 

removal or addition of parts, and any other changes that may occur in the model during the 

course of the analysis. In addition, steps allow to change the analysis procedure, the data 

output, and various controls. You can use the replace function to change the analysis 
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procedure of an existing step, for instance from Abaqus/standard to Abaqus/Explicit and 

vice versa. 

 

A.4.1.1 Specify analysis controls  

The general solution control divided into : 

Static, General, A static stress procedure is one in which inertia effects are neglected. The 

analysis can be linear or nonlinear and ignores time-dependent material effects.  

Static, Riks, Geometrically nonlinear static problems sometimes involve local discontinuity, 

collapse behavior, where the load-displacement response shows a negative stiffness, and 

the structure must release strain energy to remain in equilibrium. The modified Riks method 

allows to find static equilibrium states during the unstable phase of the response.  

Dynamic, Explicit,    An explicit, dynamic analysis is computationally efficient for the analysis 

of large models with relatively short dynamic response times and for the analysis of 

extremely discontinuous events or processes. This type of analysis allows for the definition 

of very general contact conditions and uses a consistent, large-deformation theory.  

 

 A.4.1.2   Specify output requests  

Abaqus writes output from the analysis to the output database. An output request defines 

which variables will be output during an analysis step, from which region of the model they 

will be output, and at what rate they will be output. Output request divided into two 

categories as : 

A.4.1.1.1  Field Output  

The typical field outputs  are requested in Analytical works  include  S,PE,PEEQ which 

indicate stress, plastic strain and equivalent plastic strain respectively with appropriate  

spaced time interval. 
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Figure A.26 Sample of field output 

A.4.1.1.2 History output  

Abaqus generates history output from data at specific points in a model. In most cases, the 

visualization module  used to display history output using X–Y plots. To measure 

displacement and force at both ends of columns and beams in Abaqus/CAE a reference 

point should be defined at top and bottom of columns and beam and in history output, the 

displacement and force in X,Y,Z direction defined to be  written in output for these points.   

 

Figure A.27 History output for RF located at bottom of column 

Reference Point 

Set of Data 
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A.5  Interaction modules 

We use the interaction module to define and manage the following objects:  

 Mechanical interactions between a region of a model and its surroundings. 

 Analysis constraints between regions of a model 

Interaction module includes three sections as: 

 

A.5.1 Interaction Manager:   

 In this section, initial condition and each step, master and slave surface, slide formulation, 

surface adjustment and contact property should be introduced. A typical interaction 

manager used for typical joint can be seen in Figure A.28. In Abaqus/Standard every contact 

between two surfaces shall be introduced. This is a most time-consuming section in making 

a model especially when the model is complicated; it would take a long time to find master 

and slave surface in Abaqus/CAE. For instance, a simple model like typical joint type B 

(Figure A.28) have 68 interactions.  

 

Figure A.28 Interaction for a typical joint (type B) 
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A.5.2 Interaction property  

The mechanical contact property options to specify tangential behavior (friction and elastic 

slip) and also normal behavior (hard, soft and separation) can be defined in this section.  

Tangential behavior in numerical analysis defined as penalty behaviour with friction 

coefficient of 0.25 and penalty formulation permit some relative motion of the surfaces 

(elastic slip) when they should be sticking. For normal behaviour, default constraint in 

Abaqus selected.  For simulating the relative tangential movement of a contact surface, the 

small sliding was chosen. The small sliding option is also used in association with the 

NLGEOM analysis option so that the effect of geometric nonlinearity is included. The hard 

option chosen for simulating the interaction normal to a surface.  

 

A.5.3  Constraint manager: 

 In the Interaction module, you can constrain the degrees of freedom between regions of a 

model, and you can suppress and resume constraints to vary the analysis model. Two 

important types of constraints are tie and coupling. A tie constraint ties two separate 

surfaces together so that there is no relative motion between them. This type of constraint 

allows you to fuse together two regions even though the meshes created on the surfaces of 

the regions may be dissimilar. You use a coupling constraint to constrain the motion of a 

surface to the motion of a single point. You can create a coupling constraint by specifying a 

constraint control point, a constraint region, and an influence radius that defines the points 

in the constraint region to include in the constraint. Figure A.29 shows a coupling constraint 

used for end beam of a model. It is important that constraint points have already been 

defined as reference point.  

 



Appendix A 
 

 

Figure A.29  coupling constraint at reference point 

 

 

 

A.6 Load module 

The Load module used to define and manage the following prescribed conditions:  

 Loads 

 Boundary conditions 

Available Loads in Abaqus/Standard include concentrated force, moment, line force, 

pressure, gravity load and bolt force etc.   All these options are available in Abaqus/explicit 

except bolt force. So the effect of pre-stress force on bolts behaviour should be investigated 

just through Abaqus/standard. By default, a gravity load is applied to the whole model. 

Prescribed condition managers are dialog boxes that user can use to organize and 

manipulate the prescribed conditions associated with a given model. Each kind of prescribed 

condition in the Load module has a separate manager. Prescribed conditions in Abaqus/CAE 

are step-dependent objects, which means that we must specify the analysis steps in which 

they are active and can be inactive or modified at any step. (Fig A.30) 
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Figure A.30  Example of how to modify boundary condition 

An amplitude definition can be used to specify the amplitude of a load as a function of time. 

The appropriate option for Abaqus/explicit is smooth step. It is important to note that by 

default, time span is step time which should changed to total time. A typical sample of 

amplitude manager presented in Figure A.31. 

 

Figure A.31   Amplitude manager for a typical  joint 

 

Modify 

the Step 

Arbitrary 

Displaceme

Amplitude 
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A.7  Mesh module 

The mesh module allows generating meshes on parts and assemblies created within 

Abaqus/CAE. Various levels of automation and control are available in Abaqus program so 

that we can create a mesh that meets the needs of your analysis and assign mesh attributes 

to the model, such as seeds, mesh techniques, and element types.  

It was found that the refinement of the mesh in the area where are not in vicinity of high 

stress does not affect the accuracy of the simulation. In result, for most models, a very fine 

mesh around of joint is used because this area is in vicinity of high stress and a medium 

density of mesh away of joint was chosen.  

It is important to specify the proper element for mesh generation. There are numerous 

element types in the ABAQUS/Explicit library, which could be used based on a specific 

request.  

For Abaqus/Explicit procedure, 3D stress element with reduced integration with enhanced 

hourglass control chosen. (C3D8R) 

To capture the stress, the second-order, 3D stress 20-node quadratic brick, reduced 

integration C3D20R element type was chosen throughout the body of whole structure for 

Abaqus/Standard procedure.  

 

Figure A.32  Very Fine mesh around joint and medium mesh used in area away  
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Figure A.33   C3D8R element type used for Abaqus/Explicit procedure 

A.8 creating an analysis job  

In order to solve any type of FE problem, the relevant job analysis should be established. In 

the job management section, these jobs can be defined as:  

 Write the input file using the analysis process.  

 Submit a created job for special analysis.  

 Monitor the process during analysis.  

 Extract results from the results in the output files. 

 Number of processors to use 

 Accuracy  

In all numerical works, the double accuracy option in job modude is used to ensure of 

highest accuracy during analysis. 

 

A.9 Visualization  

The Visualization module provides graphical display of FE models and results.  
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SUMMARY OF SCALING FOR COLUMNS, 

BEAMS, SECONDRY BEAMS AND ANGLES 

 

 

 

 

 

 

 

 

 

 

 

 

 

 



Column : 

As-built column                                                      with extra Plate of  

355×16 mm 

  =203.2  mm 

  =24.6  mm 

 =254   mm 

  =15.2  mm 

  =343E6      

  =160E6      

A =24500      

                   =  
 

 

 
   343E6               

                   =  
 

 

 
      E6             

                  =  
 

 

 
                     

 

The universal column of 150UC(37.2) is chosen as best option  with following properties : 

 

  =22.2E6      

  =7E6      

A =4730      

  =154  mm 

  =11.5  mm 

 =254   mm 

  =8.1  mm 

 

 

 

 



Main beam : 

As build main beam is                                                      

  =190  mm 

  =25.6  mm 

 =508   mm 

  =15.2  mm 

  =700E6      

  =26E6      

A =16900      

                   =  
 

 

 
      E6               

                   =  
 

 

 
     E6              

                  =  
 

 

 
                     

  

The universal beam 250UB(31.4) was chosen as best option with following properties : 

  =44.5E6      

  =4.4E6      

A =4010      

  =146  mm 

  =8.6  mm 

 =252   mm 

  =6.1  mm 

 

Minor beam : 

As-built minor beam is                                                      

  =114  mm 

  =12.8  mm 



 =254   mm 

  =7.5  mm 

  =51E6      

  =3E6      

A =4740      

                   =  
 

 

 
     E6              

                   =  
 

 

 
    E6              

                  =  
 

 

 
                    

The  125TFB is chosen as best option  with following properties : 

  =4.4E6      

  =.3E6      

A =1670      

  =65  mm 

  =8.5  mm 

 =125   mm 

  =5  mm 

 

 

 

 

 

 

 

 

 

 



Angles : 

As-built  top angle of main beam is                       

  =.8E6      

                   =  
 

 

 
     E4            

So angle                       is chosen.  

 

As- built  bottom  angle of main  beam is                        

  =7.5E6      

                   =  
 

 

 
      E6             

So angle                       is chosen with    =             

 

As- built stiffener is                      

  = 1.44E6      

                   =  
 

 

 
       E6            

So angle                        is chosen with    =            

 

                   =  
 

 

 
     E4            

So angle                       is chosen.  

 

Results of 1:2 scale design for other parts of assembly summarised in Table 4.3.  (      , 

      )  

 

There were some minor variations in the as-built 1:2 model such as reinforcement bar No 6 

used instead of No 5; compressive strength of concrete was 22 MPa instead of 21 MPa and 

the slab thickness was 70 mm instead of 57.5 mm. 
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