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Abstract 

 

Abstract 

Eccentrically Braced Frames (EBFs) are a widely used seismic resisting structural steel system. Since 

their inception in the late 1970s, they have been a viable option with an available stiffness that is 

between simple braced systems and moment resisting systems. A similar concept, the linked column 

frame (LCF), uses shear links between two closely spaced columns. In both cases, the key component 

is the active link or the shear link, and this component is the objective of this study. 

The performance of high rise EBF buildings in the 2010 and 2011 Christchurch earthquakes was 

beyond that which was expected, especially considering the very high accelerations recorded. As the 

concrete high-rises were torn down, two EBF buildings remained standing and only required some 

structural repair. These events prompted a renewed interest in bolted shear links, as well as their 

performance. While some research into replaceable shear links had already been done (Mansour, 

2011), the objectives of this study were to improve on the shear link itself, with the consideration 

that links built in the future are likely to be bolted. The main components of this study were to: 

1. Reduce or eliminate the requirements for intermediate web stiffeners, as they were 

suspected of being detrimental to performance. Furthermore, any reduction in stiffening 

requirements is a direct fabrication cost saving. Links with low web aspect ratios were found 

to achieve exceptional ductilities when no stiffeners were included, prompting new design 

equations. 

2. Ensure that the stresses in the ends of links are adequately transferred into the endplates 

without causing fractures. Although most of the experimental links had web doubler plates 

included, four had varied lengths of such doubler plates from 0.0 in. to 8.0 in. The link 

without any doubler plates performed to a similar level to its peers, and thus it is likely that 

links with quality end details may not need web doubler plates at all. 

3. Evaluate the performance of a link with double sided stiffeners without the use of web 

welds, as opposed to conventional single sided, welded stiffeners. This link performed well, 

and web-weld-less double sided stiffeners may be an economical alternative to conventional 

stiffeners for deeper sections of links. 
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4. Evaluate the performance of a link with thin endplates that are made efficient with the use 

of gusset plates. This link performed to an acceptable level and provides evidence for a cost-

effective alternative to thick endplates, especially considering the high overstrength end 

moments in links, typically requiring 16-bolt connections. 

5. Examine the potential use of an alternative EBF arrangement where the collector beam is 

oversized, and the link section is formed by cutting out parts of the beam’s web. After 

running a series of finite element models each with a unique variation, a number of 

approximate design rules were derived such that future research could develop this idea 

further experimentally. 

6. Ensure that during testing, the secondary elements (members that are not the shear link), 

do not yield and are not close to yielding. None of the instrumented elements experienced 

any unexpected yielding, however the concerns for high stresses in the collector beam panel 

zone during design were warranted. The use of an existing New Zealand design equation is 

recommended as an extra check for design codes worldwide. 

The above objectives were mainly conducted experimentally, except: the data set for item 1 was 

greatly expanded through the use of a calibrated numerical model which was then used in an 

extensive parametric study; item 5 was purely finite element based; and, a small parametric study 

was included for item 3 in an attempt to expand on the trends found there. 
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Chapter 1 

Introduction 

 

1 Introduction 

The eccentrically braced frame (EBF) and its sub-variants have been in wide use since the initial burst 

of research in the late 1970s and 1980s came out of the University of California at Berkeley. EBFs can 

be used in new builds, but due to their stiffness properties they are also compatible as retrofit 

solutions inside masonry or concrete structures. Some structures have even had them “retrofitted” 

in immediately after the construction of the main concrete structure (for example, the Canterbury 

District Health Board parking garage, shown in Figure 4). The main focus of this thesis is the active 

link component, specifically the active links classified as shear links (or “short” links), with the main 

aim being to reduce the number of required vertical stiffeners inside it to minimize costs and in 

some cases and improve performance in others. The secondary focus of this thesis is to explore ways 

of improving shear link performance. The following three subchapters will address the operation of 

the frame, discuss past research pertaining to the active link component, and present a quantitative 

summary of past shear link experimental performance. 

1.1 EBF Operation 

The basic idea of an EBF is to configure a steel frame with additional braces that meet at an 

eccentricity to each other. In this way, the majority of the frame remains rigid and any frame 

displacements are resisted by the resulting “active link”, or the eccentricity distance in the horizontal 

beam. Figure 1 shows some major EBF variants and the common feature among them: as they are 

displaced, the short link component ends up taking the majority of the damage. The last two 

diagrams in Figure 1 show what happens when a K-EBF is displaced at an angle of θ for the bottom 

storey. The triangular portions of the frame stay largely rigid, while the active link yields and rotates. 

The angle that the active link makes with the rest of the horizontal beam (or the “collector beam”) is 

the link rotation angle or γ. A typical shear link is designed and detailed to handle just over 0.080 rad 

of rotation. For conventional EBFs, the inelastic action is, to some extent, permitted outside of the 

link region; however, the bolted EBF variants are stricter due to the need for the bolted connections 

to remain elastic. Although Figure 1 shows both the storeys displacing at the same overall angle, this 

may not necessarily be the case. 
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Figure 2 shows three different EBF active link variants. The conventional EBF has no replaceable link 

and the link and collector beams are made from one continuous section. Due to this, the design of 

the beam must incorporate both the incoming earthquake forces into the link region, as well as the 

overstrength link forces that the collector beam must resist. Given that a single continuous section is 

used for this, this means very few of the available sections may meet this criterion. This issue is 

resolved in the case of a bolted eccentrically braced frame. Here the collector beam size is 

 

 

 

Figure 1. Top: three different types of frame configuration, all utilizing active links; Bottom: the initial state with key 
dimensions of a K-EBF, as well as the displaced shape with key rotation measurements. Scales exaggerated for clarity. 

 



4 
 

decoupled from the active link size. Furthermore, it is convenient to match the required endplate 

size by using a deeper collector beam. An example of a conventional EBF can be seen in Figure 4 and 

Figure 6. An example of a bolted D-EBF is in Figure 5. The last option presented in Figure 2 is the 

spliced EBF. This can be used pre-emptively in a new building, or it is possible to use it for repair of 

conventional EBFs. The post-earthquake work in Christchurch’s Pacific Tower did exactly this, where 

damaged link portions were cut out and endplates were field welded for newly fabricated inner 

portions. A further source of variation in EBFs is the type of brace connection that is used. The 

incoming brace could be an I-section which is fully welded to the underside of the collector beam as 

shown in all of the examples presented so far, or it can be a tube or box section running into a gusset 

plate. The bolted EBF with both options is presented in Figure 3. The gravity system may either be 

completely decoupled from the EBF as in Figure 4, or the EBF can be used to resist gravity loads as in 

Figure 5 (and 6), with the use of a composite floor slab. Care needs to be taken to omit shear studs 

around the active link so as not to induce any undue stresses during quakes.  

 

  

Figure 2. Left: example of a conventional EBF inside a concrete structure; Right: close up of a damaged link, same structure. 
CDHB Parking Garage, photo credit to Charles Clifton (Bruneau et al. 2013) 
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Figure 3. EBF link detail options. Scales and section sizes indicative only. 
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Figure 4. W or I section brace on left and a gusset with SHS as a brace on right. Scales and section sizes indicative only. 

 

 

Figure 5. Bolted D-braced EBF under construction (Three35 Lincoln Road, Christchurch 2016). Shear studs visible, ready for 
composite floor slab. 

http://media3.architecturemedia.net/site_media/media/cache/84/33/8433558ca2e4a07e3c28a7ad181d9bad.jpg
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Figure 6. Conventional K-EBF under construction, no floor slab present yet (Doctors of Engineering 2016). 

1.2 Statement of Problem and Objectives 

Several large trends in EBF design have necessitated a re-visitation of shear link design and what 

performance level links may achieve. These are addressed in turn below, and form the objectives for 

this thesis. 

Links without stiffeners have previously tested to low levels of performance by Popov (1986), 

however a more recent test by Stephens (2014) provided evidence that satisfactory performance 

could be achieved without the use of stiffeners. Many past links have been tested to an older, more 

stringent testing protocol (AISC 2002) that would have unnecessarily penalized shear link 

performance. The current (AISC 2005) protocol has been derived specifically for EBFs and takes 

account of the cumulative damage that a typical link would experience. This current study seeks to 

exploit the removal of stiffeners and the AISC 2005 protocol in order to derive less stringent stiffener 

spacing requirements and to also allow higher rotations in links in order to increase allowable 

building ductilities. 

As newer link designs have tended to become replaceable, new possibilities emerged in terms of the 

now decoupled nature of the link section and collector beam. The endplate connection itself 

warrants special consideration so as to remain ductile when resisting the overstrength forces from 

the link. To that end, web doubler plates will be trialled in this study to keep inelastic strains away 

http://doctorsofengineering.com/images/0209-f2-6.jpg
http://doctorsofengineering.com/images/0209-f2-6.jpg
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from the endplate connection. Different endplate thicknesses will also be considered with and 

without the use of stiffening plates. 

With bolted configurations, the shear link can not only be of a different section size to the collector 

beam, it can also be constructed out of plate steel to fine-tune the EBF further. Plate steel or “built-

up” links do not come in discrete sizes, so may be manufactured for the specific strength that is 

required. In turn, the overstrength forces induced onto the secondary elements are typically 

reduced. Built up links also lack a heat affected zone near the root radius of the section and are thus 

more resilient against fracture initiations at this location. These links will be explored in this study in 

order to attain and quantify this increased link performance. 

The lateral restraint of links is not always provided in general practice. However, despite this, this 

was not always detrimental as demonstrated by the performance of EBF buildings in the 

Christchurch 2010-2011 series of earthquakes (See section 2.1.1.3 for examples). For this reason, the 

lateral restraint of links in this study shall first be not provided, in order to check what the 

detrimental effects of a lack of restraint may be. 

While countries such as New Zealand have adopted the bolted replaceable link and have design 

guides for it, other regions may need to transition more slowly due to regulatory constraints or risk-

averse industry attitudes. Thus an unbolted configuration for links will also be explored. This would 

serve as an intermediate step between fully bolted links and conventional EBF frames. Such a frame 

(“Tuned” EBF) does not have a bolted link, but instead has portions of the collector beam cut out of 

it to purposefully weaken the link portion of the beam. Potential configurations of this Tuned EBF 

will be explored in this study. 

Finally, the secondary element demands in secondary elements deserve special attention. As link 

performance improves, the ratio from the link’s first yield point to the amount of shear that it can 

resist when it is fully strain hardened and rotated increases. Traditionally EBFs have had an issue 

with accumulated link shear forces inducing large overstrength demands into the secondary 

elements, particularly columns. For this reason, the secondary elements will be instrumented during 

the physical experimental portion of the programme with their internal forces checked against 

expected values from design. Link overstrength requirements will then be collated across all past 

experimental work. 

1.3 Scope of Work 

The research conducted and reported herein is outlined below: 

 Review past literature on shear link performance. Limit the scope to shear links only. 
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 Derive a database of past link geometric and material properties, the protocol they were 

tested to and the link performance (typically maximum rotation achieved prior to strength 

degradation). 

 Quantitatively analyse any trends that may be apparent from above. 

 Run an experimental test series to determine the critical stiffener spacing for W14X48 series 

of links and BU10X58 and BU10X56 series of links. 

 Derive, from all available experimental data, new stiffener spacing equations with the aim of 

loosening the existing requirements. 

 Confirm the above trends by replicating the test results using Finite Element Models and 

expand the application of the models to analyse links beyond those studied in terms of 

section size. 

 Experimentally check web doubler plate performance by varying the length of the plates and 

monitoring the amount of rotation that these regions allow, as well as the strain in said 

regions. 

 Run physical experiments to confirm the applicability of using contact stiffeners over 

conventional one-sided stiffeners. 

 Run physical experiments to confirm the applicability of gusset plates for bolted shear links 

and whether they allow the use of thinner endplates. 

 Confirm the requirement or non-requirement of lateral restraint for EBFs and make 

hypotheses as to why there are situations where restraint is not required. 

 Derive a finite element model for pushover analyses to determine preliminary locations of 

potential stress concentrations and determine initial design parameters. 

 Throughout all experimental work, monitor the secondary element demands and thus 

determine the overstrength values that shear links produce and what influences said values. 

1.4 Thesis Structure 

The structure of this thesis reflects the order in which the work was completed. The initial 

motivation for research into the area of active links was the exceptional performance of high rise 

steel EBF buildings in the 2010 and 2011 Christchurch earthquakes. Concrete buildings of a similar 

height were being demolished, while the HSBC and Pacific Towers were being repaired. A large 

minority of the shear links were replaced, despite the use of non-bolted designs. This led to a 

renewed interest in replaceable links, hence the bolted full scale test set-up used herein, as well as 

interest in shear link performance in general, especially where it could be improved or made more 

economical. 
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Firstly, past research was collated, and a database was derived that included the details of over 90 

active links available from past literature. Chapter 2 outlines key findings of past research in this 

database in order to draw inferences about gaps in the literature. 

In order to run experiments, a full scale EBF was constructed with the ability to use replaceable 

bolted active links. The purpose of this test rig was to subject shear links to realistic forces and 

displacements, as well as to measure forces outside of the link, and the instrumentation used 

reflects this. Chapter 3 outlines the design and construction of the experimental test rig and 

specimens. 

Of primary interest was the idea of using active links that do not require any stiffeners, due to 

potential fabrication economy. A small number of previous tests had shown this to be possible, 

however the results did not agree with current design equations. Chapter 5 explores the relevant 

results from the experimental program along with relevant past results from the database 

formulated in Chapter 2. A new design provision is suggested. 

In order to reinforce the findings in Chapter 5, an extensive parametric study was conducted in 

Chapter 6 using the finite element package Abaqus. First, the finite element model was calibrated 

such that it modelled the behaviour of a shear link from experimental loading. This model then had 

its section properties changed and was subjected to simulated experimental loading in order to 

establish trends beyond those which were available from physical experiments. Very similar trends 

to those established in Chapter 5 were observed in the parametric study. 

During the design of shear links, a number of possible methods to improve either the shear link’s 

performance or the EBF itself were derived. In general, a single physical test was associated with 

each in order to assess whether further testing would be beneficial. The findings are summarised in 

Chapter 7, and most of the ideas presented warrant further work. 

Finally, Chapter 8 summarises the findings derived from instrumentation placed on the test frame 

itself. As EBFs with bolted links are expected to remain elastic in their secondary elements, force 

levels in those elements were of interest. Very few unexpected findings were discovered, and the 

design procedure adopted herein generally agreed with the instrumental readings. 

After references are listed, supplementary electronic information is included. These include the 

active link database derived in this study and the time lapse videos from each of the experiments. 

The videos include the real time readings and hysteresis curves displayed in sync with the 

experiments and should be the first piece of information that the reader of this thesis views when 
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trying to understand shear link behaviour. There is no better way to take in the results from this 

study than to see visually the cyclic behaviour of the links followed by fracture and load degradation. 

Finally, the appendices are included. These were documents that were too large to fit inline but are 

nevertheless an integral part of this thesis, due to the need for future researchers to be able to 

either reproduce the same results or follow the same lines of thinking in their work. The appendices 

include the designs and fabrication drawings, mill certificates, and tensile test data. Also included are 

the drawings that outline the placement of instrumentation, as well as the FORTRAN code used to 

enforce rotations on a finite element shear link. 
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Chapter 2 

Literature Review 

 

2 Literature Review 

This chapter will first outline the past research pertaining to shear link design and performance 

qualitatively, and then provide a quantitative analysis by comparing trends in link rotational 

performance using numerical indicators. 

2.1 Previous Research 

Short shear links that yield primarily in shear dissipate a much larger amount of energy than long 

links, and also maintain a stable web at larger rotations than long or “moment” links. Effectively, 

“long links” behave more like moment resisting frame primary beams rather than shear links. 

Because of the fundamental differences in performance and mode of inelastic behaviour, this thesis 

will focus on one type of link – the short shear link. 

Rather than listing the previous works chronologically, the existing literature is grouped into five 

broad themes: the original research that led to most of the current design provisions; the use of built 

up links and their superior performance over hot rolled links; replaceable links and ways to mitigate 

damage; the use of the latest ASTM A992 steel in hot rolled sections as well as further increases in 

performance due to the development of a rational loading protocol; and finally, attempts to prevent 

web buckling without the use of web stiffeners. 

2.1.1 Original Design 

The original idea for eccentrically braced frames came from Japanese1 studies, however extensive 

experimental and analytical work from 1977 onwards was carried out by Popov et al. of the 

University of California at Berkeley, to enable the use of EBFs in the United States and the rest of the 

world. The following design principles were established and are addressed in turn: 

 The variable stiffness of the frame and how it can be controlled by adjusting the e/L ratio 

 Requirement for the brace and collector beam centrelines to meet inside the active link 

region 

 Lateral bracing requirements for link ends 

                                                           
1 Earliest citation for EBFs found was Fujimoto et. al. (1972), as cited by Kasai (1986). 
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 Provision for inelastic action to take place outside of the active link region 

 The evolution of the stiffener spacing equation to its current form 

2.1.1.1 Stiffness of the frame (Popov et. al. 1986) 

EBFs have an advantage over moment resisting frames (MRFs) in steel construction due to their high 

stiffness which ensures that wind forces can adequately be resisted. More specifically, their stiffness 

is on a continuum between an MRF and a Concentrically Braced Frame (CBF). Figure 7 illustrates this 

variation. For a given aspect ratio (h/L), a value of e/L closer to 0 results in a frame with stiffness 

resembling that of a CBF, and with an e value closer to L, the frame resembles an elastic stiffness 

that is similar to an MRF. 

 

Figure 7. Relative EBF stiffness as a function of its key dimensions (Popov et al. 1986). 

The lines above were originally derived in 1986 and have been quoted by EBF researchers since. 

Although the system presented has a pinned brace, a fixed connection is unlikely to alter the 

behaviour by much, due to the typically small moments encountered in fixed braces. A potential 

disadvantage of a highly stiff system is its lower damage threshold. Hence the designer needs to 

compare the likely wind loads, small return period earthquake loads and large return period 

earthquake loads, and select an appropriate stiffness such that a small event does not push the 

frame into the inelastic range. The current trend of using replaceable bolted links alleviates this 

somewhat, but nevertheless, the frame stiffness is an important part of design. 

2.1.1.2 Brace and Collector Beam Centrelines 

This is a small detail that must be satisfied, otherwise large moments may develop in the collector 

beam. The brace and collector beam centrelines are specified to meet inside the link e region. A 

violation of this may occur if the incoming brace is meeting the collector beam at a more obtuse 
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angle. In this instance, there is a section of collector beam that must remain elastic under the high 

shears, and will also contain a high moment (Popov, 1986). This is particularly disadvantageous to 

conventional EBFs. However in bolted EBFs with larger than shear link collector beam sections, this 

may still be an issue due to less predictability in the stability of the now eccentric collector beam 

section. Such situations are best avoided by ensuring that the centrelines meet inside the e region. 

No comments have previously been made on having incoming braces that intersect at too large of an 

extent inside the link region. This is likely not a typical issue in practice as common geometries do 

not have such acute brace angles. Figure 8 below demonstrates complying centrelines. 

 

Figure 8. Column link detail by Popov et al. (1986). 

2.1.1.3 Link Lateral Bracing 

Testing by Ricles et. al. (1987) revealed that lateral bracing at each link end was required, for both 

links with composite floor slabs above and for bare sections. The researchers concluded that 

composite floor slabs alone do not provide adequate lateral bracing at links’ ends. The test set up 

used is reproduced in Figure 86 and Figure 87. 

2.1.1.4 Inelastic action in Secondary Elements 

According to the NZS3404 and the AISC Seismic Design Guide, a certain amount of inelastic action is 

permitted inside the secondary elements. That is, the earthquake design forces are reduced to 80% 

and 88% respectively. This makes sense in conventional frames, where it is difficult to select a 

collector beam that will be able to satisfy the design as a link element, and then satisfy the design as 

the collector beam resisting the overstrength forces from the link element. This may be less relevant 

in bolted frames, where the collector beam is typically larger and should have fewer problems 

resisting the forces coming from the link. Looking back at the literature for a rationale for the current 
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provisions, no specific article or chapter permits such inelastic action. The paper by Tsai et al. (1993) 

does point out that the collector beam may yield due to a combined high moment and axial force, 

and that a stiffer brace detail (such as the W section brace in Figure 4) will help resist some of these 

forces. As it is, there are no clear calculations on how much demand the secondary elements have 

experienced in the literature. Thus, the secondary element demands in the experiments in this thesis 

will be monitored to check if they can reliably remain elastic. 

2.1.1.5 Stiffener Spacing Requirements 

Research into the spacing requirements rapidly converged on the requirements that are found in the 

current code. Initially, the equation (Malley, 1983) was based on the web thickness (tw), the stiffener 

spacing (a) and a dissipated energy criterion: 

𝑎

𝑡𝑤
= 90 − 9 ln

𝐸Σ
∗

𝐸𝑒
 

𝑎

𝑡𝑤
= 94 − 14 ln

𝐸∗

𝐸𝑒
 

The energy dissipation parameters were: E*Σ – the total energy dissipated prior to buckling; Ee - the 

elastic energy stored by the link at yield; and E* – the energy absorbed during the largest 

prebuckling cycle of an experiment. The second equation was intended for monotonic loading. 

Whilst this was a useful step in academic research, this would have been cumbersome to use in 

practice. 

Further derivations by Kasai et al. (1986) assumed that the web buckling problem depended on the 

same topological parameters as the elastic plate buckling problem under shear developed by Gerard 

(as cited by Kasai et al. 1986). The topological parameters in this formulation provide a resulting 

shear stress (τ) at which the plate is predicted to buckle: 

𝜏 = 𝜂(𝜏)𝜏𝐸 

Where the η is the “plastic-reduction-factor” and must be calibrated to experimental data. The 

elastic buckling stress is given by the following equation for a plate: 

𝜏𝐸 =
𝜋2𝐸

12(1 − 𝜈2)
𝐾𝑠(𝛼) (

1

𝛽
)
2

 

𝐾𝑠(𝛼) = {
8.98 +

5.60

𝛼2
(𝛼 ≥ 1)

5.60 +
8.98

𝛼2
(𝛼 ≤ 1)
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Where the topological parameters are: 

𝛼 =
𝑎

𝑏
    and    𝛽 =

𝑏

𝑡𝑤
=
(𝑑 − 2𝑡𝑓)

𝑡𝑤
 

The η parameter was calibrated to the then available 30 shear link tests and, instead of using shear 

stress, the final buckling rotation was used for design convenience. The two quantities were related 

to each other through the use of a secant modulus: 

𝐺𝑠 =
𝜏

�̅�
 

The secant modulus, as well as the buckled rotation quantities, are illustrated in Figure 9. The graph 

on the right (b) is more applicable to unsymmetrical loading, and the modern symmetrical protocols 

were not prevalent in 1986. 

 

Figure 9. Secant modulus and link rotation angle (reproduced from work by Kasai et al. (1986)). 

After the calibration, an expression for the buckled angle was found, and it depended solely on α and 

β. Two further simplifications were made: the buckled rotation angle was converted into just the link 

rotation angle, and the numerator of β was simply changed to the d of a section for convenience. 

The proposed stiffener spacing formula was: 

𝑎

𝑡𝑤
+
1

5

𝑑

𝑡𝑤
= 𝐶𝐵 (𝑎 ≤ 𝑑) 

With values of CB being 56, 38, and 29 respectively for γu = 0.030, 0.060, and 0.090 rad. Upon 

adoption in the AISC provisions, the elastic portion of the rotation was removed to make the 

equation in terms of the plastic link rotation angle – γp. A further simplification was to remove the 

0.060 rad tier of the CB values. There also does not appear to be a reference that has the a ≤ d 
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requirement, and this is not in the current provisions. The final form of the equation (AISC 2012) for 

shear links that are to reach 0.080 rad of plastic rotation is: 

𝑠 ≤ 30𝑡𝑤 − 0.2𝑑 

Where s is the stiffener spacing (previously a). 

2.1.2 Built Up Links 

Two bridges in California spurred the research into built up links in the 2000s. The Richmond-San 

Rafael Bridge (Itani et. al. 2003) was to have its chevron braced frames replaced with eccentrically 

braced frames, and, due to the requirement of links to yield at approximately the same time, the 

links were made to be of variable strengths. In this case, the shear links had thinner webs, and thus 

had a very large number of stiffeners throughout their lengths. The links were made of A709Gr50 

plate steel with a requirement that the yield stress not exceed 60 ksi. The second bridge, the San 

Francisco-Oakland Bay Bridge, was a new bridge and had end spliced shear links as part of its design 

(McDaniel et. al. 2003). It used A709Gr50 steel also with a Fy ≤ 55 ksi requirement. The links only 

reached 0.06 out of 0.08 rad of plastic deformation capacity, thus further design had to be cognisant 

of this. In both of the above cases, comments were made about the higher than specified 

overstrengths achieved. This was likely due to the fact that the A709 steel standard does not have 

any limits on steel ultimate strength, Fu.  

Although built up links have a different manufacturing process to hot rolled links, similar k-area like 

considerations apply to web stiffeners, and welding stiffeners to the flange to web connection 

should be avoided. 

To demonstrate built up shear link design flexibility, Dusicka (2010) conducted tests on a number of 

them. Due to the greater design freedom, all of the links achieved ductilities well above the 0.080 

rad requirement. The C345 link was made up entirely of A709Gr50 steel and exhibited a stable 

hysteretic performance. However, it wasn’t until the Link 14D Base specimen was later tested by 

Stephens (2015) that the built up links showed their main advantage – that is, the ability to use a low 

web aspect ratio in order to remove the need for intermediate web stiffeners. 

2.1.3 Damage Reduction 

Initially, conventional EBF frames were designed as single use. That is, following a damaging quake, 

they needed to be repaired entirely. Early tests from the 1980s had used entire conventional frames, 

but later tests used bolted links, ironically for ease of replacing the link for further link tests using the 

same test setup. Damage to the bolted endplate connections were observed by Okazaki (2005), and 
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further link tests took measures to push inelastic strains away from the bolted connection (for 

example in work by Borello 2013; and Stephens 2014). 

  

Figure 10. Flush moment endplate replaceable links (Dubina 2008). 

Tests by Dubina (2008) and by Stratan (2012) used flush end plate moment connections. High 

strength steel was used in the secondary elements. The failure modes included bolt tension failure 

as well as link web panel failure (Figure 10). Many types of bolted connections were considered by 

Mansour (2011), with a simple bolted link (like in Figure 2) proving to be successful. A further 

improvement for EBFs was the use of a parallel elastic system to centre the structure back to its 

undeformed state (Lopes 2012, Stratan 2012). If a structure does not return to a reasonably small 

residual drift at each level following an event, a bolted link may be redundant. However, EBFs in 

general are quite stiff so these residual drifts are not likely to be large. 

2.1.4 ASTM A992 Steel and the AISC2005 Protocol 

Two major developments in the early 2000s for shear links were the adoption of A992 steel for hot 

rolled sections, as well as a new loading protocol for evaluating shear links. 

The A992 steel ensured a more uniform and predictable performance by having tighter controls on 

the material properties of steel. To illustrate this point, refer to work done by Kasai et al. (1986), 

where the yield strengths of the tested links ranged between 39.5 to 60.6 ksi for A36 steel. This is in 

contrast to the more uniform tensile test results from link steel reported by Okazaki (2004). This 

improved steel was explored by Okazaki et al. (2005) who, after testing 30 shear links, concluded 

that the flange slenderness limits may be relaxed so that more steel sections were available for use. 

The AISC2005 protocol was derived by Richards et al. (2003) to supersede the AISC 2002 loading 

protocol for evaluating shear links. The main issue with the AISC2002 protocol was the fact that it 

a) b) 
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was not based on any rational method pertaining to EBFs specifically; it was simply translated from 

the loading protocol for moment resisting frames. Using a series of earthquakes on several typical 

layout EBF computer models, a cumulative damage quantity was derived for those frames, and then 

a loading protocol was put forward that matched this cumulative damage. This new loading protocol 

had a much lower cumulative damage associated with it, and this was apparent during Okazaki’s RLP 

specimen tests (2005). Comparing the two, the 2005 version contains many more small amplitude 

cycles and only reaches the key 0.080 radians of plastic rotation much later. However, the 

relationship between rotation sustained and damage absorbed is exponential, thus the 2002 

protocol was mathematically and experimentally shown to be much more damaging. 

 

Figure 11. AISC Loading protocol for links: 2002 (Green) and 2005 (Blue). 

Given that the majority of the EBF provisions were derived using the less refined steel material 

standards, and a much more stringent testing protocol, it makes sense to revisit the majority of the 

provisions as economies are likely to be found. 

2.1.5 Web Buckling Prevention 

As the link rotates, it has a higher propensity for the web to buckle. Although intermediate web 

stiffeners in the link help alleviate this, they introduce more locations for the web to start fracturing 

later in the process. To increase the ductility of the link, a fully restrained web would be beneficial. 

Kanz et al. (1992) made an attempt into this by including reinforcing bars and stirrups and encasing 

the link in concrete. The links exhibited excellent performance; however the expense of adding 

stirrups to the web is likely to outpace any cost savings in omitting stiffeners. 
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A continuously supported link was further explored by Stephens (2014) with links sandwiched using 

layers of neoprene (synthetic rubber) to stabilize link webs. Despite slight increases in performance, 

it was found that the bare web link (Link 14D Base) exhibited excellent performance and it was more 

cost effective to use unrestrained low aspect ratio webs. 
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2.2 Quantitative Comparison of Shear Links 

2.2.1 Past Research database 

The existing literature that contained results from past active link experiments was collated into a 

single database of 82 records. The data collected includes: 

 Link's geometrical dimensions including stiffener spacing 

 Type of steel used and measured strength if reported 

 The type of acceptance criteria that was used and whether the link achieved it 

 The performance level to the current acceptance criteria (regardless of loading history), 

where the inelastic rotation of the link needs to reach 0.080 radians for a shear link without 

its shear resistance dropping below 80% of the maximum shear resistance so far attained 

 Type of fracture, if reported 

Despite the wide range of methods used, the literature available was of a high standard and went 

into great detail about each link's properties and performance. Some links beyond the 82 presented 

had to be excluded as they did not conform to the overall trends in methodology. An example of this 

were the links tested by Dubina et al. (2008), where load paths into the bolted shear link did not 

assure the full use of its section. A flush moment endplate connection was used, and such a detail 

may only be possible with links that are unpractically short, at least for the purposes of this 

database. Most of the links tested by Mansour et al. (2010) also had to also be excluded as they 

were either double channel sections or had a composite slab on top of them, affecting performance. 

Furthermore, any links not loaded with a significant number of cycles were also excluded. The 

references for the studies used in the database are summarised in Table 1. 

  



12 
 

Table 1. Link database sources 

 

 

2.2.2 Database Trends 

Summary graphs were derived in an attempt to draw some inference from the database of existing 

tests, so that any qualitative trends can potentially be confirmed from past data. Whilst there were 

not many clearly defined trends that could have been referenced in order to make strong 

conclusions, these summaries are still useful as a guide as to how future research could progress. For 

example, by noting which section geometries have been extensively tested, and which have not 

received so much attention. 

2.2.2.1 Timeline of Previous tests 

Figure 12 shows the number of active links that were tested in any given year. A large number of 

tests were first conducted before 1987, with the stiffener spacing provisions in use today deriving 

from these tests. Following a long lull in research, more testing was conducted in the early 2000s 

which included some links constructed of modern A992 hot rolled sections as well as some grade 

50ksi built up plate links. It was only in 2005 when the latest and most rational AISC loading protocol 

became available, however the majority of the past research did not benefit from it. 

Reference (et al.) Title Links 

Hjelmstad (1983) 
Seismic Behavior of Active Beam Links In Eccentrically Braced 

Frames 
15 

Malley (1983) Design Considerations for Shear Links in Eccentrically Braced Frames 12 

Kasai (1986a) A Study of Seismically Resistant Eccentrically Braced Frames 7 

Ricles (1987) Experiments on Eccentrically Braced Frames with Composite Floors 2 

McDaniel (2003) Cycling Testing of Built-Up Steel Shear Links for the New Bay Bridge 2 

Okazaki (2004) 
Seismic Performance of Link-to-Column Connections in Steel 

Eccentrically Braced Frames 
16 

Okazaki (2005) 
Experimental Study of Local Buckling, Overstrength, and Fracture of 

Links in Eccentrically Braced Frames 
23 

Mansour (2010) 
Development of the Design of Eccentrically Braced Frames with 

Replaceable Shear Links 
6 

Dusicka (2010) Cyclic Behavior of Shear Links of Various Grades of Plate Steel 5 

Stephens (2013) 
Continuously Stiffened Composite Web Shear Links: Tests and 

Numerical Model Validation 
2 

Itani (2003) Behavior of Built-Up Shear Links Under Large Cyclic Displacement 2 
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Figure 12. Timeline of frequency of past research. 

2.2.2.2 Link ratios tested 

Figure 13 a) displays a summary of links that have been tested arranged by the link's classification 

ratio. During design, the length of the link determines if its behaviour is predominantly in shear 

yielding (ratio ≤ 1.6), predominantly in moment yielding (ratio > 2.6), or in mixed mode (1.6 > ratio ≤ 

2.6). This study is concerned with links that are predominantly yielding in shear. Moment yielding 

links behave differently and have different stiffener spacing criteria, as the link forms plastic hinges 

at its ends, not unlike moment resisting frames. The mixed mode link's behaviour is complicated by 

the presence of moment yielding. These differences in behaviour of non-shear links place them 

outside the scope of this study. In order for a link to be acceptable after testing, it must reach a 

plastic rotation of 0.080 radians for shear links or 0.020 radians for moment links with linear 

interpolation used between those values. 

This graph is very similar to the one presented by Okazaki in 2004, but with more points added. The 

points are coloured by the protocol that was used in testing the links. From the graph, it is apparent 

that many of the links did not reach the code requirements, especially tests under older protocols. 

Furthermore, for AISC2005 links, the ratios tested tended to cluster around 1.0 and 1.6, however 

there is nothing that suggests a difference in the type of behaviour once the link is a shear link. In 

practice, a designer is likely to select based on shear strength and then use the smallest section 

possible (for economy) to satisfy the shear classification. That is, links with a ratio close to 1.6 are 

most likely. 

Not many intermediate links have been successfully tested under the new protocol and this perhaps 

presents an opportunity for new research in intermediate links. Intermediate links may have the 
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advantage of allowing more architectural freedom due to their longer length, whilst still behaving 

largely as a shear link with their large rotations and therefore frame drifts. There is no clear trend 

visible for lower plastic rotation in intermediate links as they become longer. It is possible that a 

more abrupt transition is a more accurate model. 

2.2.2.3 Complying AISC sections available 

The current (version 14) AISC database of hot rolled sections (2015) was filtered by web and flange 

(Table D1.1, pp9.1-12, AISC, 2012) slenderness criteria to create a list of 154 complying sections. 

These were plotted on a hw, tw axes scatter plot to show all the theoretically possible links 

constructed from hot rolled sections (Figure 13 b). The two dimensions are the most important in 

determining stiffener spacing as s = 30tw – 0.2d where d would be more accurately served with the 

use of hw with some adjustment. The blue line represents a web slenderness ratio of 25.0 with shear 

links above this line being stocky.  

Note that above the blue line, or as links get stockier, they are less likely to have failed. The data 

points are clustered in the bottom left, with much lower concentrations of failed links as the aspect 

ratio is increased. This can be explained by the web being less likely to buckle when it is thicker. 

Hence, regardless of stiffener spacing used or any other disadvantages placed on the link specimen, 

it will not fail as easily. 

Stocky, tall web height links are lacking from the dataset, presenting a research opportunity. 

However, it is difficult to fill this research gap, as there are limitations in how much force an 

experimental test set up can deliver in most laboratories in the world. 

This chart makes no comment on the sizes and strengths of links typically used in real buildings. 

Sections towards the top right are far less likely to be practical for real world implementation as they 

would be much stronger than ever needed. Many of the reviewed studies either used small full scale 

tests or "reduced scale" tests where smaller sections were used to draw inference for larger 

sections. Steel generally scales much better than other materials, however smaller hot rolled 

sections tend to have a lower hw/d ratio. This is detrimental to the assumptions in the current 

stiffener spacing equation. Furthermore, some scaling effects do exist in steel but so far these have 

not been explicitly addressed for reduced scale shear link tests. 

2.2.2.4 Fracture types 

Where reported, the following types of fracture were recorded in Figure 13 c): in the flange near the 

endplate (FEP); in the web by the endplate (WEP); in the web by the stiffener (WS); no fracture (NF); 

and fracture in the middle of the web (WM). Please note that NF implies that there was no fracture; 

it does not mean that nothing was recorded. Links without a clear fracture record or photograph 
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were excluded. In general, links will fracture at some point in the loading history as the loading 

protocol specifies ever increasing rotations. 

The y-axis gives an indication of performance, where the link's required rotation divides its final 

rotation attained. These categories were arranged in ascending mean order on the chart. Again, 

because of the nature of the dataset, no clear numerical trends were possible with the use of 

statistics and analyses of variance; however it does present the following story: as inelastic action is 

pushed towards the middle of the web, the link's performance becomes more and more efficient as 

more of the ductile web and less of the more brittle regions such as welds are utilized. The graph 

shows many fractures near the endplate. This may be explained by the lower quality endplate 

connections that were initially used and the unductile nature of bolted connections. The study 

results contained herein have two examples of sudden connection failure and this tended to happen 

early on. This may be mitigated by the use of stronger connections designed to a higher overstrength 

as well as with the use of web doubler plates. The latter is becoming a more typical connection 

detail, as these doubler plates provide a zone where very limited inelastic action takes place. Once 

this initial hurdle in performance is surmounted, higher rotations are possible but are now limited by 

fractures initiating near the stiffener. There is a trade-off here, with lower stiffener spacings causing 

an increase in the inelastic strains, especially next to the stiffener. Hence, only enough stiffeners 

need to be present to suppress buckling and any extra are detrimental. The last category shows a 

split between very high performing links and links just below standard. The difference between the 

two appears to be the web thickness used, with the stockier links performing at a much higher level 

without any stiffeners present. Thinner, stiffener-less links were used to initially calibrate the 

stiffener spacing equations and had comparatively lower final rotations. 

2.2.2.5 Loading protocol used 

Figure 13 d) displays a comparison in rotation achieved by a link as a function of the loading protocol 

that was used. As the protocol was updated, the rotations attained have increased, especially for the 

AISC2005 protocol. Many of the links were tested to an older protocol and given that a lot of them 

did not attain the required rotation, a re-testing is necessary in many of the cases. This also means 

that any conclusions from older tests carry less weight, until these conclusions are re-affirmed or 

adjusted under the latest protocol. 
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Figure 13. Past results. a) Link classification ratio; b) sections tested; c) Type of fracture; d) loading protocol used. 

 

  

a) b) 

c) d) 
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2.3 Conclusions 

From the above review of past literature and past shear link experimental results, the following 

conclusions were useful for this current study: 

 The AISC specified stiffener spacing should be revisited with a view to relax the 

requirements, as these were derived before the proliferation of A992 steel and the use of 

the 2005 version of the loading protocol for link evaluation. 

 Links with stockier webs should be explored further. Not many such links have been 

fabricated, however the ones that are available have performed exceptionally.  They 

required little or no stiffeners and have shown much greater rotational ductilities. 

 During testing, particular attention should be paid to the design and the force demands of 

the secondary elements of bolted links. This is to avoid brittle failures similar to the 

fractured bolts in Figure 10. Although some inelastic action is permitted for conventional 

EBFs, this is incompatible with current moment endplate design assumptions. 

 In a similar vein, inelastic strains should be kept away from the connection region. This is 

possible with the use of web doubler plates and an investigation into what an optimal length 

for these might be should be carried out. 

 Any novel or alternative ideas for improving EBF performance that arise during testing or 

analyses should be explored. 
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Chapter 3 

Experimental Program 

 

3 Experimental Program 

This chapter will outline the methodologies and procedures used in obtaining the experimental 

measurements from the physical specimens. The individual specimen results that are relevant to 

each chapter or subchapter are described in their respective sections and are also summarised in 

Chapter 4 for the entirety of the experimental program. 

3.1 Test Set Up Description 

The frame was fabricated using a mix of existing steel components, recut and refabricated 

components, and from new components. 

3.1.1 Concept 

 

Figure 14. Three dimensional test rig diagram with component labels. 



19 
 

 

Figure 15. Test rig during the testing program (Test 10 of 15). 

 

Figure 16. Test rig idealization for basic analysis. 
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The test rig was a D-braced EBF, and the test was in plane only. An idealization of the test rig can be 

found in Figure 16. For overall centreline dimensions that match this figure, refer to Appendix C 

“Overall Diagrams”, sheet 1. For greater economy, the floor beam was fabricated out of existing 

W14x132 sections left over from a previous test (Lopes, 2013). The clevises that were used as hinge 

bases were also reused from that same test. 

The drawings for fabrication are included in Appendix B in the exact form that they were submitted 

to the fabricator. The completed three-dimensional drawings prior to fabrication included the 

diagram in Figure 14, which outlines the labels for the various components. Each of those 

components was delivered separately and assembled on site without the use of any field welds. 

The CB1 and CB2 components were used to keep the frame laterally upright as well as to prevent 

any torsion of the C1 or C2 columns. After fabrication, the frame in the laboratory can be seen in 

Figure 15. 

3.1.2 Design 

The model in Figure 16 was analysed using the software package SAP2000, and the resulting bending 

moment diagram from one of the load cases is below in Figure 17. 

 

Figure 17. Test frame bending moment diagram under a load of 220 kip from the actuator. 
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The design load case was P = 220 kip as that is the maximum rated tension capacity of the hydraulic 

actuator. However, the largest force previously recorded in the lab was 211 kip. Hence for measuring 

the potential forces in the secondary members the 220 kip force was taken and care was taken not 

to exceed this value during testing. The 211kip value was used for calculating the output capabilities 

for the test rig. All of the original design checks are available in Appendix A – “Designs”, for each of 

the fabrication batches. The design checks that are of research interest are summarised below. 

3.1.2.1 Limit States Checked 

In order to ensure that the specimens adhere to the current code provisions, a number of checks on 

the links and the adjacent areas were carried out. The applicable checks for each of the situations 

are outlined in the flow chart on the following page. 
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3.1.2.2 Link Size and Overstrength 

The largest link size was selected that could reliably be yielded and strain hardened by the actuator. 

The AISC Seismic Design Manual (2012) lists a strain hardening factor of 1.25 (pg. 5-337) and 

material statistical variation factor, Ry, of 1.1 for A992Gr50 steels and 1.16 for A572Gr50 plates. For 

the product, the worst case is 1.375. The New Zealand code (3404), lists an overstrength factor for 

statistical variation in yield stress and strain hardening at φoms = 1.50 (Table 12.2.8(2)). In both cases, 

the specified minimum yield is supposed to be converted to average ultimate strengths. However, 

past research (for example, Okazaki 2005 and McDaniel 2003) has shown overstrength values 

obtained during testing to be well in excess of this, particularly for built up links. 

Assuming an actuator force of 211 kip, the shear force inside the link would be 244 kip. That is an 

overstrength of 1.90, and this was deemed acceptable for W14X48 links. For built up plate links in 

Batch 2, overstrengths of 2.30 were possible, and this was more conservative in recognition of the 

fact that the plate steels (A572) used did not have any controls on yield strength or ultimate 

strength. 

3.1.2.3 Web Doubler Height 

This was neglected in batch 1 and those links had web doubler plates running all the way up to the k-

area with horizontal fillet welds creeping up the root radius (sheet 22 of Batch 1 Fabrication 

Drawings, Appendix A). This was addressed when batch 3 links were fabricated which were also 

W14X48 hot rolled sections (sheet 3 of Batch 3 Fabrication Drawings, Appendix A). The correct 

equation for web doubler height is thus: 

ℎ𝑑 = 𝑑 − 2(𝑘𝑑𝑒𝑡 +𝑤) 

Where w is the weld size. 

3.1.2.4 Endplate Design 

During the testing of Batch 1 links, an excessive amount of prying was noted in most links. Two of 

the links (AL-4S and AL-4C) even exhibited a prying failure where a bolt ruptured due to the extra 

tension inside it. This is contrary to the design philosophy where the end plates were supposed to 

act as thick plates and the bolts were supposed to be the first to fail. Both the New Zealand and the 

U.S. methods have this philosophy, with a check to ensure that the endplates do not fold or bend 

before the bolts rupture. In fact, the U.S. method was used and it was supposed to be overly 

conservative in this regard as it uses a simpler empirical equation over the consideration of t-stub 

lengths seen in other methods. Nevertheless, having satisfied the criteria for a minimum endplate 

thickness of 1.13 in. with an endplate that was 1.25 in. thick, prying was still an issue (pg. 7 of Batch 

1 design calculations). In later tests, the link used a 16 bolt connection, with the design based on the 
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AISC equation again with some conservative assumptions, a thickened plate, and a comparison to 

the end plate detail used by Stephens (2015). Details for this are on pg. 16 of Batch 2 Design 

Calculations (Appendix A). 

3.1.2.5 Stiffener Size and Welds 

Malley (1983) used similar concepts to tension field action theories and existing provisions for web 

stiffeners in plate girders to approximate the level of force and thus the area of stiffener cross 

section required. These equations were as follows: 

𝐹𝑠 = 𝜎𝑢𝑡𝑤
𝑠

2
[1 −

𝑠
ℎ𝑤⁄

1 + (
𝑠
ℎ𝑤
)
2] 

To calculate the force, assuming that the link is yielding and the stress is assumed to be at σu. For a 

one sided stiffener the area required will then be: 

𝐴𝑠𝑡 = 2.4 [
𝐹𝑠
𝜎𝑦
− 𝑏𝑓

𝑡𝑤
2
] 

No considerations were present for the stability of the stiffener given that sections used for links are 

typically stockier than the plate girder sections that the above theory is based on. However, tst ≥tw 

was recommended by Malley (1983). The AISC provisions specify tst ≥ max(0.75tw, 3/8 in.) and then 

the welds for the web are required to resist FyAst with the flanges to resist FyAst/4. The New Zealand 

3404 standard is very similar for welds, however for stiffener thicknesses, they are specified at tst≥tw 

for one sided stiffeners and tst≥0.75tw for two sided stiffeners. The stiffeners are specified as full 

width in both codes. 

Whilst the links in this study followed the AISC provisions for thickness, the welds used were set as 

the minimum possible (Table J2.4 in AISC Steel Construction Manual). The assumption was that 

larger welds near stiffeners are detrimental, hence they were minimized. No detrimental effects of 

this deviation were observed in any of the links and web fracture initiations were likely to form near 

welds regardless of the weld size. 

3.1.2.6 BU Link Flange Rupture Check 

This is normally not checked in the design of links. However, due to the fact that overstrengths of 2.0 

were assumed, the link was supposed to be able to handle a moment (plastically) that comes from 

the strain hardened web. Thus the following check was performed (pg. 7 of Batch 2 Design 

Calculations, Appendix A): 
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𝑀𝑢 =
𝑉𝑢 × 𝑒

2.0
 

Where Mu was the ultimate moment due to the fully strain hardened link’s shear of Vu. This value 

was to be lower than the rupture moment of a section, namely: 

𝑀𝑟𝑢𝑝 = 𝑍𝑥𝐹𝑢 

Where Zx is the plastic section modulus. Whilst standard design practice might assume that using full 

penetration butt-welds or CJP welds is supposed to develop the full strength of the parent material, 

and this is still true, the parent material would be the part that would fracture and this needs to be 

checked. 

There is currently no provision to check flange rupture; right now links are to first yield in shear, and 

if they later yield at the ends under the moment induced by the strain hardened web, this is still 

acceptable. However, if the link ruptures at the ends due to the strain hardened web, this would be 

catastrophic. 

This exercise highlights the importance of addressing overstrength factors in potential future 

studies. A value of 2.0 was used in this study as that was the experience from previous research, and 

this in turn was because of a lack of upper controls for the value of Fy and Fu and Fy /Fu for A992 or 

A572 Grade 50 steels. Controls for Fy have been specified before (McDaniel 2003; Itani 2003), but 

not for the ultimate strength. For S0 steels under New Zealand’s requirements (Table 3 of NZS3404), 

a maximum Fy/Fu ratio of 0.80 applies along with upper limits for the values themselves. Because of 

the wide range of possible values for Fy and Fu reflected in the large overstrength factor, at some 

steps in the design process it was possible to encounter situations where the link seemingly could 

not handle the forces it itself was generating. 

3.1.2.7 BU Web to Web Doubler Plate Connection  

In addition to 3.1.2.6 above, the shear overstrengths ensured that very large fillet welds were 

required to connect the web to the web doubler plates. This was a rare instance where the thickness 

of the web doubler plate was dictated by the size of the required fillet weld leg length. As stated 

above, with more reliable estimates of overstrength this need not be a problem. 

3.1.2.8 BU Flange to Web Connection Fillet Weld 

The weld strength calculated on pg. 8 of the Batch 2 Design Calculations (Appendix A) does not have 

a design guide associated with it, but can be found on the AISC FAQ web page (2015b). A shear flow 

is calculated and then the value is used to design the connecting fillet welds: 
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𝑄 = 𝑡𝑓𝑏𝑓
𝑑 − 2𝑡𝑓

2
 

𝐼𝑥 =
𝑡𝑤ℎ𝑤

3

12
+ 2𝑏𝑓𝑡𝑓 (

ℎ𝑤
2
+
𝑡𝑓

2
)
2

 

𝜏𝑢 =
𝑉𝑢𝑄

2𝐼𝑥
 

Where Q is the first moment of area of an I section, Ix is the second moment of area, Vu is the shear 

in the section, and τu is the resulting shear flow through the web section. These fillet welds 

performed to a very high link ductility, exceeding the requirements by more than a factor of two. In 

the final crack pattern, in places where the web was intact, the fracture propagated through this 

connection (for example, Figure 45 c). 

3.1.2.9 EIA Panel Zone Check 

Only New Zealand’s HERA P4001 (2013) mentions checking the collector beam panel zone where 

high shear forces are likely to coincide with high “axial” forces. This check can be found on pg. 40 of 

the Batch 2 Design Calculations (Appendix A). The check itself has some conservative assumptions, 

and for this reason, this region was instrumented with a strain rosette to monitor the stresses. There 

does not appear to be a similar check for conventional frames, which will have the same web 

thickness in this panel zone, however the interaction between the beam shear and the incoming 

brace forces should not be neglected. 

3.1.2.10 Horizontal and Vertical EIA Stiffener Checks 

Not many comments can be made on the design of these components, other than that they were 

very conservatively sized. There are no design or analytical equations that can be conveniently or 

conservatively used to estimate the demands on these stiffeners. In lieu of a fully developed 

procedure, these components were simply sized to match the incoming link flange forces with the 

assumption that they were to take all of them. That is, it was assumed that the collector beam 

endplate is infinitely flexible. The horizontal stiffeners were sized so that they could handle the same 

tension force as the overstrength tension force inside the link. The welds were sized using the same 

principles. 

3.1.2.11 Summary of Capabilities 

With the actuator placed on the A2 centreline specified on sheet 1 of Batch 1 Design Drawings 

(Appendix A), and pushing or pulling with a load of 211 kip. the resulting link shear should be 244.4 

kip which is an overstrength of 1.90 for a W14X48 link. The Batch 2 built up links were sized such 

that they had overstrengths of 2.0 or higher.  
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3.1.3 Fabrication 

Appendix B contains the drawings in the order that they were submitted. The Ground Beam was 

fabricated using existing pieces and the Main Frame drawings required an addendum due to missing 

information. The Batch 1 links were tested and some analyses on the results had been performed 

before Batches 2 and 3 were designed and submitted for fabrication. Appendix D contains the mill 

certificates for the steel sections used in this study. 

3.2 Specimen Descriptions 

The purpose of each of the shear link specimens is addressed in turn below. The dimensions that 

were varied are illustrated using the fabrication drawing for link AL-BU-N2: 

Figure 18. AL-BU-N2 Dimensions and General Link Labels 

3.2.1 AL-4S 

Active Link – 4 Stiffeners was intended to establish the baseline behaviour of the current shear link 

stiffener design provisions. The link was from section W14x48 (A4992Gr50) and included 4 in. web 

doubler plates as these were believed to be necessary to shift inelastic strains away from the 

potentially brittle flange to endplate connection. The web doubler plate thickness at this stage was 

3/8 in. thick and ran the entire height of the web to the root radius. That is, the root radius would 
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have experienced heat stress from the fillet weld from the web doubler plate. Due to poor 

fabrication quality at the CJP weld to the endplate, the data from this link could not be used in any of 

the experiments. 

3.2.2 AL-3S 

Active Link – 3 Stiffeners was expected to behave satisfactorily despite missing a single stiffener 

from that currently prescribed by the AISC requirements. Other details were identical to the AL-4S 

link. 

3.2.3 AL-2S 

Active Link – 2 Stiffeners was used as part of the stiffener spacing series of tests to determine the 

point at which a lack of stiffeners proves detrimental. This link had 1 less stiffener to AL-3S, with 

other details otherwise the same. 

3.2.4 AL-B 

Active Link – Bare was tested to explore the possibility that unstiffened links might perform to 

acceptable rotation levels without the use of stiffeners at all. This link had the same details as AL-2S 

except no stiffeners were present. 

3.2.5 AL-4C 

Active Link – 4 Contact Stiffeners was the first attempt to use the code prescribed 4 stiffeners, 

however, instead of alternating the stiffeners on each side and welding them to the web, 8 stiffener 

plates were instead used to restrain the web on each side with the weld omitted. For the same 

reasons as the AL-4S link, the results from this test had to be discarded due to endplate prying 

issues. This link was also part of the Batch 1 tests and thus otherwise had the same details as AL-4S. 

3.2.6 AL-BU-N1 

Active Link – Built Up – Non Complying Size 1 was part of the Batch 2 series of links where the 

endplate size was increased in both thickness (from 1 ¼ in. to 1 ¾ in.) and number of bolts (from 8-

A490 bolts to 16-A325 bolts, 1 ¼ in. diameter in both cases). This was also a built up plate link, made 

up of A572Gr50 plate with fillet welds connecting the web to the flanges and the doubler plates. This 

link and other built up links were used to investigate both the use of built up links and their 

performance as well as the performance of stockier webs. The technique for connecting the web 

doubler plate was different to that in links such as AL-4S in that the plates were first put together 

and only the outside welds were applied. In this way fabrication time is minimized and load paths 

are simplified. The “Non Complying” portion of the name alludes to the fact that the link contains 
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one less stiffener than the current AISC provisions prescribe, and “Size 1” refers to the fact that this 

was the largest size of stocky built up link possible in the test set-up. 

3.2.7 AL-BU-B1 

Active Link – Built Up – Bare Link Size 1 was the unstiffened counterpart of AL-BU-N1. Besides the 

lack of stiffeners, every other detail was identical to AL-BU-N1. The purpose of this test was to 

determine how well the link could perform when the web was stocky and no stiffeners were 

included. 

3.2.8 AL-BU-N2 

Active Link – Built Up – Non Complying Size 2 was part of the Batch 2 series of links and had a 

thinner web than the AL-BU-N1 (down to 3/8 in. from 7/16 in.). The number of stiffeners was 2, and 

this corresponds to the requirements of the current AISC stiffener spacing provisions, with one 

stiffener removed. The purpose of the test was to determine how well the link could perform with a 

reduced number of stiffeners to that currently required. 

3.2.9 AL-BU-B2 

Active Link – Built Up – Bare Link Size 2 was the unstiffened counterpart of AL-BU-N2. Besides the 

lack of stiffeners, every other detail was identical to AL-BU-N2. This link’s objective was to attain the 

performance level in the case of an unstiffened link, which was less stocky than the Size 1 

unstiffened link. 

3.2.10 AL-D8 

Active Link – Doubler Plate 8 in was part of the Batch 3 series of links, the “D” series of which looked 

at the performance as it related to varying doubler plate lengths. Contrary to the first batch of links, 

the endplate size was increased in thickness (from 1 ¼ in. up to 1 ¾ in.) and size to accommodate 16 

A325 bolts each side instead of the previously used 8 A490 bolts of the same size (1 1/8 in. 

diameter). Also, the web doubler plates themselves had smaller heights, such that the total height of 

the web doubler plate and the fillet weld along the top and bottom of it stopped short of the root 

radius. The aim of this revised detail was to ensure that no stresses were induced from welding in 

the k-area. Due to the smaller amount of link length left over, only two stiffeners were required. 

3.2.11 AL-3C 

Active Link – 3 Contact Stiffeners had the same overall geometry as AL-D8, however it had 4 in. web 

doubler plates and three pairs of stiffeners that were not welded to the web. This was the second 

attempt to test a link with contact stiffeners, and it did not prematurely fail due to fabrication issues. 
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3.2.12 AL-D0 

Active Link – Doubler Plate 0 in. was used to test whether the complete lack of a web doubler plate 

was detrimental to the flange to endplate connections. In the “D” series of links, the stiffener 

spacing criteria was the same – the spacing was taken from the AL-3S link as it had the same hot 

rolled shape and the link performed satisfactorily. Thus links with a higher inner length, such as this 

one, accordingly contained more stiffeners (4 stiffeners total). 

3.2.13 AL-G 

Active Link – Gusset Plate was the Batch 3 version of the AL-3S link. Its plate thickness was not 

increased, however the number of bolts was increased and, more importantly, the plate was 

stiffened with gusset plates that matched the dimension of the 4 in. web doubler plate. The purpose 

of this link was to test whether 1 ¼ in. thick plates could perform satisfactorily when stiffened with 

extra plates. Furthermore, this link was used to check if there were any detrimental effects on the 

web doubler panel rotation or strains as those regions were expected to be stiffer. 

3.2.14 AL-D2 

Active Link – Doubler Plate 2 in. was the intermediary web doubler length link used to determine the 

performance of web doubler plates. It was fabricated with the expectation that an optimal length of 

web doubler plate length would be somewhere between 0 and 8 in. 

3.2.15 AL-D4S 

Active Link – Doubler Plate 4 in. Stiffened – was originally expected to be required if the web doubler 

plates did not provide adequate rigidity to the doubler regions. Hence an additional web stiffener 

was placed at the ends of the doubler plates for this purpose. However, given that this was the last 

link in the test programme, and link AL-4S already performed satisfactorily with 4 in. stiffeners, this 

specimen was used to check link response against large pulse type loading. 

3.3 Test Series Descriptions 

Refer to the fabrication drawings in Appendix B for the details and dimensions for each of the links. 

A test matrix for the entire experimental study is presented in Table 2, with the following labels for 

each of the studies performed: 

A. The stiffener spacing investigation, where the number of stiffeners for a fixed e’ was varied, 

resulting in different values for s. 

B. Investigation into the use of contact stiffeners. The performance of two links was compared 

with welded stiffeners and with double sided stiffeners without any web welds, at the same 

stiffener spacing. 
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C. Built up stocky links were investigated to determine whether unstiffened webs could 

perform to an acceptable standard. The assumption during design was that there was an 

extremely good chance that links with one less stiffener than required would perform 

satisfactorily, hence the “N1” and “N2” links. These were initially intended to be back-ups in 

case the bare links failed. However, the bare links exceeded expectations and performed 

better than their stiffened counterparts. 

D. Investigation into the variability in the length of web doubler plates. A range of lengths was 

chosen from zero (no doubler plate) to eight inches long. 

E. Investigation into the use of gusset plates as a means of stiffening the endplate. The 

endplate for the AL-G link was intentionally the same thickness as the previously failed 

endplate thicknesses in links AL-4S and AL-4S. 

F. At the end of the experimental programme, it was clear that the special stiffener detail in 

link AL-D4S would not provide significant performance differences to link AL-3S. Thus, it was 

subjected to an unsymmetrical “single pulse” type of loading protocol. As of now, only the 

symmetrical progressive loading protocol is available for shear links. 

Table 3 accompanies Table 2 to provide section geometric and material properties. Lines in Table 2 

that do not have a grey square were tests that had to be discarded due to premature specimen 

failure. Link AL-4S failed due to endplate prying followed by bolt rupture and flange weld rupture 

due to poor fabrication quality; link AL-4C also failed due to endplate prying followed by bolt 

rupture. The link specimens (and the rest of the frame components) were specified to have no 

additional surface preparation. Prior to testing, however, they were white washed so that cracking 

and flaking could be immediately visible. An example of this is link AL-D8 prior to testing in Figure 19. 

  



32 
 

 

Table 2. Experimental test matrix 

Label Date A B C D E F Page Section e ld e’ s td 

AL-4S 30/1/15       52 W14x48 41.95 4 33.95 6.79 3/8 

AL-3S 10/2/15       53 W14x48 41.95 4 33.95 8.49 3/8 

AL-2S 17/2/15       53 W14x48 41.95 4 33.95 11.32 3/8 

AL-B 19/2/15       54 W14x48 41.95 4 33.95 33.95 3/8 

AL-4C 26/2/15       111 W14x48 41.95 4 33.95 6.79 3/8 

AL-BU-N1 09/4/15       54 BU10X58 40 15/16 4 32 15/16 18.22 5/8 

AL-BU-B1 14/4/15       54 BU10X58 40 15/16 4 32 15/16 36.44 5/8 

AL-BU-N2 16/4/15       54 BU10x56 40 15/16 4 32 15/16 12.15 5/8 

AL-BU-B2 22/4/15       55 BU10x56 40 15/16 4 32 15/16 36.44 5/8 

AL-D8 26/4/15       98 W14x48 40 15/16 8 24 15/16 8.50 7/16 

AL-3C 30/4/15       111 W14x48 40 15/16 4 32 15/16 8.25 7/16 

AL-D0 01/5/15       98 W14x48 40 15/16 0 40 15/16 8.25 7/16 

AL-G 04/5/15       117 W14x48 41 15/16 4 33 15/16 8.38 7/16 

AL-D2 05/5/15       98 W14x48 40 15/16 2 36 15/16 7.50 7/16 

AL-D4S 08/5/15       - W14x48 40 15/16 4 32 15/16 8.52 7/16 

 

 

Figure 19. Link AL-D8 prior to testing. 
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Table 3. Tested Link Sections 

Property W14X48 BU10X58 BU10X56 

d (in.) 13 3/4 10 1/2 9 1/2 
bf (in.) 8 9 9 
tw (in.) 5/16 7/16 3/8 
tf (in.) 5/8 3/4 3/4 
hw (in.) 12 1/2 8 8 
Grade A992 A572 A572 

Fy,web (ksi) 52.8 54.3 54.3 
Fu,web (ksi) 70.0 72.0 72.0 

εweb 25.05% 24.50% 24.50% 
Fy,flange (ksi) 52.8 66.0 66.0 
Fu,flange (ksi) 70.0 86.0 86.0 

εflange 25.05% 25.00% 25.00% 
λmd,flange 6.4 6.0 6.0 

0.38√(E/Fy) 9.2 9.2 9.2 
β (hw/tw) 40.0 18.3 21.3 
Vp (kip.) 117 105 90 

Mp (kip.ft.) 326 275 271 
1.6Mp/Vp (in.) 53.5 50.3 57.8 

Vp,mill (kip.) 124 114 98 
Mp,mill (kip.ft.) 345 364 358 

1.6Mp/Vp,mill (in.) 53.5 61.2 70.3 
 

3.4 Instrumentation Used 

Refer to Appendix C – Overall Diagrams, which includes a layout of the instrumentation used along 

with their corresponding LabVIEW labels. The two main measurements for shear link performance 

came from the actuator’s load cell (LoadCell_Actuator); and from the combination of the two 

inner diagonal link LVDTs (Link_BG and Link_CF). The actuator’s load was converted into the shear 

experienced by the link via the following relationship: 

𝑉𝑙𝑖𝑛𝑘 = 𝑃𝑎𝑐𝑡
𝐻

𝐿
= 𝑃𝑎𝑐𝑡 ×

110.0 + 22.68

117.35
= 1.131 × 𝑃𝑎𝑐𝑡 

The conversion of the diagonal link LVDT’s was computed in the same way as was outlined by 

McDaniel (2003): 

𝛾 =
1

2

(𝑐1−𝑐2)√𝑎
2 + 𝑏2

𝑎𝑏
 

Where a = e’ and b = d – tf for the “BCFG” portion of the link. The changes in diagonal length of 

each of the LVDTs are the c1 and c2 values. The same procedure was applied in the web doubler 

regions and for the whole link (endplate to endplate) to determine the rotations there as well. 
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At bolted plate connections, LVDTs were installed to monitor any slip that may occur. The 

expectation was that some slip may occur in the link endplates. However, likely due to the number 

of bolts present, no detectable slip was present. This is in contrast with the only region where slip 

did occur, and this was the brace splice which slipped upon load reversals at higher loads. 

The existing clevises that were used had some amount of slack due to the difficulty in ensuring tight 

tolerances in such a high force hinge. Thus the clevises were instrumented such that the relative 

position and direction of each column was able to be calculated with data from three LVDTs. This 

was not important to the link itself, as the actuator was moved such that the desired rotation was 

reached. However, should any global studies need the actual positions of the columns, these data 

can be reduced to column location and direction. 

The “SP1_C2_Drift” was used as a secondary means of calculating frame drift as a redundancy 

measure (the first being the actuator’s displacement: “LVDT_Actuator”). The string pot placed at the 

top horizontal stiffener inside the collector beam panel zone, “SP2_Link_Lateral”, was used to 

monitor any out of plane behaviour of the entire frame. The expectation was that these oscillations 

would be larger in amplitude for larger link rotations, and possibly whole frame lateral buckling 

would also take place (7.4.3.4). However no lateral stability issues were encountered. 

Strain rosettes were placed inside or near the collector beam panel zone where high forces were 

expected. Strain gage pairs were placed on the top and bottom flanges in order to approximately 

determine some of the internal forces inside the collector beam and the C2 column. Although 

redundant, the web gages for this purpose were mounted incorrectly and/or the wrong strain gage 

was used. Either a rosette, two gages at 45° to the beam centreline and at 90° to each other, or a 

special shear gage should have been used. 
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Chapter 4 

Experimental Results 

 

4 Experimental Results 

Summarised briefly in this chapter are the results from each of the shear link physical tests. A more 

detailed explanation of each link’s performance can be found in their respective chapters referenced 

in Table 2. Additionally, a table of key indicators is also included at the end of this chapter to 

summarise the final rotations achieved, shear forces attained, and rotations when the link’s shear 

resistance had degraded to 80% of its peak value. 

4.1 Individual Specimen Performance 

4.1.1 AL-4S 

  

Figure 20. Link AL-4S Final Fracture and Hysteresis 

This link performed in a stable manner, until a combination of endplate prying as well as flange weld 

fracture caused the endplate connections to fail in a brittle manner. It was tested first so that any 

deficiencies in testing did not influence other links that were supposed to exhibit performance 

outside of the current theory. Due to issues with instrumentation, data for the link’s shear force 

were not collected, but were displayed at the time of testing.  The graph suggests that the failure 

was due to a build-up of inelastic strains in one of the weak regions, as the final failure occurred with 

shear forces below all previous maximums attained. This link was not used in any of the analyses due 

to the poor workmanship on the endplate. The maximum rotation reached prior to degradation was 

-0.030 rad at -187.5 kip of shear. 
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4.1.2 AL-3S 

 

 

Figure 21. Link AL-3S Final Fracture and Hysteresis 

Link AL-3S exhibited a very stable hysteretic loop right up until the -0.11 rad cycle where it degraded 

slightly. This was followed by a fracture and load degradation upon attempting to reach +0.11 rad. 

This link exhibited the baseline behaviour that is addressed in this thesis in terms of stiffener spacing 

– web buckling was prevented before the criteria rotation of 0.080 plastic radians was attained, 

however the final failure was a fracture initiated by the stiffener. The link reached a rotation of 0.090 

rad and a peak shear resistance of 209.3 kip before degradation. 
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4.1.3 AL-2S 

 

 

Figure 22. Link AL-2S Final Fracture and Hysteresis 

Link AL-2S exhibited a stable hysteresis; however, starting with approximately the 0.05 rad cycle, 

load degradation was apparent. This was not enough to trigger the failure criteria for links, thus the 

testing continued and technically the link did reach the required 0.080 rad of plastic rotation. 

However, on the -0.090 rad half cycle, a large vertical crack had developed along the top half of the 

northernmost stiffener. Upon reversing the cycle to +0.090 rad, no strength degradation was 

observed, as the load path inside the web panel was unaffected by the first crack. Unsurprisingly, 

upon attempting to reach the -0.110 rad half cycle, the link immediately failed. Cracks initiating from 

the horizontal web doubler plate weld can be seen propagating along the web to flange interface, 

however they were not on the critical path for load resistance so these did not develop into 

fractures. In both links AL-3S and AL-2S the buckling tended to concentrate in the one panel and 

prior to failure it was clear which panel would experience a fracture. This link reached a maximum 

shear resistance of 189.5 kip and attained a rotation of 0.089 rad prior to significant strength 

degradation. 
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4.1.4 AL-B 

 

 

Figure 23. Link AL-B Final Fracture and Hysteresis 

The AL-B link had no web stiffeners and was not expected to perform satisfactorily. Early in the 

loading protocol, the hysteretic loops exhibited pinching behaviour. This was due to the fact that the 

entire web panel buckled and upon load reversals it underwent reversals of its buckled shape – thus 

at the midpoint of this transformation the link had low amounts of shear resistance. The final X 

shaped fracture pattern showed that for each direction of load, the fracture was diagonal in shape. 

This link, according to the 20% peak shear force degradation criteria, had achieved the +0.07 rad 

cycle, however, it is clear that it had buckled well before this at approximately the 0.0375 rad. cycle. 

Link AL-B reached a peak shear resistance of 189.5 kip and a rotation of -0.076 rad prior to strength 

degradation. 
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4.1.5 AL-BU-N1 

 

 

Figure 24. Link AL-BU-N1 Final Fracture and Hysteresis 

The AL-BU-N1 link exhibited a very stable hysteretic loop, without any load degradation right up until 

the last cycle at failure. The hysteresis curve shows that this link can perform in a predictable and 

reliable manner. The peculiar behaviour of this link was that at no point in time did it show any signs 

of buckling. In fact, the failure at the end of the test was a straight vertical fracture along the web 

where the stiffener was located.  This link generated a maximum shear resistance of 224.9 kip and a 

rotation prior to degradation of 0.138 rad. 
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4.1.6 AL-BU-B1 

 

 

Figure 25. Link AL-BU-B1 Final Fracture and Hysteresis 

Much like the AL-BU-N1, this link exhibited no signs of buckling throughout the test. In fact, the final 

fracture pattern appears to be a purely weld interface failure, where the plate tore away from the 

web to flange longitudinal weld. The crack initiated at the top web to flange interface and then 

propagated simultaneously down through the web, and longitudinally along the flange. The AL-BU-

B1 link attained a shear resistance of 232.2 kip and reached a rotation of -0.176 prior to strength 

degradation. 
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4.1.7 AL-BU-N2 

 

 

Figure 26. Link AL-BU-N2 Final Fracture and Hysteresis 

AL-BU-N2 performed and failed in a very similar pattern to AL-BU-N1. Again, very little buckling was 

observed. Similarly, the fracture for the link initiated in the leftmost vertical stiffener and then 

spread north and south of the stiffener along the web to flange interface. Unlike the AL-BU-X1 links, 

a dip can be observed in the cycle preceding failure. This is not unexpected as this link had a higher 

web aspect ratio so was more susceptible to buckling. Very small, and potentially irrelevant but 

adjacent fracture initiations were visible from cycle 0.07 rad near the stiffeners, especially near the 

tops and bottoms of the welds. Link AL-BU-N2 reached a peak shear resistance of 175.6 kip and a 

rotation prior to strength degradation of 0.135 rad. 
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4.1.8 AL-BU-B2 

 

 

Figure 27. Link AL-BU-B2 Final Fracture and Hysteresis 

Link AL-BU-B2 was the exceptional performer among all of the links. It achieved a very high 

rotational ductility with a final rotation of -0.193 rad prior to strength degradation. This is well 

beyond anything that is normally expected of a link inside an EBF and such high ductilities could 

prove useful in designing “high drift EBFs”, where the EBF is allowed to drift further in order to lower 

the incoming design seismic forces. Some degradation was apparent in the preceding few cycles 

before failure and a second mode buckling pattern was observed. Regardless of the buckling, the 

fractures initiated in the web to flange interface, spread almost to the entire length of the link, and 

also moved down through the web. This latter path was not preceded by any stiffener so it was not 

clear why the fracture flowed in this direction. This link achieved a maximum shear resistance of 

178.7 kip. 
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4.1.9 AL-D8 

 

 

Figure 28. Link AL-D8 Final Fracture and Hysteresis 

The performance of this link was characterized by a stable hysteretic loop with only slight 

degradation taking place in the cycle just prior to final fracture, where a majority of the link’s shear 

carrying capacity was lost. The whitewash paint that has not flaked off is indicative of the lack of 

inelastic action in the web doubler plate regions or the stiffener regions. The etchings on the web 

doubler plate whitewash in the photo above were caused by taking LVDT measurements in between 

loading cycles and were not due to inelastic action in the doubler regions. AL-D8 reached a 

maximum shear resistance of 213.5 kip and a final rotation of 0.099 rad prior to strength 

degradation. 
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4.1.10 AL-3C 

 

 

Figure 29. Link AL-3C Final Fracture and Hysteresis 

The link exhibited a stable hysteretic performance up until fracture and load degradation. Starting at 

0.05 radians of rotation the AL-3C link had some slight buckling, however, unlike a traditional link the 

buckling appeared to be less dependent on whichever panel it was in, and was spread across two 

panels. The whitewash paint had flaked relatively quickly. The final fracture photograph above 

shows that the AL-3C link confined the largest deformations to the inner two panels. The AL-3C 

specimen reached a maximum shear resistance of 199.4 kip and failed after attaining a rotation of  

-0.118 rad. 
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4.1.11 AL-D0 

 

 

Figure 30. Link AL-D0 Final Fracture and Hysteresis 

A stable hysteretic loop with only slight degradation just prior to the final fracture cycle can be seen 

above. The final fractured state shown in the photo was concentrated in a single stiffener along with 

signs of buckling in the 3rd and 4th panels from the left. This link exhibited a similar fracture pattern 

to that of AL-BU-N2 where the separation immediately adjacent to the stiffener was accompanied by 

the web separating from the flange. The maximum shear resistance of this link was 209.7 kip and 

0.134 rad was the maximum rotation reached prior to strength degradation. 

 

 



47 
 

4.1.12 AL-G 

 

 

Figure 31. Link AL-G Final Fracture and Hysteresis 

The AL-G link performed in a stable manner right up until excessive web panel buckling caused the 

web to tear and fracture leading to a loss in strength. The link’s fractures were initiated from the 

stiffener to web welds. No problems were noted in the endplate itself; however, there was a small 

amount of separation of the flange material to the gusset welds. This separation was not in a high 

stress zone so did not grow to a significant size. This link attained a shear resistance of 208.1 kip and 

its strength degraded after reaching a rotation of 0.097 rad. 
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4.1.13 AL-D2 

 

 

Figure 32. Link AL-D2 Final Fracture and Hysteresis 

The performance of this link included a stable hysteresis until slight load degradation and then final 

fracture. The web separated from the stiffener and fractures propagated along the web to stiffener 

interface first and then along the web to flange root. The majority of the buckling was concentrated 

to the mid-most panel and no whitewash flaking was evident in the web doubler regions. Similarly 

the flange rotations at the end plates appeared to be adequately suppressed with the use of 2” web 

doubler plates. Link AL-D2 reached a peak shear resistance of 216.5 kip and attained a rotation of  

-0.117 rad prior to failure. 
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4.1.14 AL-D4S 

 

 

Figure 33. Link AL-D4S Final Fracture and Hysteresis 

At the end of the experimental programme, it was clear that the special stiffener detail in link AL-

D4S did not provide significant performance differences compared to link AL-3S. Therefore, this link 

was subjected to an unsymmetrical “single pulse” type of loading protocol to examine its effect. 

From past literature, links have thus far only been qualified using the AISC 2005 protocol which is 

symmetrical in nature. The loading here included several cycles at a smaller amplitude and then a 

cycle of magnitude ±0.11 rad. No unexpected performance was noted. Stable behaviour was 

observed when the link was loaded to a peak of 0.11 radians shortly after the initial smaller cycles. 

The link did buckle and fail upon attempting further smaller cycles followed by a larger peak (±0.13 

rad). At the time of writing this thesis, only the symmetrical progressive loading protocol is available 

for shear links in the literature, while no unsymmetrical protocol has been calibrated for use. The 

peak shear resistance attained by this link was 214.0 kip in its time history and the largest rotation 

attained prior to failure was +0.110 rad. The link failed upon attempting to reach the first 0.130 rad 

half cycle. 
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4.2 Key Results Across All Links 

Summarised in Tables 4 and 5 below, where applicable, are the following key hysteresis curve values 

derived from the above experiments: 

γreq = the required total rotation, which is 0.080 rad + γe 

γe = the elastic rotation, assumed to be the rotation at which point the link had reached 

its mill certificate derived strength 

Vmax = the maximum shear resistance attained at any point in the curve 

±V0.080 = the shear resistance of the link when it reached its required rotation for the negative 

and the positive half cycles 

±γ0.080 = the corresponding rotation at ±V0.080 

Pass = whether the shear strength in the link, for both sides of the cycle, did not degrade to 

below 80% of the current Vmax. In other words, it checks if ±γdeg ≥ ±γ0.080. 

±Vdeg = the shear strength of the link when it had degraded, essentially 80% of the current 

Vmax. 

±γdeg = the corresponding rotation to ±Vdeg, when the link had degraded 

γVmax = the rotation when the largest shear resistance was attained 

γmax = the largest rotation reached during testing 

Vγmax = the shear force at the largest rotation reached during testing 

 

 

Table 4. Shear link key experimental results (1 of 2) 

 

γreq Vmax -V0.080 +V0.080 γ0.080 Pass 

AL-4S - -187.5 - - - No 

AL-3S 0.083 209.3 -194.3 209.3 0.083 Yes 

AL-2S 0.082 189.5 -168.9 180.6 0.082 Yes 

AL-B 0.083 173.2 -103.1 139.2 0.083 No 

AL-BU-N1 0.086 224.9 -198.4 211.2 0.086 Yes 

AL-BU-B1 0.085 232.2 -194.2 208.5 0.085 Yes 

AL-BU-N2 0.085 175.6 -156.8 166.7 0.085 Yes 

AL-BU-B2 0.084 178.7 -154.9 165.6 0.084 Yes 

AL-D8 0.083 213.5 -202.7 212.6 0.083 Yes 

AL-3C 0.083 199.4 185.2 198.5 0.080 Yes 

AL-D0 0.082 209.7 -196.7 209.1 0.082 Yes 

AL-G 0.083 208.1 -196.5 208.1 0.083 Yes 

AL-D2 0.083 216.5 -202.2 215.1 0.083 Yes 

AL-D4S - 214.0 - - - - 
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Table 5. Stiffener Spacing key experimental results (2 of 2) 

 

-Vdeg +Vdeg -γdeg +γdeg γVmax γmax Vγmax 

AL-4S - - - - -0.030 0.035 100.0 

AL-3S -156.2 167.4 - 0.090 0.085 0.106 109.4 

AL-2S -145.4 151.6 - - 0.044 0.089 180.4 

AL-B -133.8 138.6 -0.076 0.090 0.029 0.090 73.1 

AL-BU-N1 -166.6 179.9 - 0.138 0.130 0.147 90.3 

AL-BU-B1 -168.2 185.9 -0.176 - 0.165 0.171 230.0 

AL-BU-N2 -131.1 140.5 - 0.135 0.128 0.146 74.4 

AL-BU-B2 -130.2 142.9 -0.193 - 0.148 0.189 153.5 

AL-D8 -162.1 170.8  0.099 0.079 0.113 145.1 

AL-3C -148.8 - -0.118 - 0.102 0.102 198.5 

AL-D0 -157.4 167.8  0.134 0.094 0.143 -190.2 

AL-G - 166.5 - 0.097 0.084 0.111 87.1 

AL-D2 -162.2 173.2 -0.117  0.109 0.128 -80.7 

AL-D4S - - - - 0.090 -0.130 -114.0 
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Chapter 5 

Shear Link Stiffener Spacing 

 

5 Shear Link Stiffener Spacing 

This chapter will outline the tests, results, and any conclusions based on experimental shear link 

performance with varying stiffener spacings. A total of nine shear links were tested, and were 

included alongside the links that have previously been tested to generate conclusions. 

Generally, it was found that slender links, those with web aspect ratios (hw/tw) above 25.0, performed 

well under the current AISC stiffener spacing provisions, whilst stocky links performed significantly 

better with stiffeners removed rather than when added. 

5.1 Individual Specimen Performance (Narrative) 

The links were all loaded using the AISC 2005 protocol and the inner panel between the web doubler 

plates was measured for rotation (across e’). The sign convention for rotation and loading is as 

follows: the link was first rotated with the actuator pushing north and this was the negative 

direction. Then it was pulled with the actuator (positive). Thus “-0.090 rad” means the first half cycle 

of magnitude 0.090 rad, and “+0.090 rad” implies that the negative half cycle has already been 

previously reached. The rotation that was ultimately attained was the rotation that was attained for 

both negative and positive half cycles. Given that approximately 0.007 rad of the rotation was due to 

the link’s elastic displacement, in order to reach the AISC required 0.080 rad of plastic rotation, the 

±0.090 rad cycle was the cycle that qualified the link as a success or failure. Although the AISC2005 

protocol does not state this, the criteria for whether the link retained enough strength or not at a 

cycle peak were as follows: if the link has a shear resistance that is greater than 80% of the 

maximum shear resistance so far attained, then that half cycle is acceptable. Otherwise, the link is 

deemed to have not achieved that half cycle. This allows for some limited buckling and/or pinching 

in the hysteresis before the link finally fails. These criteria were previously used by Okazaki (2004) 

and Stephens (2014). 

5.1.1 AL-4S 

The link in Figure 34 performed in a stable manner, until a combination of endplate prying as well as 

flange weld fracture caused the endplate connections to fail in a brittle manner. This link had the 
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complying number of stiffeners for its W14X48 section under the AISC provisions and was expected 

to behave satisfactorily. Thus it was tested first so that any deficiencies in testing did not influence 

other links that were supposed to exhibit performance outside of the current theory. It is unclear 

whether the flange weld failure in photos b), c) or d) preceded or followed the bolt prying failure in 

photo a). Photo d) shows a close up of the torn welded regions and, despite the fact that complete 

joint penetration welds were specified, unwelded parts of the endplate are visible inside the weld 

region. The failed bolt in photo e) shows the type of fracture that it had experienced – ultimate 

failure in tension. Finally, photo f) shows the hysteresis loop that the link had achieved prior to 

failure. Due to issues with instrumentation, data for the link’s shear force was not collected, but was 

displayed at the time of testing.  The graph suggests that the failure was due to a build-up in inelastic 

strains in one of the weak regions, as the final failure occurred with shear forces below all previous 

maximums attained. This link was not used in any of the analyses due to the poor workmanship on 

the endplate. 

5.1.2 AL-3S 

Link AL-3S exhibited a stable hysteretic loop right up until the -0.11 rad cycle where it degraded 

slightly. This was followed by a fracture and load degradation upon attempting to reach +0.11 rad. 

Photos a) through c) show the link at 0.00, 0.07 and 0.09 rad respectively. There are signs of buckling 

in the northernmost (leftmost) panel in photo C. The first signs of vertical cracking along the stiffener 

are in photo d), with e) showing the final crack pattern. Cracks are also visible near the web doubler 

plate weld in photo f), however they were away from critical load paths so did not grow or cause 

issues. Web doubler plates are addressed in a separate sub chapter (7.1). Photo g) shows a close up 

of the fracture and the smooth and shiny surface of the inside of the now exposed web. 

5.1.3 AL-2S 

Link AL-2S exhibited a stable hysteresis, however, starting with approximately the 0.05 rad cycle, 

load degradation was apparent. This was not enough to trigger the failure criteria for links, thus the 

testing continued and technically the link did reach the required 0.080 rad of plastic rotation. 

However, on the -0.090 rad half cycle, a large vertical crack had developed along the top half of the 

northernmost stiffener. Upon reversing the cycle to +0.090 rad, no strength degradation was 

observed, as the load path inside the web panel was unaffected by the first crack. Unsurprisingly, 

upon attempting to reach the -0.110 rad half cycle, the link immediately failed. Photos a) through c) 

show 0.00, 0.07 and 0.09 rads of rotation. Photo d) shows the onset of the crack with the closely 

following photo e) showing the final crack pattern. A close up of the crack pattern is shown in photo 

f). Again, cracks initiating from the horizontal web doubler plate weld can be seen propagating along 

the web to flange interface. In both links AL-3S and AL-2S the buckling tended to concentrate in the 
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one panel and prior to failure it was clear which panel would experience a fracture. This can be seen 

in photo b). 

5.1.4 AL-B 

The AL-B link had no web stiffeners and was not expected to perform satisfactorily. Early on in the 

loading protocol, the hysteretic loops exhibited pinching behaviour. This was due to the fact that the 

entire web panel buckled and upon load reversals it underwent reversals of its buckled shape – thus 

at the midpoint of this transformation the link had low amounts of shear resistance. Photos A to C 

show the link at 0.00, 0.05 and 0.07 rad respectively, with photo D showing the initiation of failure at 

the +0.090 rad cycle. The final X shaped fracture pattern in photo E shows that for each direction of 

load, the fracture was diagonal in shape. This link, according to the degradation criteria, had 

achieved the +0.07 rad cycle, however, it is clear that it had buckled well before this at 

approximately the 0.0375 rad. cycle. 

5.1.5 AL-BU-N1 

The AL-BU-N1 link exhibited a very stable hysteretic loop, without any load degradation right up until 

the last cycle at failure. The hysteresis curve shows that this link can perform in a predictable and 

reliable manner. The peculiar behaviour of this link was that at no point in time did it show any signs 

of buckling. In fact, the failure at the end of the test was a straight vertical fracture along the web 

where the stiffener was, shown by Photos e) and f). Photos a) to c) show the lack of buckling through 

the test.  

5.1.6 AL-BU-B1 

Much like the AL-BU-N1, this link exhibited no signs of buckling throughout the test. In fact, the final 

fracture pattern appears to be a purely weld interface failure, where the plate tore away from the 

web to flange longitudinal weld. The crack in photo e) initiated at the top web to flange interface 

and then propagated simultaneously down through the web, and longitudinally along the flange. A 

close up of the final fracture pattern can be seen in photo f). 

5.1.7 AL-BU-N2 

AL-BU-N2 performed and failed in a very similar pattern to AL-BU-N1. Again, very little buckling can 

be observed. Similarly, the fracture for the link initiated in the leftmost vertical stiffener and then 

spread north and south of the stiffener along the web to flange interface. Unlike the AL-BU-X1 links, 

a dip can be observed in the cycle preceding failure. This is not unexpected as this link had a higher 

web aspect ratio so was more susceptible to buckling. Very small, and potentially irrelevant but 

adjacent fracture initiations were visible from cycle 0.07 rad near the stiffeners, especially near the 

tops and bottoms of the welds. 
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5.1.8 AL-BU-B2 

Link AL-BU-B2 was the exceptional performer among all of the links. It achieved a very high 

rotational ductility with a final rotation of 0.19 rad. This is well beyond anything that is normally 

expected of a link inside an EBF and such high ductilities could prove useful in designing “high drift 

EBFs”, where the EBF is allowed to drift further in order to lower the incoming design seismic forces. 

Some degradation was apparent in the preceding few cycles before failure and a second mode 

buckling pattern can be seen in photo d). Regardless of the buckling, the fractures initiated in the 

web to flange interface, spread almost to the entire length of the link, and have also moved down 

through the web. This latter path was not precedented by any stiffener so it was not clear why the 

fracture flowed there. 

5.1.9 Key Results in Series 

Presented below are the results from deriving a backbone for each of the tests, and then noting 

down key values. Refer to Notation Used on page 164 for an explanation of each of the symbols 

below. 

Table 6. Stiffener Spacing key experimental results (1 of 2) 

 

γreq Vmax -V0.080 +V0.080 γ0.080 Pass 

AL-3S 0.083 209.3 -194.3 209.3 0.083 yes 

AL-2S 0.082 189.5 -168.9 180.6 0.082 yes 

AL-B 0.083 173.2 -103.1 139.2 0.083 no 

AL-BU-N1 0.086 224.9 -198.4 211.2 0.086 yes 

AL-BU-B1 0.085 232.2 -194.2 208.5 0.085 yes 

AL-BU-N2 0.085 175.6 -156.8 166.7 0.085 yes 

AL-BU-B2 0.084 178.7 -154.9 165.6 0.084 yes 

 

Table 7. Stiffener Spacing key experimental results (2 of 2) 

 

-Vdeg +Vdeg -γdeg +γdeg γVmax γmax Vγmax 

AL-3S -156.2 167.4 - 0.090 0.085 0.106 109.4 

AL-2S -145.4 151.6 - - 0.044 0.089 180.4 

AL-B -133.8 138.6 -0.076 0.090 0.029 0.090 73.1 

AL-BU-N1 -166.6 179.9 - 0.138 0.130 0.147 90.3 

AL-BU-B1 -168.2 185.9 -0.176 - 0.165 0.171 230.0 

AL-BU-N2 -131.1 140.5 - 0.135 0.128 0.146 74.4 

AL-BU-B2 -130.2 142.9 -0.193 - 0.148 0.189 153.5 
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5.2 Individual Specimen Performance (Photographs) 

5.2.1 AL-4S 

  

  

  

Figure 34. AL-4S at 0.00 rad and at the final fracture on attempting to reach +0.03 rad. Third and fourth photos show the 
flange fracture. Fifth photo shows the type of bolt failure the pried bolt experienced and the last photograph is of the 

LabVIEW hysteresis captured prior to data loss. 

  

a) b) 

c) d) 

e) f) 
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5.2.2 AL-3S 

  

  

  

Figure 35. Link AL-3S at 0.00, 0.07, 0.09 rad, at the first sign of fracture, at the final fracture and the last image shows two 
close ups of the fracture. 

 

Figure 36. AL-3S hysteresis curve. 

  

a) b) 

c) d) 

g) e) f) 
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5.2.3 AL-2S 

  

  

  

Figure 37. AL-2S: 0.00, 0.07, 0.09 rad, the onset of fracture, the final fracture pattern and close up of final fracture pattern 
in the last image. 

 

Figure 38. AL-2S hysteresis curve. 

  

a) b) 

c) d) 

e) f) 



59 
 

5.2.4 AL-B 

  

  

  

Figure 39. AL-B with 0.00, 0.05, 0.07 rad, initiation of fracture on attempting to reach +0.09 rad, final fracture pattern and 
close up of the final fracture pattern. 

 

Figure 40. AL-B hysteresis curve. 

  

a) b) 

c) d) 

e) f) 
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5.2.5 AL-BU-N1 

  

  

  

Figure 41. AL-BU-N1 at 0.00, 0.07, 0.09 rad. at first fracture, ultimate fracture and a photograph of the close up of the 
ultimate fracture. 

 

Figure 42. AL-BU-N1 hysteresis curve. 

 

 

a) b) 

c) d) 

e) f) 
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5.2.6 AL-BU-B1 

  

  

  

Figure 43. AL-BU-B1 at 0.00, 0.07, 0.09 rad, at first fracture, at final fracture and the last image shows the east side of the 
link at final fracture. 

 

Figure 44. AL-BU-B1 hysteresis curve. 

  

a) b) 

c) d) 

e) f) 
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5.2.7 AL-BU-N2 

  

  

  

Figure 45. AL-BU-N2 at 0.00, 0.07, 0.09 rad, at initial fracture and final fracture. The last photograph shows a close up of 
the final fracture. 

 

Figure 46. AL-BU-N2 hysteresis curve. 

  

a) b) 

c) d) 

e) f) 
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5.2.8 AL-BU-B2 

  

  

  

Figure 47. AL-BU-B2 at 0.00, 0.07, 0.09 rad, at fracture initiation, and at the final fractured rotation. The final photo shows 
a close up of the final fracture rotation. 

 

Figure 48. AL-BU-B2 hysteresis curve. 

  

a) b) 

c) d) 

e) f) 
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5.3 Collated Results 

The backbone curves for each of the web aspect ratios are summarised in Figure 49, where: 

𝛼 =
𝑠

ℎ𝑤
    and     𝛽 =

ℎ𝑤
𝑡𝑤

 

With the x-axis set to be the same length, it is clear that with decreased web aspect ratios (β), the 

rotation achieved increases significantly. What is also apparent is that at higher β values, the effect 

of adding stiffeners (decreasing α) is beneficial. However, for stockier webs, lower α values were 

found to be very detrimental. 

 

Figure 49. Backbones grouped by web aspect ratio for different stiffener spacing ratios for links tested herein. 

The final rotations before strength degradation were added to the database of links from previously 

completed experiments under the AISC2005 protocol and are listed in the table below: 

Table 8. Fourteen links that have been tested to the AISC2005 protocol 

ID Reference Specimen Label Section e' α β γp 

68 Okazaki 2005 4A-RLP W10X33 23.0 0.65 30.55 0.120 

69 Okazaki 2005 4C-RLP W10X33 23.0 0.65 30.55 0.119 

70 Okazaki 2005 8-RLP W16X36 36.6 0.35 50.98 0.117 

71 Okazaki 2005 10-RLP W10X68 36.6 1.38 18.85 0.113 

72 Okazaki 2005 11-RLP W10X68 48.0 1.35 18.85 0.087 

73 Okazaki 2005 12-RLP W18X40 23.0 0.34 53.49 0.119 

74 Mansour 2010 UT-3A W14X68 35.0 0.70 30.27 0.110 

75 Mansour 2010 UT-3B W14X68 35.0 0.70 30.27 0.110 

81 Stephens 2011 14DBase BU14X74 45.0 3.60 25.00 0.105 

100 Volynkin 2016 AL-3S W14X48 34.0 0.67 37.09 0.089 

102 Volynkin 2016 AL-BU-N1 BU10X58 36.4 2.28 18.29 0.133 

103 Volynkin 2016 AL-BU-B1 BU10X58 36.4 4.56 18.29 0.170 

104 Volynkin 2016 AL-BU-N2 BU10X56 36.4 1.52 21.33 0.134 

105 Volynkin 2016 AL-BU-B2 BU10X56 36.4 4.56 21.33 0.192 
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5.3.1 Kasai’s 1986 Equation (Eqn 8.14) 

The original academic equations (namely equation 8.14 from Kasai’s work in 1986), were used to 

model the relationships between the rotation achieved prior to buckling (γp), α and β values for links. 

“Equation 8.14” is as follows: 

𝛼1 = √
48.720

2𝛾𝑝𝛽
2 − 78.125

 

𝛼2 = √
78.125

2𝛾𝑝𝛽
2 − 48.720

 

Where if the resulting α is larger than 1, use α1 else use α2. At α = 1; α1 = α2 = 1 (when 2γpβ
2 = 

126.845). Coincidentally, the value of β when γp is set to 0.080 rad is 28.0 and the first link to exhibit 

stocky behaviour had β = 25.0 (Stephens’ Link14D, 2014). Although the function of γp is f(α, β), and 

this would imply a three dimensional graph, a two dimensional graph was used by Kasai. For this 

reason, the relationship: γp ∝ β2 is implicit in the graph: that is, for a fixed α, as the square of the web 

aspect ratio decreases, the plastic rotation achieved increases in direct proportion. This is a 

reasonable assumption, especially for the more slender links. The original work by Kasai did not have 

the benefit of an established loading protocol to test his links against, thus he used the parameter �̅�𝐵 

to measure the maximum rotation attained since the last time the shear link had zero load in it. (see 

Fig. 8.5 on pg. 255 of Kasai’s 1986 Report). This value was somewhat independent of the loading 

history. At the end of his derivations, he approximated 2𝛾𝑝 = �̅�𝐵 so for the purposes of converting 

the original equation this approximation was used straight away. In reading this graph, the 

horizontal distance of the solid line to the data points is important as it represents the over or under 

prediction of γp attained. 

Figure 50 a) shows the plot from the original PhD Dissertation where approximately 30 links were 

tested, and the stiffener spacing equations were refined (Kasai 1986). Figure 50 b) shows the links 

from Table 8 plotted with the same axes limits used. Despite a number of changes outlined in the 

literature review portion of this thesis (1.2), the old equations appear to follow the data quite well 

and are used in the following discussion. 

The following derivations and reasoning describe the process used to reach conclusions about how 

many stiffeners should be placed in a link; and some potential design equations are presented in 5.7. 
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Figure 50. Comparison of Eqn 8.14 from the original plot by Kasai (1984), with the latest results plotted on the right, with 
the use of similar axes limits. 

 

5.3.2 Pre and Post-AISC2002 Links 

 

Figure 51. Eqn 8.14 with every link so far tested segregated by the use of a formal protocol or not. 

The figure above contains all shear links that were ever tested and they are split by those that were 

tested using a formal protocol (either AISC2002 or AISC2005 or AISC2002 with a slight modification) 

0.0

1.0

2.0

0 200 400

α

2γp β
2

a) b) 
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or not. It is clear from this graph that links tested informally have attained much higher rotations for 

their aspect ratios. This is likely due to the fact that the older loading histories were very short 

(approx. 10-17 cycles) as opposed to the modern loading protocols (AISC2005 has 36 cycles). Thus, 

the data was reduced to AISC2002 or newer links. 

5.3.3 AISC2002 vs AISC2005 Protocol 

Unfortunately, the AISC2002 protocol was very demanding and all but three links tested under it are 

not predicted unconservatively using Eqn 8.14. The AISC2005 protocol was derived using a rational 

method where EBF FEA models were subjected to earthquakes, their link damage demand was 

monitored, and a protocol was derived that had a similar link damage demand parameter. This is in 

contrast to the 2002 protocol which was simply a quick conversion from a protocol for moment 

resisting frames and had no rational basis. The links tested under the 2002 protocol could potentially 

have been used to conservatively derive stiffener spacing provisions, however, using them would 

skew any equations arising out of this and there are enough AISC2005 links to draw conclusions 

from. Thus, the AISC2002 links were also discarded due to such large differences in performance. 

 

Figure 52. Comparison of link tests under the AISC2002 and the AISC2005 protocol. 

5.3.4 Built-Up vs. Hot Rolled Links 

The figure below shows the links grouped by whether the section was made of plates (Built Up) or 

was a Hot Rolled W section. The figure has each of the link’s ID numbers for easy identification. In 

general, the built up links were much more conservatively predicted by Eqn 8.14, however at this 

stage it was not yet clear if this was due to the built up links being generally very stocky. Two links on 

the graph are predicted unconservatively and require an explanation: link 71 and 82. 
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Figure 53. Comparison of the performance of built up and hot roller links, with ID labels from Table 8. 

Regarding link 82, it had a very high web slenderness ratio (β = 24/0.25 = 96.0) and did not comply 

with the stiffener spacing criteria. Table D1.1 in the AISC Seismic Design manual does not list a 

requirement for shear link’s webs to be of a certain slenderness. The only provision that is close to 

requiring a web aspect ratio is the one for beams, likely intended for MRFs: 

96.0 ≰ 1.49√
𝐸

𝐹𝑦
 

96.0 ≰ 35.9 

The New Zealand code does not expressly have a requirement for shear links, however, they must be 

“Category 1” members which implies β ≤ 82.0 (Cl 12.2.6 of NZS3404). 

Furthermore, link 82 achieved a very low rotation. At low rotations, the distinction of when the link 

has failed and/or buckled becomes more arbitrary, and choosing a value that it failed at would be as 

arbitrary as directly placing the data point into Figure 53 on the Eqn 8.14 line. Thus it was discarded 

so that it did not have any undue influence on the trends observed closer to the desired rotation 

level of 0.080 rad. 

The last unconservative peculiarity was the behaviour of link 71 (Okazaki’s 10-RLP) and link 104 (AL-

BU-N2). These links had almost identical dimensions, had the same length e’, and were subjected to 

the same loading protocol. Despite this, link 104 performed better by 1 cycle. This is significant 

because the accumulated damage is exponentially higher at each additional cycle, for the later cycles 

(beyond 0.07 rad). Only the flange slenderness for the links was different (6.52 vs. 5.75 respectively) 

as well as the fact that one of them was made out of plate steels. A potential explanation for the 
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poorer performance of link 71 may have had to do with the residual stresses inside hot rolled 

sections in the k-area of the web. Plate steels do not have this issue. They do have a heat affected 

zone due to the welds connecting the web to the flanges. However, any increases in stiffness in that 

zone are an order of magnitude lower than in hot rolled links (Hassan et. al. 2015). Also consider the 

extent of paint/rust flaking in Figure 35 c) as opposed to Figure 41 c) as an example of a hot rolled 

section showing less signs of deformation in the k-areas. 

With the data available it is difficult to say whether stocky unstiffened W section links can perform 

as well as links 103 or 105, and this should be an area of further research. That is, the issue with the 

data is that almost all of the high performing stocky links are built up links; and comparable W 

section links can only be assumed to perform at a slightly lower level as the comparison of 71 to 104 

shows. 

In the following analysis, link 82 was excluded, but link 71 had to be included as no good reason was 

available for removing it. 

5.3.5 Results Herein 

The dots with ID labels of 100 or above in Figure 53 indicate links that were tested as part of this 

study. This study has greatly expanded the high α, low β types of links and has shown that they can 

perform to a very high level. Link 100 (AL-3S) does reconfirm the applicability of the stiffener spacing 

formula in the slender ranges. Whilst link 100 conforms to the past trends, the stocky built up links 

break the expectations set by Eqn 8.14 with rotational ductilities much higher than expected. 

5.3.6 Adopted vs. Analytical Equations 

At the end of Kasai’s report, the following equation was put forward for potential adoption by 

designers: 

𝑠

𝑡𝑤
+
1

5

𝑑

𝑡𝑤
= 29  (𝑠 ≤ 𝑑) 

The above is valid for links that are to reach 0.080 rad. For the purposes of analysis, 0.2d was 

converted back to its equivalent hw value and all future calculations of the web aspect ratio include 

the use of hw over d. The d value was initially put forward as a conservative convenience for 

designers, however given that hw values are easily calculated and yield more accurate results, there 

is no need to complicate this equation. The s ≤ d requirement was not adopted into any code 

provisions and was intended to help links with lateral torsional buckling. Such a provision would 

have been extremely detrimental to stocky links as they benefit from having fewer stiffeners. 

The adopted AISC equation was derived using the following approximation: 
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𝛼 = (𝑥1 − 𝑥2𝛽)/𝛽 ≈ √
78.125

2𝛾𝑝𝛽
2 − 48.720

 

Where x1 and x2 were fitted to be 30.0 and -0.215, and after re-arranging the following equation (in 

terms of hw instead of d) is the result: 

𝑠 = 30𝑡𝑤 − 0.215ℎ𝑤 

The NZS3404 equation in CL12.11.4.2 is: 

𝑠 = 38𝑡𝑤 − 0.215ℎ𝑤 

A comparison of these provisions is plotted in the graph below for rotations of 0.080 radians: 

 

Figure 54. Various adopted code provisions for stiffener spacing (at γp = 0.080 rad). 

Kasai’s line was and still is a conservative approximation to even the latest data in the slender range. 

His recommendation to not have s > d effectively meant that only slender links would have been 

selected as they would have proven to be more cost effective. This was not adopted, and the AISC 

line follows Kasai’s line very closely. However, the benefit in using stocky links is not realized and 

again, effectively there was no incentive to select stocky links. The New Zealand Standard line is 

somewhat unconservative and should be changed to be the same as the AISC line for the slender 

range. 

As it stands now, designers cannot use the current code provisions to detail links to reach anything 

beyond 0.080 rad. This is because the code equations were derived assuming γp = 0.080 rad and 

using those equations in attempting to design a link that, for example, should reach 0.120 rad results 
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in a situation where the red line shifts to the right and becomes unconservative (Figure 55). This 

subject is explored in 5.8. 

 

Figure 55. Current provisions make it impossible to design to rotations beyond 0.080 rad. 

5.4 Slender Link Stiffener Spacing 

Slender links according to Eqn 8.14 are classed as β ≥ 28.0, however, for the purposes of consistency 

with experimental data, this study classes them with β ≥ 25.0 as link 81 is the most slender stocky 

link that has exhibited a high performance with a less than recommended number of stiffeners. 

The stiffener spacing prescribed by the AISC equation as it currently stands is an accurate equation 

and should continue to be used in this range. There isn’t much scope to loosen any criteria here, and 

when compared to the potential increases in rotation that a stocky link can achieve when stiffeners 

are removed (for example, an increase from 0.133 rad to 0.170 rad for links 102 and 103), attention 

should be focused in the stocky area instead. 

The only prudent change, however, is to use the equation in terms of hw rather than d. The hw values 

are readily available in the same dimensional tables as values of d, and hw more closely corresponds 

to the relevant physical phenomena at play. 

5.5 Stocky Link Stiffener Spacing 

Stocky links are classed as having β ≤ 25.0. A number of approaches were attempting in fitting a 

trend line to the existing stocky link data, however a comprehensive enough model was not 

attainable due to the low number of link results available. Thus, the simplest approach was to 

introduce a discontinuity in the stiffener spacing equation, and recognize two important edge cases: 
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 Link 81 had the highest β of the stocky links and had α = 3.6 

 Link 105 had the lowest β of the stocky links and had α = 4.6 

Thus, it was assumed that the best α possible at β = 25.0 was 3.6 and if the aspect ratio is decreased 

to 18.3 then the stiffener spacing to web height can be increased to 4.6. This doesn’t mean that any 

actual phenomenon will follow these trends, β = 25.0 links may well be able to handle higher α 

values. However, this is the data as it is available now and if designers select similar geometry, then 

similar behaviour could be expected. 

Linear interpolation was used in between these two edge cases. This results in an equation that is in 

familiar terms below: 

𝑠 = 144𝑡𝑤 − 2.2ℎ𝑤 

𝑠 ≤ 4.6ℎ𝑤 

One caveat with this equation is that a designer may be tempted to derive the lower s value for 

stocky links at s ≤ 3.6 hw and use that with the assumption that more stiffeners are conservative. 

However, they will need to be aware that this is not true and that they are harming their link’s 

rotational ductility. Nevertheless, from the data presented in Table 8 it is clear that even in the 

presence of excessive stiffeners, links still tended to perform to 0.110 or 0.130 rad, which is beyond 

the required 0.080 rad. 

The above design equation suggests the use of no stiffeners for any of the stocky links in Table 8. 

This implies that link 71 should reach higher rotations than the 0.113 rad that it had achieved with α 

= 1.38. Whilst a physical example of a hot rolled link reaching high rotations would be best to 

confirm this, it should be recognized that the notes on the final failure mode for link 71 were stated 

as “Fracture of web at stiffener weld” (10-RLP, Okazaki 2005). The buckling of other links was noted, 

but no mention of it exists for this link. In fact, no buckling was noted for the same link that was 

tested to the more stringent AISC2002 protocol either. This indicates that the failure type was similar 

to link AL-BU-N2 (Figure 45 e) where the link fractured along the stiffener, but no web buckling was 

apparent. If the trend for a bare 10-RLP link is the same as that for the AL-BU-B1 link, then higher 

rotations should possible with hot rolled sections as well. 

For the sake of simplicity of use, a valid approximation is included in the stocky portion of the above 

equation. The result is a slightly less conservative, but a very close, value for s in the range 20 ≤ β ≤ 

25.0. Had the equation been derived without any approximations, and, again, with the use of points 

81 and 105, it would have the following form: 
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𝑠 = 10.25ℎ𝑤 − 0.270 
ℎ𝑤

2

𝑡𝑤
 

𝑠 ≤ 4.6ℎ𝑤 

The above could be referred to as the “academic” version of the stiffener spacing equation as it may 

follow any future trends closer than the design equation, especially beyond the web aspect range 

stated. 

5.5.1 Mechanism of Action 

No clear mechanism or model of action was deduced for why links with extra stiffeners fractured at 

lower rotations. Clearly, fractures were initiated due to the rigid stiffener-to-web-weld region. As the 

link rotates, the web tends to deform and buckle, but is prevented from doing so by the rigid 

stiffener zones. Hence tearaways start along the vertical stiffener weld. 

The below equation was an attempt to explain the decrease in rotation attained: 

𝛾𝑜𝑣𝑒𝑟𝑎𝑙𝑙 = tan
−1

2𝑏 sin𝛾𝑖𝑛𝑛𝑒𝑟
2𝑏 sin𝛾𝑖𝑛𝑛𝑒𝑟 + 𝑡𝑠 + 2𝑡𝑤𝑠

 

Where γinner is the rotation of the inside panel, excluding the rigid stiffener widths of the stiffener 

thickness, ts, and weld size, tws. By comparing the resulting γoverall (effectively γp) to γinner an inference 

can be made to what the overall link rotates to and what each deformable region rotates to. The 

increase in γinner using dimensions and rotations from AL-BU-N1 were only 3% larger than the overall 

rotation, and this equation was not a satisfactory model for explaining the approximately 30% 

increases in rotations. Hence, a different physical phenomenon was likely at play and may need 

further investigation. 

With the data available now, it is not possible to make a reliable correlation between number of 

extra stiffeners and the decrease in performance. Regardless, if future research could be so directed, 

with more bare link data points in the stocky range, the recommendations could simply be to not 

use any stiffeners at all. In this case, modelling the above mechanisms of action would be redundant. 
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5.6 Final Design Line 

The final equation for design is plotted below: 

 

Figure 56. Final design line with existing data. 

Links in the slender range (β > 25) are prescribed using the current AISC equation. The discontinuity 

with the dotted lines shows the large increase in permissible stiffener spacing past the 

stocky/slender classification. The sloped line at the top models the increases in permissible spacing 

with lower aspect ratios, and this is based on data points 81 and 105. The final flat line is based on 

data point 105, as that is the largest stiffener spacing to web height ratio that was attained. Links 71 

and 102 are to the left of the line, meaning that they are predicted unconservatively. However had 

link 102 been detailed to the new equation it would have performed to the right of the line, and this 

is exactly what link 103 represents. Likewise, link 71 is theorized to have increased performance if 

stiffeners are removed. The supporting evidence for this includes the fact that the description of that 

link’s failure is similar to what is seen in link 104 (Figure 45 e) and f). 
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5.7 Design Suggestions 

DISCLAIMER: These are merely suggestions and are provided as they are. The author(s) do not take 

any responsibility for the use or misuse of the below. No warranty is given, no liability is accepted. It 

is up to the reader to do their own due diligence or conduct any extra study or experimental 

program before they may want to use the following equations. 

5.7.1 Web Slenderness Limit 

ℎ𝑤
𝑡𝑤

≤ 2.4√
𝐸

𝐹𝑦
 

This should yield values of 58 for 55ksi steel, and the most slender links that have been tested 

successfully had a web aspect ratio of 55. 

5.7.2 Slender Links (β > 25.0) 

𝑠 = 30𝑡𝑤 − 0.22ℎ𝑤 

This is the same AISC equation as the one already adopted by the Seismic Design Manual. The only 

difference is that hw replaces d, which is assumed to be 10% higher than hw for typical EBF link 

sections. The use of the hw term is more consistent with theory and the rest of the equations 

presented here. 

5.7.3 Stocky Links (β ≤ 25.0) 

𝑠 = 144𝑡𝑤 − 2.2ℎ𝑤 

𝑠 ≤ 4.6ℎ𝑤 

The use of stocky links is recommended and the use of quality fabricated built up sections is strongly 

encouraged as they attain far higher rotations. Use the closest s that results from above. Do not use 

3.6hw for all stocky links as this is not conservative. 

5.7.4 Stocky Links Limits 

Potentially, the length and maximum spacing of stocky links may be limited to 45.0 in. The main 

reason for this would be to not use any dimensions in practice that have not been previously tested. 

Kasai (1986) raised concerns about lateral torsional buckling which can be mitigated with the use of 

stiffeners, and may be necessary at longer link lengths. Clearly this requirement conflicts with 5.7.3. 

Furthermore, any scaling effects with the use of larger links are not clear. Previous tests by Popov 

included full scale and reduced scale specimens and no mentions of explicit scaling adjustments or 

concerns were encountered in reviewing the literature. 
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5.8 High Drift EBFs and Maximum Considered Events 

Despite all of the literature referring to a link rotation of 0.080 rad as a threshold of acceptable 

performance, this line of thought is not exactly correct. Buildings designed with a drift (and 

therefore seismic forces) based on a link rotation of 0.080 rad are in reality expected to have link 

rotations 1.5x higher than that at 0.120 rad for Maximum Considered Events (MCEs). If the slender 

range of links were designed to rotate to 0.120 rad, then the stiffener spacing equation would have 

to be: 

𝑠 = 25𝑡𝑤 − 0.1ℎ𝑤 

The conservatism inherent in the current AISC equation is not enough to cover the MCE 

requirements and the spacing must be stricter. 

The high ductilities encountered in stocky links does mean that they can be used for “High Drift 

EBFs”, where an MCE drift of 0.17 rad is assumed and the EBF is designed to a drift level 

corresponding to a link rotation of 0.11 rad. This should reduce the seismic forces going into the 

building and reduce the sizes required for all seismic elements, so long as the earthquake forces are 

the governing forces and the designer is satisfied with the lowered damage threshold. 

5.9 Conclusions 

To summarise, the following was discovered after testing and analytically examining the trend within 

link stiffener spacing: 

1. Low web aspect ratios are beneficial, as the web is much more resistant to buckling past a 

transition point. 

2. The point where a link is stocky is theoretically β=28 but experimentally β=25 is a more 

prudent cut off value. 

3. Slender links already have an appropriate stiffener spacing equation, while stocky links could 

have theirs relaxed and they will benefit from increased rotational capacities. 

4. Stocky built up sections are likely to have a larger deformable steel area and are likely to be 

more ductile than hot rolled sections. At present, it is unknown how detrimental the use of a 

hot rolled section may be; nevertheless hot rolled stocky sections are still expected to reach 

high rotations without the use of stiffeners. 

5. Given the known information, a stocky custom made built up section is recommended for 

use as a shear link. 
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5.10 Future Research Suggestions 

The following tests in shear link performance would be highly beneficial: 

1. Test the 10-RLP link (Okazaki, 2005) but without any stiffeners. 

2. Test more links in the stocky range without any stiffeners to attain an upper limit for the 

length (e’) and/or unstiffened length (s) that these shear links could be built to without 

laterally-torsionally buckling or having the webs buckle. 

3. Test more hot rolled links in the stocky range and compare their performance to built up 

links. A simple factor could be introduced into the design where built up links are assumed 

to be able to rotate to higher levels than hot rolled links. Stocky hot rolled links may also be 

more economical than built up links at a cost of a slight degradation in performance. The 

residual stresses inside hot rolled shapes are likely the reason for their lower performance. 

This is evidenced by the fact that the pattern of paint and rust layer flaking on a built up link 

is consistent across the entire web, whilst for hot rolled links, the inner half of the web tends 

to take the damage first. Refer to the photos taken during each of the tests for a visual 

representation of this (for example, Figure 35 c) as opposed to Figure 41 c). 

4. Derive the theoretical relationship between extra stiffeners and the reduction in rotation 

that a stocky link may achieve. If enough data points from the other above topics are 

attained, this will become irrelevant. 
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Chapter 6 

Shear Link Stiffener Spacing – Finite Element Analysis 

 

6 Shear Link Stiffener Spacing (FEA) 

This chapter will outline the Finite Element Modelling that was undertaken in order to extrapolate 

the existing data on stiffener spacing to a broader set of steel shapes. A model was derived with 

material parameters calibrated such that it mimics the hysteretic behaviour of test AL-3S. AISC’s 

sections were all filtered by the flange slenderness criteria, and links were designed based on these 

sections. Each section was run in priority sequence, and for 59 out of the available 156 sections 

adequate stiffener spacing was obtained. Then, using a scoring method, various equations were 

derived and/or evaluated against this data set. The resulting final design equation validates many of 

the experimental findings with steel shapes that have not been tested, and also permits a slightly 

higher stiffener spacing criteria to that found by experimental work. The finite element program 

ABAQUS (v6.14, SIMULIA 2014) was used for this purpose along with supporting scripts to automate 

the entire process. In this chapter, Abaqus terminology will be used. For an audience with a general 

understanding of Finite Element Concepts, the terms will make sense through context and their 

repeated use in different situations. The XYZ triad seen in many of the output images correspond to 

directions 1, 2 and 3 respectively. 

6.1 Domain Description and Link Design 

The parameters changed in this study, s, tw and hw, were taken to be the influencing factors in 

determining whether a link would buckle before or after it reached the 0.080 rad of plastic rotation. 

The table of hot rolled sections provided by the AISC was used as a starting point. The links that had 

complying web aspect ratios and flange slenderness ratios for shear links were filtered and this 

resulted in a subset of 157 sections. These can be seen in Figure 57 on an hw – tw plot. These sections 

were then evaluated for their maximum length using e ≤ 1.6 Mp/Vp and e was set to 75% of this 

maximum. Web doubler plates were provided with a flat rule of ld = 4 in. At the time of this study’s 

conception, some analyses on the experimental data was available and rather than designing the 

links to a stiffener spacing as currently specified by AISC, the following equation was used as a 

starting point: 



79 
 

𝑠 =

{
 

  32𝑡𝑤 − 0.07ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

≥ 25.0 𝑒′ ≤ 37.0 in.

169𝑡𝑤 − 3.77ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

≤ 25.0 𝑠, 𝑒′ ≤ 37.0 in.

 

To evaluate the links in order of importance, all of the sections were placed on a continuum from 

small to large β ratios. The number of links to evaluate for a given “level of inclusion” or nRS followed 

the Rudin-Shapiro sequence. That is, the number of links to evaluate for nRS was 2nRS + 1. This was an 

example of a time bound problem where a reasonable approximation of link behaviour across 

multiple sections was calculated, given a limited amount of time available for these calculations. 

Thus, at any one time, enough results exist for analysis. Given more analysis time, the results may 

gain accuracy but are increasingly less likely to express any new trends not seen with lower amounts 

of data points. The green colour map used in Figure 57 shows darker dots with a lower nRS value. 

 

Figure 57. Complying sections. Darker shades of green were analysed first. 

Later in the process, complying New Zealand sections were also analysed. Perfectly optimized built 

up sections were not analysed, as the objective was to check the behaviour of available sections. 

Built up sections may perform too well, given that their flange size and slenderness improves 

performance in some cases, so these imperfections were left in place. 
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6.2 Model Description 

The model consisted of a single part and hence no tie constraints were required. It was made up of 

56 thousand C3D8 elements which are first order hexahedral “brick” elements. The thicknesses of 

the plate elements all had four elements through them or more whilst the rest of the part had a 

global mesh seed spacing of 0.5 in. or less. The entire meshed link can be seen in Figure 58 (top). The 

dark green components were the A507 material whilst the rest of the link was the A992 material. 

The parameters of each are summarised in Table 9. In the table, only the final values are shown, the 

parameters for A992 were changed iteratively in 6.3. 

Before running each analysis, including during material calibration, a buckling imperfection step was 

carried out in the model. This consisted of two components: the shape and magnitude. The buckled 

shape chosen was the shape in the first 12 fundamental mode shapes that would best induce web 

buckling, that is, the shape that had the link’s web off-centre as much as possible. Additionally, due 

to the nature of mode shapes, the entirety of the link was displaced slightly. Thus imbalances were 

free to develop anywhere in the link during the time history analysis. The magnitude of the buckled 

shape was chosen to correlate with the fabrication tolerances of W sections found in the AISC Steel 

Construction Manual (2012). The value used was 1/16th of an inch of web deformation of its height 

for a W14x48 section. 

 

 

Figure 58. Above: mesh of model; below: interaction and boundary conditions used. 

The lower image in Figure 58 shows a pinned boundary condition holding one end of the link in 

place. The other side is constrained to a single point using a kinematic coupling. This point is moved 
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in the +Y or –Y direction, however this point’s movement is constrained in the X, RX, RY and RZ 

directions. That is, the entire endplate is moved without rotating in any direction about the point; 

however it is free to move along the link’s longitudinal axis. This “folding parallelogram” type of 

movement is identical to that experienced by a shear link in any of the types of eccentrically braced 

frame set ups. The crossed pink lines show theoretical LVDTs that measure the inside rotation of the 

shear link. Each of the four corner points was tracked in location and the shortening/elongation of 

each theoretical LVDT was used to calculate the link’s current rotation. The links were loaded using 

the AISC2005 loading protocol which was expressed in terms of rotations and not displacements. 

Given that only displacements could be prescribed for Abaqus, a custom user subroutine was written 

in FORTRAN. It monitored the current rotation in the time history and updated the enforced 

displacement on the boundary condition according to the loading protocol. A close correlation 

between rotation and the displacement in the Y direction was not possible due to the web doubler 

regions; hence the use of a subroutine. In this way, during the material parameter derivation phase, 

the link followed the exact same path as the AL-3S link in the experiment, and the shear response of 

the link was isolated to purely the material parameters used. 

The material model used can be found in the Abaqus manual under the name of a “combined 

isotropic and kinematic” hardening model. This was the most sophisticated steel model available in 

Abaqus and it closely resembled the overall global behaviour of the shear link. Generally, the global 

behaviour of the shear link takes the same form as the material behaviour. The full explanation for 

how the material model strain hardens can be found in the Abaqus manual, however, each of the 

parameters is briefly explained herein. The value for E defines the elastic portion of the material 

deforming and σy defines the point at which the material starts behaving inelastically. The values for 

Ck and γk are for a k number of “backstresses”. In the simplest case with k=1, C1=0.05E, γ1=0.0, the 

behaviour of the material is elastic-plastic with a post elastic slope of 5% of E. In the case of γ1 ≠ 0.0, 

the effective value of C1 degrades with larger strains (the actual behaviour is slightly more 

complicated than that, but the full explanation is beyond the scope of this thesis). This yields a post 

elastic slope that is curved, resembling the hysteretic curves from experimental link performance. 

Increasing the number of backstresses to k=2 allows the curve greater freedom to take the shape 

found experimentally. The combination of the final backstress being specified as C3 ≠ 0.0 and γ3 = 

0.0 yields a curve with a final post-elastic stiffness that does not degrade, much like the elastic-

plastic example from earlier. The Q∞ and b values pertain to cyclic hardening, and increase the yield 

surface as the entire experiment progresses. So with larger accumulated strains, the yield surface 

increases. The formula for this is of the form: 

𝜎𝑦  =  𝜎0  +  𝑄∞ (1 − 𝑒
−𝑏�̅�𝑝𝑙) 
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where σ0 is the initial yield surface and the 𝜀̅𝑝𝑙 term is the accumulated strain (positive and negative) 

over the life of the element’s direction. Inspecting the term that multiplies Q∞, it is clear that it 

asymptotically approaches 1.0 over the course of the model’s life. The effect of cyclic hardening can 

be seen in the tops of the hysteretic loops whereby they show higher shear forces as a newer cycle is 

overlapped on top of an older cycle. 

6.3 Material Parameter Derivation 

Geometrically, the finite element model closely resembled the real life AL-3S specimen. Likewise, the 

enforced rotations on the model were exactly the rotations that the AL-3S was under. This leaves the 

exact material parameters (E, σy, Ck, γk, Q∞, b) to be calibrated, as the shear resistance was the 

response variable that was used to evaluate how well the finite element model represented reality. 

Essentially, a large optimization problem was set up, with the material parameters as variables and a 

measure of correlation as the objective function. The objective function was defined as the residual 

sum of squares (RSS) for selected points in the time history. That is, the difference between the 

shear forces attained experimentally and the shear forces as reported by the finite element model. 

The RSS points were selected to be the last few stable cycles in the experimental hysteresis. This was 

because the many initial cycles were not critical to the performance evaluation of the model, so they 

were designated not to have any undue weight in the objective function. Similarly, any behaviour 

recorded post buckling is also excluded from the RSS points as the FEA model cannot accurately 

predict that portion of the loading. The RSS points are represented as blue dots in Figure 59 below: 

 

Figure 59. First full run of model compared with AL-3S experimental data. 

Initially, a one dimensional, single element model was built using python, in order to evaluate how 

the whole problem may respond to optimization algorithms. A “differential evolution” algorithm 
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(SciPy v0.15.0, 2015) was used with over ten thousand model evaluations to give good agreement 

between the single element model and the experimental data. The results from this algorithm were 

scaled from being in terms of rotations and shears into strains and stresses to give a first 

approximation of the correct material parameters for the full link model (Figure 59). 

Whilst the one dimensional model had a run time of less than three seconds, the full model had a 

run time of approximately three hours. Hence, it was not practical to use differential evolution or 

any other Monte-Carlo type methods. A simple method of optimization was utilized by the name of 

“gradient descent” (Wikipedia, 2015). In two dimensions, it is illustrated in Figure 60 a). In the image, 

each of the two planar dimensions represents the values of each of the variables. The contours 

shown represent the value of the objective function based on the current values of the variables. 

The two variables act as coordinates for the position of the current value of the objective function. 

Although the overall shape of the surface is not known, the method calls for deriving first a direction 

based on the steepest slope that the direction produces. For this, the objective function is 

differentiated in each of the two directions and from this a direction is obtained that produces the 

largest slope change. Then a step is taken in that direction. The step is either fixed in size or a sub-

optimization strategy can be employed. This method produces large improvements in the 

optimization function early on in the process, however the number of required function evaluations 

per a change in the objective function value increases exponentially. Furthermore, if a solution 

surface is similar to the valley in Figure 60 b), the largest gradients to descend on tend to be almost 

perpendicular to the direction of the optimal solution. 

 

Figure 60. Gradient descent under a) typical conditions and b) valley like conditions, presenting a difficulty for the 
algorithm. (Ludovic 2016). 

The gradient descent method was applied to the full model with its nine variables. The residual sum 

of squares was the objective function. Given that the function could not be explicitly differentiated 

for a gradient, each of the variables was changed one at a time to determine the change in RSS for a 

given movement in each of the variables. Parallel execution was utilized where possible, and each 

http://ludovicarnold.altervista.org/teaching/optimization/gradient-descent/
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step had a varied “learning rate” or step size applied to it with a polynomial function used to 

approximate which learning rate gives the best improvement to the RSS value. This is illustrated in 

Figure 61 b) where models MP3390 to MP3392 were run with learning rates that were mainly 

educated guesses, however with three points available, a second order polynomial was fitted to 

estimate the learning rate for MP3393 – which had an RSS very close to that predicted by the 

polynomial. 

  

Figure 61. a) example of a polynomial search and b) the cumulative minimum RSS value over time. 

The diminishing improvements in the RSS can be seen in Figure 61 b). Towards the end of the 

optimization, many of the variables had to be moved very small amounts in order to obtain a 

gradient and given that each iteration took up to three hours to evaluate, after 60 of these 

evaluations the optimization was stopped so that the rest of this research project could continue. 

This type of problem is an example of a “time bound” algorithm where with more time input the 

solution could be improved. Any further improvements to the optimization would have to be 

calculated using parameter estimating techniques where a more complex function is fitted onto the 

solution space in order to predict where the next best solution could be. This is similar to the 

polynomial function in Figure 61 a) but for n variables. 

 

a) b) 
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Figure 62. a) final parameters used with the RSS achieved; b) small time step iteration to illustrate correlation. 

The two figures above show the final model evaluation, and the hysteresis curves on the right show 

a very close agreement between the two. The model on the left used an increased time step size for 

faster evaluations, and the final run on the right was completed for the purposes of illustration. The 

final parameters used in the model are in the table below: 

Table 9. Final material parameters used (along with ν = 0.3 and ρ = 0.29 lb/in3) 

 E (ksi) σy (ksi) C1 (ksi) γ1 C2 (ksi) γ2 C3 (ksi) γ3 Q∞ (ksi) b 

A992 30,980 22.08 2,700 155.8 14,752 650.7 59.2 0.0 41.54 0.294 

A507 29,000 55.00 1,560 75.0       

           

6.4 Robustness of Fit and Failure Criteria 

In addition to the low fitting error attained with values of residuals dropping from 1x106 to orders of 

magnitude of approximately 1x104, the values of the material parameters themselves were also 

broadly constrained to typical values found from tensile tests or component tests. That is, even 

though a lower final RSS value would have been attainable for fitting the material parameters in the 

preceding section, it was important to ensure that the parameters themselves had realistic values. 

For example, in steel, the value of Young’s modulus is generally 29,000 ksi. There would have been 

little value in allowing the E variable to drift far away from this value, as when using these material 

parameters in a slightly different application (i.e. varying the stiffener spacing), it would be more 

likely that the variable would be over fitted to the calibration data set. This would have resulted in 

inaccurate predictions for link models that were even slightly different to the calibration models. 

Figure 62 shows excellent correlation with the global behaviour of the link, however there was no 

clear correlation with the failure point of the link. The hysteresis curve does show a slight 

a) b) 
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degradation, which is present in typical experimental data, where a slight degradation precedes a 

larger buckling or buckling with fracture event. Attempts to include a fracture criterion were 

unsuccessful as the available A992 steel material parameters in the literature (for example, Kiran & 

Khandelwal, 2014) were specific to the uniaxial tensile tests in their own study. Hence a tighter 

degradation criterion was used with a 2.5% instead of 20% threshold. The 2.5% value was selected 

because when FEA versions of the AL-B, AL-2S and AL-3S links were run, 2.5% shear strength 

degraded rotations were the closest to their experimentally obtained rotations, with any residual 

errors pushed to be conservative errors. Figure 63 a) and b) show the difference in hysteretic 

behaviour when an extra stiffener in a W14x74 link was added. The two hysteresis curves also show 

the conservative subtlety of this 2.5% degradation criterion. The output plots (Figure 63 c) and d)) 

show the large difference in buckling on the final cycle (0.170 rad). One link buckled outward to 

approximately 3 in., whilst the other link buckled to half that distance. It should be noted that at this 

point the time history is well beyond the 0.080 plastic rotation value, and in both cases the link has 

already been deemed as degraded. 

In a typical shear link backbone, the main stages of behaviour change that would need to be 

captured by a numerical model for prediction purposes consist of: 

1. Elastic behaviour 

2. Strain hardening 

3. Initial buckling and strength degradation 

4. Buckling behaviour 

5. Fracture behaviour 

However, in terms of the cost of capturing items 4 through 5 weighed against the potential increases 

in rotation values that the FEA would have provided, modelling such behaviour would not have been 

efficient. From the experimental hysteresis curves herein, it can be seen that the first small amount 

of strength degradation preceded the full strength degradation in the same cycle for most cases. 

Hence the 2.5% criteria was used to distinguish when the link first buckled, after which point the 

finite element model’s results were no longer required and the analysis was terminated. 

There was no possibility of erring on the side of fewer stiffeners as no fracture criteria were possible 

in the model. Thus, the “residual errors” of the model were moved such that links were prescribed 

more stiffeners than required if inaccuracies arose. Initially, the links were analysed using the 

stiffener spacing derived in 6.1 and stiffeners were then added one at a time if the first version of 

the link did not perform adequately. 
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Figure 63. Performance difference between a two and three stiffener W14x74 link. 

 

6.5 Stiffener Spacing Equation Derivation 

Out of the 157 links derived for analyses, comprehensive models for 60 of the links were run (nRS = 

6). The performance of the original design equation to predict an adequate amount of stiffeners is 

illustrated in Figure 64 a). The original equation is referred to as “EqnC”, and letters and numbers 

were appended to this name sequentially as different versions of this equation were derived. The 

performance of the AISC equation is illustrated in Figure 64 b). It is clear from the graph that many of 

the stiffener requirements for links in the bottom left quadrant are overconservatively predicted, 

and it is these links that are likely to be commonly used – many of the already tested links are 

typically in this region or are slightly smaller (Figure 13 b). Compared with EqnC, the AISC equation 

performs better in the slender range (below the dotted line where β = 25.0). There were two links 

that both of the equations had difficulties with and they are briefly addressed in 6.6.1. 

a) b) 

c) d) 
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Figure 64. a) nRS = 6 results with green points indicating that only the first model was needed to be run. b) performance of 
the AISC equation against the data set. 

Given that discrete data points were available where links with certain combinations of hw, tw and s 

performed to the desired level, it was possible to derive a three dimensional, plane surface-like 

equation that splits the hw, tw and s space into links that would perform satisfactorily, and those that 

would not. This was not possible in the experimental data set, hence the extensive analytical work in 

Chapter 5. In order to derive new link spacing equations, the formula was generalized to: 

𝑠 ≤

{
 

 𝑥0𝑡𝑤 + 𝑥1ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

> 𝑥4 𝑠 ≤ 37.0 in.

𝑥2𝑡𝑤 + 𝑥3ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

≤ 𝑥4 𝑠 ≤ 37.0 in.

 

In order to evaluate a certain set of xn values, a score was assigned to each of the 60 links depending 

on whether the given equation correctly predicted the number of stiffeners required (+10), 

conservatively predicts the number of stiffeners required (+1) or if the equation predicts 

unconservatively, then a score of -100 is assigned. Please also note that x4 permits the movement of 

the stocky/slender definition. Some of the notable equations are presented in the following table, 

and are addressed under each subheading in turn: 

  

a) b) 
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Table 10. Equation fitting results 

 
EqnC c AISC Ec Ec-2 f f-2 g g-2 g-3 

x0 32 44.2 30 30 30 31 30 29.6 30 30 

x1 -0.07 15.4 -0.22 -0.22 -0.22 -0.28 -0.22 -0.21 -0.22 -0.22 

x2 169 52.8 1 144 140 166 166 76.2 76.2 403.9 

x3 -3.77 -0.99 1 -2.2 -5 -5.9 -5.9 -1.94 -1.94 382.6 

x4 25 39.41 1 25 25 25 25 28 28 23 

fx -659 461 389 75 452 488 488 488 488 488 
 

6.5.1 EqnC 

This was the equation to which the analytical models were first designed to and the score shown 

largely reflects what can be seen in Figure 64 b), that is, many of the links were unconservatively 

predicted, thus resulting in a low score. 

6.5.2 c 

This equation was the first free variable optimization where the “fx” value was to be maximized by 

changing the xn values with no constraints were placed on the xn values. Interestingly, the algorithm 

used (Microsoft Excel’s evolutionary algorithm, 2013), arrived at a value of β = 39.41 for classifying 

links as stocky or slender. At this point, the performance of this equation and the AISC equation was 

compared graphically: 

 

Figure 65. Comparison of the relative economy of equation c as opposed to the current AISC equation. 

In Figure 65, the disparity between the two was noted at approximately β = 28. This is consistent 

with the analytical observations where the point of stockiness is β = 28 when derived from Kasai’s 
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Eqn 8.14 (5.3.1). This calculation and the analytical work suggest that the current AISC equation is 

very adequate for the slender range. Equations from this point forward constrained the x0 and x1 to 

30 and -0.22 respectively for this reason.  

6.5.3 AISC 

This was the performance of the existing AISC equation without any stocky/slender classification. 

The score shown largely reflects what can be seen in Figure 64 b). 

6.5.4 Ec and Ec-2 

This equation is the analytical equation derived in the experimental work in Chapter 5. It did not 

score highly and after some small adjustments, the Ec-2 equation yielded a score of 452. This is 

better than the AISC equation but could be better given that the maximum fx reached so far was 

461. 

6.5.5 f and f-2 

These equations were re-optimized with the requirement that the stocky/slender classification be 

set at 25.0. In this instance, the algorithm hit upon a point in the solution space where the score 

reached its maximum at 488. Beside the two excluded problematic links, no links in the dataset had 

scores of -100. Equation f-2 had the original AISC numbers put into the slender portion of the 

equation and the score remained unaffected. 

6.5.6 g, g-2 and g-3 

Equation g had the stocky/slender classification set to 28.0 and after optimizing x2 and x3, the same 

maximum score of 488 was attained. Equation g-2 had the classification constrained to be between 

20 and 30 and settled on a value of 28. Equation g-3 had the value set at 23 and the algorithm was 

still able to find x2 and x3 such that fx = 488. 

6.6 Stiffener Spacing Equation f-2 

Although equations f and g had the same score, equation f-2 was chosen as it had the familiar AISC 

spacing equation in the slender range and the stocky/slender classification is set at 25.0, which is the 

most slender aspect ratio that has experimentally shown adequate performance without stiffeners. 

Listed below is the final form of the finite element equation (f-2): 

𝑠 ≤

{
 

 30𝑡𝑤 − 0.22ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

> 25 𝑠 ≤ 37.0 in.

166𝑡𝑤 − 5.9ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

≤ 25 𝑠 ≤ 37.0 in.
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And to contrast, below is the experimentally derived equation: 

𝑠 ≤

{
 

 30𝑡𝑤 − 0.22ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

> 25  

144𝑡𝑤 − 2.2ℎ𝑤 for 
ℎ𝑤
𝑡𝑤

≤ 25 𝑠 ≤ 4.6ℎ𝑤

 

The two identical trends that can be inferred are that: 

 The stocky/slender classification is the same. In reality it could likely be very close to 28.0, 

however 25.0 was conservatively chosen based on the performance of link 14Dbase 

(Stephens, 2011). 

 The slender portion of the equation is identical. Some adjustments are possible; however 

the effort of changing the current AISC equation is not justified by the small increases in 

permissible stiffener spacing. 

The two equations do, however, show the following two differences: 

 The finite element equation was initially chosen to have a restriction of s ≤ 37.0 in. This was 

based on the longest unrestrained link length available in the experimental data. However, 

this was made dimensionless in the experimental equation with a requirement of s ≤ 4.6hw. 

Essentially, the latter requirement claims that this trend holds constant even for very large 

values of s. It is up to the users of the equations to make this distinction, however no data so 

far has raised any doubts to the dimensionless variant. 

 The finite element equation is slightly more permissive for β < 28.9. Given that β ≤ 25.0 is 

enforced for stocky links, the finite element equation will always be more permissive in the 

stocky range. As an example, for β = 22, the experimental equation yields s = 30tw and the 

finite element equation permits a larger s = 36.2tw. The more permissive value may be taken 

by the reader, depending on whether they place more emphasis on the Finite Element 

Modelling, or if they wish to include extra overall conservatism in their designs. 

6.6.1 Excluded Sections 

In deriving the finite element equation, the following two sections were excluded based on their 

unpredictable performance: W21X93 and W36X256. It may be beneficial to exclude them from use 

entirely, as no clear or obvious reason exists for their poor performance. Additionally, as can be seen 

in Figure 64 b), these two sections were immediately adjacent to sections that performed 

adequately, suggesting some unique anomaly for these sections. 
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6.7 Serendipitous Findings 

The two links pictured below were made before the complying list of links was derived. The sections 

were W10X33 (a to b) and W21X44 (c to d) with the longest possible lengths. Each link was run with 

stiffeners ranging from none to five and neither link had achieved the required rotation under the 

2.5% degradation criteria. As can be seen in Figure 40, despite the addition of five stiffeners, the 

links continued to form buckled flanges at the ends. This was despite satisfying e ≤ 1.6 Mp/Vp. These 

sections turned out to be non-complying due to not satisfying the flange slenderness ratios in Table 

D1.1 (pp9.1-12, AISC, 2012). The importance of this accidental finding is that the flange buckling 

behaviour was present in the model without specifically coding for it and that the model behaviour 

agrees with the current equations for flange slenderness. This provides a further assurance that the 

finite element link captures all of the link’s geometric behaviours, not simply its web behaviour. 

  

  

Figure 66. Examples of little improvements in performance despite additional stiffeners (U1 displacement rainbow legend in 
Figure 63). 

  

a) b) 

c) d) 
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6.8 Conclusions 

From the above parametric analysis, the following can be concluded about link behaviour with 

various aspect ratios and stiffener spacings: 

1. Very similar trends to the experimental work were observed in the finite element parametric 

study. Thus, it can be concluded that link sections different to the ones tested physically are 

likely to exhibit the same behaviours as the tested links have shown. 

2. The same division between stocky and slender links (β = 25.0) was used, with both methods 

suggesting that with further study, the classification may be lifted to β = 28.0. 

3. The slender portion of the equation should remain as is, because any adjustments to the 

current AISC equation would be quite small. 

4. The stiffener spacing equation for stocky links is less conservative as concluded by the finite 

element study. 

6.9 Further Research Recommendations 

The above research could be advanced with the following topics: 

1. There is scope to optimize the entire section such that the ideal flange size can be picked for 

a given link web height. This would be useful as a validation for built up stocky links that are 

to perform to a high level without the aid of stiffeners. Simple design rules could then be 

derived. 

2. The material parameters derived could be used for any number of steel shear deforming 

studies in lieu of experimental work where such experimental work is impractical or costly. 

Examples include studies into bolted and conventional EBF systems, LCF systems, box 

section active links, and thick steel shear walls. 

3. More link shapes should be checked at the transition point to fine tune the stocky/slender 

classification and potentially increase the permissible web aspect ratio. 

4. An improvement on the model would be to introduce fracture or an accumulated strain 

failure criterion. This would increase the reliable length of loading that the finite elements 

could predict and will then provide larger final rotations for each link and thus the resulting 

stiffener spacing equations could be more permissive. 

5. More link sections could be checked for their performance, especially the ones in the 

bottom left quadrant of Figure 57 as they are very likely to be used by designers. 
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Chapter 7 

Novel Ideas in Shear Link Use 

 

7 Novel Ideas in Shear Link Use 

This chapter will focus on a number of exploratory studies (experimental and numerical) pertaining 

to shear link performance and methods of either improving performance or providing flexibility to 

the designer. The subsequent subchapters address the following issues: 

1. Use of web doubler plates in shear links, their benefits and limitations. Doubler plates were 

found to be marginally beneficial in the links tested, however the links tested had very high 

capacities for their end plate details. Through finite element modelling, it was shown that 

lengthening the links beyond their shear length limit was not conclusively possible, however 

any potential experimental testing in the future cannot be ruled out with the data available. 

2. Use of contact stiffeners in shear links. Stiffeners were substituted with double sided 

stiffeners without web welds. Rotational performance was found to have improved but only 

marginally. These are likely a good design option in the case of larger links that require 

double sided stiffeners where the web welds may be omitted for greater economy. 

3. Use of gusset plates in shear link endplates. Given the high moments that are attained from 

fully strain hardened and rotated links, large endplates are typically required. They can be 

made thinner and more efficient with the use of a plate gusset, however, the link will also 

require an accompanying web doubler plate. The performance of the link was found to be 

comparable, and this gives engineering design freedom where the trade-off between extra 

materials used or extra labour used is up to the end user. 

4. Use of a fully welded I section brace. In typical North American practice the EBF brace is 

commonly a bird’s mouth hollow section attached to a gusset plate using a field weld. Whilst 

this may be a cheaper alternative to the typical New Zealand practice of using a UC section 

beam and fully welding it to the collector beam; it does decrease the stability inherent in the 

entire EBF system. Design codes require lateral bracing to be provided to the top and 

bottom flanges, however, in practice this may be difficult to achieve and presents an easily 

overlooked point of failure. The EBF set up used in this thesis had the New Zealand method 

of construction and no out of plane issues whatsoever were encountered. It was not 
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possible to conclude whether this was due to the use of a W section brace or because of the 

overall torsional stiffness of the test set up. Likely it was a combination of both. 

5. Use of tuned eccentrically braced frames. This was a finite element study into the use of full 

depth collector beams where a link section was made up of a continuation of this collector 

beam but with sections of its web cut out to form a weaker shear link. A number of finite 

element models were pushed over to determine any stress concentrations and some design 

ideas are put forward for potential test specimens in future research. 
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7.1 Web Doubler Plates 

7.1.1 Description and Hypothesis 

Web doubler plates were used in previous experiments (Dusicka 2010, Borello 2014, Stephens, 

2014), however their use has never been formalized into any design guide. The purpose of web 

doubler plates is to keep inelastic strains away from the endplate connection and to possibly allow 

longer shear links. 

As the inner portion of the link rotates, so does the flange relative to the endplate. This may cause 

inelastic stresses to build up near the brittle weld that connects the flange to the endplate, leading 

to failures similar to the one in Figure 34, or specimens 1A and 1B as described by Okazaki (2005). 

A further advantage of the web doubler plates is the ability to increase the length of the link and still 

retain its status as a shear link. This is useful for architectural purposes where the gap between 

incoming eccentric braces may need to be larger to accommodate, for example, a large doorway or 

window. 

 

Figure 67. Web doubler plate welding detail, link AL-3S shown. 

 

a) 

b) 

c) 
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The close up and section details in Figure 67 show the locations of the runs of fillet welds that attach 

the web doubler plate. The close up detail shows that the height of the web doubler plate is 

restricted such that the top of the horizontal fillet weld stops just short of the k-area. That is the 

doubler plate height, hd = d – 2kdet – 2w. The section detail demonstrates the load path that the 

shear forces may take. On the one side the load travels directly from the web into the endplate and 

on the other it travels from the web into the doubler plate and then the endplate. There is no 

connection between the doubler plate and the web on the endplate side - both are connected to the 

endplate independently. Given that the web doubler plate is approximately the same thickness as 

the web, large unbalances in forces were not expected, nonetheless, when rosette gages were 

attached in the doubler region, another gage was attached on the other side on the web. 

Links AL-D0, AL-D2, AL-3S and AL-D8 had web doubler lengths of 0.0, 2.0, 4.0 and 8.0 in. respectively. 

The smax value was kept constant, in line with AL-3S’s performance. That is, the stiffener spacing 

across the AL-DX links was not to be larger than that in AL-3S. Although AL-3S did not comply with 

the current AISC stiffener spacing guidelines, it performed very well, so links tested after it had 

reduces stiffeners in anticipation of potential rules that would relax stiffener requirements. Figure 68 

below shows the nomenclature for the different labels, with the web doubler plate height not shown 

(hd). Figure 73 shows all the links in a scale drawing for comparison. 

 

Figure 68. Link geometric definitions. AL-3S shown. 
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7.1.2 Experimental Performance 

All of the links were subjected to the AISC2005 loading protocol with the inner rotation following the 

prescribed loading.  

 

Figure 69. The final rotation and fractures attained for all of the links in the series, which were all a fracture next to the 
stiffener weld. This fracture, in most cases, propagated along the web to flange interface. 

The whitewash paint that has not flaked off is indicative of the lack of inelastic action in the web 

doubler plate regions or the stiffener regions. A lack of whitewash on AL-3S’s web doubler plates 

could be explained by both a smaller amount of whitewash being applied to it and by the fact that 

AL-3S had a doubler plate thickness of only 3/8 in. as opposed to the rest of the links which had 7/16 

in. doubler plates. However, there was still some whitewash, indicating only a small amount of 

inelastic action had taken place. 

The performance of each of the links was shown to be a stable hysteretic loop with only slight 

degradation taking place in the cycle just prior to final fracture, where a majority of the link’s shear 

carrying capacity was lost. 

  

a) b) 

c) d)

??
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Figure 70.  Hysteresis curves for each of the links (AL-D0, AL-D2, AL-3S and AL-D8) and an overlaid backbone plot. 

a) b) 

c) d)

??

e)

??

??

??

??

??

??
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The backbone curve in Figure 70 shows that all of the links performed in a similar manner with slight 

differences in the final rotation achieved.  The key values derived from each of the above graphs are 

summarised in the two tables below: 

Table 11. Web Doubler key experimental results (1 of 2) 

 

γreq Vmax -V0.080 +V0.080 γ0.080 Pass 

AL-D0 0.082 209.7 -196.7 209.1 -0.082 yes 

AL-D2 0.083 216.5 -202.2 215.1 -0.083 yes 

AL-3S 0.082 209.2 -194.1 209.2 -0.082 yes 

AL-D8 0.083 213.5 -202.7 212.6 -0.083 yes 

 

Table 12. Web Doubler key experimental results (2 of 2) 

 

-Vdeg +Vdeg -γdeg +γdeg γVmax γmax Vγmax 

AL-D0 -157.4 167.8 
 

0.134 0.094 0.143 -190.2 

AL-D2 -162.2 173.2 -0.117 
 

0.109 0.128 -80.7 

AL-3S -156.1 167.4 
 

0.091 0.085 0.120 -179.2 

AL-D8 -162.1 170.8 
 

0.099 0.079 0.113 145.1 

 

The trend appears to be that links with a larger inner panel tended to fracture later than links with 

larger web doubler plates. This is surprising, because despite the overall length of the link being 

limited, links with a shorter e’ would deform in much the same manner as links with a longer e’ – as 

the deformation is controlled in terms of rotations. So the inner panel is expected to be subject to 

similar levels of inelastic action. Had the web doublers themselves caused this reduction in 

performance, fractures close to the doubler plates and fractures in the extreme web panels would 

be observed but this was not the case. 

The rotations of each of the web doubler regions can be seen in Figure 72. The North and South 

doubler regions can be observed to be very similar in amplitude. In many cases the rotation reading 

tended to drift to the one side. This may be explained by the differences in the positive and negative 

forces required to enforce the inner panel displacements; coupled with the fact that the web 

doubler regions were not enforced to rotate back to zero. Furthermore for three of the four links, 

this region was twice as stiff in shear, so any unbalances of rotating it in the one direction will be 

propagated forward through its time history. 

The level of amplitude experienced by the regions is of interest, given that the links were rotated to 

0.090 to 0.110 rad, however, even for AL-D0, the maximum rotation did not exceed 0.06 rad, and 

this was even lower for links with longer doubler plates. This suggests that even without web 

doubler plates, the links are stiffer in the end zones/panels. However, the level of rotation is 
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appreciably lower in links with longer doubler plates, but the benefit of this does not increase by 

much past the use of four inches of web doubler plate. 

The first link, AL-D0, had the instrumentation placed on the far north and south web panels and 

these panels had a length of approximately eight inches. Thus they could directly be compared to 

the panels in AL-D8, where the amplitude of the rotations was much smaller, showing the 

effectiveness of the web doubler plates. 

  

  

Figure 71. Von Mises stresses for web doubler rosettes. Blue: stresses in web, red: stresses in the doubler plate where 
available. 

  

a) b) 

c) d)

??
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Figure 72. (continued next page) 

a) b) 

c) d)

??

e) f) 
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Figure 72. (cont.). The North (left) and South (right) ends of the link web doubler plates for AL-D0, AL-D2, AL-3S and AL-D8. 
AL-D0 had no web doubler plates so the first panel from each endplate was measured. 

Each of the shear links was instrumented with strain rosettes, as presented in Figure 73. Where 

possible, rosettes were attached to the web in the web doubler region as well as to the web doubler 

itself on the opposite side. From these rosettes the Von Mises stresses were calculated and plotted 

against the link’s shear. As per Figure 71, the stresses inside the doubler plate and the web appear to 

be very similar to each other (AL-3S and AL-D8). The acute angle that the graph makes for AL-D0 

suggests a lot of inelastic action, especially when compared to AL-D8 which did not record a single 

excursion into the inelastic region. However, overall, there would have been some inelastic action, 

even in AL-D8. Whilst the AL-D8 link shows exemplary performance in terms of keeping inelastic 

stresses away from the endplate, it is likely that, to a limited extent, inelastic action in the web 

doubler zone is perfectly acceptable. 

The images in Figure 74 summarise the crack initiations found at the ends of tests, near the web 

doubler plate. Only the AL-D0 link had no crack initiations near the endplate on the web (a). The AL-

D2 had very small to non-existent cracks, not warranting any concern (b). AL-3S had the largest 

cracks out of all of the links, with images c) to e) showing, respectively, fracture at the doubler top in 

the failing panel, the reverse side of that, and a small fracture at the southern doubler plate. 

Conversely the AL-D8 (f) initiation did not develop into a full fracture. By comparison, Figure 74 g) 

shows a fracture initiation in AL-D8 due to a stiffener weld dislocating relative to the web. For links 

AL-D2 and AL-D8 the web cracks did not grow into full fractures at any point in time. For link AL-3S 

the cracks grew in size but only once the web stiffener fracture grew and caused the load path to 

change in such a way that the web doubler cracks grew. The overall failure was due to the fractures 

initiated by the stiffener to web weld. 

g) h) 
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Figure 73. Strain rosette positions and link configurations for series. 
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Figure 74. Web doubler crack initiations for various links. 

 

 

a) b) 

c) d)

??

e) f) 

g) 
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7.1.3 Experimental Discussion 

Experimentally, the web doubler plates caused minimal cracking in the interface between the 

doubler plate’s weld and the web. While the AL-3S fractures show that these cracks can grow into 

fractures, they only grew once the overall load path had changed following a traditional fracture 

next to a stiffener elsewhere. Furthermore, the AL-3S link was from an earlier series of links that had 

web doubler plates measuring 10.925 in. along with 3/8 in. fillet welds (totalling 11.675 in.) which is 

longer than the non-k-area’s height of 10.925 in. (13.8 – 2 × 1 7/16). The AL-DX series of links did not 

have this issue; the combined height was 10.875 in. (10.0 in. doubler plates with 7/16 in. welds). This 

is only 0.8 in. less but complies with the k-area limit. The AL-3S link is an excellent example of what 

happens when the seemingly innocuous k-area is neglected and is welded upon. 

Given that the AL-D0 link performed without a problem in the endplate region, the use of web 

doubler plates may not need to be required for endplate connected links. It may be the case that 

links connected to endplates with CJP welds on the flanges do not suffer from endplate issues. This is 

in contrast to links 1A and 1B that failed when tested by Okazaki et al. (2005). And this theory is 

supported by the fact that the link tested by Stephens (2014), which did have flange fillet welds, did 

not fail at the endplate, possibly due to the web doubler plates present. With the information 

available right now, it is likely safer to use some length of web doubler plate as a precaution, given 

that even link AL-D2 did not perform appreciably differently from AL-D0. 

Regardless, web doubler plates may still be useful as an option for extending a shear link beyond its 

e ≤ 1.6 Mp/Vp limit. There are two limits to consider: 

 Given that the web doubler plate affords the link extra capacity in both Vp and Mp due to, 

effectively, a thicker web, the link may extend beyond e ≤ 1.6 Mp/Vp, using the following 

formula: 

𝑙𝑑 ≤ 1.335
𝑡𝑑
𝑡𝑤
(𝑑 − 2𝑡𝑓) 

 

The above formula was derived from ld = ( e(tw, td) – e’(tw) ) / 2. 

 The other limit for the plate would be the tendency of the web doubler region to buckle. 

Although the bare web in the extreme web panel will buckle first, its length is limited by the 

stiffener spacing formula. Likewise, a similar formula for the allowable length of the web 

doubler plate would be beneficial. However, it is not directly possible to translate the plate 

buckling formula for this end, as the web panel has two thicknesses. If the stiffener spacing 

equation is used for the web doubler region, very large values of ld result from the use of td 
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+ tw in place of tw. For this reason, it may be simpler to adopt a rule based on the bare link 

stiffener spacing, something of the following form: 

𝑙𝑑 ≤ 0.75𝑠 

 

Where s is the stiffener spacing for the bare link. The 0.75 value, for now, is a mere educated 

guess based on the current unrestrained data. For link AL-D8, ld = 7.5 in. using this equation, 

which is appropriate, given that the link did not buckle in the last panel, despite the actual ld 

being slightly beyond this value. 

Given the above two rules, it is possible to evaluate the maximum increase in length for each and 

every AISC section.  This results in an increase in length evident in Figure 75. Owing to uncertainties 

due to the current lack of research into web doubler plates, it may be prudent to limit length 

increases to 40% or below.  This is implicit in the following equation: 

𝑙𝑑 ≤ 0.2𝑒′ 

Such a limit encompasses most of the shear link sections below: 

 

Figure 75. Percent increase in shear link length, as a function of link weight. 

As is clearly evident from this discussion, further research is needed, especially research into what 

might be the practical length limit for web doubler plates as architectural extensions. This is 

addressed in the following section, where a number of links are run in FEA. 
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7.1.4 Finite Element Modelling 

To determine whether the rules derived in 7.1.3 had any merit, the numerical model from Chapter 6 

was used with some geometrical parameter adjustments to evaluate a selection of shear links. These 

were set to their maximum length in the base case (ld = 0.0 and e’ = e = 1.6Mp/Vp), and then web 

doubler plates were added at the following levels: 

#0  The base case, no web doubler plates at all. 

#1  A flat rule of just 2 in. of web doubler plate lengths. 

#2  Doubler plates were limited by the increased link length due to the increased moment 

capacity at the link ends. 

#3  Web doubler plates limited to 75% of s in length. 

#4  Web doubler plates limited such that the overall increase in length is not beyond an extra 

40% of the original length. 

Web doubler plates were added to the inner length. That is, the inside length (e’) remained constant 

while the overall length was increased. The following table lists the results from the links that were 

subjected to the AISC2005 loading protocol: 

Table 13. FEA configurations and results 

  ld Longest 

Possible 

 

Section e’ #1 #2 #3 #4 λf 

W12X106 65.4 2.0 9.1 15.9 13.0 #4 5.85 

W24X370 87.4 2.0 45.2 27.8 17.4 #4 2.24 

W10X49 53.4 2.0 3.7 6.9 NA #0 8.63 

W21X122 68.4 2.0 16.5 10.9 13.6 #0 6.15 

W33X387 105.4 2.0 52.5 26.5 21.0 #0 3.28 

 

The table above shows that in general, neither the #1, #2 or #3 criteria was effective in prescribing a 

suitable web doubler length. The #4 criterion initially showed promise with links W12X106 and 

W14X370 performing to an acceptable standard with lengths exceeding their normal shear link 

maximum lengths. However, the last three links in the table had issues even with only 2 in. of web 

doubler plate added. One potential explanation for this behaviour is that although the section at the 

link ends was strong enough to first yield in shear rather than moment, later cycles would have had 

the flanges buckling due to the high stresses present. That is, the section is stronger in its moment 

capacity theoretically, however, most of the stresses will still go into the top and bottom flanges, 

and not the web, where the extra steel is provided. An attempt to quantify links that would “qualify” 
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for web doubler extensions was not successful. Links that had a flange slenderness at or below 5.85 

had the ability to be longer, however the behaviour of the W33X387 link does not fit into this 

pattern. 

The finite element analysis shows, that at these extreme lengths, it is unlikely that it is possible to 

increase the link lengths with the addition of web doubler plates. 

7.1.5 Conclusions 

Summarised below are the findings from this subchapter: 

1. Should web doubler plates be included, the combined web doubler height, and the top and 

bottom fillet weld sizes should not encroach on the kdet dimension, so as to avoid the k-area 

in hot rolled sections. An example of where web doubler plates must be used is when the 

endplate is of the thinner, gusseted variety (see 7.3). 

2. A lack of a web doubler plate in bolted links, with overly thick endplates and with CJP welds 

connecting the flanges to the endplates does not appear to be a hindrance to performance 

(link AL-D0). 

3. Web doubler plates were experimentally shown to successfully sustain rotations and push 

inelastic strains away from the endplate welds in all of the links tested; and no web doubler 

induced buckling was noted even at the longest length trialled (AL-D8). However, although 

theoretical calculations claim that increases in link length are possible, this was not 

consistently found to be the case when finite element models were employed to test this. A 

future study with more finite element models or with several experimental specimens would 

answer these questions more directly. 

7.1.6 Future Research Recommendations 

The findings inside this subchapter could lead to the following research topics: 

1. Web doubler elongated shear links may be a subject of a future experimental study. 

2. The extent to which fillet welds can be used in place of full penetration welds to connect the 

flanges to the endplate. During this study, full penetration welds were specified due to the 

large overstrengths present. However, if these overstrengths are reduced, fillet welds may 

become viable, necessitating the need to push inelastic strains away from the toe of the 

fillet weld on the flange where high displacement incompatibilities are likely. 
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7.2 Contact Stiffeners in Shear Links 

7.2.1 Description and Hypothesis 

Typically, shear links are strengthened with intermediate stiffeners welded to the web. These are 

useful in delaying the onset of buckling as the shear link experiences larger and larger deformations. 

However, they prevent the web from smoothly deforming past the connecting welds and thus cause 

early fracture initiations. Past research has shown that the typical mode of failure is a fracture that 

initiated near the stiffener welds if the link had not buckled prior. This was the case, for example, in 

the experiments by Okazaki et al. (2005). 

This section will report on the use of “contact stiffeners”, their behaviour experimentally, and any 

design implications. The experimental link consisted of a 42in long W14X48 section stiffened on both 

sides with traditional stiffeners with the web welds omitted. The link exhibited a stable hysteresis 

and the strains in the web were allowed to flow from in between panels. The rotation at which the 

link’s strength degraded was 0.114 rad, above 0.090 rad achieved by a conventionally welded link 

with the same dimensions. Adoption in design is straightforward as the procedure is not much 

different to existing guidelines. For larger sections, code requirements dictate the use of stiffeners 

on both sides of the web. Greater economy is possible with contact stiffeners in this case as the web 

welds may be omitted. 

7.2.2 Specimen Drawing 

Figure 76 illustrates the AL-3C specimen, showing the same number of web stiffeners in terms of 

spacing, however AL-3C has one on each side of the web, without the web being welded to the 

stiffener. 

 

Figure 76. AL-3C (left) specimen sketch compared to the AL-3S (right) baseline link. 
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The AL-3C specimen’s details are compared to the baseline AL-3S link in the following table: 

Table 14. AL-3C specimen properties 

Property AL-3C AL-3S 

section W14X48 W14X48 

d (in.) 13.8 13.8 

tw (in.) 0.340 0.340 

bf (in.) 8.03 8.03 

tf (in.) 0.595 0.595 

s# 3 3 

s (in.) 8 ¼  8 ½ 

e (in.) 40.9375 41.95 

ld (in.) 4.0 4.0 

td (in.) 7/16 3/8 

e’ (in.) 32.9375 33.95 

The section used was the same, however the endplates had to be larger and thicker as during the 

first batch of experiments, of which AL-3S was a part of, prying was noted and hence thicker 

endplates were deployed in subsequent batches of tests. For this reason, the stiffener spacing and 

link length was slightly different. 

7.2.3 Experimental Performance 

The link exhibited a stable hysteretic performance up until fracture and load degradation (Figure 77). 

Both links deformed in a stable manner with only one half cycle prior to fracture degrading in 

strength somewhat noticeably. The key points in Figure 77 c) are as follows: 

A. (γe, Vy) The yield point as per the mill certificates in terms of the Vy strength; the rotation at 

this point was 0.003 rad. 

B. (γVmax, Vmax) The maximum attained shear force was 199.4 kip at 0.102 rad. 

C. (+γ0.080, +V0.080) The criteria rotation of 0.080 radians of plastic rotation was reached on the 

positive side of the curve at a shear resistance of 198.5 kip. 

D. The first instance of the shear force degrading to below 80% of Vmax on the positive side of 

the curve was not attained. 

E. (-γ0.080, -V0.080) The criteria rotation of 0.080 radians of plastic rotation was reached on the 

negative side of the curve at a shear resistance of -185.2 kip. 

F. (-γdeg, -Vdeg) The first instance of the shear force degrading to below 80% of Vmax on the 

negative side of the curve was attained at -0.118 rad and a shear resistance of -148.8 kip. 
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G. (γmax, Vγmax) The maximum rotation attained anywhere was 0.102 rad at a shear force of 

198.5 kip 

From the above points, it can be deduced that: 

 Given that the criteria rotation was achieved before load degradation on both sides of the 

curve, the link can be considered to have achieved the rotation criteria. 

 The overstrength for the link was 1.61. 

 

Figure 77. a) AL-3C hysteresis; b) AL-3S hysteresis overlaid; c) AL-3C backbone with key points; d) Backbone comparison. 

The overlaid backbone curves in the bottom right of Figure 77 show a slightly higher shear force 

attained during the AL-3S test, suggesting that the use of contact stiffeners allows a smoother 

deformation and a lower overstrength. 

Selected photographs from the time lapses taken during testing are presented in Figure 78. 

 

a) b) 

c) d)

??
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Figure 78.  AL-3C (left) and AL-3S (right) links at selected rotations (0.00, 0.03, 0.05, 0.09 rad and at fracture). 

The photographs show a gradual increase in the rotation angle on the positive (actuator pulling) side 

of the backbone curve. The whitewash paint had flaked relatively quickly and the web doubler plate 

a) b) 

c) d)

??

e) f) 

??

g) h)

??

i) j) 
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whitewash had flaked off the AL-3S link more readily. This may be due the AL-3S doubler plates 

being 1/16 in. thinner. The final photographs show that the AL-3C link had confined the largest 

deformations to the inner two panels whilst the AL-3S link had its major buckling and therefore 

fracture in the northernmost panel. 

Starting at 0.05 radians of rotation the AL-3C link had some slight buckling, however, unlike a 

traditional link the buckling looked to be less dependent on whichever panel it was in. This was likely 

due to the fact that some physical gap existed between the web and the contact stiffeners, meaning 

that initially the link will deform as if it was a bare link. At 0.07 radians, the buckling was more 

pronounced and at 0.09 radians, where the link is generally judged to be fit or not, the differences 

were quite clear. The buckling in AL-3S was confined to one panel region, while the buckling in AL-3C 

was in two panels with some overlap in terms of how spread the buckled shapes were. 

Given that every other non contact stiffener link had a tendency to buckle and fracture in the panel 

that happened to experience the most buckling first, the contact stiffeners present the advantage of 

allowing the buckling between panels to be shared to a certain extent. This is evident in the last two 

photographs above where the buckled panels had some continuation between each other in the 

contact stiffener link. From the experimental notes and close up inspections of the links during and 

after testing, it was evident that the fractures in the AL-3S case had initiated near the stiffener weld 

and propagated up the weld and into the buckled shape; whilst the AL-3C link had its fractures 

initiated due to the tension field in the web being in contact with the stiffeners. The fracture then, in 

the latter case, travelled in both directions into both panels. 

7.2.4 Discussion 

The first part of this discussion draws generalizations applicable to the research and development of 

contact stiffener links; then some further study is suggested; and finally, the last part of this 

discussion makes generalizations applicable to the use of contact stiffeners in practice. 

Links with contact stiffeners behaved just as well, if not better than conventionally stiffened links. 

The AL-3C link had reached 0.114 radians of deformation before its load carrying capacity had 

degraded, as opposed to the AL-3S link which had only attained 0.090 rad. The link with contact 

stiffeners had its web deform more evenly through two panels rather than the conventionally 

stiffened links which tended to have all their buckling confined to the one panel. This confinement of 

deformation to the one panel was detrimental as, once buckled at approximately 0.03 to 0.05 rad, 

the system tended to continue buckling in that one panel, reducing the section’s rotational capacity. 

Up to a certain rotation, the AL-3C link appears to have behaved much like a bare link, as the web’s 

buckling was unrestrained for the first few millimetres of its lateral movement. This was because the 
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contact stiffeners can only be so close to the web itself and at smaller rotations the web has not had 

a chance to make contact with the stiffeners yet. Once the AL-3C link had sufficiently buckled, 

fractures were initiated by a combination of tension field action in the buckled web as well as 

friction/contact between the web and the contact stiffeners. Both the AL-3C and AL-3S links 

exhibited very similar performance characteristics of a stable deformation history, followed by a 

buckling of the web at larger cycles and then at larger cycles still, the fracture and loss of strength in 

the web. This suggests that using contact stiffeners did not alter the behaviour of the link adversely 

or dramatically. Due to the fact that the AL-3C link had effectively larger deforming and buckling 

panels than the AL-3S link; it is evident that for better link performance it is more important to 

suppress buckling, rather than to try to reduce individual web panels to smaller sizes. The latter is 

the approach used by the AISC stiffener spacing equations where each panel’s size is assumed to be 

the main defining factor in determining the final rotation that the panel may achieve. 

7.2.5 Potential Code Provisions 

Points in the following paragraph may be taken away from this research for designers. The 

information available is not enough to justify any amendments to structural building codes. 

However, at their own risk, engineers may design links using the following points as guidance. No 

liability is accepted or assumed by the authors or editors of this document. 

An engineer may design the contact links as they would conventionally stiffened links but use 

pairs of contact stiffeners in place of normal stiffeners. That is, use the same stiffener spacing 

equations. A small cost benefit may be achieved when designing shear links of 25 in. depth or 

more, as the current AISC provisions require double sided links welded to the web at such 

depths. Omission of welds may be more economical. The gap between the link’s web and the 

contact stiffeners should be as small as practicably possible during fabrication. 

7.2.6 Conclusions 

To summarise, a link with contact stiffeners should have no issues with performance. The AL-3C link 

in this study performed just as well as the conventional link. 

7.2.7 Future Research Recommendations 

Given the above points, further research is suggested starting with the following areas: 

1. Given that only one link was tested with contact stiffeners and compared to a conventional 

link, further testing is preferable to refine any of the broad generalizations made here. 

2. Links at different section sizes and lengths may need to be tested to confirm the behaviour 

of contact stiffeners across a range of shear links. 
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3. Changing the gap between the contact stiffeners will delay the transition point at which the 

link stops behaving as a bare link and starts behaving as a stiffened link. A larger gap may be 

beneficial and may allow greater rotations to be reached. However, this may be difficult to 

achieve during fabrication without the use of some kind of spacers. 

4. Because larger gaps may allow for larger rotations, it may be possible to further relax the 

stiffener spacing criteria if contact stiffeners are used. 

5. Overstrength may be reduced if enough data points can be derived for this purpose, as the 

AL-3C link exhibited a smaller overstrength. 
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7.3 Gusset Plates for Shear Link Endplate Connections 

7.3.1 Description and Hypothesis 

As increasing numbers of shear links become bolted replaceable links, the endplate connection 

demands more attention. During the first batch of tests (AL-4S, AL-3S, AL-2S, AL-B, AL-4C), an 

appreciable amount of prying was observed, leading to a bolt failure in prying in one case. Because 

of this, batches 2 and 3 of the shear links were ordered with thicker (1 3/4 in. instead of 1 1/4 in.) 

endplates. One link, AL-G, was designed with 1 1/4 in. endplates along with 7/16 in. thick gusset 

plates which extended the same distance as the web doubler plates. 

Typically, in North American practice, the design for endplates tends to lead to thicker endplates and 

no gusset plates. In countries such as New Zealand, perhaps due to material being more expensive 

than labour, gusset plates are normally welded to stiffen the connection and make the thinner 

endplate work more efficiently at transferring forces from the flanges into the bolts. 

For the purposes of comparisons, in this subchapter, the AL-G link is the variable. For comparing 

global behaviour, it is contrasted against AL-3S. For comparing endplate connection behaviour, link 

AL-3C is used as its endplate details were most similar save for the thickness and the use of gusset 

plates. 

7.3.2 Specimen Drawing 

Figure 79 illustrates the AL-G specimen, showing a thinner endplate as well as the aforementioned 

gusset plates. Note that the gusset plates run the length of the web doubler plate which is 4 inches 

long. 

 

Figure 79. a) AL-3C specimen sketch compared to b) AL-G link. 

 

a) b) 
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The AL-G specimen’s details are compared to the AL-3C link in the following table: 

Table 15. AL-3C and AL-G specimen properties 

Property AL-G AL-3C AL-3S 

section W14X48 W14X48 W14X48 

d (in.) 13.8 13.8 13.8 

tw (in.) 0.340 0.340 0.340 

bf (in.) 8.03 8.03 8.03 

tf (in.) 0.595 0.595 0.595 

s# 3 3 3 

s (in.) 8 3/8  8 1/4  8 1/2 

e (in.) 41.9375 40.9375 41.95 

ld (in.) 4.0 4.0 4.0 

td (in.) 7/16 7/16 3/8 

e’ (in.) 33.9375 32.9375 33.95 

 

The section used was the same, however the inner length was slightly longer due to the thinner 

endplates. Thus, the stiffener spacing was also slightly different. 

7.3.3 Experimental Performance 

Overall, the AL-G link performed in a stable manner right up until excessive web panel buckling had 

caused the web to tear and fracture leading to a loss in strength. The link’s fractures were initiated, 
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predictably, from the stiffener to web welds. The key points denoted in 

 

Figure 80 c) are as follows: 

A. (γe, Vy) The yield point as per the mill certificates in terms of the Vy strength, the rotation at 

this point was 0.003 rad. 

B. (γVmax, Vmax) The maximum attained shear force was 208.13 kip at 0.084 rad. 

C. (+γ0.080, +V0.080) The criteria rotation of 0.080 radians of plastic rotation was reached on the 

positive side of the curve at a shear resistance of 208.1 kip. 

D. (+γdeg, +Vdeg) The first instance of the shear force degrading to below 80% of Vmax on the 

positive side of the curve was attained at 0.097 rad and a shear resistance of 166.5 kip. 

E. (-γ0.080, -V0.080) The criteria rotation of 0.080 radians of plastic rotation was reached on the 

negative side of the curve at a shear resistance of -196.5 kip. 

F. The first instance of the shear force degrading to below 80% of Vmax on the negative side of 

the curve was not attained. 
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G. (γmax, Vγmax) The maximum rotation attained anywhere was 0.111 rad at a shear force of 87.1 

kip 

From the above points, the following can be deduced: 

 Given that the criteria rotation was achieved before load degradation on both sides of the 

curve, the link can be considered to have achieved the rotation criteria. 

 The overstrength for the link was 1.68. 

 

Figure 80 (a) illustrates the stable hysteretic performance and the overlaid hysteresis (b) shows the 

similarity in performance between the two links. In theory the two links should behave much like 

one another and the overlaid backbones (d) highlight this fact. Both links exhibited very similar 

hysteretic curvatures, overstrength, rotational performance level, and, coincidentally, fractured at 

the same step in the loading protocol. 
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Figure 80. a) AL-G hysteresis; b) AL-G hysteresis overlaid; c) AL-G backbone with key points; d) backbone comparison. 

Selected photographs from the time lapse series taken during testing are presented in Figure 81. The 

main difference visible as the loading increased was the lack of paint flaking on the AL-G link web 

doubler plates. This could be due to a number of reasons, including the fact that the web doubler 

plate was 1/16 of an inch thicker. For this reason the doubler regions were compared for links AL-G 

and AL-3C. The performance in the photographs looks very similar; and the final fracture pattern is 

the same in both instances: one panel took the majority of the displacements and a fracture was 

initiated at the web stiffener which then propagated. For whatever reason, the tendency of these 

two links and a majority of the others was to fracture in a single panel closer to one of the ends of 

the link. The similarities in performance are an indication that the use of thinner endplates with 

gusset plates does not affect the performance of the inner deformable region of the link. 

 

  

a) b) 

c) d)

??
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Figure 81.  AL-G (left) and AL-3S (right) links at selected rotations (0.00, 0.03, 0.05, 0.09 rad and at fracture). 

  

a) b) 

c) d)

??

e) f) 

??

g) h)

??

i) j) 
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7.3.4 Connection Region 

For comparing the connection region, link AL-G was matched with AL-3C. Figure 82 shows the 

readings from the LVDT that was placed at the top of the link’s endplate to measure its slip against 

the rest of the frame. Likely due to the prying, the displacement on the south end moved 

substantially. The extent of the prying was visually noticeable as can be seen in the AL-3S south 

endplate photograph. This is a clear indication that the endplate selected for AL-3S was not strong 

enough, even though it was designed according to the AISC guidelines. 

Figure 84 a) & b) illustrates the lack of web doubler paint flaking in either link, suggesting that the 

rigidity of the web doubler region was similar. Figure 84 c) shows some weld separation that was 

visible on all gusset plates. Image d) displays a similar separation, this time on a web doubler plate 

weld. These were not atypical across most links. At approximately the 0.05 rad cycle these were 

noted and were thought to potentially initiate fractures. However, for a fracture to occur, a 

combination of stiffener weld separation and web buckling was required for sufficient displacement 

incompatibility in the weakened separation. 

The similar rigidity argument is reinforced in Figure 83. Both curves follow a similar pattern in both 

links. For one reason or another, they do tend to rotate more into the negative side, rather than the 

positive side. The cause of this is not known but potentially this may be due to the link being first 

loaded in the negative rotational direction on its first inelastic excursion. Although the AL-3C link had 

strain rosettes on both sides of the web doubler region, AL-G only had single uniaxial rosettes in the 

same place due to instrument shortages. The readings in Figure 85 were well below the inelastic 

limit (ε<0.002). Both graphs show a similar trend and at these fine readings, it was not possible to 

conclusively say whether one region was stiffer than the other. 

In all, despite the changes in geometry, the connection regions have performed adequately and in a 

very similar manner to each other. 
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Figure 82. Endplate slip measurements for the south (a) and north (b) endplates respectively; c) AL-3S south endplate 
prying. 

  

Figure 83. Web doubler hysteresis curves: ABEF (South) and CDGH (North). 

 

a) b) 

a) b) 

c) 
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Figure 84. Web doubler paint after failure for AL-G (a) and AL-3C (b); c) AL-G weld separation; d) Typical web doubler weld 
separation (AL-3C shown). 

  

Figure 85.  Vertical strain gage reading for the doubler region in the web and the doubler plate. 

a) b) 

c) d)

??

a) b) 
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7.3.5 Discussion 

In all instances the “thick endplate behaviour” was the governing factor in determining the thickness 

of the endplate during design. All of the links were designed using AISC design procedures and 

equations. Key design equations are included in 7.3.8 for reader convenience. 

The AL-3S link’s bolt capacity was substantially lower than the AL-3C and AL-G links. Furthermore the 

endplate width was also much lower, resulting in the lowest Yp value of the three. As the link’s actual 

thickness was 1.25 in., higher than the minimum requirement of 1.13 in., the thick plate behaviour 

was supposed to be guaranteed. However, this was not the case experimentally. Prying was 

observed at higher loads, with a bolt failing in tension in link AL-4C due to the extra forces exerted 

on it under prying action. 

Following the failures of the batch 1 links, the design of the Batch 3 links was made more 

conservative. Given that the main objective of this PhD thesis was to investigate the performance of 

the links themselves in their deformable region and not the connection region, it was deemed more 

important to ensure that the endplate connections worked rather than ensuring any kind of 

efficiency in the use of endplates. Hence, despite the requirement of 1.23 in. or more for the AL-3C 

link, this thickness was taken up to 1 3/4 in. to make absolutely sure that the endplate would not 

pry. It is at this point confidence was lost in the design equations and judgments were made based 

on experimental observations and basic relationships between the expected forces and how much a 

plate might bend. 

Finally, the AL-G link had gusset stiffening plates and the idea was to allow a thinner endplate. Given 

that the 1 1/4 in. endplate performed poorly in the AL-3S link; using the same thickness in the AL-G 

link would demonstrate the efficiency of gusset plates and a larger (but not thicker) endplate. For 

comparison, the Yp values of the AL-3C and the AL-G links were very close to each other. This 

resulted in a similar minimum required thickness with a difference of approximately 1/8 in. 

There is a caveat, however, for the AL-3C and AL-G link comparisons: the bolt moment capacity was 

well beyond that required by the link. This was an artefact of geometrical requirements from the 

built up links as they had much higher moment demands placed on the bolts. Those links did not pry 

either. If the bolt moment capacity is assumed to be the same as for Batch 1 links, the required 

endplate thickness for the AL-3C and AL-G links goes down to 0.98 in. and 1.04 in. respectively. 

Design equations aside, the performance similarity of the AL-G link to the AL-3S link shows that the 

link performs well; whilst the similarity in rigidity between the connecting regions in the AL-3C and 

AL-G link show that the link with the thinner endplate and gusset plates can perform just as well as a 
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thicker unstiffened link. Although, the design equations yield similar Yp values for them, these may 

not be accurate representations of reality as evidenced by the prying in the AL-3S link. 

For designers, there are no conclusive equations or relationships available from this study. However, 

at their own risk, they may adopt the following: 

 The use of 16 bolt connections may be allowed if the bolts are lumped and assumed to be on 

the outer column of the bolt pattern for calculations. For this to be valid, all the bolts must 

be tightened using the turn of the nut method to ensure that all the bolts are engaged at all 

times. 

 Increase the tp,min obtained by approximately 40% to ensure thick plate behaviour. 

 Use either gusset plates or thick endplates. It may make sense to use gusset plates along 

with the AISC derived tp,min OR use thick endplates by adding 40% to the tp,min. 

7.3.6 Conclusions 

To summarise: 

1. The use of shear links with gusset plates, did not present any issues. 

2. A web doubler plate was included at each link end in order to keep the rotations in the 

gusseted region low. 

3. The thick plate behaviour equations were not found to be reliable and endplate thicknesses 

had to be increased in order to ensure that the main tests from this study were not 

hindered. 

7.3.7 Future Research Recommendations 

The following regions are recommended areas of further research, based on the experimental link 

performance of AL-3C: 

1. The design equations for thick endplate behaviour need to be revisited. They under-

predicted the required thickness for the Batch 1 links, resulting in some prying failures. 

2. The design equations must also be extended to cover multiple columns of bolts. That is, the 

use of more than 2 bolts per row of bolts. The equations were adapted for this study by 

lumping the bolts onto the outermost columns for the worst possible Yp. Such connections 

are common in shear link endplate design as high moments are typically generated by the 

fully strain hardened and rotated links. 

3. It is not clear what the differences are in terms of ductility between the A490 bolts used in 

batch 1 and the A325 bolts used in batch 3, from the experimental observations. It is 

possible that to some extent, the lack of ductility in the A490 bolts promoted endplate 
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prying rather than bolt elongation. Hence, it may be preferential to use more lower-strength 

A325 bolts where possible. It may even be possible to let the design equations be less 

conservative by allowing some inelastic action to occur at the bolts – with appropriate 

supporting experimental data of course. 

7.3.8 Design Equations Used (reference only) 

Only the relevant parts of the procedures are shown, for the full procedure refer to the design 

documents and the design dimension sketches in Appendix A - Designs. 

7.3.8.1 AL-3S 

𝑠 = 1 2⁄ √𝑏𝑝𝑔 =
1
2⁄ √9 × 5.5 = 3.52 𝑖𝑛. 

𝑌𝑝 =
𝑏𝑝
2
[ℎ1 [

1

𝑝𝑓𝑖,𝑠
+
1

𝑠
] + ℎ0 [

1

𝑝𝑓𝑖,𝑠
] −

1

2
] +

2

𝑔
[ℎ1(𝑝𝑓𝑖,𝑠 + 𝑠)] = 88.0 𝑖𝑛. 

𝑡𝑝,𝑚𝑖𝑛 = √
1.11 × 𝜙𝑀𝑛
𝜙𝑏𝐹𝑦𝑌𝑝

= √
1.11 × 382

0.9 × 50 × 88.0
= 1.132 𝑖𝑛. 

7.3.8.2 AL-3C 

Same calculation as above, with the following differences: 

𝜙𝑀𝑛 = 607 𝑘𝑖𝑝. 𝑓𝑡. ;  𝑏𝑝 = 15.5𝑖𝑛. ;   𝑔 = 12.5𝑖𝑛. ; 𝑌𝑝 = 117.9 𝑖𝑛. 

𝑡𝑝,𝑚𝑖𝑛 = 1.23 𝑖𝑛. 

7.3.8.3 AL-G 

Same input variables as above, however the plate folding equation is different for a stiffened 

endplate: 

𝜙𝑀𝑛 = 607 𝑘𝑖𝑝. 𝑓𝑡. ;  𝑏𝑝 = 15.5𝑖𝑛. ;   𝑔 = 12.5𝑖𝑛. 

𝑌𝑝 =
𝑏𝑝
2
[ℎ1 [

1

𝑝𝑓𝑖,𝑠
+
1

𝑠
] + ℎ0 [

1

𝑝𝑓,0
−
1

2𝑠
]] +

2

𝑔
[ℎ1(𝑝𝑓𝑖,𝑠 + 𝑠) + ℎ1(𝑑𝑒 + 𝑝𝑓,0)] = 104.0 𝑖𝑛. 

𝑡𝑝,𝑚𝑖𝑛 = 1.31 𝑖𝑛 
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7.4 W Section EBF Brace 

7.4.1 Description and Hypothesis 

In standard North American practice for attaching braces, an EBF is normally constructed using a 

rectangular or square hollow section with a bird’s mouth cut for simplified fabrication. This hollow 

section is put onto a gusset plate which would have been separately welded to the collector beam 

(for example, Figure 88). However, in New Zealand practice, the brace is cut at an angle such that it 

is flush with the collector beam. It is then welded at the flanges and at its web (for example, Figure 

92). Although the North American method can be slightly less labour intensive; it relies much more 

on adequate lateral stability of the collector beam near the link region. Both the AISC and the 

AS/NZS design documents specify lateral stability requirements for the link, however there is no 

clear guideline for achieving this. It is possible to rely on incoming secondary beams, but these are 

likely to be smaller than the collector beam and may not adequately restrain the collector beam’s 

bottom flange. The lateral bracing performance is explored in this subchapter and the argument put 

forward is that a W section when used as a brace has the potential to alleviate the need for some or 

all of the lateral bracing at the link ends. However, not enough data is available for a strong 

conclusion and more research is certainly warranted. 

7.4.2 Design Requirements 

The AISC Seismic Design Manual requires lateral bracing at the top and bottom flanges of the active 

link at plastic hinge locations. The section that the EBF guide refers to is primarily concerned with 

Moment Frames, nevertheless the same principles apply and requirements for bracing strength and 

stiffness are available. The NZS also requires lateral bracing to the top and bottom flanges of the 

active link and design equations specify a 2.5% of compressive force as the lateral bracing strength. 

However, it should be noted that the required lateral bracing strength is based on its available 

stiffness, with higher stiffnesses requiring exponentially less strength than a less stiff lateral support. 

Hence, it is suggested that the NZS code adopt some kind of stiffness criteria for evaluating lateral 

bracing. 

7.4.3 Physical Performance 

A number of physical examples are presented in chronological order, including results herein. 

7.4.3.1 Ricles (1987) 

This test included lateral braces at the link ends (Figure 86 and Figure 87). The researchers have 

always recommended that such lateral braces are to be included, however, it is not clear what they 

may have had in mind for bracing in practice. The technical report (Ricles & Popov 1987) mentions 

that in conjunction with a composite floor slab, for an exterior bay without lateral bracing, the link 
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exhibited significant twisting and lateral restraints were definitely required. Further calculations in 

the same report show that the floor slab alone may not have enough strength to prevent such 

twisting. 

7.4.3.2 Mansour (2010) 

Two tests are relayed herein: the test with the composite floor slab (Figure 88) and the bolted 

endplate link test (Figure 89). The first test was laterally braced at the floor slab only laterally, which 

is realistic as the floor slab would generally act as a diaphragm over the whole bay/floor. However, 

the lateral restraints attached to the collector beams (not visible in photo), may present more of a 

construction nuisance. In this case, the bottom flange lateral restraints ran to the strong wall, 

however the author does suggest that knee braces running from the slab were also viable. The 

bolted endplate test (Figure 89) had large notable lateral restraints, some distance from the link 

ends. Again, these are difficult to construct in practice. The section restrained was the collector 

beam, just past the panel zone. Unfortunately for the purposes of this review, no comment was 

made on the performance of the extensive lateral bracing provided. So the main conclusion from 

these tests would be that the lateral bracing worked, but it is unknown to what extent it can be 

relaxed as the bracing was more extensive than that used in Ricles’ (1987) work.  

7.4.3.3 CDHB Parking Garage (2011) 

The Canterbury District Health Board parking garage is a concrete structure with steel EBFs used for 

the seismic resisting system. Figure 92 a) shows a damaged EBF link post the February 2011 

Christchurch earthquake. The lateral supports provided to the top flanges are visible and judging 

from their thickness should be enough to restrain the top flange. However, the bottom flange is not 

restrained but is connected to the W section brace using a fully welded connection. Despite this 

EBF’s acceptable performance in the very strong earthquake, to comply with code, future lateral 

braces had the detail seen in Figure 92 b). 

7.4.3.4 Tests Herein (2016) 

During the testing for this thesis, some fabrication effort went into ensuring that lateral restraints 

could be added should they be needed, however none of the 15 tests exhibited any kind of lateral 

instability. It is posited that the combination of a W section brace, large collector beam in relation to 

link, and stocky overall dimensions contributed to this. The dimensions of the overall EBF test set up 

tended to be in between that found in work done by Mansour (2010), and the dimensions of Linked 

Column Frame type set ups found in, for example, in work by Stephens (2014). The latter type of 

frames, do not have lateral supports at links ends, and neither did they have any floor beams 

framing in to them during testing. 
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A string pot was attached to the stiffener inside the collector beam panel zone corresponding to the 

top flange of the active link. After correcting for the string’s elongation due to the frame displacing 

in plane, the “Corrected Lateral Drift” was derived. It was plotted both against the whole frame drift 

(as measured by the actuator displacement) and the link’s inner rotation. It was found that generally 

the string pot was more consistent with the rotation rather than the frame drift. Tests AL-BU-N1 and 

AL-3C can be seen in Figure 93. The graph on the right shows a tendency for the lateral drift to offset 

into the positive (east) direction. The amplitude tended to be no more than 0.4 in. over the 

centreline length between the two columns of the EBF of 117.4 in. (0.3% or less than L/300). 

The AL-3S and AL-2S had a different EBF inner assembly (EIA) as these were links from batch 1. In 

this case the bias towards the east side is even more apparent with an amplitude of less than 0.9 in. 

(0.8% or less than L/125). Although there was a displacement to the one side (west), this indicates a 

misalignment during construction of column C1. This was apparent during link switch outs where a 

come-along was required to pull the link westward for it to fit. The actual misalignment was not 

identified until the last or second to last test and at this stage it was not worthwhile to correct the 

alignment of the column. Nevertheless, despite this enforced instability, neither the whole frame 

nor the link or collector beam buckled globally or locally during any of the 15 tests. This is a positive 

finding, given that some of the tests had links with rotations exceeding 0.17 rad, well beyond 

requirements. 
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Figure 86. "K-Braced EBF Subassembly" by Ricles & Popov (1989, pg154). The brighter thinner members are the lateral 
bracings for the link at ends. 

 

Figure 87. "V-Braced EBF Subassembly" by Ricles & Popov (1989, pg154). 
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Figure 88. Experimental set up by Mansour (2010) with floor slab. 

 

Figure 89. Bolted link set up with lateral braces visible (Mansour 2010) for specimens 3A & 3B. 
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Figure 90. Overall view of EBF. 

 

Figure 91. Brace welding detail (“W section brace”). 
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Figure 92. CDHB Parking Garage lateral braces before and after post-quake inspection and remedial work. 

 

 

Figure 93. a) Drift-Lateral; b) Rotation-Lateral for the AL-BU-N1 (blue) and the AL-3C (green) links. 

 

Figure 94. a) Drift-Lateral; b) Rotation-Lateral for the AL-3S (blue) and the AL-2S (green) links. 

a) b) 

a) b) 

a) b) 
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7.4.4 Conclusions 

The following points summarise the main findings in this subchapter: 

1. Restraints from Popov’s work (1987) appear to be very small sections, and despite the 

actuators pushing at a very inopportune location (below the shear centre of the link), the 

restraints were effective. 

2. The restraints used by Mansour (2010) were also effective, albeit very bulky for practical 

purposes. 

3. The testing conducted herein shows that a complete lack of lateral bracing is likely to be 

acceptable so long as the overall EBF is somewhat stocky, and a W section brace is used for 

extra rigidity. By simple inspection, a gusset plate connected brace does not present the best 

option for a member in compression, and will give rise to difficulties during design for brace 

compression and overall rigidity of the system. 

4. The end link restraint behaviour herein is likely to have rigidity in-between that of a larger 

EBF which is slender, and a linked column frame, which is very rigid in this regard. However, 

insufficient data are available to quantify this. 

7.4.5 Future Research Recommendations 

It is not possible to put forward any design equations with the available data, hence more research is 

necessary. Future work could take any of the below points into consideration: 

1. Some kind of slenderness limit may be formulated, under which no lateral bracing is needed. 

Bolted active links will benefit greatly, as they generally have large collector beams to 

accommodate the bolted moment end plate connection, contributing to overall rigidity.  

2. The use of a rigid, welded, W-section brace is recommended. 
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7.5 Tuned Eccentrically Brace Frame 

7.5.1 Description and Hypothesis 

The Tuned Eccentrically Braced Frame, or the “T-EBF”, is a non-replaceable/conventional K or D-

braced EBF set up with the same section used for the collector beam and the active link. However, a 

portion of the active link is cut out and some horizontal stiffeners are added such that a smaller link 

is formed. While no physical specimens were built to investigate this idea, some numerical models 

were made for preliminary investigations. 

7.5.2 Model Drawing 

 

 

Figure 95. T-EBF key dimensions. 

The dimensions from the above figure are explained thusly: 

 ED – end distance 

 WS – weld stub 

 ths – thickness of horizontal stiffener 

 tvss – thickness of vertical short stiffener 

The large horizontal beam is the combined collector beam and shear link, the angled beam incoming 

from the right is the brace and the endplate on the left may be bolted onto a column. Alternatively, 

a mirror line at the midpoint of e’ can be drawn and the image on the right mirrored, giving a K-
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braced configuration instead of the shown D-braced EBF. A distinction is made between e, the full 

length of the link region and e’, the effective link length. Typically e’ = e – 2ED. No such distinction 

exists for conventional EBFs. The stiffener to the furthest right, which connects one of the brace 

flanges and extends the full height of the collector beam, is labelled as the “vertical back stiffener”. 

A 1/2 in. weld stub was assumed in this model. The horizontal stiffeners can either be attached using 

four continuous fillet welds running the length of the link; or the horizontal stiffeners should have 

continuous full penetration butt-welds. In any case, 1/2 in. web stubs seemed to be a reasonable 

minimum. 

7.5.3 Finite Element Model Description 

A representative tuned eccentrically braced frame was built up to the dimensions of the other 

experiments in this thesis. Figure 96 shows the continuum mesh used in the region of interest as 

well as wire elements used in the less important outside regions. The mesh was set to be a minimum 

of four elements thick through any thicknesses of plates, flanges or webs. Elsewhere it was globally 

set to be half an inch square or lower. The result was a mesh of approx. 140 thousand elements. This 

was likely to have been inefficient in terms of analysis time, but given that less than 25 variations 

were run, this was more time efficient than conducting a mesh analysis in order to try to reduce this. 

The boundary conditions can be seen in Figure 97. The bottom connections have U1, U2 and U3 

constraints to simulate clevises, whilst at the collector beam centreline level U1 constraints were in 

place to prevent movement in the lateral direction. The long arrow at the top of the image shows 

the direction of the “actuator” pushing. This was simply an applied displacement boundary condition 

in the U3 direction. Any of the adjacent parts made of continuum elements were constrained 

together using tie constraints. Wire parts connecting to continuum faces were constrained using a 

kinematic coupling constraint in all degrees of freedom. No welds were simulated; plates were 

simply tie constrained together. The root radii of the W sections were also neglected. 

Table 16. Model material parameters 

Material Colour ρ E ν σ0 C1 γ1 Q∞ b 

A992-W [wire] 0.29 29e6 0.3 - - - - - 

A992 white 0.28 29e6 0.3 50e3 1,265 75 17e3 4 

A507 green 0.28 29e6 0.3 55e3 1,265 75 17e3 4 
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Figure 96. T-EBF FEA model coloured by assigned material. 

 

Figure 97. FEA model's constraints (orange cones/arrow). 
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The model in Figure 97 is colour coded according to the section (and thus material) it was assigned. 

The properties are summarised in Table 16. Combined kinematic and isotropic cyclic hardening was 

used in the continuum elements, while the wire elements only had elastic behaviours prescribed as 

they were there largely to enforce the correct displacements onto the continuum elements. 

Please note that in all rainbow Von Mises output plots (for example, Figure 99) the extremes vary 

from 0 to 55 ksi, with red representing 55 ksi and grey representing yielding. The models were 

displaced with an “actuator” displacement of 10 in. at its location resulting in a lateral drift of 

approximately 8 in. Where pushover plots did not deviate from the Model-8 baseline performance 

(Figure 100, 6 in.), they were not shown. 

7.5.4 Numerical Performance 

Table 17 summarises the geometrical differences with the deviations from the baseline (Model-8) 

denoted in bold. Unlike shear links that must reach a certain rotation, these models were evaluated 

based on the overall stress pattern produced and the extent to which inelastic action took place.  

Table 17. T-EBF models pushed over 

Model ED (in.) R (in.) hw (in.) Variation 

Model-2 4.0 1.0 8.0 A 

Model-6 4.0 1.0 8.0 A, B 

Model-7 <0.5 1.0 8.0 B 

Model-8 6.0 1.0 8.0 B, C, D, E, F 

Model-9 12.0 1.0 8.0 B 

Model-10 16.57 1.0 8.0 B 

Model-11 6.0 2.0 8.0 C 

Model-12 6.0 0.5 8.0 C 

Model-15 12.0 1.0 6.0 D 

Model-16 12.0 1.0 4.0 D 

Model-18 6.0 1.0 8.0 E 

Model-19 10.0 1.0 8.0 B 

Model-20 8.0 1.0 8.0 B 

Model-21 6.0 1.0 8.0 F 

 

7.5.4.1 Vertical Stiffener Extension (A) 

In this variation, the “VSS” or the “Vertical Short Stiffener” had an accompanying stiffener extending 

above it. In the pushover plots there was no evidence of any difference in performance. Thus, there 
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was no justification for the extra fabrication required to add these stiffeners. The original idea was to 

ensure that the horizontal stiffener does not buckle, however just the vertical stiffener was enough 

to ensure this. Figure 98 illustrates the two variations. Whilst there was extra inelastic action around 

the link portion, as well as higher stresses by the vertical back stiffener, this was easier to mitigate 

with increased End Distances in the next section, rather than adding more fabrication effort. 

  

Figure 98.  a) Model-2 b) Model-6. 

7.5.4.2 End Distance Variation (B) 

The End Distance, ED, was varied to different lengths to check on the link’s stability and stress 

distributions. Figure 99 illustrates four key models at their most stressed state. From 0 in. to 16.57 

in. there was no indication of any buckling or any instabilities. The variation in the inelastic action in 

the rounded corners appears to be mostly due to the increased link angle that was created with 

shorter links and the same actuator loading history. The stress pattern by the back vertical stiffener 

in Model-7 suggests that links with no end distance may experience some kind of fracture at this 

location. This is unfavourable as that location should be made to remain largely elastic. Model-10 

shows the longest ED possible given the limitation that e’ ≥ d. The stresses in the horizontal 

stiffener were of concern as any inelastic action from them bending may transfer into the endplate 

welds and initiate fractures. For this reason, 8 in. was chosen as the optimal Edge Distance for this 

W18x76 T-EBF. Links with a lower ED, can be seen to have inelastic action, represented in grey, 

creeping into the endplate. 

 

 

 

a) b) 
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Figure 99. a) 0in.; b) 6in.; c) 8 in.; d) 16.57 in. Model-7, Model-8, Model-20 and Model-10 respectively. 

 

The pushover curves can be seen in Figure 100. The yield point itself did not change much, hence 

changing End Distances cannot be used to tune the yield strength. However, the post-elastic 

strength of the frame is generally higher for higher end distances. The trend is likely strong enough 

that it will need to be quantified in a future study – the relationship between the End Distance and 

likely overstrength. 

 

Figure 100. End distance variation; effect on pushover performance. 

 

a) b) 

c) d)

??
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The likely criteria for end distance may be the following: 

𝐸𝐷 ≥ ℎ𝑤 

That is, it needs to be longer than the effective link’s inside web height. This is based on the 

apparent stress dispersion from the horizontal stiffener, and such a distance is likely to provide 

enough space for the forces to spread into the upper flange of the collector beam section. 

7.5.4.3 Rounded Corner Variation (C): 

To avoid stress concentrations in corners, they were rounded off. The extent of this rounding was 

the subject of this variation. The patterns do look similar in Figure 101 and Figure 99 e). As expected, 

the increased radius allows the strains to spread out further, although this is not necessarily evident 

from this plot as it cuts off at 55 ksi. 

  

Figure 101.  0.5in. and 2.0 in. cutting radii (R). 

 

   

   

Figure 102.  Corner PEEQ values, top row's maximum is fixed at 0.7; each row's R is 0.5, 1.0, and 2.0 in. 

a) b) 

a) b) c) 

d) e) f) 
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PEEQ in Abaqus is the plot of cumulative plastic strain. For the first cycle or in a pushover analysis it 

coincides with the current strain at a location. The first row of the above series of images depicts the 

PEEQ distribution in the bottom right corner with the maximum of the colour rainbow set at 0.7. The 

top row plots suggest that the 1.0 in. cut-out is sufficient for allowing the strains to spread out 

evenly. The second row in Figure 102 depicts the PEEQ distribution with the maximum set to the 

maximum attained in the model (0.715, 0.494 and 0.332 respectively). These plots show the spread 

of the strains in the corner, and indicate that at 1.0 in. or more the radius is likely sufficient enough. 

The accumulated plastic strain, in this pushover analysis, coincides with current strain directly and 

was used as a first indicator of where fractures were likely to initiate. More sophisticated models 

exist, such as the stress triaxiality and lode parameter ductile fracture criterion (Kiran & Khandelwal, 

2014), and applicable values in this analysis would have been -1 for the lode parameter with 

accumulated plastic strain being dependant on the stress triaxiality (𝜂) in the following form: 

𝜀�̅�
𝑝𝑙
= {

𝜂2.4 + 0.3 𝜂 ≤ 0.75

0.45𝜂−2.0 𝜂 > 0.75
 

However, steel strain values were used in order to have a simplified indication of where fracture 

might initiate as this was an exploratory analysis in order to understand the general behaviour of 

Tuned Links and where strain accumulation may present problems. The use of this more detailed 

model is encourage for future work, particularly if cyclic loading is to be simulated. 

From this thesis’ existing A992 tensile testing certificates, the fracture strains were approximately 

0.32 to 0.35. This would then suggest that only the 2 in. cutting radius is acceptable to use. However, 

please note that this region is not important to the link’s deformation capacity so it may fracture 

harmlessly initially; the issue then would be to not allow any fractures to propagate. 

For a design rule, the cutting radius is likely to be based on tw (0.425 in.). Using a minimum radius of 

0.5 in., a design rule may be of the form: 

𝑅 = 0.5𝑖𝑛. + 
7

2
𝑡𝑤 

7.5.4.4 Link Height (Variation D) 

The primary purpose of a Tuned EBF is to be able to change the link height without changing the 

collector beam section. For this model, it was possible to move the horizontal stiffeners down by up 

to four inches. 
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Figure 103. T-EBF at hw = 6.0 in. and 4.0 in. respectively. 

The above plots do not show any adverse effects of moving the horizontal stiffeners down. Because 

the link length does not change, the links should experience similar rotations and similar lateral 

frame drifts with the strength of the link changing. These strength changes can be seen in Figure 

104. 

 

Figure 104. Variation D pushover curves. 

There were no adverse or significant changes to the shape of the curve, only the strength of the link 

changed. 

7.5.4.5 Flange Fracture (E) 

One simulation was run to check the stress pattern in the event of high stresses initiating a fracture 

in the horizontal stiffener to endplate welds. The pushover behaviour was near identical between 

Model-8 and 18. The leftmost plot in Figure 105 shows a pattern that differs from Figure 99 b).  

a) b) 
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Figure 105. a) Fractured endplate model (Model-18); Endplates for Model-18 (b) and Model-8 (c). 

The fractured model showed a higher stress “turbulence” in the endplate end region as well as 

increased stresses in that region. There was also an increase in the stresses by the back vertical 

stiffener. While the horizontal flange stresses appear to make an effort to dissipate up the W 

section’s web and into the flange, a large stress concentration appears in the web to endplate 

connection. The endplate plots show the magnitude of stress present in the endplate at the 

connection. Clearly the fractured case is likely to cause further fractures. 

These plots suggest that fractures in this region need to be avoided as the redistributed stresses lead 

to more fractures. Or, a longer end distance may be chosen in an attempt to give the stresses 

enough room to flow up to the top flange. The latter case has not been investigated. 

7.5.4.6 Endplate Gusset Plates (F) 

In accordance with typical fabrication practice in New Zealand, endplates are normally designed to 

be thinner and are strengthened by gusset plates. The performance of a gusseted T-EBF was 

evaluated in Model-21 which had a 1 1/4 in. instead of 1 3/4 in. thick endplates. The pushover load-

displacement curve showed no difference in performance. Figure 106 shows the displaced stress 

plot, which was very similar to the baseline in Figure 99 (TR). The left end zone does have lower 

stresses, improving the resilience against fractures near the endplate welds. The endplate plot 

consequently has a better spread of stresses. 

b) c) a) 
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Figure 106.  Displaced Model-21 and the corresponding stresses in the endplate. 

As there were no large discrepancies in the pushover performance, gusset plates can be said to not 

stiffen the end zone region any further. Hence they are acceptable for use as a cost-saving measure 

and a means to keep strains away from the endplate connection. The second plot in Figure 106 may 

suggest that a further study could check whether the top gusset plate is required at all. Finally, in the 

design of gusset plates, they may not extend beyond the end zone as that will result in a much less 

favourable link to endplate load path. 

7.5.5 Conclusions 

From the modelling work, Tuned Eccentrically Braced Frames are presented as a viable alternative to 

conventional frames. The following approximate design criteria can be derived, should any engineer 

choose to use them at their own risk: 

 ED ≥ hw – set the End Distance to be higher than the link’s web height 

 ths ≥ tf – set the thickness of the horizontal stiffener to match the flange thickness 

 WS ≥ 1/2 in. – leave a weld stub of 1/2 in. or as required  by any fillet welds 

 R = 1/2 in. + 7/2 tw – round the corners to avoid strain build up 

 The target frame drift may be achieved by changing the length of the link as evident in 

Variation B, without changing the strength. 

The horizontal stiffener weld connection fractures must be avoided to prevent less stable load paths 

from forming. This can be done via increased edge distance and/or the use of gusset plates. 

7.5.6 Future Research Recommendations 

Further research is very much possible and highly recommended, with these results acting as a 

starting point for an experimental program. This could then form the basis of further numerical 

studies to refine the requirements for design set out above. 

b) a) 
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Chapter 8 

Secondary Element Demands 

 

8 Secondary Element Demands 

This short chapter will examine the strains and stresses recorded in elements outside of the link and 

compare them to any design equations, if available. The need for secondary elements to remain 

elastic arose out of concerns that in a conventional EBF, some inelastic action outside of the link is 

permitted, while in a bolted EBF, inelastic deformations outside of the link would be detrimental. 

Thus the frame was designed to remain elastic under the expected overstrength forces. Refer to 

Appendix C – Instrumentation Drawings for strain gage labels. As per that appendix, the batch 1 links 

used the “EIA” assembly (sheet 2) and subsequent tests used the “EIA2” assembly (sheet 3). Two 

analyses are presented: the measured stains during the experimental tests; and the overstrength 

values reached during testing. 

8.1 Strain Gage Readings 

8.1.1 Panel Zones and Brace Web 

The strain rosette readings from the mid and bottom panel zones in the EIA and the web inside the 

brace are summarised in Figure 107. The Mises stresses were calculated using the equations 

obtained from the strain gage’s manufacturer (TML, 2016). Given that the strain rosette was two 

dimensional, the webs being measured were assumed to have the large majority of their stresses in 

plane of the web. The locations of the rosettes were dictated by the finite element results available 

at the time, namely the work of Mago (pg. 11, 2013), where high stress concentrations in certain 

locations were discovered. 

The Brace Web (BW) graph (Figure 107 c) shows stresses very much in the elastic range. During 

design, the calculated shear forces were very low and this is reflected here. The strain rosette was 

anticipated to have higher stresses as previous finite element work showed a potential for stresses 

to concentrate there, but this was not the case. Furthermore, not much difference was observed 

between the geometry changes between the batches of links. 

The Mid Panel Zone (MPZ) plot shows high stresses during the batch 2 test. The strain rosette was 

placed in the middle of the panel zone for that series of tests and the moments that the links 
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exerted on the EIA2 assembly would have been the highest encountered during testing. The batch 1 

stresses were slightly lower and this could be explained by the lower end moments. The readings for 

batch 3 were the lowest and this would have been an artefact of having an extra stiffener inside EIA2 

that was required for batch 2 only. Thus the panel zone had an extra stiffening element to resist the 

forces. The design equation for this region is only available under New Zealand’s P4001 (2013). It is 

of the following form: 

𝜙𝑅𝑛 = (
𝑉𝑝𝑧
𝜙𝑉𝑝𝑧

)

2

+ (
𝑁𝑝𝑧
𝜙𝑁𝑝𝑧

)

2

= 0.68 < 1.00 

Where the values inside the brackets are calculated using some conservative assumptions in regards 

to how forces from the brace and link may flow. The equation assumes an interaction between the 

shear and the “axial” force inside the panel zone. The resulting interaction value was 0.68 and this 

can be compared to Figure 107 a), where the maximum Mises stress inside this zone was 

approximately 40 ksi. Expressed as a capacity ratio out of a yield strength of 55 ksi, this yields 0.72. 

While this is a close agreement between expected forces, it does not necessarily mean that the 

design equation is fully justified, only that this particular data point agrees with it. Given such a high 

capacity ratio, it would be prudent to adopt this equation into the worldwide codes to ensure that 

the panel zone is not damaged during earthquakes – particularly for replaceable links. 

Figure 107 b) shows the bottom panel zone and from previous finite element modelling, this rosette 

was expected to read the largest stresses. This was not the case, and the difference could potentially 

be explained by the differences in geometry presented in the finite element model used (pg. 11, 

Mago 2013) and the test frame herein. The EIA, and the EIA2 assemblies had a very short distance 

between their bottom flange and the first horizontal stiffener. There was not a large difference 

between the different batches of tests, suggesting that at this distance from middle panel zone, the 

geometry differences in the links matter less (and they matter less still inside the brace web). 
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Figure 107. Von Mises Stress Calculations: a) SR_3_X_EIA_MPZ; b) SR_2_X_EIA_BPZ; c) SR_1_X_Brace. 

8.1.2 Section forces 

Selected sections along the brace, collector beam and the C2 column (non-actuator column) were 

instrumented with a strain gage on each flange to monitor axial forces and bending moments. The 

locations were chosen in an attempt to read the highest strains possible, thus they were placed 

where the moments were expected to be the largest, or as close to that location as possible. Figure 

108 shows these forces against the corresponding link shear force. The brace appears to have 

behaved in a very elastic fashion and was not at all influenced by the test set up geometry. The 

collector beam showed an elastic response, with the batch 2 axial forces reading slightly lower, and 

the moments slightly higher. The far column had experienced the largest internal forces, as 

expected, and a difference between the batches could not be discerned, perhaps due to the coarse 

readings present. 

a) b) 

c) 
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Figure 108. Strain gage calculated internal member forces. 

It must be noted at this point, that strain gages are not a very reliable instrument for measuring 

internal forces. A spliced in load cell would have been best, however, the point of attaching strain 

gages in these experiments was to check that the non-shear-link elements were subjected to forces 

that they were expected to be subjected to. In this way, some assurance could be provided to the 

design methods used, and more importantly, the design method’s ability to size the secondary 

elements such that they remain elastic. From the above plots, this appears to have been achieved. 

Table 18 summarises, for each member, the design capacity of the member, the expected design 

forces in the member and the actual forces as read from the strain gages. The axial capacities include 

the reductions due to member length, and there were no bending moment capacity reductions as no 

lateral torsional buckling was expected during design for any of the members. The capacity of the 

a) b) c) 

d) e) f) 
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column in bending was reduced to 80% due to bolt holes reducing the size of the available flange 

area. 

Table 18. Comparison of design capacities, design forces and actual forces from strain gages. 

 Axial Force (kip) Bending Moment (kip.ft.) 

Member φRn R*design R*actual φRn R*design R*actual 

Brace 761.6 318.5 230.0 319.9 66.7 300.0 

Collector 863.5 243.9 174.6 750.0 387.3 115.0 

Column 1817.2 254.4 197.6 780.0 525.4 624.0 

 

The bending moments were read close to their most critical physical locations, and the design 

bending moment listed is coincident with that location. Not all of the above checks were governing 

checks. Assuming that the strain gage readings are correct, the design axial forces were all 

somewhat over predicted. The bending moments were as follows: 

 The brace experienced moment close to its capacity, while the expected moments were 

much lower than this. 

 The collector beam experienced moments lower than expected. 

 The column’s internal moment was close to what was expected, albeit above what was 

expected. 

The readings above suggest that, somehow, the brace took more of the link’s endplate moment than 

the collector beam did, perhaps due to its stiffness. It is also possible that it took the amount of 

moment that it could, right until yield, and the rest was redistributed into the collector beam. In the 

latter case, these redistributions should be harmless. The design implications of this may include 

more rigorous moment capacity checks on the brace. However, for now, more strain gage 

monitoring is suggested, especially the distribution of moment between the brace and the collector 

beam. 
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8.2 Shear Link Overstrengths 

During design (3.1.2.2) the assumed material and strain hardening overstrength factor (φoms) was a 

source of contention. As previously stated, the values given by the current codes can be low; and in 

the interest of ensuring that the test frame survived the multiple tests required for this project, a 

value of φoms = 2.00 was selected conservatively. This was based on previous literature, especially 

work by McDaniel (2003) where overstrengths of up to 1.94 were reached. 

8.2.1 Available Data 

The database derived in 2.2.1 was filtered to include tests under the AISC2005 protocol, and the 

results from this study were also appended to form a dataset for an overstrength analysis. 

Table 19. Overstrength values from previous literature and herein 

ID Reference Specimen Section Material Vp Vmax φoms 

68 Okazaki 2005 4A-RLP W10X33 A992Gr50 77.1 123.8 1.61 

69 Okazaki 2005 4C-RLP W10X33 A992Gr50 77.1 125.6 1.63 

70 Okazaki 2005 8-RLP W16X36 A992Gr50 133.1 207.4 1.56 

71 Okazaki 2005 10-RLP W10X68 A992Gr50 124.9 215.2 1.72 

72 Okazaki 2005 11-RLP W10X68 A992Gr50 124.9 207.9 1.66 

73 Okazaki 2005 12-RLP W18X40 A992Gr50 159.2 261.4 1.64 

74 Mansour 2010 UT-3A W14X68 A992Gr50* 158.9 286.4 1.80 

75 Mansour 2010 UT-3B W14X68 A992Gr50* 158.9 287.5 1.81 

81 Stephens 2011 14DBase BU14X74 A36Gr36 135.0 201.2 1.49 

100 Volynkin 2016 AL-3S W14X48 A992Gr50 128.6 199.1 1.55 

102 Volynkin 2016 AL-BU-N1 BU10X58 A572Gr50 105.0 224.9 2.14 

103 Volynkin 2016 AL-BU-B1 BU10X58 A572Gr50 105.0 232.2 2.21 

104 Volynkin 2016 AL-BU-N2 BU10X56 A572Gr50 90.0 175.6 1.95 

105 Volynkin 2016 AL-BU-B2 BU10X56 A572Gr50 90.0 178.7 1.99 
 

Link 81 had to be excluded from this study as it was the only link made up of A36 material. The links 

tested by Mansour (2010) comply with the Canadian “CSA G40.21-350W” steel standard, which at a 

specified minimum yield of 350MPa [50.8 ksi] meets the A992Gr50 requirements also. The Vp value 

was calculated using the AISC equation for shear link strength (pg. 9.1-60 of the AISC Seismic Design 

Manual): 

𝑉𝑝 = 0.6𝐹𝑦(𝑑 − 2𝑡𝑓)𝑡𝑤 

 

While the AISC equation was used here consistently, other codes treat this calculation slightly 

differently. For example, the Canadian code, specified she shear strength of an I section as: 
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𝑉𝑝 = 0.55𝐹𝑦𝑑𝑡𝑤 

While the New Zealand code specifies the same equation as the AISC code for built up sections, for 

hot rolled sections it specifies: 

𝑉𝑝 = 0.6𝐹𝑦𝑑𝑡𝑤 

In each of the cases, the Tresca stress criterion (𝐹𝑦/√3) is approximated with a numeral. 

The φoms value is made up of two components, φom and φos. The difference in the specified minimum 

yield stress (50 ksi) and the actual yield strength of the metal is the ratio φom (for example, 52.9 ksi 

mill certificate yield strength for link AL-3S; and 53.5 ksi mill certificate yield strength for link AL-BU-

B1). The difference between the yield strength of the material and the ultimate tensile strength of 

the material is expressed with the φos ratio. For a simplified case of a material with 50 ksi yield and 

65 ksi ultimate strengths, φos = 1.3. The total overstrength is thus: 

𝜙𝑜𝑚𝑠 = 𝜙𝑜𝑚𝜙𝑜𝑠 

The tabulated φoms value was obtained from: φoms = Vmax / Vp. Where Vmax was the maximum 

measured shear attained during the test. 

The φoms value is of interest in design. Only the specified minimum yield strength (50 ksi) is available 

to the Engineer when they are sizing the secondary elements. Thus, the total variation from this 

value up into the maximum expected overstrength forces generated by the links is of interest. All 

previous literature had quoted their overstrength values that were based on the yield strengths 

calculated from either mill certificates or coupon tests. In one case, the link section used was 

measured for its dimensions as those also differ from dimensions specified. Effectively, the 

previously reported overstrength values would be closer to φos. To be used in design they must be 

multiplied by the material variability overstrength factor. 

8.2.2 Average and Expected Overstrengths 

The average and theoretically expected values for overstrength are presented in the table below: 

Table 20. Average and theoretical φoms 

 Average Expected 

A992Gr50 1.68 1.46 

A572Gr50 2.07 1.64 
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The theoretically expected value was calculated from Table 4 in the work by Liu et al. (2005). For 

example, for A572Gr50 plate steels, the mean tensile strength is 1.26x the specified tensile strength 

of 65 ksi for this steel. Thus the theoretically expected overstrength value for this steel would be 

1.64 = 65 × 1.26/50. In both cases, the mean overstrength derived from experimental work, 

exceeds that which is expected theoretically from existing coupon tests. This highlights the 

difference between local material behaviour and the global shear link behaviour. 

The above values present a design problem for shear links. Some difficulties and contradictions were 

encountered during the design of the built up links, as the web was assumed to be able to strain 

harden to twice its yield strength and all of the elements around it had to be able to sustain this. 

Given that all of the elements were made of the same material, elements such as the flanges were 

double the size of what they would typically be, had they not been used for a shear link. Very large 

fillet welds attached the thin web to the thick endplates. The design of the AL-BU links presented a 

unique case where the web doubler plates were thickened to ensure that the web fillet welds were 

accommodated. Although the test rig was designed with an overstrength of 2.0, the link generated 

slightly higher forces than this and none of the secondary elements fractured or failed. In the case of 

AL-BU-B1, the overstrength reached was 2.19, which is 9% larger than what the frame was designed 

for. The following design checks were close to governing: 

 The Mrup check on the link flanges was just beyond capacity. 

 The web to flange welds were within 9% of capacity and these connections unzipped at the 

end of the test. 

 The bolt moment capacity was only 2% stronger than necessary. 

 And, the link web weld was 6% stronger than required. 

Clearly, there was some reserve capacity in the frame to handle the link forces either elastically or 

inelastically. However, there is no immediately obvious way of quantifying this reliably. 

A method for alleviating the large overstrength values is to only consider the shear strength of the 

link once it reaches the required 0.080 rad of rotation. In the case of the highly ductile AL-BU links 

this would yield an average overstrength of φoms = 1.92. 

In the case of conventional EBFs, the material variation factor for the design of collector beams may 

be omitted, given that the link and the collector beam are the same member. However, the same 

cannot be said of the brace or columns, and this omission may not be used in the case of bolted links 

were multiple sections are used. 
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The entire idea of using the conservative elastic values for the design against the incoming 

earthquake generated forces is so that the EBF does not yield under service loads that have a small 

return period, such as wind loads. If these more common loads are well below the incoming 

earthquake loads, then the frame could be designed to remain elastic under the common loads and 

early inelastic action could be permitted under the earthquake loads. This would take an extra 

design effort, however this would effectively “reduce” the overstrength values as an inelastic portion 

of the link’s shear resistance could be utilized for the rarer earthquake loads. 

The above notwithstanding, the most practical way to reduce overstrengths is to enforce material 

standards that have upper limits on the steel’s dimensions as well as the steel’s yield and tensile 

strengths. The S0 specification under the New Zealand Standard (Cl2.2.4 of NZS 3404.1: 2009) does 

specify such an upper limit for the Fu/Fy ratio and the Fy value, effectively assuring an upper limit on 

the φoms. An adoption of such a standard in worldwide practice would significantly reduce the 

uncertainty inherently present in designing the secondary elements and would significantly reduce 

the required section sizes, ensuring an economical design. For reference, the AL-3S steel was 52.9 

and 70.0, in yield and tensile strengths and likewise the AL-BU-B1 web was 53.5 and 71.0 ksi. This is 

contrasted to the minimum specified values available to the designer of 50 and 65 ksi respectively. 

Currently, there is no standard that specifies an upper limit for link web thickness. Typically this is 

limited by manufacturer’s material costs and the minimum web thickness. Such a limit would also 

contribute to less uncertainty in overstrength. A special seismic grade of steel need only be used for 

the yielding elements. 

Furthermore, some allowances into inelastic action may be permitted in bolted link EBFs, much like 

they are for conventional EBFs. The main issue would be the brittle bolted connection, and perhaps 

it may have a higher design overstrength value specifically for it that reflects its brittle nature. That 

is, non-brittle components would be allowed to yield to an extent. 

In order to calculate the approximate elastic rotation under the design Vp strength of the link, the 

first few half-cycles, were plotted along with an indication of where the elastic strength was reached 

for each link. 
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Figure 109. Rotation at which the design plastic shear was first reached. 

The values for the points in Figure 109 are: AL-3S: 126.4 kip at 0.0047 rad and for AL-BU-B1: 108.3 

kip at 0.0038 rad. The latter link only reached this value on its third half-cycle. The purpose of the 

above illustration above is to convey that the actual elastic strength of the shear link is likely lower 

than that expected from design and appreciable rotations are already reached at this value. In other 

words, in practice, rotations of up to 0.005 rad may be expected under service loads. 

8.3 Conclusions 

To summarise the above findings for the strain gage readings: 

1. The New Zealand design equation (P1004:2013) for panel zone interaction checks appears to 

be a worthwhile check to make, and should be adopted worldwide. 

2. During testing, the brace took most of the incoming moment, rather than the collector 

beam. Due to redistribution this is likely to be harmless, however future researchers may 

wish to attach strain gages to monitor this pattern further. 

The following conclusions can be drawn from the overstrength analysis: 

1. The current total overstrength from past research sits at 1.68 for hot rolled sections and at 

2.07 for built up sections, higher than theoretically expected from existing material level 

data. 

2. Material controls are needed for shear link elements. In the case of a bolted replaceable link, 

only the web element may need such material controls. 
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8.4 Future Research Recommendations 

While the secondary elements in this study were conservatively sized with a large overstrength 

factor in order to avoid test frame failure, this resulted in large section sizes. A future study could 

specify tolerances to the web’s yield and tensile strengths and, after obtaining identically specified 

shear links from multiple manufacturers, compare the resulting overstrengths. Due to the large 

differences in economy possible with even small changes to the overstrength factor, an allowance 

for reduced overstrengths could be tabulated against varying manufacturer tolerances. Alternatively, 

construction timeline permitting, the shear links for a building could be manufactured first with a 

selection of the steel tested for its tensile properties and only then would the secondary elements 

be specified and fabricated. Alternatively still, a brittle elastic system could be deployed in parallel 

with a shear link and the brittle system is to break down in the event of large displacements. That is, 

during small displacements the parallel system keeps the overall system elastic, however during 

large displacements it fractures and allows the building to freely move so that the EBF may dissipate 

the incoming earthquake energy. 

The precision required in the yielding element's material need only apply to that element only. For 

example, in the case of a built up link: the web could have very precise tolerances applied to it in 

order to predict the overstrength generated as closely as possible. All other elements, including the 

flange and the flange to web welds, need only have the minimum yield strength be of concern 

during manufacturing and fabrication. In this way, the least amount of material is specified to tight 

seismic tolerances, resulting in much greater economy. 
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Chapter 9 

Conclusions 

 

9 Conclusions 

The following conclusions pertain to each of the chapters where they are summarised in place. The 

conclusions from the entire thesis are summarised below for convenience. With reference to 

Chapter 5, the following conclusions were reached from the experimental work on stiffener spacing: 

1. Shear links with low web aspect ratios have the advantage of being much more resistant to 

buckling. 

2. From theoretical work, the web aspect transition point at which a link’s behaviour changes 

from stocky to slender would be a β ratio of 28.0. However, based on experimental 

observations and available data, a more prudent transition point is 25.0. 

3. Slender links already have an appropriate stiffener spacing equation, while stocky links could 

have their equation relaxed. They will also benefit from increased rotational capacities if not 

over stiffened. 

4. Stocky built up sections are likely to have a larger deformable steel area and are likely to be 

more ductile than hot rolled sections. At present, it is unknown how detrimental the use of a 

hot rolled section may be; nevertheless hot rolled stocky sections are still expected to reach 

high rotations without the use of stiffeners. 

5. Given the known information, a stocky custom made built up section is recommended for 

use as a shear link. 

With reference to the numerical work for stiffener spacing in Chapter 6, very similar conclusions to 

the above can be drawn: 

1. Very similar trends to the experimental work were observed in the finite element parametric 

study. Thus, it can be concluded that link sections different to the ones tested physically are 

likely to exhibit the same behaviours as the tested links have shown. 

2. The same division between stocky and slender links (β = 25.0) was used, with both methods 

suggesting that with further study, the classification may be lifted to β = 28.0. 

3. The slender portion of the equation should remain as is, because any adjustments to the 

current AISC equation would be quite small. 
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4. The stiffener spacing equation for stocky links is less conservative as concluded by the finite 

element study. 

With reference to the work on the web doubler plates in Chapter 7.1, the following conclusions were 

drawn: 

1. Should web doubler plates be included, the combined web doubler height, and the top and 

bottom fillet weld sizes should not encroach on the kdet dimension, so as to avoid the k-area 

in hot rolled sections. An example of where web doubler plates must be used is when the 

endplate is of the thinner, gusseted variety (see 7.3). 

2. A lack of a web doubler plate in bolted links, with overly thick endplates and with CJP welds 

connecting the flanges to the endplates does not appear to be a hindrance to performance 

(link AL-D0). 

3. Web doubler plates were experimentally shown to successfully sustain rotations and push 

inelastic strains away from the endplate welds in all of the links tested; and no web doubler 

induced buckling was noted even at the longest length trialled (AL-D8). However, although 

theoretical calculations claim that increases in link length are possible, this was not 

consistently found to be the case when finite element models were employed to test this. A 

future study with more finite element models or with several experimental specimens would 

answer these questions more directly. 

As per Chapter 7.2 a link with contact stiffeners should have no issues with performance. The AL-3C 

link in this study performed just as well as the conventional link. 

With reference to Chapter 7.3, the following conclusions were drawn in regards to the use of gusset 

plates in shear links: 

1. The use of shear links with gusset plates, did not present any issues. 

2. A web doubler plate was included at each link end in order to keep the rotations in the 

gusseted region low. 

3. The thick plate behaviour equations were not found to be reliable and endplate thicknesses 

had to be increased in order to ensure that the main tests from this study were not 

hindered. 

With reference to Chapter 7.4 dealing with the use of a W-section brace and lateral stability, the 

following conclusions were drawn: 
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1. Restraints from Popov’s work (1987) appear to be very small sections, and despite the 

actuators pushing at a very inopportune location (below the shear centre of the link), the 

restraints were effective. 

2. The restraints used by Mansour (2010) were also effective, albeit very bulky for practical 

purposes. 

3. The testing conducted herein shows that a complete lack of lateral bracing is likely to be 

acceptable so long as the overall EBF is somewhat stocky, and a W section brace is used for 

extra rigidity. By simple inspection, a gusset plate connected brace does not present the best 

option for a member in compression, and will give rise to difficulties during design for brace 

compression and overall rigidity of the system. 

4. The end link restraint behaviour herein is likely to have rigidity in-between that of a larger 

EBF which is slender, and a linked column frame, which is very rigid in this regard. However, 

not enough data is available to quantify this. 

For the Tuned Eccentrically Braced frame described and numerically modelled in Chapter 7.5, the 

following rough design criteria were derived as a starting point for any future experimental work: 

 ED ≥ hw – set the End Distance to be higher than the link’s web height 

 ths ≥ tf – set the thickness of the horizontal stiffener to match the flange thickness 

 WS ≥ 1/2 in. – leave a weld stub of 1/2 in. or as required  by any fillet welds 

 R = 1/2 in. + 7/2 tw – round the corners to avoid strain build up 

 The target frame drift may be achieved by changing the length of the link as evident in 

Variation B, without changing the strength. 

The horizontal stiffener weld connection fractures must be avoided to prevent less stable load paths 

from forming. This can be done via increased edge distance and/or the use of gusset plates. 

Finally, the conclusions from Chapter 8 on the strain gage derived member actions outside of the 

active link and how they correspond to design values were: 

1. The New Zealand design equation (P1004:2013) for panel zone interaction checks appears to 

be a worthwhile check to make, and should be adopted worldwide. 

2. During testing, the brace took most of the incoming moment, rather than the collector 

beam. Due to redistribution, this is likely to be harmless, however future researchers may 

wish to attach strain gages to monitor this pattern further. 

And the following conclusions can be drawn from the Chapter 8 overstrength analysis: 
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1. The current total overstrength from past research sits at 1.68 for hot rolled sections and at 

2.07 for built up sections, higher than theoretically expected from existing material level 

data. 

2. Material controls are needed for shear link elements. In the case of a bolted replaceable link, 

only the web element may need such material controls. 
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Notation Used 

 

Notation Used 

Notations That May Be Atypical to Common Engineering Conventions 

 

α = “web panel aspect ratio”, or s/hw 

β = “web aspect ratio”, or hw/tw 

θ = frame drift angle 

γ = total link rotation (elastic and plastic) 

γp = plastic link rotation (and is the majority of γ) 

λf = flange slenderness measure (bf – tw)/2tf 

σy, σu = equivalent to Fy and Fu. The Latin notation is typically used when quoting tensile 

test data, while the Greek notation is typically used when dealing with analytical or finite 

element work 

a = “web panel length”, alternatively, and more commonly, s 

e = link overall length 

e’ = link inner length, within the web doubler plates. Or the deformable region length. 

Refer to Figure 68 

Fy = material strength at yield 

Fu = material strength at ultimate tensile failure 

hw = the web height; is equivalent to d1 under New Zealand conventions 

hd = web doubler plate height 

kdet = North American (AISC) dimension that, from the flange face, clears the flange 

thickness (tf) as well as the root radius and the k-area. It is intended to be used when 

detailing stiffeners and the amount of vertical weld available. In contrast, kdes, gives a more 

conservative (smaller) estimate of this dimension 

ld = web doubler plate length (along the same axis as e) 

s = “web panel length” or stiffener spacing. Symbol a used in some instances 

s# = the integer number of stiffeners that results in placing s# number of stiffeners over 

e’, such that the resulting s is less than code required s 

td = web doubler plate thickness 
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Notation Used for Labelling Key Points in Hysteresis Curves 

 

γreq = the required total rotation, which is 0.080 rad + γe 

γe = the elastic rotation, assumed to be the rotation at which point the link had reached 

its mill certificate derived strength 

Vmax = the maximum shear resistance attained at any point in the curve 

±V0.080 = the shear resistance of the link when it reached its required rotation for the negative 

and the positive half cycles 

±γ0.080 = the corresponding rotation at ±V0.080 

Pass = whether the shear strength in the link, for both sides of the cycle, did not degrade to 

below 80% of the current Vmax. In other words, it checks if ±γdeg ≥ ±γ0.080. 

±Vdeg = the shear strength of the link when it had degraded, essentially it is 80% of the 

current Vmax. 

±γdeg = the corresponding rotation to ±Vdeg, when the link had degraded 

γVmax = the rotation when the largest shear resistance was attained 

γmax = the largest rotation reached during testing 

Vγmax = the shear force at the largest rotation achieved during testing 
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Miscellaneous Terms 

 

ASTM A36 Steel The older steel standard used in the United States. The standard is 

quite broad, so when steel does not meet the tighter criteria under 

the newer standards, it is sold as “A36” steel. Hence modern A36 

material is likely to have strengths of 50 ksi, rather than the 36 ksi it 

would have had in decades past.  

ASTM A572 Steel  Commonly used steel for plate elements. 

ASTM A709 Steel  Commonly used steel for plate elements in bridge construction. 

ASTM A992 Steel American standard A992 steel, currently commonly used for hot 

rolled sections in North America. 

S0 Steel (New Zealand) New Zealand’s steel standard for elements that not only have lower 

and upper limits for Fy, limits for the Fu/Fy ratio are also specified, in 

order to control the resulting overstrengths for when these 

elements are used as seismic resisting components. From past 

literature, controls for Fy have been specified by shear link 

researchers but not for the Fu/Fy ratio. 

Secondary Elements Elements outside of the shear link. In a bolted set up, they are 

expected to remain elastic. In a conventional EBF, some inelastic 

action is permitted. 
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Supplementary Electronic Media 

 

Supplementary Electronic Media 

Included with this thesis are supplementary electronic media, hosted on dropbox: 

https://www.dropbox.com/sh/gealrkog7zh2egg/AACBn0_L4qbUtvU0N8HETa9Xa?dl=0 

Alternatively, this shortened URL will redirect to the above link: 

bit.ly/1UF13QN 

The hosted folder contains: 

 The original active link database collated from past studies, which includes link geometric 

definitions, the rotations they achieved, stiffener spacing, type of steel used and type of 

loading history used. Information was filled out in the table where it was available from past 

literature. Future researchers may use this database to further locate trends within previous 

experiments or to compare their work with past work. 

 Each of the tests herein was filmed using a 10 or 30 sec time lapse series of photographs. 

These have been converted into movies, and were synchronized to the data logged during 

the test, in order to produce the included videos. The videos feature an overlaid report of 

the current, time, link rotation and link shear, as well as the current hysteresis curve. Any 

fracture propagations and their associated strength degradations are immediately apparent 

in these videos. 

 The same videos from above, however, they are embedded in a power point file that has 

some notes pertaining to each of the tests. 

https://www.dropbox.com/sh/gealrkog7zh2egg/AACBn0_L4qbUtvU0N8HETa9Xa?dl=0
http://www.bit.ly/1UF13QN
http://www.bit.ly/1UF13QN
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Appendix A – Designs 

 

The following documents are included: 

 Batch 1 Design Calculations 

 Batch 1 Design Drawings 

 Batch 2 Design Calculations 

 Batch 2 Design Drawings 

 Batch 3 Design Calculations 

 Batch 3 Design Drawings 
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1 Summary

This document contains the design checks for the D-EBF test set up configuration.
The first batch of tests include 5 active links with varying stiffener configurations.
NOTE: only design checks that have been completed here have been calculated for-
mally. Other notes on drawings such as weld specifications, were based on geometry
and/or judgement only.
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2 Design Checks

2.1 W14x48-0s (Actuator at A1)

This assumes the actuator at the A1 level. Forces were derived from SAP2000, which
assumes the active link to be elastic. Although, initially φoms = 2.00 was selected to
calculate the forces for the fully strain hardened link, this was not realistic in terms
of the expected force in the flange. The New Zealand value for active link design is
φoms = 1.3

0.9
×Rn. That is divide by 0.9 to move from the average Rn to the upper 5th

percentile, and then multiply by 1.3 for the strain hardening & in some way taking
account of the slab contribution.
The load case here is the Actuator pushing and pulling at 218 kip.
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2.1.1 SAP2000 Checks

Model Description

The model centerlines are based off of Sheet 1 of Design Drawings. The force applied
was 218 kip. in either direction at the A1 centerline.
Section Checks

Using the section design check feature of SAP2000 there are no sections that are
yielded beyond their elastic capacity to AISC, except for the W14x48 link.
Link Force Available

With the 218 kip. applied at A1, the link shear force envelope indicates 240 kip. of
shear in the link. Vu = 230kip.
Link Rotation Available

γp = tan−1

(
u3,ALR − u3,ALL

e

)
× u1,A1,act
u1,A1,SAP

− 0.007

γp = tan−1

(
−0.8414−−0.04801

42.75

)
×
(
−20.0

−0.8312

)
− 0.007

γp = 0.126 rad.
Conclusion

• Section checks are fine.

• No need to use A2 actuator position, there is enough force @ 240 kip. of shear
in the link.

• Plastic rotation with the 10 in. extender should produce approx. 0.126 rad of
plastic rotation. This is larger than the 0.080 rad criteria for evaluating shear
link performance. Any looseness in the frame is NOT taken account of here.

• Previous calculations were based on 180 kip. of force in the link, which is the
assumed overstrength capacity. if more force is required then some of the MEP
limit states will need to be revised.
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2.1.2 Link MEP (R)

Bolted MEP Connection check, Sheet 2 of Design Drawings.

Input Variables

e = 42.25 in. This is the distance between the end plates, doubler plates do
not influence this.

φb = 0.9

φo = 1.44

φ1.00 = 1.0

φ0.75 = 0.75

Fy = 50.0 ksi.

Fu = 65.0 ksi.

E = 29000.0 ksi.

Endplate:

tp = 1.25 in.

bp = 9.0 in. limited by bf + 1.0 in.

Bolts:

φPt = 84.2 kip. 11
8

in. dia. Group B-N bolts

φrnv = 50.7 kip.

db = 1.13 in.

h0 = 16.11 in.

h1 = 11.05 in.

pf0 = 2.6 in.

pfi = 1.87 in.

g = 5.5 in.

nbb = 4.0 4 bolts assumed to resist shear as they are in compression.

Welds:

Dw = 7.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 14.0 Flange weld in 16ths of an inch
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Cf1 = 1.34 kip/in. Multiplier for non E70XX Welds (E100XX used).

Beam Section Properties (W14x48):

d = 13.8 in.

bf = 8.03 in.

tw = 0.34 in.

tf = 0.59 in.

k = 1.19 in. Distance from top of beam flange to where the k area ends.

k1 = 1.0 in. Distance from centerline to end of k area on flange.

Zx = 78.4 in.3

Design Actions

The shear force is derived from the overstrength shear capacity of the beam web:

Vu = φo × 0.6× (d− 2× tf )× tw × Fy

Vu = 1.44× 0.6× (13.8− 2× 0.59)× 0.34× 50.0

Vu = 185.22 kip.

The moment depends on the link statics equation:

Mu =
Vu × e

2

Mu =
185.22× 42.25

2

Mu = 326.06 kip.ft.

The axial force is scaled from SAP2000:

Nu = NSAP ×
Vu
VSAP

Nu = 57.0× 185.22

231.0

Nu = 45.7 kip.

The flange force is derived from the applied moment and the axial force in the worst
possible combination:

Fu,tens =
Mu

d− tf
+Nu

Fu,tens =
326.06

13.8− 0.59
+ 45.7

Fu,tens = 342.01 kip.
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Bolt Moment Capacity

The moment is modified to take account of the axial force:

Me = Mu +
Nu × d

2

Me = 326.06 +
45.7× 13.8

2

Me = 352.34 kip.ft.

φMn = 2× φPt × (h0 + h1)

φMn = 2× 84.2× (16.11 + 11.05)

φMn = 381.15 kip.ft.

φMn = 381.15 kip.ft. ≥Me = 352.34 kip.ft. OK

Thick Plate Behavior

s =
1

2
×
√
bp × g

s =
1

2
×
√

9.0× 5.5

s = 3.52 in.

pfi,s = min(pfi, s)

pfi,s = min(1.87, 3.52) pfi,s = 1.87 in.

Yp =
bp
2
×
[
h1 ×

[
1

pfi,s
+

1

s

]
+ h0 ×

[
1

pf0

]
− 1

2

]
+

2

g
× [h1 × (pfi,s + s)]

Yp =
9.0

2
×
[
11.05×

[
1

1.87
+

1

3.52

]
+ 16.11×

[
1

2.6

]
− 1

2

]
+

2

5.5
×[11.05× (1.87 + 3.52)]

Yp = 88.01 in.

tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 381.15

0.9× 50.0× 88.01

tp,min = 1.132 in.

tp = 1.25 in. ≥ tp,min = 1.132 in. OK
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Shear Yielding in Plate

Half the flange tension force is distributed to where the bolts reduce the cross sec-
tional area of the plate:

Ru =
Fu,tens

2

Ru =
342.01

2

Ru = 171.0 kip.

φRn = φ1.00 × (0.6× Fy)× tp × bp
φRn = 1.0× (0.6× 50.0)× 1.25× 9.0

φRn = 337.5 kip.

φRn = 337.5 kip. ≥ Ru = 171.0 kip. OK

Shear Rupture in Plate

Ru = 171.0 kip.

φRn = φ0.75 × (0.6× Fu)× tp × [bp − 2× (db,18)]

φRn = 0.75× (0.6× 65.0)× 1.25× [9.0− 2× (1.25)]

φRn = 237.66 kip.

φRn = 237.66 kip. ≥ Ru = 171.0 kip. OK

Bolt Shear

Vu = 185.22 kip.

φVn = φrnv × nbb
φVn = 50.7× 4.0

φVn = 202.8 kip.

φVn = 202.8 kip. ≥ Vu = 185.22 kip. OK

Bolt Bearing

Vu = 185.22 kip.

There are two equations to check, the minimum of the two is what resists against
shear:

lc = pf0 + pfi + tf

lc = 2.6 + 1.87 + 0.59
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lc = 5.07 in.

φRn = 1.2× lc × tf × Fu × nbb
φRn = 1.2× 5.07× 0.59× 65.0× 4.0

φRn = 940.27 kip.

φRn = 940.27 kip. ≥ Vu = 185.22 kip. OK

The other bolt bearing equation is thus:

φRn = 2.4× db × tp × Fu × nbb

φRn = 2.4× 1.13× 1.25× 65.0× 4.0

φRn = 877.5 kip.

φRn = 877.5 kip. ≥ Vu = 185.22 kip. OK

Web Welds

Vu = 185.22 kip.

lw = 2× (d− 2× (tf + k))

lw = 2× (13.8− 2× (0.59 + 1.19))

lw = 20.46 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 7.0× 20.46

φRn = 199.36 kip.

φRn = 199.36 kip. ≥ Vu = 185.22 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.595 in.

Df,max = 0.5325 in. ≥ Df,in = 0.4375 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t
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Df,in = 0.4375 in. ≥ Df,min = 0.3125 in. OK

Flange Welds

Fu,tens = 342.01 kip.

lf = 2× bf − tw − 2× k1
lf = 2× 8.03− 0.34− 2× 1.0

lf = 13.72 in.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.34× 14.0× 13.72

φRn = 358.28 kip.

φRn = 358.28 kip. ≥ Fu,tens = 342.01 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.595 in.

Df,max = 0.5325 in. � Df,in = 0.875 in. NOT OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.875 in. ≥ Df,min = 0.3125 in. OK

Bolt Distance Requirements

First check the bolt pitch

pmin =

{
db + 0.50 : db < 1in.
db + 0.75 : db ≥ 1in.

→ pmin = 1.13 + 0.75

pmin = 1.875 in.

pfi = 1.87 in. � pmin = 1.875 in. NOT OK

pf0 = 2.6 in. ≥ pmin = 1.875 in. OK
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The bolt gage must be less than the beam flange width:

gmax = bf

gmax = 8.03

gmax = 8.03 in.

gmax = 8.03 in. ≥ g = 5.5 in. OK

The bolt hole size is simply the diameter of the bolt + 1
16

of an inch for a standard
hole:

dhole = 1.1875 in.

The minimum edge distance is from AISC Table J3.4:

edmin = 1.5 in.

Conclusion

The flange welds are not strong enough and 25.29 kip./in. of weld strength is required
at the flange which cannot be provided by a fillet weld. It is possible with a 14/16
in. E100 weld, but that is above the maximum fillet weld size. Thus use a CJP weld.
The pfi is just on the limit so should be fine. The diameter of the hole needs to be 1
3/16 in. standard hole. The web weld required is equivalent to a double sided fillet
weld at 7/16 in. The details are on Sheet 48 of Assembly Instructions.
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2.1.3 Link MEP (L)

Bolted MEP Connection check, Sheet 3 of Design Drawings.

Input Variables

e = 42.25 in. This is the distance between the end plates, doubler plates do
not influence this.

φb = 0.9

φo = 1.44

φ1.00 = 1.0

φ0.75 = 0.75

Fy = 50.0 ksi.

Fu = 65.0 ksi.

E = 29000.0 ksi.

Endplate:

tp = 1.25 in.

bp = 9.0 in. limited by bf + 1.0 in.

Bolts:

φPt = 84.2 kip. 11
8

in. dia. Group B-N bolts

φrnv = 50.7 kip.

db = 1.13 in.

h0 = 16.11 in.

h1 = 11.05 in.

pf0 = 2.6 in.

pfi = 1.87 in.

g = 5.5 in.

nbb = 4.0 4 bolts assumed to resist shear as they are in compression.

Welds:

Dw = 7.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 14.0 Flange weld in 16ths of an inch
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Cf1 = 1.34 kip/in. Multiplier for non E70XX Welds (E100XX used).

Beam Section Properties (W14x48):

d = 13.8 in.

bf = 8.03 in.

tw = 0.34 in.

tf = 0.59 in.

k = 1.19 in. Distance from top of beam flange to where the k area ends.

k1 = 1.0 in. Distance from centerline to end of k area on flange.

Zx = 78.4 in.3

Design Actions

The shear force is derived from the overstrength shear capacity of the beam web:

Vu = φo × 0.6× (d− 2× tf )× tw × Fy

Vu = 1.44× 0.6× (13.8− 2× 0.59)× 0.34× 50.0

Vu = 185.22 kip.

The moment depends on the link statics equation:

Mu =
Vu × e

2

Mu =
185.22× 42.25

2

Mu = 326.06 kip.ft.

The axial force is scaled from SAP2000:

Nu = NSAP ×
Vu
VSAP

Nu = 57.0× 185.22

231.0

Nu = 45.7 kip.

The flange force is derived from the applied moment and the axial force in the worst
possible combination:

Fu,tens =
Mu

d− tf
+Nu

Fu,tens =
326.06

13.8− 0.59
+ 45.7

Fu,tens = 342.01 kip.
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Bolt Moment Capacity

The moment is modified to take account of the axial force:

Me = Mu +
Nu × d

2

Me = 326.06 +
45.7× 13.8

2

Me = 352.34 kip.ft.

φMn = 2× φPt × (h0 + h1)

φMn = 2× 84.2× (16.11 + 11.05)

φMn = 381.15 kip.ft.

φMn = 381.15 kip.ft. ≥Me = 352.34 kip.ft. OK

Thick Plate Behavior

s =
1

2
×
√
bp × g

s =
1

2
×
√

9.0× 5.5

s = 3.52 in.

pfi,s = min(pfi, s)

pfi,s = min(1.87, 3.52) pfi,s = 1.87 in.

Yp =
bp
2
×
[
h1 ×

[
1

pfi,s
+

1

s

]
+ h0 ×

[
1

pf0

]
− 1

2

]
+

2

g
× [h1 × (pfi,s + s)]

Yp =
9.0

2
×
[
11.05×

[
1

1.87
+

1

3.52

]
+ 16.11×

[
1

2.6

]
− 1

2

]
+

2

5.5
×[11.05× (1.87 + 3.52)]

Yp = 88.01 in.

tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 381.15

0.9× 50.0× 88.01

tp,min = 1.132 in.

tp = 1.25 in. ≥ tp,min = 1.132 in. OK
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Shear Yielding in Plate

Half the flange tension force is distributed to where the bolts reduce the cross sec-
tional area of the plate:

Ru =
Fu,tens

2

Ru =
342.01

2

Ru = 171.0 kip.

φRn = φ1.00 × (0.6× Fy)× tp × bp
φRn = 1.0× (0.6× 50.0)× 1.25× 9.0

φRn = 337.5 kip.

φRn = 337.5 kip. ≥ Ru = 171.0 kip. OK

Shear Rupture in Plate

Ru = 171.0 kip.

φRn = φ0.75 × (0.6× Fu)× tp × [bp − 2× (db,18)]

φRn = 0.75× (0.6× 65.0)× 1.25× [9.0− 2× (1.25)]

φRn = 237.66 kip.

φRn = 237.66 kip. ≥ Ru = 171.0 kip. OK

Bolt Shear

Vu = 185.22 kip.

φVn = φrnv × nbb
φVn = 50.7× 4.0

φVn = 202.8 kip.

φVn = 202.8 kip. ≥ Vu = 185.22 kip. OK

Bolt Bearing

Vu = 185.22 kip.

There are two equations to check, the minimum of the two is what resists against
shear:

lc = pf0 + pfi + tf

lc = 2.6 + 1.87 + 0.59
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lc = 5.07 in.

φRn = 1.2× lc × tf × Fu × nbb
φRn = 1.2× 5.07× 0.59× 65.0× 4.0

φRn = 940.27 kip.

φRn = 940.27 kip. ≥ Vu = 185.22 kip. OK

The other bolt bearing equation is thus:

φRn = 2.4× db × tp × Fu × nbb

φRn = 2.4× 1.13× 1.25× 65.0× 4.0

φRn = 877.5 kip.

φRn = 877.5 kip. ≥ Vu = 185.22 kip. OK

Web Welds

Vu = 185.22 kip.

lw = 2× (d− 2× (tf + k))

lw = 2× (13.8− 2× (0.59 + 1.19))

lw = 20.46 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 7.0× 20.46

φRn = 199.36 kip.

φRn = 199.36 kip. ≥ Vu = 185.22 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.595 in.

Df,max = 0.5325 in. ≥ Df,in = 0.4375 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t
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Df,in = 0.4375 in. ≥ Df,min = 0.3125 in. OK

Flange Welds

Fu,tens = 342.01 kip.

lf = 2× bf − tw − 2× k1
lf = 2× 8.03− 0.34− 2× 1.0

lf = 13.72 in.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.34× 14.0× 13.72

φRn = 358.28 kip.

φRn = 358.28 kip. ≥ Fu,tens = 342.01 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.595 in.

Df,max = 0.5325 in. � Df,in = 0.875 in. NOT OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.875 in. ≥ Df,min = 0.3125 in. OK

Bolt Distance Requirements

First check the bolt pitch

pmin =

{
db + 0.50 : db < 1in.
db + 0.75 : db ≥ 1in.

→ pmin = 1.13 + 0.75

pmin = 1.875 in.

pfi = 1.87 in. � pmin = 1.875 in. NOT OK

pf0 = 2.6 in. ≥ pmin = 1.875 in. OK
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The bolt gage must be less than the beam flange width:

gmax = bf

gmax = 8.03

gmax = 8.03 in.

gmax = 8.03 in. ≥ g = 5.5 in. OK

The bolt hole size is simply the diameter of the bolt + 1
16

of an inch for a standard
hole:

dhole = 1.1875 in.

The minimum edge distance is from AISC Table J3.4:

edmin = 1.5 in.

Conclusion

The flange welds are not strong enough and 25.29 kip./in. of weld strength is required
at the flange which cannot be provided by a fillet weld. It is possible with a 14/16
in. E100 weld, but that is above the maximum fillet weld size. Thus use a CJP weld.
The pfi is just on the limit so should be fine. The diameter of the hole needs to be 1
3/16 in. standard hole. The web weld required is equivalent to a double sided fillet
weld at 7/16 in. The details are on Sheet 48 of Assembly Instructions.
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2.1.4 Collector Horizontal Stiffeners

These are the checks for welds of the W10x68 brace to the under side of the collector
beam.

Input Variables

Horizontal Stiffeners & Welds:

ts = 1.0 in.

ws = 4.275 in.

ls = 10.25 in.

Dw = 15.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 6.0 Flange weld in 16ths of an inch

Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Design Actions

This is the same as the flange force exerted in the link, distributed evenly into each
stiffener.

Fu,tens = 347.0 kip.

Fu,tens =
Fu,tens

2.0

Fu,tens =
347.0

2.0

Fu,tens = 173.5 kip.

Web Welds

lw = 2× ws
lw = 2× 4.275

lw = 8.55 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 15.0× 8.55

φRn = 178.52 kip.

φRn = 178.52 kip. ≥ Fu,tens = 173.5 kip. OK
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Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.

Df,max = 0.9375 in. ≥ Df,in = 0.9375 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.9375 in. ≥ Df,min = 0.3125 in. OK

Longways Weld

lf = 2× ls
lf = 2× 10.25

lf = 20.5 in.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 6.0× 20.5

φRn = 171.22 kip.

φRn = 171.22 kip.

φRn = 171.22 kip. � Fu,tens = 173.5 kip. NOT OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.

Df,max = 0.9375 in. ≥ Df,in = 0.375 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.375 in. ≥ Df,min = 0.3125 in. OK

Conclusion

The longways weld is just under the requirements, should be fine as is.
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2.1.5 Collector Vertical Stiffeners

These are the checks for welds of the W10x68 brace to the under side of the collector
beam.

Input Variables

Vertical Stiffeners & Welds:

ts = 1.0 in.

ws = 4.0 in.

ls = 22.0 in.

Dw = 5.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 20.0 Flange weld in 16ths of an inch

Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Design Actions

This is the same as the flange force exerted in the brace, distributed evenly into each
stiffener.

Fu,tens = 220.0 kip.

Fu,tens =
Fu,tens

2.0

Fu,tens =
220.0

2.0

Fu,tens = 110.0 kip.

Web Welds

lw = 2× ls
lw = 2× 22.0

lw = 44.0 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 5.0× 44.0

φRn = 306.24 kip.

φRn = 306.24 kip. ≥ Fu,tens = 110.0 kip. OK
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Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.

Df,max = 0.9375 in. ≥ Df,in = 0.3125 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.3125 in. ≥ Df,min = 0.3125 in. OK

Flange Welds

lf = 1× ws
lf = 1× 4.0

lf = 4.0 in.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 20.0× 4.0

φRn = 111.36 kip.

φRn = 111.36 kip. ≥ Fu,tens = 110.0 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.

Df,max = 0.9375 in. � Df,in = 1.25 in. NOT OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 1.25 in. ≥ Df,min = 0.3125 in. OK

Conclusion

While the web vertical weld is set to the minimum value, the stiffener to flange welds
must be CJPs as they exceed the maximum fillet weld size allowed.
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2.1.6 C2 Stiffener Welds

The welds in the stiffeners must be able to handle the overstrength forces incoming
from the Active Link. Sheet 29 of Assembly Instructions.

Input Variables

Horizontal Stiffeners & Welds:

ts = 1.0 in.

ws = 5.5 in.

ls = 9.625 in.

Dw = 16.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 6.0 Flange weld in 16ths of an inch

Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Design Actions

This is the same as the flange force exerted in the link, distributed evenly into each
stiffener.

Fu,tens = 347.0 kip.

Fu,tens =
Fu,tens

2.0

Fu,tens =
347.0

2.0

Fu,tens = 173.5 kip.

Web Welds

lw = 2× ws
lw = 2× 5.5

lw = 11.0 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 16.0× 11.0

φRn = 244.99 kip.

φRn = 244.99 kip. ≥ Fu,tens = 173.5 kip. OK
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Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.

Df,max = 0.9375 in. � Df,in = 1.0 in. NOT OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 1.0 in. ≥ Df,min = 0.3125 in. OK

Longways Weld

lf = 2× ls
lf = 2× 9.625

lf = 19.25 in.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 6.0× 19.25

φRn = 160.78 kip.

φRn = 160.78 kip.

φRn = 160.78 kip. � Fu,tens = 173.5 kip. NOT OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.

Df,max = 0.9375 in. ≥ Df,in = 0.375 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.375 in. ≥ Df,min = 0.3125 in. OK

Conclusion

The longways weld is just under the requirements, should be fine as is.
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2.1.7 Link Length Limits

Vp = 0.6× (d− 2× tf )× tw × Fy
Vp = 0.6× (13.8− 2× 0.59)× 0.34× 50.0

Vp = 128.62 kip.

Mp = Fy × Zx
Mp = 50.0× 78.4

Mp = 326.67 kip.ft.

emax =
1.6×Mp

Vp

emax =
1.6× 326.67

128.62

emax = 48.76 in.

emax = 48.76 in. ≥ e = 42.75 in. OK

Conclusion

Link e was chosen such that the link does not yield in bending. A higher e would
cause the link to first yield in shear (V ≥ Vp) then as V increases to Vu, M increases
to Mp. With the e chosen the Mu is very similar to Mp. Hence the link should not
yield in bending at Vu.
It is possible to use larger or smaller links in the table below. The section in bold is
what is used but other sections are possible: a W14x43 in case there is not enough
force in the actuator. A W14x61 provides a wider flange at bf = 10 in. wide. None
of these sections hit the emax limit.

Section V u

W14x43 166.6
W14x48 185.2
W14x53 197.9
W14x61 204.3
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2.1.8 Stiffener Spacing Requirements

This is what is being tested so as long as the required spacing and rarer spacings are
possible, there are enough links to test in the range.

Input Variables

s# = 3.0 Number of stiffeners between doubler plates.

wd = 6.0 in. doubler plate length from endplate.

ed = e− 2.0× wd
ed = 42.75− 2.0× 6.0

ed = 30.75 in.

Assuming that this is a shear link:

s =
ed

s# + 1

s =
30.75

3.0 + 1

s = 7.69 in.

smax = 30.0× tw −
d

5.0

smax = 30.0× 0.34− 13.8

5.0

smax = 7.44 in.

smax = 7.44 in. � s = 7.69 in. NOT OK

Conclusion

It is possible to have configurations of s = [6.05, 7.56, 10.08, 15.13, 30.25] in. cor-
responding to s# = [4, 3, 2, 1, 0] where 4 is the smallest number of stiffeners that
satisfies the AISC Seismic Provisions on pg 9.1-61. The stiffeners are one sided.
There is NO requirement for s ≥ d although it was mentioned in the original journal
paper/technical report. This would be close to s# = 3 The e and wd were picked
such that s# is greatest at the closest comparison of smax to s. With wd = 4.0 in.
the smallest s# = 4.
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2.1.9 Stiffener Thickness Requirements

This is what is being tested so as long as the required spacing and rarer spacings are
possible, there are enough links to test in the range.

Input Variables

Stiffeners:

ts = 0.375 in.

ws = 3.875 in.

lw = 19.25 in. Web weld length, 1.5 in. clip omitted, welds on both sides.

lf = 4.75 in. Flange weld length, 1.5 in. clips omitted, welds on both sides.

tw = 0.34 in.

Welds:

Dw = 5.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 5.0 Flange weld in 16ths of an inch

Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Thickness Requirement

According to AISC Seismic Design Guide (pg. 9.1-61), there are two minimums to
check:

ts,min,1 = 0.75× tw
ts,min,1 = 0.75× 0.34

ts,min,1 = 0.26 in.

ts,min,2 = 0.375 in. The absolute minimum thickness of stiffener plates.

ts = 0.375 in. ≥ ts,min,1 = 0.26 in. OK

ts = 0.375 in. ≥ ts,min,2 = 0.375 in. OK

Web Weld Requirement

The web weld is required to resist the full strength of the stiffener.

Ru,web = Fy × ts × ws

Ru,web = 50.0× 0.375× 3.875

Ru,web = 72.66 kip.
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φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 5.0× 19.25

φRn = 133.98 kip.

φRn = 133.98 kip. ≥ Ru,web = 72.66 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.375 in.

Df,max = 0.3125 in. ≥ Df,in = 0.3125 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.3125 in. ≥ Df,min = 0.3125 in. OK

Flange Weld Requirement

The web weld is required to resist a quarter of the strength of the stiffener.

Ru,web = Fy × ts × ws × 0.25

Ru,web = 50.0× 0.375× 3.875× 0.25

Ru,web = 18.16 kip.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 5.0× 4.75

φRn = 33.06 kip.

φRn = 33.06 kip. ≥ Ru,web = 18.16 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.375 in.
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Df,max = 0.3125 in. ≥ Df,in = 0.3125 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.3125 in. ≥ Df,min = 0.3125 in. OK

Input Variables

Only minimum welds and thicknesses are needed to satisfy the AISC Seismic Design
Guide pg. 9.1-62 criteria.
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2.1.10 Brace Collector Side Welds

These are the checks for welds of the W10x68 brace to the under side of the collector
beam.

Input Variables

Brace Section Properties (W14x48):

d = 10.4 in.

bf = 10.1 in.

tw = 0.47 in.

tf = 0.77 in.

k = 1.27 in. Distance from top of beam flange to where the k area ends.

k1 = 0.88 in. Distance from centerline to end of k area on flange.

Welds:

Dw = 10.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 18.0 Flange weld in 16ths of an inch

lf = 9.0 in. Flange weld length possible (endplate width).

Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Design Actions

This is end J from SAP2000. The forces acting on the weld are the reverse of the
applied forces on the beam at that end. This force set needs to be transformed as
the brace is at θ = 57.4◦ from the collector beam.

~Nu = [303.0∠− 57.4◦] kip.

~Vu = [8.0∠57.4◦] kip.

[
Vu,θ
Nu,θ

]
= ~Nu + ~Vu

Nu,θ = −248.5 kip. Equivalent axial force on the weld group (tens.).

Vu,θ = 167.6 kip. Equivalent shear force on the weld group.

Mu = 76.6 kip.ft. Rotating this has no effect on its magnitude.

The flange tension force is a combination of the moment and axial force:

Fu,tens =
−Nu,θ

2.0
+

Mu

(d− tf )
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Fu,tens =
−− 248.5

2.0
+

76.6

(10.4− 0.77)

Fu,tens = 219.74 kip.

Web Welds

Vu,θ = 167.6 kip.

lw = 2× (d− 2× (tf + k))

lw = 2× (10.4− 2× (0.77 + 1.27))

lw = 12.64 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 10.0× 12.64

φRn = 175.95 kip.

φRn = 175.95 kip. ≥ Vu,θ = 167.6 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.77 in.

Df,max = 0.7075 in. ≥ Df,in = 0.625 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.625 in. ≥ Df,min = 0.3125 in. OK

Flange Welds

The fact that this is on an angle was neglected.
Fu,tens = 219.74 kip.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 18.0× 9.0

φRn = 225.5 kip.

φRn = 225.5 kip.
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φRn = 225.5 kip. ≥ Fu,tens = 219.74 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.77 in.

Df,max = 0.7075 in. � Df,in = 1.125 in. NOT OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 1.125 in. ≥ Df,min = 0.3125 in. OK

Conclusion

The web weld works at 10/16 in. on both sides. The flange weld is too large at 1
1/8 in. hence only CJPs are viable.
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2.1.11 Brace MEP

Bolted MEP Connection check, Sheet 4 of Design Drawings.

Input Variables

e = 42.25 in. This is the distance between the end plates, doubler plates do
not influence this.

φb = 0.9

φo = 1.44

φ1.00 = 1.0

φ0.75 = 0.75

Fy = 50.0 ksi.

Fu = 65.0 ksi.

E = 29000.0 ksi.

Endplate:

tp = 1.25 in.

bp = 10.0 in. limited by bf + 1.0 in.

Bolts:

φPt = 84.2 kip. 11
8

in. dia. Group B-N bolts

φrnv = 50.7 kip.

db = 1.13 in.

h0 = 23.83 in.

h1 = 14.58 in.

pf0 = 5.24 in.

pfi = 2.49 in.

g = 5.5 in.

nbb = 4.0 4 bolts assumed to resist shear as they are in compression.

Welds:

Dw = 10.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 10.0 Flange weld in 16ths of an inch
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Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Beam Section Properties (W10x68):

d = 10.4 in.

bf = 10.1 in.

tw = 0.47 in.

tf = 0.77 in.

k = 1.27 in. Distance from top of beam flange to where the k area ends.

k1 = 0.88 in. Distance from centerline to end of k area on flange.

Zx = 85.3 in.3

Design Actions

This is end J from SAP2000. The forces acting on the weld are the reverse of the
applied forces on the beam at that end. This force set needs to be transformed as
the brace is at θ = 57.4◦ from the collector beam.

~Nu = [313.0∠123.6◦] kip.

~Vu = [7.9∠57.4◦] kip.

[
Vu,θ
Nu,θ

]
= ~Nu + ~Vu

Nu,θ = 269.1 kip. Equivalent axial force on the weld group (tens.).

Vu,θ = −166.2 kip. Equivalent shear force on the weld group.

Mu = 4.7 kip.ft. Rotating this has no effect on its magnitude.

The flange tension force is a combination of the moment and axial force:

Fu,tens =
−Nu,θ

2.0
+

Mu

(d− tf )

Fu,tens =
−269.1

2.0
+

4.7

(10.4− 0.77)

Fu,tens = 128.69 kip.

Bolt Moment Capacity

The moment is modified to take account of the axial force:

Me = Mu +
Nu,θ × d

2

Me = 4.7 +
269.1× 10.4

2

Me = 121.31 kip.ft.
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φMn = 2× φPt × (h0 + h1)

φMn = 2× 84.2× (23.83 + 14.58)

φMn = 539.02 kip.ft.

φMn = 539.02 kip.ft. ≥Me = 121.31 kip.ft. OK

Thick Plate Behavior

s =
1

2
×
√
bp × g

s =
1

2
×
√

10.0× 5.5

s = 3.71 in.

pfi,s = min(pfi, s)

pfi,s = min(2.49, 3.71) pfi,s = 2.49 in.

Yp =
bp
2
×
[
h1 ×

[
1

pfi,s
+

1

s

]
+ h0 ×

[
1

pf0

]
− 1

2

]
+

2

g
× [h1 × (pfi,s + s)]

Yp =
10.0

2
×
[
14.58×

[
1

2.49
+

1

3.71

]
+ 23.83×

[
1

5.24

]
− 1

2

]
+

2

5.5
×[14.58× (2.49 + 3.71)]

Yp = 102.04 in.

tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 539.02

0.9× 50.0× 102.04

tp,min = 1.25 in.

tp = 1.25 in. � tp,min = 1.25 in. NOT OK

Shear Yielding in Plate

Half the flange tension force is distributed to where the bolts reduce the cross sec-
tional area of the plate:

Ru =
Fu,tens

2

Ru =
128.69

2

Ru = 64.35 kip.
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φRn = φ1.00 × (0.6× Fy)× tp × bp
φRn = 1.0× (0.6× 50.0)× 1.25× 10.0

φRn = 375.0 kip.

φRn = 375.0 kip. ≥ Ru = 64.35 kip. OK

Shear Rupture in Plate

Ru = 64.35 kip.

φRn = φ0.75 × (0.6× Fu)× tp × [bp − 2× (db,18)]

φRn = 0.75× (0.6× 65.0)× 1.25× [10.0− 2× (1.25)]

φRn = 274.22 kip.

φRn = 274.22 kip. ≥ Ru = 64.35 kip. OK

Bolt Shear

Vu,θ = −166.2 kip.

φVn = φrnv × nbb
φVn = 50.7× 4.0

φVn = 202.8 kip.

φVn = 202.8 kip. ≥ Vu,θ = −166.2 kip. OK

Bolt Bearing

Vu,θ = −166.2 kip.

There are two equations to check, the minimum of the two is what resists against
shear:

lc = pf0 + pfi + tf

lc = 5.24 + 2.49 + 0.77

lc = 8.5 in.

φRn = 1.2× lc × tf × Fu × nbb
φRn = 1.2× 8.5× 0.77× 65.0× 4.0

φRn = 2042.04 kip.

φRn = 2042.04 kip. ≥ Vu,θ = −166.2 kip. OK
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The other bolt bearing equation is thus:

φRn = 2.4× db × tp × Fu × nbb

φRn = 2.4× 1.13× 1.25× 65.0× 4.0

φRn = 877.5 kip.

φRn = 877.5 kip. ≥ Vu,θ = −166.2 kip. OK

Web Welds

Vu,θ = −166.2 kip.

lw = 2× (d− 2× (tf + k))

lw = 2× (10.4− 2× (0.77 + 1.27))

lw = 12.64 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 10.0× 12.64

φRn = 175.95 kip.

φRn = 175.95 kip. ≥ Vu,θ = −166.2 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.77 in.

Df,max = 0.7075 in. ≥ Df,in = 0.625 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.625 in. ≥ Df,min = 0.3125 in. OK

Flange Welds

Fu,tens = 128.69 kip.

lf = bf

lf = 10.1

lf = 10.1 in.
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φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 10.0× 10.1

φRn = 140.59 kip.

φRn = 140.59 kip. ≥ Fu,tens = 128.69 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.77 in.

Df,max = 0.7075 in. ≥ Df,in = 0.625 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.625 in. ≥ Df,min = 0.3125 in. OK

Bolt Distance Requirements

First check the bolt pitch

pmin =

{
db + 0.50 : db < 1in.
db + 0.75 : db ≥ 1in.

→ pmin = 1.13 + 0.75

pmin = 1.875 in.

pfi = 2.49 in. ≥ pmin = 1.875 in. OK

pf0 = 5.24 in. ≥ pmin = 1.875 in. OK

The bolt gage must be less than the beam flange width:

gmax = bf

gmax = 10.1

gmax = 10.1 in.

gmax = 10.1 in. ≥ g = 5.5 in. OK
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The bolt hole size is simply the diameter of the bolt + 1
16

of an inch for a standard
hole:

dhole = 1.1875 in.

The minimum edge distance is from AISC Table J3.4:

edmin = 1.5 in.

Conclusion

Web welds set at 10/16 in. Although the flanges should theoretically work at 10/16
in., CJP welds would be simpler to construct at such an acute angle. Because of the
large offset for the upper bolts, a vewy thick plate is needed, hence the thickness is
increased to 1.25 in. This is not a big cost issue as there is a spare area of that thick-
ness of plate (see cutting stock optimizaiton (Sheet 56 of Assembly Instructinos)).
Bolts to be used are 1 1/8 in. (Group B-N), with 1 3/16 in. holes to standardize
vs. the link bolts. This has the added benefit of likely making the connection slip
critical (not calculated).
Moment reversal has not been checked, is likely fine at this level of moment, despite
missing one bolt in that direciton.
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2.1.12 Brace-C1 Panel Zone

Bolted MEP Connection check, Sheet 4 of Design Drawings. There is no need to
check anything as the stiffeners there already exist and the forces are not large. The
geometry is similar to the C2 PZ and the forces are lower. Since there is no explicit
check on the forces in the partial stiffeners, the welds better be CJPs.
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2.1.13 Brace Splice

Brace splice checks, Sheet 5 of Design Drawings.

Input Variables

φb = 0.9

φo = 1.44

φ1.00 = 1.0

φ0.75 = 0.75

Fy = 50.0 ksi.

Fu = 65.0 ksi.

E = 29000.0 ksi.

Plates:

tp,f = 1.0 in.

tp,w = 1.0 in.

Bolts:

φPt = 84.2 kip. 11
8

in. dia. Group B-N bolts

φrnv = 50.7 kip.

db = 1.13 in.

nbb = 4.0

Welds:

Dw = 6.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 8.0 Flange weld in 16ths of an inch

Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

lf = 20.0 in. Two lengths of 10 in. available for a fillet weld on the flange
plate.

Brace Section Properties (W10x68):

d = 10.4 in.

bf = 10.1 in.

tw = 0.47 in.

tf = 0.77 in.
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k = 1.27 in. Distance from top of beam flange to where the k area ends.

k1 = 0.88 in. Distance from centerline to end of k area on flange.

Zx = 85.3 in.3

Design Actions

Design actions taken from SAP2000. The moment varies along the length so to be
conservative the moment at the halfway point of the brace was taken.

Nu = 313.0 kip. Brace Axial Force

Vu = 8.0 kip.

Mu = 34.0 kip.ft.

The design tension or compression force in the flange plates is a combination of
the axial and moment forces:

Fu,tens =
Nu

2.0
+

Mu

(d− tf )

Fu,tens =
313.0

2.0
+

34.0

(10.4− 0.77)

Fu,tens = 198.87 kip.

Flange Welds

Fu,tens = 198.87 kip.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 8.0× 20.0

φRn = 222.72 kip.

φRn = 222.72 kip. ≥ Fu,tens = 198.87 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.77 in.

Df,max = 0.7075 in. ≥ Df,in = 0.5 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t
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Df,in = 0.5 in. ≥ Df,min = 0.3125 in. OK

Flange Bolts

Fu,tens = 198.87 kip.

φRn = nbb × φrnv
φRn = 4.0× 50.7

φRn = 202.8 kip.

φRn = 202.8 kip. ≥ Fu,tens = 198.87 kip. OK

Reduced Flange Plate Tension

The flange plate area is reduced by the bolt holes.
Fu,tens = 198.87 kip.

Afp = 7.76 in.2 Reduced area due to bolt holes.

φRn = φ0.75 × Afp × Fy
φRn = 0.75× 7.76× 50.0

φRn = 291.0 kip.

φRn = 291.0 kip. ≥ Fu,tens = 198.87 kip. OK

Web Welds

Simply provide the minimums, shear force is very small.

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.47 in.

Df,max = 0.4075 in. ≥ Df,in = 0.375 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.375 in. ≥ Df,min = 0.3125 in. OK

Conclusion

Use the same bolts as before for convenience. Use identical bolts inside the web also
for convenience. The web plate would be best extended to accomodate the bolts.
Sheet 24 of Assembly Instructions has these details.
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2.1.14 Collector MEP

Bolted MEP Connection check, Sheet 6 of Design Drawings.

Input Variables

φb = 0.9

φo = 1.44

φ1.00 = 1.0

φ0.75 = 0.75

Fy = 50.0 ksi.

Fu = 65.0 ksi.

E = 29000.0 ksi.

Endplate:

tp = 1.25 in.

bp = 11.25 in. limited by bf + 1.0 in.

Bolts:

φPt = 84.2 kip. 11
8

in. dia. Group B-N bolts

φrnv = 50.7 kip.

db = 1.13 in.

h0 = 26.09 in.

h1 = 18.71 in.

pf0 = 2.49 in.

pfi = 4.21 in.

g = 5.5 in.

nbb = 4.0 4 bolts assumed to resist shear as they are in compression.

Welds:

Dw = 5.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 19.0 Flange weld in 16ths of an inch
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Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Beam Section Properties (W24x76):

d = 23.9 in.

bf = 8.99 in.

tw = 0.44 in.

tf = 0.68 in.

k = 1.18 in. Distance from top of beam flange to where the k area ends.

k1 = 1.06 in. Distance from centerline to end of k area on flange.

Zx = 200.0 in.3

Design Actions

These are taken from SAP2000
Nu = 232.0 kip.

Vu = 30.0 kip.

Mu = 218.0 kip.ft.

The flange tension force is a combination of the moment and axial force:

Fu,tens =
Nu

2.0
+

Mu

(d− tf )

Fu,tens =
232.0

2.0
+

218.0

(23.9− 0.68)

Fu,tens = 228.66 kip.

Bolt Moment Capacity

The moment is modified to take account of the axial force:

Me = Mu +
Nu × d

2

Me = 218.0 +
232.0× 23.9

2

Me = 449.03 kip.ft.

φMn = 2× φPt × (h0 + h1)

φMn = 2× 84.2× (26.09 + 18.71)

φMn = 628.69 kip.ft.
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φMn = 628.69 kip.ft. ≥Me = 449.03 kip.ft. OK

Thick Plate Behavior

s =
1

2
×
√
bp × g

s =
1

2
×
√

11.25× 5.5

s = 3.93 in.

pfi,s = min(pfi, s)

pfi,s = min(4.21, 3.93) pfi,s = 3.93 in.

Yp =
bp
2
×
[
h1 ×

[
1

pfi,s
+

1

s

]
+ h0 ×

[
1

pf0

]
− 1

2

]
+

2

g
× [h1 × (pfi,s + s)]

Yp =
11.25

2
×
[
18.71×

[
1

3.93
+

1

3.93

]
+ 26.09×

[
1

2.49

]
− 1

2

]
+

2

5.5
×[18.71× (3.93 + 3.93)]

Yp = 163.16 in.

tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 628.69

0.9× 50.0× 163.16

tp,min = 1.068 in.

tp = 1.25 in. ≥ tp,min = 1.068 in. OK

Shear Yielding in Plate

Half the flange tension force is distributed to where the bolts reduce the cross sec-
tional area of the plate:

Ru =
Fu,tens

2

Ru =
228.66

2
Ru = 114.33 kip.

φRn = φ1.00 × (0.6× Fy)× tp × bp
φRn = 1.0× (0.6× 50.0)× 1.25× 11.25

φRn = 421.88 kip.

φRn = 421.88 kip. ≥ Ru = 114.33 kip. OK
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Shear Rupture in Plate

Ru = 114.33 kip.

φRn = φ0.75 × (0.6× Fu)× tp × [bp − 2× (db,18)]

φRn = 0.75× (0.6× 65.0)× 1.25× [11.25− 2× (1.25)]

φRn = 319.92 kip.

φRn = 319.92 kip. ≥ Ru = 114.33 kip. OK

Bolt Shear

Vu = 30.0 kip.

φVn = φrnv × nbb
φVn = 50.7× 4.0

φVn = 202.8 kip.

φVn = 202.8 kip. ≥ Vu = 30.0 kip. OK

Bolt Bearing

Vu = 30.0 kip.

There are two equations to check, the minimum of the two is what resists against
shear:

lc = pf0 + pfi + tf

lc = 2.49 + 4.21 + 0.68

lc = 7.38 in.

φRn = 1.2× lc × tf × Fu × nbb
φRn = 1.2× 7.38× 0.68× 65.0× 4.0

φRn = 1565.74 kip.

φRn = 1565.74 kip. ≥ Vu = 30.0 kip. OK

The other bolt bearing equation is thus:

φRn = 2.4× db × tp × Fu × nbb

φRn = 2.4× 1.13× 1.25× 65.0× 4.0

φRn = 877.5 kip.
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φRn = 877.5 kip. ≥ Vu = 30.0 kip. OK

Web Welds

Vu = 30.0 kip.

lw = 2× (d− 2× (tf + k))

lw = 2× (23.9− 2× (0.68 + 1.18))

lw = 40.36 in.

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 5.0× 40.36

φRn = 280.91 kip.

φRn = 280.91 kip. ≥ Vu = 30.0 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.68 in.

Df,max = 0.6175 in. ≥ Df,in = 0.3125 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.3125 in. ≥ Df,min = 0.3125 in. OK

Flange Welds

Fu,tens = 228.66 kip.

lf = bf

lf = 8.99

lf = 8.99 in.

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 19.0× 8.99

φRn = 237.77 kip.
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φRn = 237.77 kip. ≥ Fu,tens = 228.66 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.68 in.

Df,max = 0.6175 in. � Df,in = 1.1875 in. NOT OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 1.1875 in. ≥ Df,min = 0.3125 in. OK

Bolt Distance Requirements

First check the bolt pitch

pmin =

{
db + 0.50 : db < 1in.
db + 0.75 : db ≥ 1in.

→ pmin = 1.13 + 0.75

pmin = 1.875 in.

pfi = 4.21 in. ≥ pmin = 1.875 in. OK

pf0 = 2.49 in. ≥ pmin = 1.875 in. OK

The bolt gage must be less than the beam flange width:

gmax = bf

gmax = 8.99

gmax = 8.99 in.

gmax = 8.99 in. ≥ g = 5.5 in. OK

The bolt hole size is simply the diameter of the bolt + 1
16

of an inch for a standard
hole:

dhole = 1.1875 in.

The minimum edge distance is from AISC Table J3.4:
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edmin = 1.5 in.

Conclusion

Web welds set at 5/16in., flange welds too large to be fillets so must be CJPs. The
bolts and endplate are made the same as the endplate for the brace and the link
endplates. That is a 1 1/4in. thick endplate and 1 1/8 in. dia. Group B-N bolts.
In addition to standardizing the connection, this will likely result in slip critical
behavior. Connection details annotated on Sheet 25 of Assembly Instructions.
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2.1.15 C1 Collector Stiffener Welds

These are based off of the forces coming in from the collector beam. The upper
stiffener is not calculated, the welds are simply replicated.

Input Variables

Horizontal Stiffeners & Welds:

ts = 1.0 in.

lw = 19.28 in. Length of fillet weld possible on one stiffener along web.

lf = 11.0in. Length of fillet weld possible when attaching stiffener to flange.

Dw = 5.0 Web weld in 16ths of an inch

Cw1 = 1.0 kip/in. Multiplier for non E70XX welds (E70XX used).

Df = 8.0 Flange weld in 16ths of an inch

Cf1 = 1.0 kip/in. Multiplier for non E70XX Welds (E70XX used).

Design Actions

This is the same as the flange force exerted in the collector beam, distributed evenly
into each stiffener.

Fu,tens = 228.66 kip.

Fu,tens =
Fu,tens

2.0

Fu,tens =
228.66

2.0

Fu,tens = 114.3 kip.

Web Welds

φRn = 1.392× Cw1 ×Dw × lw
φRn = 1.392× 1.0× 5.0× 19.28

φRn = 134.19 kip.

φRn = 134.19 kip. ≥ Fu,tens = 114.3 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.
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Df,max = 0.9375 in. ≥ Df,in = 0.3125 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.3125 in. ≥ Df,min = 0.3125 in. OK

Flange Welds

φRn = 1.392× Cf1 ×Df × lf
φRn = 1.392× 1.0× 8.0× 11.0

φRn = 122.5 kip.

φRn = 122.5 kip.

φRn = 122.5 kip. ≥ Fu,tens = 114.3 kip. OK

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 1.0 in.

Df,max = 0.9375 in. ≥ Df,in = 0.5 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.5 in. ≥ Df,min = 0.3125 in. OK

Conclusion

It is fine to replicate the welds on the upper stiffener as the maximum tension possible
is 218 kip from the actuator which is close enough to the 229 kip under consideration
here. Markups for this are on Sheet 18 of Assembly Drawings.
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AL R MEP

1.19 HOLE DIAMETER

9"b_p = 

11.05h_1 = 

16.11h_0 = 

5.50g = 

2.60p_f0 = 

1.87p_fi = 



AL-C2 DETAIL
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AL L MEP

11.11h_1 = 

16.11h_0 = 

9.00b_p = 

4.43g = 
1.19 HOLE DIAMETER

1.80p_fi = 

2.60p_f0 = 
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SECTION U-U
SCALE 0.16 : 1
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Brace Endplate

U

U

1.13 HOLE DIA.

2.49p_fi = 

5.24p_f0 = 

14.58h_1 = 

23.83h_0 = 

10"b_p = 

5.50g = 
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Brace Splice Connection

1.13

1.13

1.94

1.94

3.88

1.44

1.88

10"

7"

3 1/4"
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Collector MEP Connection
11.25b_p = 

18.71h_1 = 

26.09h_0 = 

4.21p_fi = 

2.49p_f0 = 

5.50g = 

1.13 dia. holes

1 1/4"
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1 Summary

This document covers all the checks for Batch 2 Links, which are built up links.
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2 Batch 1 Design

2.1 Setup Capabilities

Some items were recalculated from the old design for Batch 1. In general the link
and its endplate was only designed to φo = 1.44 and the rest of the frame was
designed to withstand 218 kip. from the actuator. However as outlined below there
were a number of corrections that were required. The file in question is “Design
Calculations.pdf” and the accompanying design and shop drawings.

2.1.1 Capabilities Summary

In the original calculations, the load case was 218 kip. at the lever position. This
should have been set at 211 kip. to figure capabilities and 220 kip to figure secondary
element limit states.

Table 1: Batch 1 Capabilities Summary

Case Pact (kip.) Vlink (kip.) φo

211 kip Actuator 211.0 244.4 1.90
220 kip Actuator 220.0 254.8 1.98

Link Yielding 110.9 128.5 1.00
1.44 Overstrength 159.7 185.0 1.44

Web Welds 172.1 199.4 1.55
Bolts Rupturing 173.0 200.4 1.56

Bolt Shear 175.1 202.8 1.58
Flange Rupture 206.3 239.0 1.86

Plate Folding 210.7 244.0 1.90

2.1.2 Corrections

Collector Horiz. Stiffeners

This was designed for Fu,tens = 343.0 kip. (Vu = 185.0 kip.), however it should have
been designed for Fu,tens = 426.0 kip. At this stage this is not fully calculated but
by inspection, it should not be a problem as the stiffeners are designed to handle the
343.0 kip. with the endplate needing to resit only 83 kip. so this is unlikely to have
been a problem.
Collector Vert. Stiffeners

This was already properly designed to the Pact = 218 kip.
Brace Splice

This was also already properly designed to Pact = 218 kip.
The limit states for the bolt shear was close but it should be fine for Pact = 220 kip.
Collector MEP

Although it appears that the wrong design actions were used, the MEP in EIA2,
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with the same dimensions as this one, is able to handle the incoming loads that were
higher than the ones in this set up.
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3 Batch 2 Design

3.1 Proposed Specimens

Table 2: Batch 2 Specimens

Label AISC To Test

tw
hw
tw

smax s# s s# s

AL-BU-N1 0.4375 18.43 11.213 2 11.146 1 16.719
AL-BU-B1 0.4375 18.43 11.213 2 11.146 0
AL-BU-N2 0.375 21.5 9.338 3 8.359 2 11.146
AL-BU-B2 0.375 21.5 9.338 3 8.359 0

The idea behind these specimens is to find a slenderness at which stiffeners are no
longer required (specimens AL-BU-Nx). Or at the very least, to find a number of
stiffeners that still works but is below current limits. In addition to the above table,
the links from Batch 1 are W14x48 also qualify as a datapoint with hw/tw = 37.1.
The slenderness limits for webs in AISC are:

λp,w = 1.49×
√
E/Fy

λp,w = 1.49×
√

29000.0/50.0

λp,w = 35.9

hw
tw
≤ 35.9

These are more stringent limits than the AISC compactness requirements. Further-
more, although the W14x48 is just above these limits, it is still listed as suitable for
EBFs in Table 1-3 of the Seismic Design Manual. Links with complying stiffeners
need not be tested as they are assumed to work already from previous research and
practice. The rule for less stiffeners adopted is s# = s#,AISC − 1, absent any FEA
results. This is reasonable for now as the number of stiffeners is an integer.



Project - Page 6/49
Job - Updated 1/2/2015
Version 4 Reviewed -
Designer DV Reviewers

3.2 SAP2000 Checks

Refer to Sheet 2 of “Batch 2 Design Dimensions” for SAP2000 model gridlines. Also
refer to the model entitled “AL-BU-C1”.

3.2.1 Link Shear Force

The link shear force must be sufficient to yield and strain harden the link. The
preferrable amount of force is to be 2.0× Vp of the link. The actuator force applied
was 211 kip. as that was the highest reading in the load cell during Marshall Stokes’
BRB test.

Vu,act = 243.1 kip.

Vu = 0.6× (d− 2× tf )× tw × Fy × φo

Vu = 0.6× (9.56− 2× 0.75)× 0.4375× 50.0× 2.0

Vu = 211.64 kip.

Vu,act = 243.1 kip. ≥ Vu = 211.64 kip. OK

3.2.2 Section Checks (220 kip.)

Using a multiplier of 220/211 = 1.043, the sections used in the SAP2000 analysis can
be checked for strength, assuming the actuator reaches its tension capacity. Refer
to Sheet 4 for the results. As expected the link is colored red indicating that it has
failed under these loads.

W14x132 at CR

This part of the ground beam is at 0.904 capacity in Major Shear (256.3/283.7 (kip.)).

W14x145 Lever w/ Bolt Holes

The section’s major bending capacity is at 0.476 (464.5/975.0 (kip.ft.)). Although
there are bolt holes in the flange, they do not coincide with the section that is at
maximum moment and it is unlikely that the reduction in Zx is more than approx.
20%, and in which case it still can handle the full moment.

3.2.3 Section Checks (300 kip.)

In this case, there were too many problem areas and additionally, there will be issues
with welds/stiffeners that SAP doesn’t cover.
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3.3 Link Checks (AL-BU-X1)

3.3.1 Flange Rupture

Because the link is expected to strain harden to 2.0×Vp, the corresponding moment
at the ends will be very high. Thus for a built up link, it is possible to select the
flanges such that the rupture point in bending exceeds the capacity of the link to
generate such high moments.

bf = 9.0 in. Flange width, Sheet 1.

tf = 0.75 in. Flange thickness, Sheet 1.

e = 41.44 in. Total Link Length, Sheet 1.

Vu = 211.6 kip. Link shear generated with overstrength.

Mu =
Vu × e

2.0

Mu =
211.6× 41.44

2.0

Mu = 365.4 kip.ft.

Zx = bf × tf × (d− tf ) + 0.25× tw × (d− 2× tf )2

Zx = 9.0× 0.75× (9.56− 0.75) + 0.25× 0.44× (9.56− 2× 0.75)2

Zx = 66.6 in.3

Mrup = Zx × Fu

Mrup = 66.6× 65.0

Mrup = 360.7 kip.ft.

Mrup = 360.7 kip.ft. �Mu = 365.4 kip.ft. NOT OK

Although the rupture moment is just below what is required, this should be fine
considering that the doubler plate contribution was not considered. Furthermore
the inside portion of the link where the doubler plate ends, will experience a smaller
moment and hence will not rupture either. NOTE that no safety factor was included
in this calculation. The link flange slenderness dictates the width of the flange, and
is checked here:
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λp,f,req = 0.30×
√
E/Fy

λp,f,req = 0.30×
√

29000.0/50.0

λp,f,req = 7.2

λp,f =
bf

2.0× tf

λp,f =
9.0

2.0× 0.75

λp,f = 6.0

λp,f,req = 7.2 ≥ λp,f = 6.0 OK

3.3.2 Web to Flange Welds

These are derived from the shear flow (Procedure from AISC FAQ).

Q = tf × bf ×
d− 2× tf

2

Q = 0.75× 9.0× 9.56− 2× 0.75

2

Q = 27.21 in.3

Ix =
1.0

12.0
× tw × h3w + 2× bf × tf ×

(
hw
2

+
tf
2

)2

Ix =
1.0

12.0
× 0.44× 8.063 + 2× 9.0× 0.75×

(
8.06

2
+

0.75

2

)2

Ix = 281.21 in.4

τu =
Vu ×Q
Ix

× 1

2

τu =
211.6× 27.21

281.21
× 1

2
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τu = 10.24 kip/in.

Design action divided by two as there are two fillet welds connecting the web to the
flange.

Wwf = 8.0 Longitudinal web weld (sixteenths).

φrn = 1.392× C1 ×Wwf

φrn = 1.392× 1.0× 8.0

φrn = 11.1 kip/in.

φrn = 11.1 kip/in. ≥ τu = 10.24 kip/in. OK

ADOPT 1
2

in. E70XX WELDS FOR WEB TO FLANGE
CONNECTION

In Ramiro’s test set up, the plate thicknesses for the BRB gussets were very similar,
so this should be fabricatable.

3.3.3 Stiffener Thickness

According to AISC Seismic Design Guide (pg. 9.1-61), there are two minimums to
check:

ts = 0.375 in. Stiffener thickness.

ts,min,1 = 0.75× tw

ts,min,1 = 0.75× 0.44

ts,min,1 = 0.3281 in.

ts,min,2 = 0.375 in. The absolute minimum thickness of stiffener plates.

ts = 0.375 in. ≥ ts,min,1 = 0.3281 in. OK

ts = 0.375 in. ≥ ts,min,2 = 0.375 in. OK

ADOPT 3
8

in. FULL WIDTH STIFFENERS
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3.3.4 Stiffener Welds

From pg 5-351 of the AISC Seismic Design Manual, the required web and flange weld
strength is thus:

ws = 4.25 in. Stiffener width.

lw,s = 13.125 in. Total length of flange weld, stiffener clipped by 3/4 in.

lf,s = 7.3125 in. Total length of web weld, stiffener clipped by 5/8 in.

Use the lf.s to size the weld as it is shorter.

ru =
Fy × ts × ws

lf,s

ru =
50.0× 0.375× 4.25

7.3125

ru = 10.9 kip/in.

Flange Welds

Ws,f = 8.0 Stiffener flange weld (sixteenths).

φrn = 1.392× C1 ×Ws,f

φrn = 1.392× 1.0× 8.0

φrn = 11.1 kip/in.

φrn = 11.1 kip/in. ≥ ru = 10.9 kip/in. OK

Web Welds

Use the same size as the flange welds for ease of fabrication.

ADOPT 1
2

in. E70XX WELDS FOR STIFFENERS

3.3.5 Doubler Plates

There is no set criteria for selecting doubler plate lengths, 4” in. was chosen based
on previous experience. The doubler plate thickness was selected based on maximum
weld size criteria which depends on the thickness of the plate being welded:

Vu = 211.6 kip. Maximum shear in link.

lw,web = 2× hw
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lw,web = 2× 8.06

lw,web = 16.125 in.

The web weld length is the same as the height as, where appropriate, the weld
can run all the way up the web and overlap where needed with any other weld.

Dw = 10.0 Web to endplate and web to doubler weld.

φRn = 1.392× C1 ×Dw × lw,web

φRn = 1.392× 1.0× 10.0× 16.125

φRn = 224.46 kip.

φRn = 224.46 kip. ≥ Vu = 211.6 kip. OK

The thickness of the doubler plate was increased to accommodate the web to doubler
plate lap weld.

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.75 in.

Df,max = 0.6875 in. ≥ Df,in = 0.625 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.625 in. ≥ Df,min = 0.3125 in. OK

ADOPT 4 in. x 3
4

in. THICK, FULL DEPTH DOUBLER PLATES

ADOPT 5
8

in. VERTICAL WELDS

Weld the doubler plate together with the web to flange. Refer to Sheet 6 of Design
Dimensions for details.
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3.4 Link Checks (AL-BU-X2)

3.4.1 Flange Rupture

The same flanges are used for a smaller web so the ultimate moment will be smaller.
No need to recalculate anything from AL-BU-X1.

bf = 9.0 in. Flange width, Sheet 1.

tf = 0.75 in. Flange thickness, Sheet 1.

tw = 0.375 in. Web Thickness, Sheet 1.

e = 41.44 in. Total Link Length, Sheet 1.

Vu = 181.41 kip. Link shear generated with overstrength.

3.4.2 Web to Flange Welds

These are derived from the shear flow (Procedure from AISC FAQ).

Q = tf × bf ×
d− 2.0× tf

2.0

Q = 0.75× 9.0× 9.56− 2.0× 0.75

2.0

Q = 27.21 in.3

Ix =
1.0

12.0
× tw × h3w + 2× bf × tf ×

(
hw
2

+
tf
2

)2

Ix =
1.0

12.0
× 0.38× 8.063 + 2× 9.0× 0.75×

(
8.06

2
+

0.75

2

)2

Ix = 278.48 in.4

τu =
Vu ×Q
Ix

× 1

2

τu =
181.41× 27.21

278.48
× 1

2

τu = 8.86 kip/in.

Design action divided by two as there are two fillet welds connecting the web to the
flange.
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Wwf = 7.0 Longitudinal web weld (sixteenths).

φrn = 1.392× C1 ×Wwf

φrn = 1.392× 1.0× 7.0

φrn = 9.74 kip/in.

φrn = 9.74 kip/in. ≥ τu = 8.86 kip/in. OK

ADOPT 7
16

in. E70XX WELDS FOR WEB TO FLANGE
CONNECTION

3.4.3 Stiffener Thickness

Same calculation as AL-BU-X1.

3.4.4 Doubler Plates

There is no set criteria for selecting doubler plate lengths, 4” in. was chosen based
on previous experience. The doubler plate thickness was selected based on maximum
weld size criteria which depends on the thickness of the plate being welded:

Vu = 181.41 kip. Maximum shear in link.

lw,web = 2× hw

lw,web = 2× 8.06

lw,web = 16.125 in.

The web weld length is the same as the height as, where appropriate, the weld can
run all the way up the web and overlap where needed with any other weld.

Dw = 9.0 Web to endplate and web to doubler weld.

φRn = 1.392× C1 ×Dw × lw,web

φRn = 1.392× 1.0× 9.0× 16.125

φRn = 202.01 kip.

φRn = 202.01 kip. ≥ Vu = 181.41 kip. OK
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The thickness of the doubler plate was increased to accommodate the web to doubler
plate lap weld.

Df,max =

{
t : t < 1

4

t− 1
16

: t ≥ 1
4

t = 0.625 in.

Df,max = 0.5625 in. ≥ Df,in = 0.5625 in. OK

Df,min =


1/8 : t ≤ 1

4

3/16 : 1
4
< t ≤ 1

2

1/4 : 1
2
< t ≤ 3

4

5/16 : 3
4
< t

Df,in = 0.5625 in. ≥ Df,min = 0.3125 in. OK

ADOPT 4 in. x 5
8

in. THICK, FULL DEPTH DOUBLER PLATES

ADOPT 9
16

in. VERTICAL WELDS

Weld the doubler plate together with the web to flange. Refer to Sheet 6 of Design
Dimensions for details.
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3.5 Link MEP Right

Refer to Sheet 7 of Design Dimensions for MEP dimension values used here.

3.5.1 Design Actions

Vu = 211.64 kip. Link shear generated with overstrength.

Mu =
Vu × e

2

Mu =
211.64× 41.44

2

Mu = 365.41 kip.ft.

The axial force was scaled from the “BU-AL-C1” SAP2000 model:

Nu = NSAP ×
Vu
VSAP

Nu = 67.87× 211.64

254.28

Nu = 56.49 kip.

The flange force is derived from the applied moment and the axial force in the worst
possible combination:

Fu,tens =
Mu

d− tf
+Nu

Fu,tens =
365.41

9.56− 0.75
+ 56.49

Fu,tens = 554.07 kip.

3.5.2 Bolt Moment Capacity

The moment is modified to take account of the axial force:

Me = Mu +
Nu × d

2

Me = 365.41 +
56.49× 9.56

2
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Me = 387.92 kip.ft.

φPt = 67.1 kip. 1 1/8 in. A325 bolt in tension.

φMn = 4× φPt × (h0 + h1)

φMn = 4× 67.1× (11.375 + 6.312)

φMn = 395.6 kip.ft.

φMn = 395.6 kip.ft. ≥Me = 387.92 kip.ft. OK

3.5.3 Thick Plate Behavior

Unlike a 4 bolted unstiffened connnection, the 8 bolted connection does not have a
design guide associated with it. Hence a Yp value will be obtained assuming all the
bolts are superimposed all on the outside columns only. This should be a reasonable
assumption for determening plate thickness requirements. However, the inner bolts
will be required to be tensioned to just under yield load to ensure that they engage
upon any displacement, i.e. they are to engage straight away.

g = 12.5 in. Outermost bolt spacing, produces a worse Yp.

s =
1

2
×
√
bp × g

s =
1

2
×
√

15.5× 12.5

s = 6.96 in.

pfi,s = min(pfi, s)

pfi,s = min(2.125, 6.96) pfi,s = 2.13 in.

Yp =
bp
2
×
[
h1 ×

[
1

pfi,s
+

1

s

]
+ h0 ×

[
1

pf0

]
− 1

2

]
+

2

g
× [h1 × (pfi,s + s)]

Yp =
15.5

2
×
[
6.312

×
[

1

2.13
+

1

6.96

]
+ 11.375×

[
1

2.188

]
− 1

2

]
+

2

12.5
× [6.312× (2.13 + 6.96)]

Yp = 75.64 in.
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tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 395.6

0.9× 50.0× 75.64

tp,min = 1.244 in.

tp = 1.25 in. ≥ tp,min = 1.244 in. OK

Comparison to Stephens (2011)

In a previous experiment the endplate details were similar and are presented here
as an argument that this endplate connection will work. See Sheet 8 of Design
Dimensions for a visual comparison. The basic argument is that in the already
tested endplate the layout is similar but the bolt forces are lower in the new MEP,
hence it will definetely work. The only negative difference is the fact that the new
link has 1-1/4 in. endpaltes instead of 1-1/2 in. endplates. This is justified with the
Yp calculation above and by referring to the fact that in the 2011 tests, the column
used was a W14x135 which has a flange thickness of only 1.03 in. For reference, here
are some key values from both designs:

Table 3: Key Value Comparison

Proven New
Bolts 1-1/4 in. A490 1-1/8 in. A325

φrt (kip.) 104 67.1
Me (kip.ft.) 630.73 387.92
rt,req (kip.) 74.95 65.8

Fu,tens (kip.) 618.4 554.1

ADOPT 1− 1
2

in. ENDPLATES, TIGHTEN BOLTS TO Fy

3.5.4 Shear Yielding in Plate

Ru =
Fu,tens

2

Ru =
554.07

2

Ru = 277.0 kip.

φRn = 1.00× (0.6× Fy)× tp × bp
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φRn = 1.00× (0.6× 50.0)× 1.25× 15.5

φRn = 581.3 kip.

φRn = 581.3 kip. ≥ Ru = 277.0 kip. OK

3.5.5 Shear Rupture in Plate

dh = 1.1875 in. Bolt hole diameter (4 holes in a row).

φRn = 0.75× (0.6× Fu)× tp × [bp − 4× dh]

φRn = 0.75× (0.6× 65.0)× 1.25× [15.5− 4× 1.1875]

φRn = 393.0 kip.

φRn = 393.0 kip. ≥ Ru = 277.0 kip. OK

3.5.6 Bolt Shear

Vu = 211.64 kip. Link Shear

φVn = φrnv × 8

φVn = 40.3× 8

φVn = 322.4 kip.

φVn = 322.4 kip. ≥ Vu = 211.64 kip. OK

3.5.7 Bolt Bearing

There are two equations to check, the minimum of the two is what resists against
shear:

lc = pf0 + pfi + tf

lc = 2.188 + 2.125 + 0.75

lc = 5.06 in.

φRn = 1.2× lc × tf × Fu × 8
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φRn = 1.2× 5.06× 0.75× 65.0× 8

φRn = 2369.48 kip.

φRn = 2369.48 kip. ≥ Vu = 211.64 kip. OK

The other bolt bearing equation is thus: db = 1.125 in. Bolt diameter.

φRn = 2.4× db × tp × Fu × 8

φRn = 2.4× 1.125× 1.25× 65.0× 8

φRn = 1755.0 kip.

φRn = 1755.0 kip. ≥ Vu = 211.64 kip. OK

3.5.8 Web Welds

The calculation here would’ve been the same as the one under 2.3.5 Doubler Plates.

ADOPT 5
8

in. WEB WELDS

3.5.9 Flange Welds

The Built up link fabriactors will be instructed to fuse all the metals together. Hence,
there are no k areas or portions where welds cannot be considered

lf = 2× bf − tw
lf = 2× 9.0− 0.44

lf = 17.563 in.

Wf = 23.0 Flange weld (sixteenths).

φRn = 1.392× C1 ×Wf × lf
φRn = 1.392× 1.0× 23.0× 17.563

φRn = 562.3 kip.

φRn = 562.3 kip. ≥ Fu,tens = 554.07 kip. OK

It is likely that this is more expensive than just CJP welds, and will get congested.
It may be best to simply use CJP welds. The link from Stephens (2011) had 5

8
in.

fillets and that somehow worked.

ADOPT CJP WELDS FOR FLANGE TO ENDPLATE CONNECTION
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3.5.10 Bolt Distance Requirements

First check the bolt pitch

pmin =

{
db + 0.50 : db < 1in.
db + 0.75 : db ≥ 1in.

→ pmin = 1.125 + 0.75

pmin = 1.875 in.

pfi = 2.125 in. ≥ pmin = 1.875 in. OK

pf0 = 2.188 in. ≥ pmin = 1.875 in. OK

The bolt gage must be less than the beam flange width:

gmax = bf

gmax = 9.0

gmax = 9.0 in.

gmax = 9.0 in. � g = 12.5 in. NOT OK

This is violated, as it was violated by Stephens (2011). If the ‘compound’ bolt is
assumed to be between where bolt 1 and 2 are, then this provision is satisfied.

The minimum edge distance is from AISC Table J3.4:

edmin = 1.5 in.

This is satisfied, as per the endplate drawings.
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3.6 Link MEP Left

The only difference on this side is that rods are used on row 2 of the bolts instead
of 4 bolts. Hence the rods need to be sufficently strong to provide the capacity of
two bolts. Regarding any yield line patterns or plate folding, by inspection this is
the stronger side. Not only are the row 2 rods reacting against the far flange, the
angled stiffeners will help despite not being welded to the web.

3.6.1 Rod Strength

Design the rods to be twice as strong as one 1− 1
8

in. dia. A325 bolts.

2φrn = 134.2 kip. Tensile strength of two bolts.

φrn = 185.6 kip. Tensile Strength of A193 Gr B7 1− 1
2

in. dia. rod.

φrn = 185.6 kip. ≥ 2φrn = 134.2 kip. OK

There is no need to recalculate thick plate behavior, although it is helped by the
above mentioned facts, the forces are not expected to be beyond the A325 bolt
levels.
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3.7 EIA2-C1 MEP Column Side

3.7.1 Design Actions

Refer to Sheet 9 for key dimensions used here. The bottom group of bolts is checked,
as the top group has a different geometrry but by inspection it is more the more con-
servative of the two. The flange needs to act as a thick plate for the corresponding
MEP.

φMn = 395.6 kip.ft. Bolt Moment Capacity.

Fu,tens = 554.1 kip. Flange tension force from Link at φ0 = 2.00.

3.7.2 Flange Capacity

s =
1

2
×
√
bfc × g

s =
1

2
×
√

15.5× 12.5

s = 6.96 in.

Yc =
bfc
2
×
[
h1
s

+
h0
s

]
+

2

g
×
[
h1 ×

(
s+

3× c
4

)
+ h0 ×

(
s+

c

4

)
+
c2

2

]
+
g

2

Yc =
15.5

2
×
[

6.312

6.96
+

11.375

6.96

]
+

2

12.5
×
[
6.312

×
(

6.96 +
3× 5.063

4

)
+ 11.375×

(
6.96 +

5.063

4

)
+

5.0632

2

]
+

12.5

2

Yc = 53.8 in.

tp,min =

√
1.11× φMn

φb × Fy × Yc

tp,min =

√
1.11× 395.6

0.9× 50.0× 53.8

tp,min = 1.475 in.

tf,c = 1.09 in. � tp,min = 1.475 in. NOT OK

Stiffeners will be required.
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3.7.3 Flange Folding

φMcf = φb × Fy × Yc × t2f,c

φMcf = 0.9× 50.0× 53.8× 1.092

φMcf = 239.8 kip.ft.

φRn1 =
φMcf

dbeam − tf,beam

φRn1 =
239.8

9.5625− 0.75

φRn1 = 326.6 kip.

φRn1 = 326.6 kip.

3.7.4 Local Web Yielding

Ct = 1.0 Away from column end.

N = 0.75 in. CJP welds, no fillet legs.

φRn2 = φ× Ct × (6× kc +N + 2× tp)× Fy × tw,c

φRn2 = 1.0× 1.0× (6× 1.69 + 0.75 + 2× 1.5)× 50.0× 0.68

φRn2 = 472.3 kip.

φRn2 = 472.3 kip.

3.7.5 Web Buckling Strength

h = dc − 2× kdes,c
h = 14.8− 2× 1.69

h = 11.42 in.

φRn3 =
φ× 24× t3w,c ×

√
E × Fy

h

φRn3 =
0.9× 24× 0.683 ×

√
29000.0× 50.0

11.42

φRn3 = 716.1 kip.

φRn3 = 716.1 kip.
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3.7.6 Web Crippling Strength

φRn4 = φ× 0.80× t2w,c ×

[
1 + 3×

(
N

dc

)
×
(
tw,c
tf,c

)1.5
]
×

√
E × Fy × tf,c

tw,c

φRn4 = 0.9×0.80×0.682×

[
1+3×

(
0.75

14.8

)
×
(

0.68

1.09

)1.5
]
×
√

29000.0× 50.0× 1.09

0.68

φRn4 = 545.6 kip.

φRn4 = 545.6 kip.

3.7.7 Stiffeners

Fsu = Fu,tens −min

∣∣∣∣∣∣∣∣
Rn1

Rn2

Rn3

Rn4

∣∣∣∣∣∣∣∣
Fsu = 554.1−min

∣∣∣∣∣∣∣∣
326.6
472.3
716.1
545.6

∣∣∣∣∣∣∣∣
Fsu = 227.5 kip. Stiffener Strength Required.

Area of Stiffener

φRn = ts × ws × 2× Fy

φRn = 0.75× 4.0× 2× 50.0

φRn = 300.0 kip.

φRn = 300.0 kip. ≥ Fsu = 227.5 kip. OK

Flange Weld

Wf = 8.0 Flange weld (sixteenths) or 1
2

in.

lf = 16.0 in. Flange weld length.

φRn = 1.392× C1 ×Wf × lf

φRn = 1.392× 1.0× 8.0× 16.0

φRn = 178.2 kip.
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φRn = 178.2 kip. � Fsu = 227.5 kip. NOT OK

Web Weld

Ww = 5.0 Web weld (sixteenths) or 5
16

in.

lf = 16.0 in. Flange weld length.

φRn = 1.392× C1 ×Ww × lw

φRn = 1.392× 1.0× 5.0× 34.48

φRn = 240.0 kip.

φRn = 240.0 kip. ≥ Fsu = 227.5 kip. OK
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3.8 Bolt Quantity Counts

3.8.1 Bolt Reuse Policy

Outlined here are the guidelines to using the slip critical, turn-of-the-nut tensioned
bolts up to twice.
First Time

Mark nut & bolt.

Turn to 1/2 or 1/3 or as specified in Table 8.2 of the AISC Steel Manual
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Once bolt is used, it will have ONE mark on it.

Second Time

Again mark nut & bolt. Use a different color. Attempt to make an X with the
existing line.
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Turn as appropriate (Table 8.2). If bolt ruptures/fails, then discard and use a new
bolt. If it doesnt́ then it is unlikey to fail during the design loads (Ppretension > φrn).

Discard the bolt after use. Either dispose of it immediately or put away for reuse as
a snug tight bolt active in bearing. The X markings on it will signify this.

3.9 EIA2 MEP (Bottom Bolts)

3.9.1 Design Actions

Refer to Sheet 9 of Design Dimensions for MEP dimension values used here. Forces
come from the 300 kip. load case.

Vu = 5.0 kip. Shear
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Mu = 503.0 kip.ft. Moment

Nu = 337.0 kip. Axial Force

tf = 0.68 in. Flange thickness W24x76

d = 23.9 in. Depth W24x76

The flange force is derived from the applied moment and the axial force in the worst
possible combination:

Fu,tens =
Mu

d− tf
+Nu

Fu,tens =
503.0

23.9− 0.68
+ 337.0

Fu,tens = 596.9 kip.

3.9.2 Bolt Moment Capacity

The moment is modified to take account of the axial force:

Me = Mu +
Nu × d

2

Me = 503.0 +
337.0× 23.9

2

Me = 838.6 kip.ft.

φPt = 67.1 kip. 1-1/8 in. A325 bolt in tension.

φMn = 4× φPt × (h0 + h1)

φMn = 4× 67.1× (26.048 + 18.673)

φMn = 1000.26 kip.ft.

φMn = 1000.26 kip.ft. ≥Me = 838.6 kip.ft. OK
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3.9.3 Thick Plate Behavior

s =
1

2
×
√
bp × g

s =
1

2
×
√

14.75× 5.5

s = 4.5 in.

pfi,s = min(pfi, s)

pfi,s = min(4.208, 4.5) pfi,s = 4.21 in.

Yp =
bp
2
×
[
h1 ×

[
1

pfi,s
+

1

s

]
+ h0 ×

[
1

pf0

]
− 1

2

]
+

2

g
× [h1 × (pfi,s + s)]

Yp =
14.75

2
×
[
18.673

×
[

1

4.21
+

1

4.5

]
+ 26.048×

[
1

2.488

]
− 1

2

]
+

2

5.5
× [18.673× (4.21 + 4.5)]

Yp = 195.98 in.

tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 1000.26

0.9× 50.0× 195.98

tp,min = 1.229 in.

tp = 1.5 in. ≥ tp,min = 1.229 in. OK

ADOPT 1− 1
4

in. ENDPLATE

3.9.4 Shear Yielding in Plate

Ru =
Fu,tens

2

Ru =
596.9

2

Ru = 298.5 kip.
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φRn = 1.00× (0.6× Fy)× tp × bp

φRn = 1.00× (0.6× 50.0)× 1.5× 14.75

φRn = 663.8 kip.

φRn = 663.8 kip. ≥ Ru = 298.5 kip. OK

3.9.5 Shear Rupture in Plate

dh = 1.1875 in. Bolt hole diameter (2 holes in a row).

φRn = 0.75× (0.6× Fu)× tp × [bp − 2× dh]

φRn = 0.75× (0.6× 65.0)× 1.5× [14.75− 2× 1.1875]

φRn = 543.0 kip.

φRn = 543.0 kip. ≥ Ru = 298.5 kip. OK

3.9.6 Web Welds

There is very little shear, so simply provide minum web welds.

ADOPT 3
16

in. FILLET WEB WELDS

3.9.7 Flange Welds

Too large of a weld would result if fillet welds were to be used, much less material is
required with a CJP weld.

Df = 28.0 Flange weld (sixteenths), or 1− 3
4

in.

lw = 2× (bf − k1)

lw = 2× (8.99− 1.0625)

lw = 15.855 in.

φRn = 1.392× C1 ×Df × lw

φRn = 1.392× 1.0× 28.0× 15.855
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φRn = 618.0 kip.

φRn = 618.0 kip. ≥ Fu,tens = 596.9 kip. OK

It is likely that this is more expensive than just CJP welds, and will get congested.
It may be best to simply use CJP welds.

ADOPT CJP FLANGE WELDS

3.9.8 Bolt Distance Requirements

First check the bolt pitch:

pmin =

{
db + 0.50 : db < 1in.
db + 0.75 : db ≥ 1in.

→ pmin = 1.125 + 0.75

pmin = 1.875 in.

pfi = 4.208 in. ≥ pmin = 1.875 in. OK

pf0 = 2.488 in. ≥ pmin = 1.875 in. OK

The bolt gage must be less than the beam flange width:

gmax = bf

gmax = 8.99

gmax = 8.99 in.

gmax = 8.99 in. ≥ g = 5.5 in. OK

This is violated on the other side, but is OK here.

The minimum edge distance is from AISC Table J3.4:

edmin = 1.5 in.

This is satisfied, in the endplate drawings. It is likely violated on the other side
though.

3.10 EIA2 MEP (Top Bolts)

Many of the calculations are the same, but the whole battery of checks is repeated
anyway.
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3.10.1 Design Actions

Same as the bottom bolts.

3.10.2 Bolt Moment Capacity

The rods have a higher Pt than the A325 bolts due to a larger diameter. However,
these were treated as equivalen to the 1 − 1

8
bolts in these calculations. This was

assumed to be the case as per the bottom bolts calculation, A325 bolts are sufficient
for the 300 kip. load case. Thus it is not necessary to overdesign the endplate to
behave thicker than the B7 rods, since such high loads won’t be reached.

φPt = 67.1 kip. 1-1/8 in. A325 bolt in tension.

φMn = 4× φPt × (h0 + h1)

φMn = 4× 67.1× (26.048 + 19.66)

φMn = 1022.34 kip.ft.

φMn = 1022.34 kip.ft. ≥Me = 838.6 kip.ft. OK

3.10.3 Thick Plate Behavior

g = 11.75 in. Outermost bolt spacing, produces a worse Yp.

s =
1

2
×
√
bp × g

s =
1

2
×
√

15.5× 11.75

s = 6.75 in.

pfi,s = min(pfi, s)

pfi,s = min(3.22, 6.75) pfi,s = 3.22 in.

Yp =
bp
2
×
[
h1 ×

[
1

pfi,s
+

1

s

]
+ h0 ×

[
1

pf0

]
− 1

2

]
+

2

g
× [h1 × (pfi,s + s)]

Yp =
15.5

2
×
[
19.66×

[
1

3.22

+
1

6.75

]
+ 26.048×

[
1

2.488

]
− 1

2

]
+

2

11.75
× [19.66× (3.22 + 6.75)]

Yp = 180.52 in.



Project - Page 34/49
Job - Updated 1/2/2015
Version 4 Reviewed -
Designer DV Reviewers

tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 1022.34

0.9× 50.0× 180.52

tp,min = 1.295 in.

tp = 1.5 in. ≥ tp,min = 1.295 in. OK

3.10.4 Shear Yielding in Plate

Ru =
Fu,tens

2

Ru =
596.9

2

Ru = 298.5 kip.

φRn = 1.00× (0.6× Fy)× tp × bp

φRn = 1.00× (0.6× 50.0)× 1.5× 15.5

φRn = 697.5 kip.

φRn = 697.5 kip. ≥ Ru = 298.5 kip. OK

3.10.5 Shear Rupture in Plate

dh = 1.5625 in. Bolt hole diameter (2 holes in a row).

φRn = 0.75× (0.6× Fu)× tp × [bp − 2× dh]

φRn = 0.75× (0.6× 65.0)× 1.5× [15.5− 2× 1.5625]

φRn = 543.0 kip.

φRn = 543.0 kip. ≥ Ru = 298.5 kip. OK
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3.10.6 Bolt Distance Requirements

First check the bolt pitch:

pmin =

{
db + 0.50 : db < 1in.
db + 0.75 : db ≥ 1in.

→ pmin = 1.25 + 0.75

pmin = 2.0 in.

pfi = 3.22 in. ≥ pmin = 2.0 in. OK

pf0 = 2.488 in. ≥ pmin = 2.0 in. OK

The bolt gage must be less than the beam flange width:

gmax = bf

gmax = 8.99

gmax = 8.99 in.

gmax = 8.99 in. � g = 11.75 in. NOT OK

This is violated, and is to be discussed in meetings with Supervisors. This could be
fine on the basis that the endplate is much thicker than it needs to be.

The minimum edge distance is from AISC Table J3.4:

edmin = 1.625 in.

This is satisfied, with a wider endplate.

ADOPT 1− 1
2

in. ENDPLATE, 15.5 in. WIDE
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3.11 EIA2-C1 MEP Column Side

3.11.1 Design Actions

Refer to Sheet 9 for key dimensions used here. The flange needs to act as a thick
plate for the corresponding MEP.

φMn = 1000.3 kip.ft. Bolt Moment Capacity.

3.11.2 Flange Capacity

s =
1

2
×
√
bfc × g

s =
1

2
×
√

15.5× 5.5

s = 4.62 in.

Yc =
bfc
2
×
[
h1
s

+
h0
s

]
+

2

g
×
[
h1 ×

(
s+

3× c
4

)
+ h0 ×

(
s+

c

4

)
+
c2

2

]
+
g

2

Yc =
15.5

2
×
[

18.673

4.62
+

26.048

4.62

]
+

2

5.5
×
[
18.673

×
(

4.62 +
3× 7.375

4

)
+ 26.048×

(
4.62 +

7.375

4

)
+

7.3752

2

]
+

5.5

2

Yc = 217.8 in.

tp,min =

√
1.11× φMn

φb × Fy × Yc

tp,min =

√
1.11× 1000.3

0.9× 50.0× 217.8

tp,min = 1.166 in.

tf,c = 1.09 in. � tp,min = 1.166 in. NOT OK

Stiffeners will be required but not to a very large extent.
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3.11.3 Flange Folding

φMcf = φb × Fy × Yc × t2f,c

φMcf = 0.9× 50.0× 217.8× 1.092

φMcf = 970.4 kip.ft.

φRn1 =
φMcf

dbeam − tf,beam

φRn1 =
970.4

23.9− 0.68

φRn1 = 501.5 kip.

φRn1 = 501.5 kip.

3.11.4 Local Web Yielding

Ct = 1.0 Away from column end.

N = 0.68 in. CJP welds, no fillet legs.

φRn2 = φ× Ct × (6× kc +N + 2× tp)× Fy × tw,c

φRn2 = 1.0× 1.0× (6× 1.69 + 0.68 + 2× 1.5)× 50.0× 0.68

φRn2 = 469.9 kip.

φRn2 = 469.9 kip.

3.11.5 Web Buckling Strength

h = dc − 2× kdes,c
h = 14.8− 2× 1.69

h = 11.42 in.

φRn3 =
φ× 24× t3w,c ×

√
E × Fy

h

φRn3 =
0.9× 24× 0.683 ×

√
29000.0× 50.0

11.42

φRn3 = 716.1 kip.

φRn3 = 716.1 kip.
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3.11.6 Web Crippling Strength

φRn4 = φ× 0.80× t2w,c ×

[
1 + 3×

(
N

dc

)
×
(
tw,c
tf,c

)1.5
]
×

√
E × Fy × tf,c

tw,c

φRn4 = 0.9×0.80×0.682×

[
1+3×

(
0.68

14.8

)
×
(

0.68

1.09

)1.5
]
×
√

29000.0× 50.0× 1.09

0.68

φRn4 = 542.0 kip.

φRn4 = 542.0 kip.

3.11.7 Stiffeners

Fu,tens = 596.9 kip. Collector Beam Tension Force

Fsu = Fu,tens −min

∣∣∣∣∣∣∣∣
Rn1

Rn2

Rn3

Rn4

∣∣∣∣∣∣∣∣
Fsu = 596.9−min

∣∣∣∣∣∣∣∣
501.5
469.9
716.1
542.0

∣∣∣∣∣∣∣∣
Fsu = 95.4 kip. Stiffener Strength Required.

Area of Stiffener

φRn = ts × ws × 2× Fy

φRn = 0.75× 4.0× 2× 50.0

φRn = 300.0 kip.

φRn = 300.0 kip. ≥ Fsu = 95.4 kip. OK

Flange Weld

Wf = 5.0 Flange weld (sixteenths) or 5
16

in.

lf = 16.0 in. Flange weld length.

φRn = 1.392× C1 ×Wf × lf

φRn = 1.392× 1.0× 5.0× 16.0
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φRn = 111.4 kip.

φRn = 111.4 kip. ≥ Fsu = 95.4 kip. OK

Web Weld

Ww = 8.0 Web weld (sixteenths) or 1
2

in.

lf = 16.0 in. Flange weld length.

φRn = 1.392× C1 ×Ww × lw

φRn = 1.392× 1.0× 8.0× 34.48

φRn = 384.0 kip.

φRn = 384.0 kip. ≥ Fsu = 95.4 kip. OK
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3.12 EIA2 Panel Zone

3.12.1 Design Actions

This comes from the EQK1007 design example from New Zealand.

Fu,tens =
Mu

d− tf
+Nu

Fu,tens =
383.68

9.56− 0.75
+ 59.31

Fu,tens = 581.77 kip.

Nu,beam = 218.5 kip. Axial force in collector beam.

Npz = Fu,tens +
Nu,beam

2

Npz = 581.77 +
218.5

2

Npz = 691.0 kip.

Vpz =
Vu × 2/3

2

Vpz =
222.22× 2/3

2

Vpz = 74.1 kip.

These are the two capacities for shear and axial force.

φNpz = φ× bf × tf × Fy + φ× (d/2− tf )× tw × Fy + 2× φ× ts × beff × Fy

φNpz = 0.9× 8.99× 0.68× 50.0 + 0.9

× (23.9/2− 0.68)× 0.44× 50.0 + 2× 0.9× 0.75× 8.56× 50.0

φNpz = 1076.0 kip.

φVpz = φ× 0.6× d

2
× tw × Fy

φVpz = 0.9× 0.6× 23.9

2
× 0.44× 50.0
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φVpz = 142.0 kip.

φRn =

(
Vpz
φVpz

)2

+

(
Npz

φNpz

)2

φRn =

(
74.1

142.0

)2

+

(
691.0

1076.0

)2

φRn = 0.68

Ru = 1.0 ≥ φRn = 0.68 OK
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3.13 EIA2 Brace Welds

3.13.1 Design Actions

Forces come from the 240 kip. load case. They have been vectorized for the angled
brace but those calculations have not been repeated here.

Vu = 271.1 kip. Shear

Mu = 81.15 kip.ft. Moment

Nu = 210.75 kip. Axial Force

tf = 0.77 in. Flange thickness W10x68

d = 10.4 in. Depth W10x68

The flange force is derived from the applied moment and the axial force in the worst
possible combination:

Fu,tens =
Mu

d− tf
+Nu

Fu,tens =
81.15

10.4− 0.77
+ 210.75

Fu,tens = 311.9 kip.

3.13.2 Web Welds

Dw = 8.0 Web weld (sixteenths), or 1
2

in.

lw = 2× (d− 2× kdet)/cos(56.43× π/180)

lw = 2× (10.4− 2× 1.4375)/cos(56.43× 3.142/180)

lw = 27.2174 in.

φRn = 1.392× C1 ×Dw × lw

φRn = 1.392× 1.0× 8.0× 27.2174

φRn = 303.1 kip.

φRn = 303.1 kip. ≥ Vu = 271.1 kip. OK

ADOPT 1
2

in. WEB WELDS
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3.13.3 Flange Welds

Too large of a weld would result if fillet welds were to be used, much less material is
required with a CJP weld.

ADOPT CJP FLANGE WELDS
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3.14 EIA2 Stiffeners

3.14.1 Design Actions

Refer to Sheet 7 for key dimensions used here. The endplate needs to act as a thick
plate for the corresponding MEP. The calculation is possible if the Link Endplate
on the EIA2 is assumed to be a column flange near the end of the column. Then the
forces required for the stiffeners to resist can be calculated.

φMn = 395.6 kip.ft. Bolt Moment Capacity.

3.14.2 Endplate Folding Capacity

There is no Yc equation for a column that is near its end It is possible to shorten the
s value so that it is at the top of the top flange of the collector beam. However that
may render the equation too conservative considering that the endplate is welded
there with CJP welds to the flange. And at the other end the brace that is CJP’d
in to the endplate will also provide a continuation of sorts. Hence the equation will
be used as is.

s =
1

2
×
√
bfc × g

s =
1

2
×
√

15.5× 9.0

s = 5.91 in.

Yc =
bfc
2
×
[
h1
s

+
h0
s

]
+

2

g
×
[
h1 ×

(
s+

3× c
4

)
+ h0 ×

(
s+

c

4

)
+
c2

2

]
+
g

2

Yc =
15.5

2
×
[

6.312

5.91
+

11.375

5.91

]
+

2

9.0
×
[
6.312

×
(

5.91 +
3× 5.063

4

)
+ 11.375×

(
5.91 +

5.063

4

)
+

5.0632

2

]
+

9.0

2

Yc = 62.3 in.

tp,min =

√
1.11× φMn

φb × Fy × Yc

tp,min =

√
1.11× 395.6

0.9× 50.0× 62.3

tp,min = 1.371 in.
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tp = 1.5 in. ≥ tp,min = 1.371 in. OK

Horiz. stiffeners will not be required. But do provide stiffeners anyway as that will
result in a much more robust and much less folding prone set up. Provide the same
stiffeners as the ones in EIA1: 3/4 in. stiffeners with CJP welds at ends and 1

2
in.

welds along the web.

3.14.3 Vert. Stiffeners Web Weld

lw = 80.16 in. Length of vert stiffeners weld.

Dw = 5.0 Web weld (sixteenths), or 5
16

in.

φRn = 1.392× C1 ×Dw × lw
φRn = 1.392× 1.0× 5.0× 80.16

φRn = 557.9 kip.

Fu,tens = 311.9 kip. Incoming tension force from the brace flange

φRn = 557.9 kip. ≥ Fu,tens = 311.9 kip. OK

ADOPT 5
16

in. WEB WELDS

3.14.4 Vert. Stiffeners Flange Weld

lw = swidth × 2× 2

lw = 3.58× 2× 2

lw = 14.32 in.

Df = 16.0 Flange weld (sixteenths), or 1 in.

φRn = 1.392× C1 ×Df × lw

φRn = 1.392× 1.0× 16.0× 14.32

φRn = 318.9 kip.

φRn = 318.9 kip. ≥ Fu,tens = 311.9 kip. OK

These would be too large and a CJP would be more practical.

ADOPT CJP VERT. STIFF. FLANGE WELDS
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3.14.5 Endplate Web Weld

lw = 2× (d− 2× k1)

lw = 2× (23.9− 2× 1.0625)

lw = 43.55 in.

Dw = 5.0 Web weld (sixteenths), or 5
16

in.

φRn = 1.392× C1 ×Dw × lw

φRn = 1.392× 1.0× 5.0× 43.55

φRn = 303.1 kip.

Vu,link = 270.64 kip. Link Shear under 242 kip. of actuator force.

φRn = 303.1 kip. ≥ Vu,link = 270.64 kip. OK

ADOPT 5
16

in. WEB ENDPLATE WELDS
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3.15 Brace Splice

3.15.1 Design Actions

From the 220 kip. load case. Vu = 8.5 kip. Brace Shear Force

Mu = 35.6 kip.ft. Moment, at half way point (conservative estimate).

Vu = 8.5 kip. Moment, at half way point (conservative estimate).

Fu,tens =
Mu

d− tf
+
Nu

2

Fu,tens =
35.6

10.4− 0.77
+

316.6

2

Fu,tens = 202.66 kip.

These have been transformed into the orthogonal coordinates for the brace splice
piece section profile that it makes at the angle that it comes in at. For now the
calculations have been done on paper only, and are not repeated here.

Vu,θ = 236.3 kip. Transformed Shear Force

Mu.θ = 5.8 kip.ft. Moment at end

Nu,θ = 161.0 kip. Transformed axial force

Fu,tens,θ =
Mu.θ

d− tf
+
Nu,θ

2

Fu,tens,θ =
5.8

10.4− 0.77
+

161.0

2

Fu,tens,θ = 87.73 kip.

3.15.2 Flange Plate Weld and Bolts

lf = 20.2 in. Two welds along the flange

Wf = 8.0 Flange weld (sixteenths).

φRn = 1.392× C1 ×Wf × lf

φRn = 1.392× 1.0× 8.0× 20.2

φRn = 224.9 kip.
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φRn = 224.9 kip. ≥ Fu,tens = 202.66 kip. OK

φrn = 49.8 kip. Shear strength of a A325 1− 1
4
-N in. dia. bolt.

φRn = 4× φrn

φRn = 4× 49.8

φRn = 199.2 kip.

φRn = 199.2 kip. � Fu,tens = 202.66 kip. NOT OK

This is close enough to be OK.

3.15.3 Web Plate Weld and Bolts

There isn’t a lot of force in the web due to shear so minimal sizes of bolts and welds
should be sifficient.

3.15.4 Web to C2 Weld

lf = 27.2 in. Welds along web, at an angle.

Wf = 10.0 Flange weld (sixteenths).

φRn = 1.392× C1 ×Wf × lf

φRn = 1.392× 1.0× 10.0× 27.2

φRn = 378.6 kip.

φRn = 378.6 kip. ≥ Fu,tens,θ = 87.73 kip. OK

3.15.5 Flange to C2 Weld

This is a CJP so will develop the full capacity of the parent material. Although it is
likely that the C1 flange will take all of the force, the stiffeners alone provide enough
resistance even if the flange contribution is neglected.

lf = 34.48 in. Stiffener web weld lengths.

Wf = 5.0 Stiffener web weld sise (sixteenths) 5
16

in.

φRn = 1.392× C1 ×Wf × lf
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φRn = 1.392× 1.0× 5.0× 34.48

φRn = 240.0 kip.

φRn = 240.0 kip. ≥ Fu,tens,θ = 87.73 kip. OK

lf = 16.0 in. Stiffener flange weld lengths.

Wf = 5.0 Stiffener flange weld sise (sixteenths) 5
16

in.

φRn = 1.392× C1 ×Wf × lf

φRn = 1.392× 1.0× 5.0× 16.0

φRn = 111.4 kip.

φRn = 111.4 kip. ≥ Fu,tens,θ = 87.73 kip. OK
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Post Batch 1 Design Dimensions

Batch 2 Test Matrix Dimensions

AN

AN

3'-5 7/16"e = 

4"ld = 
s

3/4"tf = 

9"bf = 

9 9/16"d = 8 1/16"hw = tw
3/4"td = 
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Post Batch 1 Design Dimensions

AL-BU-C1 SAP2000 Gridlines

18.85

126.32

128.852

32.657
40.157
47.25
94.5

141.75

150.007
s cross at 27.631

s cross at 84.607
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Post Batch 1 Design Dimensions

AL-BU-C1 SAP2000 Screenshot



REV. 3SHEET 4  OF 11 1/4/2015

Post Batch 1 Design Dimensions

AL-BU-C1 SAP2000 Section Checks (220 kip.)
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Post Batch 1 Design Dimensions

AL-BU-C1 SAP2000 Section Checks (300 kip.)
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Post Batch 1 Design Dimensions

AL-BU-C1 MEP & WELDS

5/8
5/8

WEB & DOUBLER
TO ENDPLATE

5/8
WEB TO
DOUBLER

1/2
1/2

WEB & DOUBLER
TO FLANGE

1/2
1/2

STIFF. TO WEB
& TO FLANGES

7
8 in. THICK DOUBLER PL

1/2
1/2

WEB TO FLANGE
ALONG e'

7
16 in. THICK WEB
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Post Batch 1 Design Dimensions

AL-BU-C1 MEP RIGHT

AP

AP

AV

AV

6.312

11.375

3.5 5.5 3.5

15.5

17.937

1 3/16" FOR 1 1/8 in.
DIA A325 BOLTS

2.188

2.125

1 1/2"

5.063



PROVEN
NEW
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Post Batch 1 Design Dimensions

AL-BU-C1 MEP STEPHENS (2011) COMPARISON

10.125

15.125

1 5/16" FOR 1-1/4" DIA A490 BOLTS

1 3/16" FOR 1-1/8" DIA A325 BOLTS

6.312

11.375

1 1/4 in. THICK PL

1 1/2 in. THICK PL

3 1/2"
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Post Batch 1 Design Dimensions

EIA2 ENDPLATE

18.673

26.04819.66

26.048

1 3/16" for 1-1/8 in. dia. A325 BOLTS

1 9/16" for 1-1/4 in.
dia. Gr B7 Rods

5.5

14.75

2.488

4.208

11.75

3.22

2.488

1-
1
4 in. THICK PL

1.5



REV. 3SHEET 10  OF 11 1/4/2015

Post Batch 1 Design Dimensions

BATCH 1 DESIGN DIMENSIONS

BATCH 1 DESIGN
DIMENSIONS(RECALCULATED

POST FABRICATION)
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Post Batch 1 Design Dimensions
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1 Summary

This document covers all the checks for Batch 3 Links, which are W14x48 links with
varying doubler web plate lengths as well as one link with gusset plates.
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2 Batch 3A Design

Links AL-DX are covered in this section, for AL-G, refer to the next section “Batch
3B Design”.

2.1 Proposed Specimens

Table 1: Batch 3A Specimens

Label ld e′ s# s

AL-D0 0 41.45 4 8.290
AL-D2 2 37.45 4 7.490
AL-D8 8 25.45 2 8.483

AL-D10 10 21.45 2 7.150
AL-G 4 32.95 3 8.6125

The stiffener spacing is based off of the succesful AL-3S link. It had s = 8.5 in.,
rather than required s = 7.44 in. AL-2S was also succesful at s = 11.3 in. but
s = 8.5 in. is what is used here.
The purpose of the varying doubler plate lengths is to find the points where it
can be at its longest and at its shortest without degrading performance too much.
Futhermore the different panel lengths will give insight towards the effective link
length, e′.

2.2 Setup Capabilities

The setup capabilities are based on whatever loads the Batch 1 links have achieved.
The setup was able to handle 207kips of implied shear. At around 200kips of shear
the web and bolts were supposed to fail but did not. Slightly higher loads may
be expected in this batch of links as the web doubler plate will be welded on the
inside whilst avoiding the k-area. AL-3S and AL-2S have shown that fractures can
initiate there following web bucking and folding of the web. Fractures were noted
there at later cycles with large rotations, but only after load degradation has started.
However, because the webs buckle first and from this point the load degrades and
only then do the fractures open up at later cycles; higher loads than those already
achieved in the set up are not expected. Hence it is OK to use the same endplate
connection which was a concern in the first place as it was originally designed to a
lower overstrength (1.55) rather than the rest of the system (1.98). At 207 kip. the
overstrength is approx. 1.65.

2.3 Endplate Prying

Because the endplate was prying at the larger loads visibly during Batch 1, the
endplate has been thickened from 1− 1

4
in. to 1− 1

2
in. This is despite the fact that

the endplate was supposed to be exhibiting thick plate behavior according to older
calculations.
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2.4 Doubler Height

The web doubler plate height is based on succesful Linked Column Frame tests by
Arlindo Lopes. In that case, the end of the doubler plate weld is located away from
the kdes distance.

d = 13.8 in. Link Height

kdet = 1.4375 in. Link k-zone detailing dimension.

w = 0.4375 in. Weld size, 7
16

in.

hd = d− 2× (kdet + w)

hd = 13.8− 2× (1.4375 + 0.4375)

hd = 10.05 in.

Therefore adopt 10 1
16

in. tall web doubler plates.
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3 Batch 3B Design

This covers the one link with the gusset plates.

3.1 Proposed Specimen

Refer to the Batch 3A section for the key stiffener and doubler dimension values.
This does violate the s = 8.5 in. self imposed limit but the point was to make the
link as close to AL-3S as possible and because of the thinner endplates there is a
slightly higher amount of e.
The purpose of this test is to see if a thinner endplate is possible with a gusset plate
and to check how the behavior changes in the doubler plate region.

3.1.1 Link MEP

Bolted MEP Connection check, Sheet 1 of Design Drawings. Based on the old over-
strength values and actions for comparison only.

Input Variables

e = 42.45 in. This is the distance between the end plates, doubler plates do
not influence this.

φb = 0.9

φo = 1.44

φ1.00 = 1.0

φ0.75 = 0.75

Fy = 50.0 ksi.

Fu = 65.0 ksi.

E = 29000.0 ksi.

Endplate:

tp = 1.0 in.

bp = 9.0 in. limited by bf + 1.0 in.

Bolts:

φPt = 84.2 kip. 11
8

in. dia. Group B-N bolts

φrnv = 50.7 kip.

db = 1.13 in.

h0 = 16.1 in.
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h1 = 11.04 in.

pf,0 = 2.6 in.

pf,i = 1.87 in.

g = 5.5 in.

de = 2.0 in.

Beam Section Properties (W14x48):

d = 13.8 in.

bf = 8.03 in.

tw = 0.34 in.

tf = 0.59 in.

kdet = 1.44 in. Distance from top of beam flange to where the k area ends.

Zx = 78.4 in.3

Design Actions

The shear force is derived from the overstrength shear capacity of the beam web:

Vu = φo × 0.6× (d− 2× tf )× tw × Fy

Vu = 1.44× 0.6× (13.8− 2× 0.59)× 0.34× 50.0

Vu = 185.22 kip.

The moment depends on the link statics equation:

Mu =
Vu × e

2

Mu =
185.22× 42.45

2

Mu = 327.6 kip.ft.

The axial force is scaled from SAP2000:

Nu = NSAP ×
Vu
VSAP

Nu = 57.0× 185.22

231.0

Nu = 45.7 kip.

The flange force is derived from the applied moment and the axial force in the worst
possible combination:

Fu,tens =
Mu

d− tf
+Nu
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Fu,tens =
327.6

13.8− 0.59
+ 45.7

Fu,tens = 343.41 kip.

Bolt Moment Capacity

The moment is modified to take account of the axial force:

Me = Mu +
Nu × d

2

Me = 327.6 +
45.7× 13.8

2

Me = 353.88 kip.ft.

φMn = 2× φPt × (h0 + h1)

φMn = 2× 84.2× (16.1 + 11.04)

φMn = 380.86 kip.ft.

φMn = 380.86 kip.ft. ≥Me = 353.88 kip.ft. OK

Thick Plate Behavior

s =
1

2
×
√
bp × g

s =
1

2
×
√

9.0× 5.5

s = 3.52 in.

pf,i,s = min(pf,i, s)

pf,i,s = min(1.87, 3.52) pf,i,s = 1.87 in.

Yp =
bp
2
×
[
h1 ×

[
1

pf,i,s
+

1

s

]
+ h0 ×

[
1

pf,0
− 1

2× s

]]
+

2

g
×[h1 × (pf,i,s + s) + h1 × (de + pf,0)]

Yp =
9.0

2
×
[
11.04×

[
1

1.87
+

1

3.52

]
+ 16.1×

[
1

2.6
− 1

2× 3.52

]]
+

2

5.5
×[11.04× (1.87 + 3.52) + 11.04× (2.0 + 2.6)]

Yp = 98.35 in.

tp,min =

√
1.11× φMn

φb × Fy × Yp

tp,min =

√
1.11× 380.86

0.9× 50.0× 98.35
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tp,min = 1.071 in.

tp = 1.0 in. � tp,min = 1.071 in. NOT OK

For comparison the previous tmin was 1.132 with 1.25 in. used. In this case, again
1.25 in. of thickness will be used.

3.1.2 AL-G Gusset Welds

The thickness of the gusset plate was picked such that it matched the web thickness.
The web weld was sized such that it handles a fully yielded gusset plate.
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EBF PhD Project (PSU) - Batch 3 Tests

Link MEP

1" THICK PL

11.04h1 = 

16.10h0 = 

1.87pf,i = 

2.60pf,0 = 

1 3/16" x8 HOLES FOR
1 1/8 DIA. A490 BOLTS

9.00bp = 

5.50g = 

2.00de = 



 



 



Appendix B – As Submitted Drawings 

 

The following drawings are included: 

 Ground Beam 

 Main Frame 

 Main Frame addendum (GC3 and GC4 details) 

 Batch 2 

 Batch 3 
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EBF PhD Project (PSU)

Ground Beam Overall View

NOTES:
 
ALL SECTION A992Gr50, ALL PLATES A572Gr50, ALL WELDS E70XX.
 
PLEASE SUPPLY ALL MILL CERTIFICATES FOR EACH OF THE NEW SECTIONS AND PLATES USED.
 
RECYCLED W14x132 SECTIONS TO BE USED. RETAIN ALL CUTOFFS.
 
WEB DOUBLERS MAY BE LONGER BUT TO BE ABOUT THE SAME CENTERLINE.

315
16"

315
16"

315
16" 315

16"

3'-111
4"

3/4" (PJP)

FLANGE TO
FLANGE BOTH
FLANGES3/8

3/8

WEB TO WEB
AND INSIDE
OF FLANGE

11
4" TOP & BOT ANCHOR BOLT HOLES

(BOT. HOLE CAN CONFLICT w/ EXIST. HOLES)

3'-111
4" 4'-11

8"3'-11
8" 3'-111

4"

1'-2 3
16" 1'-11 7

16"

5"

1'-2 9
16" 81

4" 8 9
16"

 ANCHORS ANCHORS ANCHORS ANCHORS

11
2" CLEVIS BOLT

HOLES SEE SHEET 2
FOR DETAILS

1/4
1/4

LONGITUD.
6" x 1/2"
STIFF. TYP.
 

3'-111
4"

1/4

STUB STIFF. 6" x
1/2" TYP. OR ALIGN
WITH EXIST.

7 1/16"
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EBF PhD Project (PSU)

Clevis Bolt Holes

215
16"

3 1
16"

27
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31
8"
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8"

513
16" 513

16"

613
16"

43
4"

43
4"

3 1
16"

215
16"

31
8"

27
8"

43
4"

43
4"

613
16"

513
16" 513

16"

57
8"

3'-15
8" 3'-47

8"

31
8"

27
8"

3 1
16"

215
16"

43
4"
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4"

61
8"

513
16" 513

16"

51
2"

2'-81
8"

ARRANGEMENT AARRANGEMENT BARRANGEMENT C

9'-93
8"
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EBF PhD Project (PSU)

Right Column Cut

2'-6" 2'-6" 2'-6" 2'-6"

7 1
16" 7 1

16" 7 1
16"

EXISTING BEAM SUGGESTED CUTS
make these cuts to the existing beams to avoid fabricating new stiffeners

ONLY THIS STUB REQUIRES
NEW STIFFENERS
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EBF PhD Project (PSU)

Left Column Cut

2'-6" 2'-6" 2'-6" 2'-6"

7 1
16"7 1

16"7 1
16"7 1

16"

EXISTING BEAM SUGGESTED CUTS
make these cuts to the existing beams to avoid fabricating new stiffeners
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EBF PhD Project (PSU)

Overall View

CB2

GC4

GC3

CB1

C2

C1

AL

EIA

CL
(EXIST.)

CR
(EXIST.)
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EBF PhD Project (PSU)

Notes

NOTES:
 
DELIVER TO PORTLAND STATE UNIVERSITY (iSTAR LAB, SCIENCE RESEARCH AND TEACHING CENTER (LOWER LEVEL) 1719 SW 10TH, 
PORTLAND, OREGON 97201). LAB LOADING BAY IS FROM THE BACK OF THE BUILDING ON SW 11TH AVE, ACCESSED FROM SW MILL ST.
 
COLUMN C1, CR AND EIA TO BE ATTACHED AND DELIVERED TOGETHER (SEE SHEET 25).
 
PRECISION CUT AND ATTACH THE EXISTING PINS AND CLEVISES TO C1 & C2 FOR LEAST SLACK.
 
ALL SECTIONS A992Gr50, ALL PLATES A572Gr50, ALL WELDS E70XX, UNLESS OTHERWISE SPECIFIED.
 
PROVIDE ALL MILL CERTIFICATES FOR EACH OF THE PLATES/SECTIONS USED.
 
FOR EACH STRUCTURAL SECTION/PLATE PLEASE PROVIDE A SMALL CUT OF IT FOR COUPONS TO BE MADE FOR TENSILE TESTS. PROVIDE THE 
FOLLOWING CUTS FOR TENSILE COUPONS:
-LINKS: Out of a 20' length there should be ~29" left over in one piece, please retain and deliver with the links
-C1 & C2: provide 1' cuts from each column
-EIA: provide 1' cuts from each of the W24x76 and W16x68
-Each Plate: Provide 3x 12"x2" (e.g. 6" x 12" as one piece is acceptable)
 
DIMENSIONS AND TOLERANCES: PRECISE COMPUTER GENERATED DIMENSIONS GIVEN, IT IS UP TO THE FABRICATOR'S DISCRETION TO 
CHANGE ANY DIMENSIONS TO ENSURE FIT. WELD AND DRILL DIMENSIONS ARE SPECIFIED FROM ONE EDGE OF THE WORK PIECE TO THE LEFT 
EDGE OF THE OTHER PIECE.
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EBF PhD Project (PSU)

Subassembly C1 (1 of 4): Overall View
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EBF PhD Project (PSU)

Subassembly C1 (2 of 4): Parts

14 in
16.38773 in

28.13773 in

33.4985 in

39.88773 in
54.9985 in

62.3735 in

79.6005 in

84.663 in

95.538 in

100.6005 in

7"
1'-2"

148.9375 in

157.9375 in
166 in

3 1
16"

4 9
16"APPROX. , PRECISION CUT TO CLOSELY FIT

TO EXISTING PINS, FOR LEAST SLACK

1.925 in

13.675 in

5 in

11.5 in
7.4275 in

8.1725 in

7.4275 in

8.1725 in

R1
2"

5.625 in

3 in

3 in

16.38773 in

28.13773 in

39.88773 in

1.925 in

13.675 in

1 9
16" x6 HOLES

1 3
16" x14 HOLES

1 9
16" x6 HOLES

1.6875 in

W14x145R1
2"

11
2"

WHEEL ABRADE THIS FLANGE



REV. 11SHEET 5  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly C1 (3 of 4): Parts

BRACE SPLICE, W10x68 (x1)

2.75 in
7.75 in

1 5
16" x4

HOLES

33.567°

30 in

15.67278 in
2.55 in

7.55 in
14 in

19 in22 in

3.25 in

8.25 in

FLANGE SPLICE PL (x1)

1 5
16" x4 HOLES

2 in
5 in

7 in

2.5 in

12 in

WEB SPLICE PL (x1)

COLUMN WEB STIFFENER (x2)

20.75 in
28 in

2.5 in

2.5 in

4 9
16"APPROX. , PRECISION CUT TO CLOSELY

FIT TO EXISTING PINS, FOR LEAST SLACK

3/4" THICK PL

3/4" THICK

15/16" THICK PL (NEEDS TO FIT BETWEEN
THE EXISTING CLEVIS PLATES).

W14x145 STIFFENER (x16)

12.62 in

2 in

4 in

2 in

8.62 in

2 in

3/4" THICK PL

CAP PLATE (x1)

15 in

15.6 in

3/4" THICK PL

CB1 C1 STIFF A36 (x1)

2.005 in

8.005 in
10.5 in

6.31 in

12.62 in

1 1
16" x2 HOLES

11.5 in

3/4" THICK PL
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EBF PhD Project (PSU)

Subassembly C1 (4 of 4): Welds

18.013 in
25.763 in

35.938 in

44.74726 in

59.188 in

81.757 in

97.695 in

128.7705 in

146.1875 in

45.500°

3/8

9/16
BOTH
PLATES

CJP

7/8
7/8

7/8
7/8

5/16
5/16

FOR REST OF
STIFFENERS
(x12)

1/2
1/2

FOR REST OF
STIFFENERS
(x12)

44.74726 in

CJP

CJP

1/2

1/2

3/8

WEB PL
(OTHER
SIDE)

5/8
5/8

3/8
3/8CAP PL

BRACE FLANGE  TO

LINE UP WITH STIFF. .

1.5 in
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EBF PhD Project (PSU)

Subassembly C2 (1 of 4): Overall View
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EBF PhD Project (PSU)

Subassembly C2 (2 of 4): Parts

WHEEL ABRADE THIS FLANGE

33.4985 in

43.4985 in

52.3735 in

62.3735 in

148.9375 in
166 in

W14x145

5.05 in

10.55 in
7.4275 in 8.1725 in

7 in
14 in

148.9375 in
157.9375 in

166 in

3 in

5.625 in
R1

2"

41
2"APPROX.  MACHINE CUT TO CLOSELY FIT

TO EXISTING PINS3 1
16"

1.6875 in

3 in 3 in

38.438 in

43.5005 in

52.3755 in

57.438 in

79.6005 in

84.663 in

95.538 in

100.6005 in

7.4275 in8.1725 in

4.55 in

11.05 in

1 3
16" x8 HOLES

1 3
16" x16 HOLES



REV. 11SHEET 9  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly C2 (3 of 4): Parts

COLUMN WEB STIFFENER (x2)
SEE SHEET 5

W14x132 STIFFENER (x8)
SEE SHEET 5

CAP PLATE (x1)
SEE SHEET 5

CB2 C2 STIFFENER (x2)
SEE SHEET 5

BRACE SPLICE, W10x68 (x1)
SEE SHEET 5

FLANGE SPLICE PL (x1)
SEE SHEET 5

WEB SPLICE PL (x1)
SEE SHEET 5



REV. 11SHEET 10  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly C2 (4 of 4): Welds

45.500°

45.500°

44.74726 in
.97432 in

9/16BOTH STIFF.

9/16 BOTH PLATES

40.938 in

54.188 in

81.757 in

97.695 in

128.7705 in

146.1875 in

3/8
3/8

CJP

7/8
7/8

7/8
7/8

5/16
5/16

FOR REST OF
STIFF. (x8)

1/2
1/2

FOR REST OF
STIFF. (x8) CJP

CJP

1/2

3/8WEB PLATE

BRACE FLANGE 
TO LINE UP WITH

STIFF. .



REV. 11SHEET 11  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly EIA (1 of 4): Overall View



REV. 11SHEET 12  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly EIA (2 of 4): Parts

W24x76 COLLECTOR BEAM (x1) COLLECTOR LINK ENDPLATE (x1)

COLLECTOR HORIZ. STIFFENER (x4)

1 1
16"

COLLECTOR VERT. STIFFENER (x2)

EIA ENDPLATE (x1)

W10x68 BRACE UPPER CUT (x1)
FLANGE SPLICE (x1),

SEE SHEET 5

55.4 in 2.45 in

7.5125 in

16.3875 in
21.45 in

23.9 in

1.75 in

7.25 in
9 in

1 3
16" x8 HOLES

1 3/4" THICK PL

.75 in .75 in

10.269 in

5.1345 in

1.5 in

4.25 in

22.54 in

4.25 in

1.75 in

1.75 in

3/4" THICK PL
1" THICK PL

1 1/4"
THICK PL

2.5625 in

9.9375 in

25.05 in
31.4375 in

34 in

1.5 in

4.625 in

10.125 in

13.25 in

14.75 in

1 9
16" x2 HOLES

1 3
16" x6 HOLES

74.371 in

56.433°1 3
16" x2 HOLES

1 5
16" x4 HOLES

3.249 in
67.46986 in

74.371 in3.7 in

6.7 in

2.75 in

7.75 in
2.55 in

7.55 in

WHEEL ABRADE CONNECTION SIDE



REV. 11SHEET 13  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly EIA (3 of 4): Stiffener Placement

NOTE WHERE VERT. STIFF. 

& BRACE FLANGE  MEET.

103
4"

1/2

4.9 in

18.25 in

10.269 in



REV. 11SHEET 14  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly EIA (4 of 4): Welds

5/16
5/16

CJP

CJP

1/2
1/2

CJP

1/2
1/2CJP

CJP

CJP

5/8
5/8

1/2

10.75 in

5.05 in

1/2
1/2



REV. 11SHEET 15  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly CB1 & CB2 (1 of 3): Overview



REV. 11SHEET 16  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly CB1 & CB2 (2 of 3): Parts

CB HSS 6x6x0.625 A36* (x2)

7 in
142.88182 in

148.778 in

5 in

ACCESS HOLE FOR PIN

45.500°

CB TOP PLATE A36* (x2)

3/4" THICK PLATE

12.07977 in

14.57977 in

18.57777 in

20.57977 in

22.58 in

3.5 in

7 in

R 9
16" x2 SLOTTED HOLES

2.625 in
3.375 in

CB BOTTOM PLATE A36* (x2)

3 in

6 in

4.5 in

9 in

1 9
16"

3/4" THICK PL



REV. 11SHEET 17  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly CB1 & CB2 (3 of 3): Welds

1/4

1/4



REV. 11SHEET 18  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly GC1 & GC2 (1 of 3): Overall View



REV. 11SHEET 19  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly GC1 & GC2 (2 of 3): Parts

GC PLATE A36* (x2) GC BASE A36* (x2) GC STIFFENER A36* (x4)

6.907 in

10 in

5 in
10 in

3.505 in

5.609 in

8.505 in

11 in

1.5625 in

9.4375 in
11 in

10 in

4.5 in

1" THICK PL

1" THICK PL

1/2" THICK PL

1 9
16"

11
4" x6 HOLES



REV. 11SHEET 20  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly GC1 & GC2 (3 of 3): Welds

3/8

WELD EVERYWHERE
TO CONNECT ALL
THE PIECES



REV. 11SHEET 21  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly AL (1 of 4): Overall View

AL-BARE

AL-2S

AL-3S

AL-4S

AL-4C



REV. 11SHEET 22  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly AL (2 of 4): Parts

LINK BEAM W14x48 (x5)

41.95 in

LINK ENDPLATE (x10)

2 in

7.0625 in

15.9375 in
21 in

23 in

1.75022 in

7.25022 in
9 in

LINK WEB DOUBLER (x10) LINK WEB STIFFENER (x17)

10.925 in

4 in

3/8" THICK PL

1 3
16" x8 HOLES

1 1/4" THICK PL

12.61 in

.875 in

.875 in

3.8125 in
3/8" THICK PL



REV. 11SHEET 23  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly AL (3 of 4): Welds 1

AL-3S

AL-2S

AL-4S

15.1275 in

26.4475 in

12.3 in

20.7875 in

29.275 in

10.6025 in

17.3925 in

24.1825 in
30.9725 in

3/8
DOUBLER
TO WEB

7/16
7/16

DOUBLER & WEB
TO ENDPLATE

CJP

5/16
5/16

STIFF. TO
WEB & TO
FLANGES

4.6 in



SECTION A-A
FOR 4C ONLY, OMIT WEB WELDS

REV. 11SHEET 24  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly AL (4 of 4): Welds 2

A

A

AL-BARE

AL-4C

10.6025 in

17.3925 in

24.1825 in
30.9725 in

5/16
5/16

NO WEB WELD

5/16
5/16

NO WEB WELD



REV. 11SHEET 25  OF 25 8/14/2014

EBF PhD Project (PSU)

Assembly Guide: C1, EIA, CR + C2, CL

27
8"

31
8"

215
16"

3 1
16"

215
16"

3 1
16"

27
8"

31
8"

1'-5
8" 1111

16" 1115
16" 11 5

16"

VIEW OF ATTACHED CLEVISES FROM 
BELOW.
 
ATTACH EXISTING CLEVISES AND 
ENSURE THAT THE COLUMN STUB 
FACES IN THE CORRECT DIRECTION.
 
THE CLEVISES HAVE SLIGTHLY 
DIFFERENT HOLE PATTERNS AND 
NEED TO MATCH UP WITH THE 
GROUND BEAM.
 
 

DELIVER IN THE FOLLOWING 
PIECES:
-CR ATTACHED TO C1 AND EIA
-CL ATTACHED TO C2

ATTACH CLEVISES USING EXISTING PINS.

C1

C2

CR (EXISTING)

CL (EXISTING)

USE 6x A325-N 1 1/8" DIA. BOLTS

USE 2x A325-N 1 1/8" DIA. BOLTS

USE 8x (4x EACH FLANGE)
A325-N 1 1/4" DIA. BOLTS



REV. 12SHEET 20  OF 25 8/14/2014

EBF PhD Project (PSU)

Subassembly GC1 & GC2 (3 of 3): Welds

3/8

WELD EVERYWHERE
TO CONNECT ALL
THE PIECES

.5 in

10.5 in
11 in

3
8"

4.37 in

1.5625 in

9.4375 in

11 in

1.5625 in
3.505 in

5.609 in

8.505 in



REV. 8SHEET 1  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

Overall View

EIA2

AL-BU-XX (x4 LINKS)

NOTES:
 
DELIVER TO PORTLAND STATE UNIVERSITY (iSTAR LAB, SCIENCE RESEARCH AND TEACHING CENTER (LOWER LEVEL) 1719 SW 10TH, 
PORTLAND, OREGON 97201). LAB LOADING BAY IS FROM THE BACK OF THE BUILDING ON SW 11TH AVE, ACCESSED FROM SW 
MILL ST.
 
ALL SECTIONS A992Gr50, ALL PLATES A572Gr50, ALL WELDS E70XX, UNLESS OTHERWISE SPECIFIED. ALL CJP WELDS ARE FRACTURE 
CRITICAL AND ARE TO BE INSPECTED AS PER D1.1.
 
PROVIDE ALL MILL CERTIFICATES FOR EACH OF THE PLATES/SECTIONS USED.
 
FOR EACH OF THE THICKNESSES OF THE PLATE SECTIONS USED IN THE WEB OF THE BUILT UP LINKS, PROVIDE A 3x 12"x2" (e.g. 6"x12" AS
ONE PIECE IS ACCEPTABLE). THIS IS FOR COUPON TESTS.
 
DIMENSIONS HAVE BEEN MADE OFF THE CENTERLINES, IT IS UP THE FABRICATOR'S DISCRETION TO SHORTEN ANY STIFFENERS OR 
LENGTHS FOR FIT, AS LONG AS THE CONNECTION PIECES STILL LINE UP WITH THE CONNECTING CENTERLINES.
 
PLEASE PROVIDE THE LINK STAGGERED ENDPLATE TO PSU BEFORE WELDING ONTO ONE OF
THE LINKS FOR USE AS A TEMPLATE FOR DRILLING AN EXISTING COLUMN THAT
THIS FRAMES INTO.
 
CONTACT: DMITRY VOLYNKIN, 503-725-4271 (PSU LAB PHONE)
                                          OR 503-740-5377 (CELL PHONE).



REV. 8SHEET 2  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

EIA2 (1 of 4): Overall View

THIS NEW "EIA2" PIECE IS 
BASED OFF OF THE EXISTING 
EIA PIECE THAT FITS INTO 
THE EXISTING FRAME. PLEASE
MEASURE ALL 
ANGLES/DIMENSIONS OFF OF
THE PROVIDED EIA PIECE.



REV. 8SHEET 3  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

EIA2 (2 of 4): Parts

EIA2 LINK ENDPLATE (x1)

1 3/16" x 20 HOLES
1-

3
4" THICK PL

4'-6 7/8"Approx.  fit to existing EIA

EIA2 COLLECTOR BEAM W24x76 (x1)

6'-2 3/8"

EIA2 BRACE W10x68 (x1)

1 7/16"

1 9/16"

3 5/16"

56.43°

5"2 3/4"

5"

1 3/16" x2 HOLES

1 5/16" x4 HOLES

5 1/2"
1'- 1/2"

1'-3 1/2"

1'-11 7/8"

4 7/16"
9 1/2"

5/8"

4 7/16"

9 1/2"



REV. 8SHEET 4  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

EIA2 (3 of 4): Parts

5"

3"

8"

1'-10"

11 1/2" 3/4 in. THICK PL

1 5/16" x4 HOLES

BRACE SPLICE PLATE (x1)

10"

7 1/2"

1 1/2"
1/2 in. CLIPS AT 45°

3/4 in. THICK PL

1'-11 1/4"

1 in. THICK PL

7/8 in. CLIPS AT 45°

EIA2 HORIZ. STIFF. (x6)EIA2 VERT. STIFF. (x2)

1 1/16" HOLE

7 1/2"

3 1/4"
11/16"

1-1/4 in. THICK PL
EIA2 C1 ENDPLATE (x1)

1'-2 3/4"

2'-10"

1 3/16"2x  @ 61
2" GAGE

1 3/16"2x  @ 51
2" GAGE

1 9/16"2x  @ 113
4" GAGE

1 3/16"2x  @ 61
2" GAGE

1 3/16"2x  @ 51
2" GAGE

1 3/16"2x  @ 61
2" GAGE

8 1/16"

9 1/2"

1'-2 7/16"

7 1/16"
9 1/2"

1'-2 7/16"



SECTION AG-AG

REV. 8SHEET 5  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

EIA2 (4 of 5): Part Placement

AG

AG

10 3/4"

NOTE WHERE VERT. STIFF. 

& BRACE FLANGE  MEET

10 1/2"

6 11/16"

1 15/16"

6 11/16"

5/8"

ORIENT THE ENDPLATE CORRECTLY
IT IS ASSYMETRICAL



DETAIL  AH

SECTION AN-AN

REV. 8SHEET 6  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

EIA2 (5 of 5): Welds

AH

AN

AN

3/4
3/4

3/4
3/4

3/4
3/4

5/16
5/16

CJP

3/8
3/8

CJP

CJP

1
1

7/8
7/8

HORIZ.
STIFF. TYP.

7/8
7/8

CJP HORIZ.
STIFF. TYP.

3/4
3/4

HORIZ.
STIFF. TYP.

1/2

1/2

3/8
BOTH
SIDES

(CJP)

WELD BRACE TO
FLANGE AND
VERT. STIFF.

3/4

3/4



REV. 8SHEET 7  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

AL-BU-XX (1 of 4): Overall View

AL-BU-N1 AL-BU-B1

AL-BU-B2AL-BU-N2

LINKS HAVE TWO DIFFERENT WEB THICKNESSES 
(7/16 in. AND 3/8 in.) AND VARYING STIFFENER 
SPACINGS



REV. 8SHEET 8  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

AL-BU-XX (2 of 4): Parts

9"

8"

SIZE TO FIT, SEE
SHEETS 9 AND 10

BU FLANGE (x8)
3
4 in. THICK PL

3 13/16"4"

8" 8"

3/4 in. CLIPS
AT 45°

BU WEB (x4, 2 DIFF. THICKNESSES)

BU DOUBLER PL (x16) BU STIFF. (x3)

2x 
7
16 in. THICK AND 2x 

3
8 in. THICK PLs

5 1/2"

1'- 1/2"

3 13/16"

1'-1 15/16"

1'-3 1/2"

1'-5 15/16"

1 7/8"
1 7/8"

1'-1 15/16"

1'-5 15/16"

1'-3 1/2"1-
3
4 in. THICK PL

1 3/16" x20 HOLES

BU ENDPLATE UNSTAGGERED (x4)
BU ENDPLATE STAGGERED (x4)

1 3/16" x12 HOLES

1 9/16" x2 HOLES

1-
3
4 in. THICK PL

16x 
5
8 in. THICK PL

3
8 in.
THICK
PL

5 1/2"
1'- 1/2"



SECTION AJ-AJ

SECTION AP-AP

SECTION AR-AR

REV. 8SHEET 9  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

AL-BU-X1 (3 of 4): Welds

AJ

AJ

AP

AP

AR AR

1/2

DOUBLER TO
FLANGE TOP
& BOT.

5/8
DOUBLER
TO ENDPL

5/8
DOUBLER
TO ENDPL

CJP

CJP

7
16 in. THICK WEB

3
4 in. THICK DOUBLER PL

5/16
5/16STIFF.

AL-BU-N1 HAS 1 STIFFENER (SHOWN)
AL-BU-B1 HAS NO STIFFENERS
 
WELD IN SUCH ORDER AS TO AVOID
THE USE OF RAT HOLES

1/2

DOUBLER TO
FLANGE TOP
& BOT.

1/2
1/2

WEB TO
FLANGE

1/2
1/2

WEB TO
FLANGE

5/8
DOUBLER
TO ENDPL

5/8
WEB TO
DOUBLER

5/8
DOUBLER
TO ENDPL

5/8
WEB TO
DOUBLER

3'-8 7/16"
SIZE TO ENSURE THESE LINKS FIT

INTO THE EXISTING FRAME



SECTION AL-AL

SECTION AT-AT

SECTION AU-AU

REV. 8SHEET 10  OF 10 3/9/2015

EBF PhD Project (PSU) - Batch 2 Tests

AL-BU-X2 (4 of 4): Welds

AL

AL

AT

AT

AUAU

CJP

CJP

5
8 in. THICK DOUBLER PL

3
8 in. THICK WEB

5/16
5/16 STIFF. TYP.

10 7/8" 11 1/8" 10 7/8"

AL-BU-N2 HAS 2 STIFFENERS (SHOWN)
AL-BU-B2 HAS NO STIFFENERS

9/16
DOUBLER
TO ENDPL

7/16

DOUBLER TO
FLANGE TOP
& BOT.

7/16

DOUBLER TO
FLANGE TOP
& BOT.

9/16
DOUBLER
TO ENDPL

7/16
7/16

WEB TO
FLANGE

7/16
7/16

WEB TO
FLANGE

9/16
WEB TO
DOUBLER

9/16
DOUBLER
TO ENDPL

9/16 DOUBLER TO ENDPL

9/16
WEB TO
DOUBLER

3'-8 7/16"
SIZE TO ENSURE THESE LINKS FIT

INTO THE EXISTING FRAME



REV. 8SHEET 1  OF 7 3/9/2015

EBF PhD Project (PSU) - Batch 3 Tests

Overall View

NOTES:
 
DELIVER TO PORTLAND STATE UNIVERSITY (iSTAR LAB, SCIENCE RESEARCH AND TEACHING CENTER (LOWER LEVEL) 1719 SW 10TH, 
PORTLAND, OREGON 97201). LAB LOADING BAY IS FROM THE BACK OF THE BUILDING ON SW 11TH AVE, ACCESSED FROM SW 
MILL ST.
 
ALL SECTIONS A992Gr50, ALL PLATES A572Gr50, ALL WELDS E70XX, UNLESS OTHERWISE SPECIFIED. ALL CJP WELDS ARE FRACTURE 
CRITICAL AND ARE TO BE INSPECTED AS PER D1.1.
 
PROVIDE ALL MILL CERTIFICATES FOR EACH OF THE PLATES/SECTIONS USED.
 
PLEASE PROVIDE A ~28" LONG W14X48 SECTION LENGTH FOR FUTURE COUPON TESTS FROM THE SAME LENGTH OF W14X48 STOCK 
LENGTH.
 
DIMENSIONS HAVE BEEN MADE OFF THE CENTERLINES, IT IS UP THE FABRICATOR'S DISCRETION TO SHORTEN ANY STIFFENERS OR 
LENGTHS FOR FIT, AS LONG AS THE CONNECTION PIECES STILL LINE UP WITH THE CONNECTING CENTERLINES/BOLT HOLES.
 
PLEASE PROVIDE ONE OF THE LINK ENDPLATES BEFORE WELDING FOR USE AS A TEMPLATE FOR DRILLING AN EXISTING COLUMN THAT 
THIS FRAMES INTO.
 
CONTACT: DMITRY VOLYNKIN, 503-725-4271 (PSU LAB PHONE) OR 503-740-5377 (CELL PHONE).
 



REV. 8SHEET 2  OF 7 3/9/2015

EBF PhD Project (PSU) - Batch 3 Tests

Batch 3 Links (1 of 6): Overall View

AL-D0

AL-D2

AL-D8

AL-3C

AL-G

AL-DX HAVE VARYING WEB DOUBLER PLATE 
LENGTHS AND STIFFENER SPACINGS
 
AL-G HAS THINNER ENDPLATES AND GUSSET 
PLATES
 
AL-3C HAS 3 CONTACT (NOT WELDED TO WEB) 
STIFFENERS
 
AL-D4S HAS EXTRA STIFFENERS AT DOUBLER 
PLATES

AL-D4S



REV. 8SHEET 3  OF 7 3/9/2015

EBF PhD Project (PSU) - Batch 3 Tests

Batch 3 Links (2 of 6): Parts

8"

LINK W14x48 (x6)

USE THE OVERALL
DIMENSION ON SHEET 4
TO SIZE THESE

LINK ENDPLATE (x12)

WEB DOUBLERS (10 TOTAL)

1'- 9/16"

3 13/16"

7
8" CLIPS AT 45°

ALL ARE 
7
16" THICK PLs

STIFFENER (x24)

3
8" THICK PL

10"

2" 4"

10x 1
3
4" THICK PLs

2x 1
1
4 THICK PLs (FOR AL-G ONLY)

5 1/2"

1'- 1/2"

8 7/8"

1'-7"

1'-11"

1'-3 1/2"

1 3/16" x16 HOLES

x2 x6 x2

GUSSET (x4)

4"

4"

1/2"

1/2"

7
16" THICK PL



REV. 8SHEET 4  OF 7 3/9/2015

EBF PhD Project (PSU) - Batch 3 Tests

Batch 3 Links (3 of 6): Welds 1, AL-DX Links

STIFFENER SPACING AND DOUBLER LENGTHS
Link Stiffeners s ld

AL-D0 4 8 1/4" -
AL-D2 4 7 1/2" 2"
AL-D8 2 8 1/2" 8"

AL-D2 SHOWN

CJP TYP.
FLANGE
TO END PL

s s s s s

ld ld

7/16
DOUBLER
TO WEB

5/16
5/16

STIFF. TO
WEB AND
FLANGES

7/16
7/16

DOUBLER TO
ENDPLATE
AND WEB TO
ENDPLATE

3'-8 7/16"
MANUFACTURE TO THIS
DIMENSION TO FIT INTO
EXISTING FRAME



REV. 8SHEET 5  OF 7 3/9/2015

EBF PhD Project (PSU) - Batch 3 Tests

Batch 3 Links (4 of 6): Welds 2, AL-G

ANY WELDS AND DIMENSIONS NOT SHOWN, REFER TO SHEET 4.

AL-G

7/16
7/16 TYP. GUSSET

8 3/8" 8 3/8"

4"

USE THE 1
1
4" THICK PL

ON THIS LINK ONLY



REV. 8SHEET 6  OF 7 3/9/2015

EBF PhD Project (PSU) - Batch 3 Tests

Batch 3 Links (5 of 6): Welds 3, AL-3C

ANY WELDS AND DIMENSIONS NOT SHOWN, REFER TO SHEET 4.
 

8 1/4" 8 1/4"

4"

5/16
5/16

STIFF. TO
FLANGE TYP.

5/16
5/16

STIFF. TO
FLANGE TYP

NO STIFF.
TO WEB
WELDS

AL-3C



SECTION AV-AV

REV. 8SHEET 7  OF 7 3/9/2015

EBF PhD Project (PSU) - Batch 3 Tests

Batch 3 Links (6 of 6): Welds 4, AL-D4S

AV

AV

ANY WELDS AND DIMENSIONS NOT SHOWN, REFER TO SHEET 4.
 
THIS HAS 3 STIFFENERS IN THE MIDDLE AND A
STIFFNER AT THE END OF EACH OF THE WEB
DOUBLER PLATES ON THE OPPOSITE SIDE OF
THE WEB OF THAT DOUBLER PLATE

8 1/4" 8 1/4" 8 1/4" 8 1/4"

5/16
5/16

STIFF. TO
FLANGES AND
WEB TYP.

AL-D4S



 



 



Appendix C – Instrumentation Drawings 
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50.6in.66.75in.

5
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.

4

°

ACTUATOR ℄

2
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.
6
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i
n
.

OVERALL ℄ DIMENSIONS

2015/11/17

SHEET 1 OF 9



4

1

1
6

"

3

"

5"

6
"

SYMBOLS USED:

STRAIN GAGE

STRAIN ROSETTE

LVDT

STRING POT MOUNTING POINT

STRING POT

L4_EIA_C1_Slip

SG_4_EIA_TF

SG_5_EIA_Web

SG_6_5_EIA_BF

SG_7_Brace_TF

SR_1_X_Brace

L5_Brace_TF_Slip

SG_8_Brace_BF

SR_2_X_EIA_BPZ

SG_1_C2_SF

SG_2_C2_Web

SG_3_C2_NF

SP1_C2_Drift

L2_Slip

SP2_Link_Lateral

L3_Link_Left_Slip

L6_Brace_Web_Slip

L7_Brace_BF_Slip

10

1

4" 10

3

16" 10

3

16" 10

1

4"

L11_CR_Left

L10_CR_Right

L12_CR_Center

L13_CL_Right

L14_CL_Left

L15_CL_Center

L9_CR_Slip

L8_CR_Slip

SR_3_X_EIA_MPZ

Instrumentation

2015/11/17
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AL-B, WEST AND EAST ELEVATIONS

AL-2S, WEST AND EAST ELEVATIONS

AL-3S, WEST AND EAST ELEVATIONS

Numbering

1

2

3

Gage Labels

SR_4_X_AL_WEB

-in midmost (or slightly North

panel)

SR_5_X_AL_DBLR_WEB

-in doubler region on the web

side

SR_6_X_AL_DBLR_DBLR

-in doubler region, on the

doubler plate

ALL GAGES WERE PLACED IN

CENTERS OR MIDPOINTS OF

THEIR REGION UNLESS

OTHERWISE SPECIFIED.

LINK GAGES 1
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AL-BU-B1, WEST AND EAST ELEVATIONS

AL-BU-N1, WEST AND EAST ELEVATIONS

AL-4C, WEST AND EAST ELEVATIONS

LINK GAGES 2
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AL-D8, WEST AND EAST ELEVATIONS

AL-BU-B2, WEST AND EAST ELEVATIONS

AL-BU-N2, WEST AND EAST ELEVATIONS

LINK GAGES 3

2015/11/17

SHEET 7 OF 9



AL-G, WEST AND EAST ELEVATIONS

AL-D0, WEST AND EAST ELEVATIONS

AL-3C, WEST AND EAST ELEVATIONS

2"
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AL-D4S, TOP VIEW

AL-D2, WEST AND EAST ELEVATIONS

AL-D4S, WEST AND EAST ELEVATIONS

GAGES ARE ON STIFFENER

GAGES ARE ON STIFFENER

2
"

2"

2"

2"
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Appendix D – Material Information 

 

The following documents are included: 

 Batch 1 Mill Certificates (6 pages) 

 Batch 2 Mill Certificates (7 pages) 

 Coupon Test Results (3 pages) 
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September 10, 2015 
 
Ramiro Bazaez 
Portland State University - 
iSTAR 
iSTAR Lab 
Science Research and 
Teaching Center (Lower 
Level) 
1719 SW 10th 
Portland, OR  97201 
 
 
PO Number 
Credit Card 
 
Date Received 
September 3, 2015 
 
Material 
Steel 
 
Material Identity 
Shear Links 2 
W 14 X 48 
 

TEST REPORT 
 

IMR Report Number 201515642B 
 
 
 
SUMMARY 
 
Two samples were received for room temperature tensile testing. 
 
 
 
ROOM TEMPERATURE TENSILE TEST 

 

Laboratory 
Number 

Tensile 
Strength 

(ksi) 

Yield 
Strength 

(ksi) 

Elongation 
in 2” 
(%) 

Orig. 
Gage 
Width 
(in.) 

Location 

15642-2RTT1 73.4 60.6 32.0 0.509 Web 

15642-2RTT2 70.8 54.3 35.5 0.509 Flange 

Yield strength: 0.2% offset method 
Method(s): ASTM A370-14 
 

 

 

 

 
 
 

Reviewed by 

 
Jaret J. Frafjord 
Laboratory Director 

 
 

All procedures were performed in accordance with the IMR Quality Manual, current revision, and related procedures; and the PWA MCL Manual F 23 and related procedures.  The 
information contained in this test report represents only the material tested and may not be reproduced, except in full, without the written approval of IMR Test Labs (“IMR”).  IMR maintains a 
quality system in compliance with the ISO/IEC 17025 and is accredited by the American Association for Laboratory Accreditation (A2LA), certificate #1140.07.  IMR will perform all testing in 
good faith using the proper procedures, trained personnel, and equipment to accomplish the testing required.  IMR’s liability to the customer or any third party is limited at all times to the 
amount charged for the services provided.  All samples will be retained for a minimum of 6 months and may be destroyed thereafter unless otherwise specified by the customer. The 
recording of false, fictitious, or fraudulent statements or entries on this document may be punished as a felony under federal statutes. IMR Test Labs is a GEAE S-400 approved lab (Supplier 
Code T4280). 
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September 10, 2015 
 
Ramiro Bazaez 
Portland State University - 
iSTAR 
iSTAR Lab 
Science Research and 
Teaching Center (Lower 
Level) 
1719 SW 10th 
Portland, OR  97201 
 
 
PO Number 
Credit Card 
 
Date Received 
September 3, 2015 
 
Material 
Steel 
 
Material Identity 
Shear Links 2 
12” X 2” X 7/16” Plate 
Label: MK2A #544 
 
 

TEST REPORT 
 

IMR Report Number 201515642C 
 
 
 
SUMMARY 
 
One sample was received for room temperature tensile testing. 
 
 
 
ROOM TEMPERATURE TENSILE TEST 

 

Laboratory 
Number 

Tensile 
Strength 

(ksi) 

Yield 
Strength 

(ksi) 

Elongation 
in 2” 
(%) 

Orig. 
Gage Width 

(in.) 

15642-3RTT 79.2 59.5 31.0 0.507 

Yield strength: 0.2% offset method 
Method(s): ASTM A370-14 
 

 

 

 

 
 
 

Reviewed by 

 
Jaret J. Frafjord 
Laboratory Director 

 
 

All procedures were performed in accordance with the IMR Quality Manual, current revision, and related procedures; and the PWA MCL Manual F 23 and related procedures.  The 
information contained in this test report represents only the material tested and may not be reproduced, except in full, without the written approval of IMR Test Labs (“IMR”).  IMR maintains a 
quality system in compliance with the ISO/IEC 17025 and is accredited by the American Association for Laboratory Accreditation (A2LA), certificate #1140.07.  IMR will perform all testing in 
good faith using the proper procedures, trained personnel, and equipment to accomplish the testing required.  IMR’s liability to the customer or any third party is limited at all times to the 
amount charged for the services provided.  All samples will be retained for a minimum of 6 months and may be destroyed thereafter unless otherwise specified by the customer. The 
recording of false, fictitious, or fraudulent statements or entries on this document may be punished as a felony under federal statutes. IMR Test Labs is a GEAE S-400 approved lab (Supplier 
Code T4280). 
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September 10, 2015 
 
Ramiro Bazaez 
Portland State University - 
iSTAR 
iSTAR Lab 
Science Research and 
Teaching Center (Lower 
Level) 
1719 SW 10th 
Portland, OR  97201 
 
 
PO Number 
Credit Card 
 
Date Received 
September 3, 2015 
 
Material 
Steel 
 
Material Identity 
Shear Links 2 
12” X 2” X 3/8” Plate 
Label: MK3A #544 
 

TEST REPORT 
 

IMR Report Number 201515642D 
 
 
 
SUMMARY 
 
One sample was received for room temperature tensile testing. 
 
 
 
ROOM TEMPERATURE TENSILE TEST 

 

Laboratory 
Number 

Tensile 
Strength 

(ksi) 

Yield 
Strength 

(ksi) 

Elongation 
in 2” 
(%) 

Orig. 
Gage Width 

(in.) 

15642-4RTT 71.1 64.9 31.5 0.508 

Yield strength: 0.2% offset method 
Method(s): ASTM A370-14 
 

 

 

 

 
 
 

Reviewed by 

 
Jaret J. Frafjord 
Laboratory Director 

 
 

All procedures were performed in accordance with the IMR Quality Manual, current revision, and related procedures; and the PWA MCL Manual F 23 and related procedures.  The 
information contained in this test report represents only the material tested and may not be reproduced, except in full, without the written approval of IMR Test Labs (“IMR”).  IMR maintains a 
quality system in compliance with the ISO/IEC 17025 and is accredited by the American Association for Laboratory Accreditation (A2LA), certificate #1140.07.  IMR will perform all testing in 
good faith using the proper procedures, trained personnel, and equipment to accomplish the testing required.  IMR’s liability to the customer or any third party is limited at all times to the 
amount charged for the services provided.  All samples will be retained for a minimum of 6 months and may be destroyed thereafter unless otherwise specified by the customer. The 
recording of false, fictitious, or fraudulent statements or entries on this document may be punished as a felony under federal statutes. IMR Test Labs is a GEAE S-400 approved lab (Supplier 
Code T4280). 
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Appendix E – Fortran Code 1 

! 2 
!=================================================================================================! 3 
!=============================================GENERAL=============================================! 4 
! 5 
! CODE BY DMITRY VOLYNKIN 29/06/2015 from The University of Auckland, Supervised by A/Prof Charles 6 
! Clifton This code enforces the rotation of a rectangle to the time history value provided in the 7 
! .fv file 8 
! 9 
! This subroutine is called at each increment (DISP) and returns an updated U value for the 10 
! boundary condition such that the rotation is as specified in the .fv value. Everytime the .fil 11 
! file is written to, URDFIL is called to get updated node displacements that give the current 12 
! rotation. 13 
! 14 
! The current and previous rotations are correlated linearly to the current and previous U 15 
! displacements to give a relationship that is used everytime DISP is called to provide a U value 16 
! from .fv specified rotation values. 17 
! 18 
!===========================================USAGE GUIDE===========================================! 19 
!    Generally, only the find replace values need to be provided: 20 
!        FindReplace.txt (example content, @@ used instead of @@@) 21 
!            dic['@@protLimit    3 22 
!            dic['@@protLim-1    2 23 
!            dic['@@inputRotation    rotn_halfcycle.fv 24 
!            dic['@@TL_instance    'W14X48-1' 25 
!            dic['@@TL_int_node    68 26 
!            dic['@@TR_instance    'W14X48-1' 27 
!            dic['@@TR_int_node    6 28 
!            dic['@@BL_instance    'W14X48-1' 29 
!            dic['@@BL_int_node    15 30 
!            dic['@@BR_instance    'W14X48-1' 31 
!            dic['@@BR_int_node    66 32 
!            dic['@@workdir    /gpfs1m/projects/uoa00028/FeatureStaging/AL-3S_Panel 33 
!_Coarse 34 
!            dic['@@dim_a    11.0d0 35 
!            dic['@@dim_b    13.8d0 36 
!             37 



!         38 
!    .INP file requirements 39 
!        .fil file request, ensure "BCFGnodes" are the TL, TR, BL, and BR nodes for rotation 40 
!            *NODE FILE, FREQUENCY=1, GLOBAL=YES, nset=BCFGnodes 41 
!            COORD 42 
! 43 
!        Boundary condition user subroutine example specification: 44 
!            ** Name: North Endplate  Displacement Type: Displacement/Rotation 45 
!            *Boundary, USER 46 
!            _PickedSet269, 2, 2 47 
! 48 
!        Set for BCFG nodes 49 
!            *Nset, nset=BCFGnodes, instance=W14x48-1 50 
!              6, 15, 66, 68 51 
! 52 
! 53 
! 54 
! 55 
!    .fv file requirements 56 
!        This file is formatted like so: 57 
!            0.000000000000000000D+01 58 
!            0.000000000000000000D+01 59 
!            0.100000000000000000D+04 60 
!            0.090000000000000000D+00 61 
!            0.200000000000000000D+04 62 
!            0.000000000000000000D+01 63 
!        Where the first value is the time value, the next is the corresponding rotation at that 64 
!        time, and then the pattern repeats. 65 
! 66 
! 67 
! 68 
! 69 
! 70 
! 71 
!=========================================Code Structure =========================================! 72 
! 73 
! 74 
!    MODIFIED ABAQUS SUBROUTINES 75 
!        DISP 76 



!        URDFIL 77 
! 78 
!    PURE USER SUBROUTINES 79 
!        NEXTDISP 80 
!        SPECROT 81 
!        READKPROTOCOL 82 
!        ROTATION (function) 83 
!        ONCEONLY 84 
! 85 
!=================================================================================================! 86 
!=================================================================================================! 87 
! 88 
! 89 
!===================================MODIFIED ABAQUS SUBROUTINES===================================! 90 
!=================================================================================================! 91 
! 92 
!==============================================DISP ==============================================! 93 
! 94 
! This takes in the current U and changes it to what it should be according to the kProtocol and 95 
! the kRelationship.  96 
! 97 
      subroutine DISP(u,kstep,kinc,time,node,noel,jdof,coords) 98 
      ! includes 99 
      include 'aba_param.inc' !required 100 
      ! common declarations 101 
      double precision, dimension(7) :: kRelationship 102 
      double precision, dimension(145,2) :: kProtocol 103 
      integer, dimension(4) :: kNodes 104 
      integer kVariable, kOnce 105 
      common /kCommon/kRelationship,kProtocol,kVariable,kOnce,kNodes       106 
      ! subroutine declarations 107 
      double precision displ, specrotn 108 
      double precision, dimension(3) :: u, coords 109 
      double precision, dimension(2) :: time !time(1) is step time, time(2) is total time 110 
      ! subroutine code 111 
      ! initialize everything on first call of DISP 112 
      if (kOnce.NE.1) then 113 
       kOnce = 1 !change kOnce first, otherwise you'll have race conditions 114 
       call ONCEONLY() 115 



      end if 116 
      write (102,*) "======DISP called========="       117 
      write (102,*) "u(1) before mods:", u(1) 118 
      ! call the subroutines to figue specified rotation and the next displacement 119 
      call specRot(specRotn,time(1)) !grab what the rotation is supposed to be for the time 120 
      call nextDisp(displ,specRotn) !function to calculate the next displacement 121 
      kRelationship(5) = displ 122 
      u(1) = kRelationship(5) 123 
      ! check if displacement is sensical 124 
      if (u(1).NE.u(1)) THEN ! if NaN 125 
       write (102,*) 'Exiting Abaqus due to debugging request' 126 
       write (102,*) 'Probly due to a flat relationship' 127 
       CALL XIT() 128 
      end if 129 
      ! debug statements to check whether the user subroutine is working 130 
 131 
      write (102,*) "time is ", time(1) 132 
      write (102,*) "Rotation(t) should be: ", specRotn 133 
      write (102,*) "Last measured rotation: ", kRelationship(4) 134 
      write (102,*) "Enforcing displacement: ", u(1) 135 
      write (102,*) "^^^^^^DISP called^^^^^^^^^" 136 
      return 137 
      end 138 
!=================================================================================================! 139 
! 140 
! 141 
!=============================================URDFIL =============================================! 142 
! 143 
! This reads the .fil file everytime it is updated by Abaqus. The BCFG nodes inside it are used to 144 
! calculate the current rotation of the model to derive a relationship between the displacement U 145 
! and the rotation. 146 
      subroutine URDFIL(LSTOP,LOVRWRT,KSTEP,KINC,Dtime,time) 147 
      ! includes 148 
      include 'aba_param.inc' !required 149 
      ! common declarations 150 
      double precision, dimension(7) :: kRelationship 151 
      double precision, dimension(145,2) :: kProtocol 152 
      integer, dimension(4) :: kNodes 153 
      integer kVariable, kOnce, nodeIdx 154 



      common /kCommon/kRelationship,kProtocol,kVariable,kOnce,kNodes 155 
      ! subroutine declarations 156 
      dimension ARRAY(513),JRRAY(NPRECD,513),time(2) 157 
      double precision, dimension(513) :: kArray !My array, (1,2,3) left node, (4,5,6) right node, 158 
      ! (7,8,9) bottom left node, (10,11,12) bottom right node, (13) rotation 159 
      equivalence (ARRAY(1),JRRAY(1,1)) 160 
      integer kCount=0 !counter for my purposes 161 
      ! subroutine code 162 
      ! find the nodes and fill in my array 163 
      write (102, *) "======URDFIL called=========" 164 
      call POSFIL(KSTEP,KINC,ARRAY,JRCD) ! find current increment 165 
      DO K1=1,999999 166 
         call DBFILE(0,ARRAY,JRCD) 167 
         if (JRCD.NE.0) GO TO 110 168 
         KEY=JRRAY(1,2) 169 
         NODE=JRRAY(1,3) 170 
         ! record 107 contains the values for global displacements (COORD) 171 
         write (102, *) "Node is: ", NODE 172 
         if ((NODE.NE.0).AND.(NODE.NE.1).AND.(KEY.NE.1)) then !weed out the junk values (node 1, 173 
         !node 2, key 1) 174 
            DO nodeIdx=1,4 175 
                if (NODE.EQ.kNodes(nodeIdx)) then 176 
                    write (102, *) "Node order: ", nodeIdx 177 
                    KARRAY(nodeIdx*3-2) = ARRAY(4) !X (not really needed) 178 
                    KARRAY(nodeIdx*3-1) = ARRAY(5) !Y 179 
                    KARRAY(nodeIdx*3) = ARRAY(6) !Z 180 
                    ! print the actual numbers I get out of here 181 
                    write (102, *) "Array (4) = ", ARRAY(4) 182 
                    write (102, *) "Array (5) = ", ARRAY(5) 183 
                    write (102, *) "Array (6) = ", ARRAY(6) 184 
                    GO TO 111 185 
                end if 186 
            end do 187 
          end if 188 
 111      CONTINUE 189 
      end do 190 
 110  CONTINUE 191 
      ! calculate the rotation using func() 192 
      KARRAY(13) = ROTATION(KARRAY(2),KARRAY(3),KARRAY(5),KARRAY(6), 193 



     + KARRAY(8),KARRAY(9),KARRAY(11),KARRAY(12)) 194 
      ! fill out the kRelationship 195 
      kRelationship(1) = kRelationship(3) !prev increment's displacement 196 
      kRelationship(2) = kRelationship(4) !prev increment's rotation 197 
      kRelationship(3) = kRelationship(5) !current increment's displacement 198 
      kRelationship(4) = KARRAY(13) !current increment's rotation 199 
      call kSaveRel() ! save the kRelationship to a text file in case of restarts 200 
      return 201 
      end 202 
!=================================================================================================! 203 
!=================================================================================================! 204 
! 205 
! 206 
!======================================PURE USER SUBROUTINES======================================! 207 
!=================================================================================================! 208 
! 209 
!============================================NEXTDISP ============================================! 210 
! 211 
! This correlates the displacement and rotaitons and provides a prediction for the next 212 
! displacement. 213 
      subroutine NEXTDISP(displacement, specrotn) 214 
      ! includes 215 
      ! common declarations 216 
      double precision, dimension(7) :: kRelationship 217 
      double precision, dimension(145,2) :: kProtocol 218 
      integer, dimension(4) :: kNodes 219 
      integer kVariable, kOnce 220 
      common /kCommon/kRelationship,kProtocol,kVariable,kOnce,kNodes 221 
      ! subroutine declarations 222 
      double precision displacement, specrotn 223 
      double precision M, C !intercept and slope 224 
      double precision Infin, NegInf 225 
      ! subroutine code 226 
      ! figure out the "equation" for predicting displacement based on rotation 227 
      M = (kRelationship(4)-kRelationship(2))/ 228 
     +(kRelationship(3)-kRelationship(1)) 229 
      C = kRelationship(2) - M * kRelationship(1) 230 
      ! Only  if M is above a threshold value (most cases), pass on the M and C for use. 231 
      ! Otherwise use the previously defined relationship. Also check the M and C for 232 



      ! being -inf or inf or NaN, in which case they cannot be used either.  233 
      ! Set up inifnities 234 
      write (102,*) "Unvetted M=", M 235 
      write (102,*) "Unvetted C=", C 236 
      Infin = 1.d484621 237 
      NegInf = -Infin 238 
      IF ((M.EQ.M).AND.(M.NE.Infin).AND.(M.NE.NegInf).AND. 239 
     +(M.GT.5.d-3).AND.(C.EQ.C).AND.(C.NE.Infin).AND. 240 
     +(C.NE.NegInf)) THEN !if functions don't work then just stick them inline, what do you want? 241 
        kRelationship(6) = M 242 
        kRelationship(7) = C 243 
      END IF 244 
      displacement = (specrotn - kRelationship(7)) / kRelationship(6) 245 
      return 246 
      end 247 
!=================================================================================================! 248 
! 249 
!=============================================SPECROT=============================================! 250 
! Figure out what the specified rotation is meant to be according to the kProtocol and current 251 
! time. 252 
      subroutine SPECROT(specRotn, time) 253 
      ! includes 254 
      ! common declarations 255 
      double precision, dimension(7) :: kRelationship 256 
      double precision, dimension(145,2) :: kProtocol 257 
      integer, dimension(4) :: knodes 258 
      integer kVariable, kOnce 259 
      common /kCommon/kRelationship,kProtocol,kVariable,kOnce,kNodes 260 
      ! subroutine declarations 261 
      double precision time,specRotn 262 
      double precision X0, X1, X, Y0, Y1 !variables for easy reading of interpolation equation 263 
      ! subroutine code 264 
      DO i=1,144 265 
       IF ((time.LT.KPROTOCOL(i+1,1)).AND.(time.GE.KPROTOCOL(i,1))) THEN 266 
        X = time 267 
        Y0 = KPROTOCOL(i,2) 268 
        Y1 = KPROTOCOL(i+1,2) 269 
        X0 = KPROTOCOL(i,1) 270 
        X1 = KPROTOCOL(i+1,1) 271 



        specRotn=Y0+(Y1-Y0)*(X-X0)/(X1-X0) 272 
        GO TO 210 273 
       END IF 274 
      END DO 275 
       specRotn = 0.00001d0 !if no good rotation value found from KPROTOCOL 276 
       write (102, *) "No good rotation found at time ",  time 277 
 210   CONTINUE 278 
      return 279 
      end 280 
!=================================================================================================! 281 
! 282 
!==========================================READKPROTOCOL==========================================! 283 
! set up the kProtocol common variable by reading it from the file 284 
      subroutine READKPROTOCOL() 285 
      ! includes 286 
      ! common declarations 287 
      double precision, dimension(7) :: kRelationship 288 
      double precision, dimension(145,2) :: kProtocol 289 
      integer, dimension(4) :: knodes 290 
      integer kVariable, kOnce 291 
      common /kCommon/kRelationship,kProtocol,kVariable,kOnce,kNodes 292 
      ! subroutine declarations 293 
      CHARACTER(*), PARAMETER :: filepath = 294 
     +"/scratch/checkpoint/dvol002/DS1367c 295 
     +/AISC2005_short.fv" 296 
      ! subroutine code 297 
      OPEN (101,FILE=filepath, STATUS='OLD', READONLY) 298 
      DO 15 N=1,145 299 
       DO 10 M=1,2 300 
        READ(101,30) KPROTOCOL(N,M) 301 
        write (102, *) KPROTOCOL(N,M) 302 
 10    CONTINUE 303 
 15   CONTINUE 304 
 30   FORMAT(1d25.18) 305 
      CLOSE(101) 306 
      end 307 
!=================================================================================================! 308 
! 309 
!============================================ROTATION ============================================! 310 



! function to calculate the rotatino from the coordinates of the corner nodes 311 
      double precision function ROTATION(TLX,TLY,TRX,TRY,BLX,BLY,BRX,BRY) 312 
      ! includes 313 
      ! common declarations 314 
      ! subroutine declarations 315 
      double precision TLX,TLY,TRX,TRY,BLX,BLY,BRX,BRY 316 
      double precision a, b, c1, c2, L1, L2 317 
      ! subroutine code 318 
      a = 105.199996948 ! horiz distance 319 
      b = 36.0 ! vertical distance 320 
      L1 = SQRT(a**2+b**2) ! original diagonal length 321 
      L2 = L1 !same thing the other way 322 
      c1 = SQRT((BRX-TLX)**2+(BRY-TLY)**2)-L1 323 
      c2 = SQRT((TRX-BLX)**2+(TRY-BLY)**2)-L2 324 
      ! Calculate the rotation of parallelogram \cite{McDaniel2003} 325 
      ROTATION = 0.5d0 * ((c1-c2)*SQRT(a**2+b**2))/(a*b) 326 
      return 327 
      end 328 
!=================================================================================================! 329 
! 330 
!============================================ROTATION ============================================! 331 
! This subroutine is called only once to set the initial variables up       332 
      subroutine ONCEONLY() 333 
      ! includes 334 
      ! common declarations 335 
      double precision, dimension(7) :: kRelationship 336 
      double precision, dimension(145,2) :: kProtocol 337 
      integer, dimension(4) :: knodes 338 
      integer kVariable, kOnce 339 
      common /kCommon/kRelationship,kProtocol,kVariable,kOnce,kNodes 340 
      ! subroutine declarations 341 
      character*80 CPNAME !name of part instance to reference 342 
      character*80, dimension(4) :: names ! names of the nodes (some are repeats) 343 
      integer, dimension(4) :: internalNodes !internal node numbers corresponding to above names 344 
      integer :: LOCNUM, JTYP, i 345 
      CHARACTER(*), PARAMETER :: filepath = 346 
     +"/scratch/checkpoint/dvol002/DS1367c 347 
     +/fortran_out.txt" 348 
      ! subroutine code 349 



      open (102, file=filepath, action="write", status="replace") ! global output file for std 350 
      CALL READKPROTOCOL() !Read in the kProtocol 351 
      ! Set up the first relationship for displ vs rotn 352 
      CALL kLoadRel() 353 
       354 
       355 
C      kRelationship(1) = 0.0d0 356 
C      kRelationship(2) = 0.0d0 357 
C      kRelationship(3) = 0.04018d0 !5.05d0 !displacement for correlation 358 
C      kRelationship(4) = 0.09d0 !0.044d0 !rotation for correlation 359 
      KVARIABLE = 0 !flag for whether to continue (0), run till end (<>0), end (5) 360 
      kOnce = 1 !this is initially 0 then after that, it is 1 so that this IF block isn't procc'd 361 
      ! node numbers to look up 362 
      !TL 363 
      names(1) = "ONEPART-1" 364 
      internalNodes(1) = 203  365 
      !TR 366 
      names(2) = "ONEPART-1" 367 
      internalNodes(2) = 204  368 
      !BL 369 
      names(3) = "ONEPART-1" 370 
      internalNodes(3) = 209  371 
      !BR 372 
      names(4) = "ONEPART-1" 373 
      internalNodes(4) = 210 374 
      JTYP = 0 ! 0 - node number, 1 - element number 375 
      DO 12 i=1,4 376 
       CPNAME = names(i) 377 
       LOCNUM = internalNodes(i) 378 
       call GETINTERNAL(CPNAME, LOCNUM, JTYP, INTNUM, JRCD) 379 
       !takes in CPNAME (part name) & LOCNUM (node number in part) 380 
       !    returns INTNUM (global node number) 381 
       knodes(i) = INTNUM 382 
 12   CONTINUE 383 
      end 384 
!=================================================================================================! 385 
! 386 
!=====================================kRelationship SAVESTATE=====================================! 387 
! This a few subroutines to save and retrieve the kRelationship for restarts to work properly 388 



      subroutine kLoadRel() 389 
      common /kCommon/kRelationship 390 
      double precision, dimension(7) :: kRelationship 391 
      logical :: exist 392 
      CHARACTER(*), PARAMETER :: kRelFilepath = 393 
     +"/scratch/checkpoint/dvol002/DS1367c 394 
     +/kRelationship.txt" 395 
      inquire(file=kRelFilepath, exist=exist) ! check if file exists 396 
      if (exist) then 397 
       open (106, file=kRelFilepath, STATUS='OLD', READONLY) 398 
       write (102, *) "Found old kRelationship file!" 399 
       DO 12 M=1,7 400 
        READ(106, 30) kRelationship(M) 401 
 12   CONTINUE         402 
 30     FORMAT(1d25.18) 403 
      close(106) 404 
      else 405 
       ! if it doesn't exist then initialize with these default values 406 
       write (102, *) "Did not find old kRelationship file!" 407 
       kRelationship(1) = 0.0d0 408 
       kRelationship(2) = 0.0d0 409 
       kRelationship(3) = 0.04018d0 !5.05d0 !displacement for correlation 410 
       kRelationship(4) = 0.09d0 !0.044d0 !rotation for correlation 411 
       kRelationship(5) = 0.04018d0 !5.05d0 !displacement for correlation  412 
      end if 413 
      end 414 
       415 
      subroutine kPrintRel() 416 
      common /kCommon/kRelationship 417 
      double precision, dimension(7) :: kRelationship 418 
      DO 10 M=1,7 419 
       continue ! placeholder 420 
       write (102, 30) kRelationship(M) 421 
 10    CONTINUE 422 
 30    FORMAT(1d25.18) 423 
      end 424 
       425 
      subroutine kSaveRel() 426 
      common /kCommon/kRelationship 427 



      double precision, dimension(7) :: kRelationship 428 
      CHARACTER(*), PARAMETER :: kRelFilepath = 429 
     +"/scratch/checkpoint/dvol002/DS1367c 430 
     +/kRelationship.txt" 431 
      ! save the values to a file 432 
      open (106, file=kRelFilepath, action="write", status="replace") 433 
      DO 11 M=1,7 434 
       WRITE(106, 30) kRelationship(M) 435 
 11   CONTINUE 436 
 30   FORMAT(1d25.18) 437 
      close(106) ! close the unit in the same step (like a with statement) 438 
      end 439 
 440 
!=================================================================================================! 441 
!=================================================================================================! 442 
! 443 
! Explanation of Arrays 444 
! 445 
! KRELATIONSHIP 446 
! 1 - prev displacement 447 
! 2 - prev rotn 448 
! 3 - cur displacement 449 
! 4 - cur rotn 450 
! 5 - cur displacement (sigh, legacy) 451 
! 6 - M (passed only if M non negative and not Inf) 452 
! 7 - ! (passed only if M non negative and not Inf) 453 
! 454 
! Units as used by myself 455 
!    : Reserved by Abaqus: 1-14, 19-100 inclusive.  456 
! 101: file that contains the protocol rotations at each time  457 
! 102: message file that this script writes to for debugging purposes 458 
!   7: /Standard: .msg or .dat 459 
!   6: /Explicit: .sta 460 
! 461 
! Formats used: 462 
!  30   FORMAT(1d25.18) 463 
!       yields: 0.200000000000000000D+04 464 
!       from: 2000 465 
! 466 



! some caveats: 467 
!     NaN do not equal themselves, what do you know 468 
!     145 = number of 1-indexed lines divided by 2 in the .fv file 469 
!=================================================================================================! 470 
!=================================================================================================! 471 
 472 
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