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Abstract 

New Zealand Ports perform the vital role of facilitating the transfer of goods to and from the world 

markets. This critical infrastructure has been identified as a lifeline that needs to remain operational 

immediately after a natural hazard. For this reason the aim of this research presented was to 

investigate the vulnerability of New Zealand ports to seismic hazards. The research was specifically 

focused on understanding the seismic response of wharves. Data regarding all of New Zealand’s 14 

ports was collected from port companies and was used to characterise New Zealand wharves and 

determine the most common structural configurations. 

The Cashin Quay 3 wharf at Lyttelton Port was chosen as a case study because it experienced 

significant damage as a result of the Canterbury Sequence of Earthquakes. For the purpose of 

quantifying the impact of earthquakes on wharves, a numerical model of the Cashin Quay 3 wharf 

was developed using OpenSees. The model was validated against measured deck displacements 

after the September 4th and February 22nd Canterbury earthquakes.  

Time-history, sensitivity and fragility analyses were conducted on the model to quantify its seismic 

response. In the time-history analysis the model was subjected to the entire earthquake sequence 

and the resulting deck displacement and pile moment history was presented. The results confirmed 

the presence of ongoing displacements as a result of small aftershocks experienced at Lyttelton Port 

and showed the significance of modelling both the wharf and soil embankment in an integrated 

model that captured the interaction between both components. The sensitivity analysis confirmed 

the influence of geotechnical parameters on overall wharf response. Fragility analysis of the CQ3 

model consisted of subjecting the model to a series of scaled ground motions and fitting the response 

data to lognormal probability distributions. The CQ3 fragility curves accurately captured the 

damage state reached by the wharf after the September 4th and February 22nd earthquakes. 

Five variations were made to the CQ3 model based on the wharf characterisation study. These 

variations represent typical combinations of lateral load resisting mechanisms. Fragility analysis of 

the variations indicated the superior performance of the combination of tie-back and moment 

resisting pile-deck connections over the use of a raked pile.  
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Chapter 1  

 

Introduction 

1.1 Overview 

Ports have been an integral part of the built environment and have performed a central role in 

facilitating the trade of goods between isolated coastal communities. As communities and trade 

increased so did the development of local ports. In the modern era many of the smaller ports have 

been consolidated into larger facilities that have become hubs for large movements of cargo and 

points of entry into countries. Ports are now complex commercial and logistical entities at the 

interface between sea and land transport. They have strategic significance to New Zealand’s 

economy, facilitating the transfer of up to 99% of all exports and imports by volume (New Zealand 

Trade and Enterprise, 2010). The importance of ports can be even more pronounced at the regional 

level where ports account for up to a 47% addition of value to the local economy (Hughes, 2006). 

Further to their economic importance, the Civil Defence Emergency Management Act (2002) has 

identified ports as lifelines that need to be in operation following a natural hazard event. Ports have 

a vital role in delivering aid, emergency water supplies, construction materials, heavy equipment 

and other goods needed for facilitating a rapid recovery of the local region. It is at this crucial stage 

immediately after a natural hazard that the importance of ports is realised especially if the port is 

damaged resulting in its closure. Port closures can cause a significant impact on both the local and 

national economy.  

Notwithstanding the importance of ports, most developed countries have opted for privatising the 

port industry and thus handing over control of this infrastructure to private companies, in contrast 

to other vital infrastructure such as bridges and roads. Consequently in New Zealand there is no 
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central authority that has a detailed understanding of the national stock of ports and no authority 

that can make key decisions regarding the retrofit, rehabilitation and construction of ports.  

The resulting port environment is one of fragmented ownership over port infrastructure that is 

ageing and highly susceptible to damage from natural hazards and because of strict economic 

considerations there seems to be no large scale investments in improving the resilience of port 

infrastructure in foreseeable future.   

1.1 Research Motivation and Objectives 

The main motivation for this project is the lack of comprehensive research focused on the response 

of New Zealand ports to natural hazards. Considering the significant economic and social impact of 

ports, the principal objective of this research project was to review New Zealand ports and develop 

an understanding of the seismic response of wharf structures.  

Natural hazards such as earthquakes, volcanoes, tsunamis and storms can have a significant impact 

on port infrastructure but the key focus of this research will be the impact of earthquakes on ports. 

Ports consist of several large scale structures that are somewhat integrated and all have an impact 

on the overall operation of a port. Studying the impact of earthquakes on all port infrastructures is 

a very complex task and one that is not possible within the scope of one doctoral research project. 

For this research the focus will be on wharves; the primary structure within a port system.  

In addition, the sequence of seismic events experienced by the Canterbury region provided 

researchers with an ideal case study in which to further our understanding of seismic effects on the 

built environment. Of importance to this doctoral research was the damage experienced at Lyttelton 

Port. With access to a large database of damage information and geotechnical and structural data, 

Lyttelton port was an ideal case study for investigating the seismic response of wharves. 

The final aim of this research was to develop tools to assist in assessing the vulnerability of port 

infrastructure to natural hazards. The most commonly used vulnerability assessment tool is fragility 

modelling which relates hazard intensity to the probability of exceeding a defined damage state. 

In view of the above considerations the key research objectives were: 

1. Collect information on New Zealand ports both from publicly available sources and port 

companies and use the information to review the hazard exposure of New Zealand ports.  
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2. Develop a database of New Zealand wharves and use it to characterise New Zealand 

wharves according to key structural and geotechnical characteristics through analysis of the 

database. 

3. Review and model the seismic response of key wharves at Lyttelton Port 

4. Conduct fragility analysis on key wharves at Lyttelton Port 

5. Develop numerical models to study the performance of a range of wharf configurations on 

seismic response.  

1.2 Thesis Outline 

The thesis is divided into three parts with two chapters in the first part, two chapters in the second 

part and one chapter in the final part. The first part contains a background and a review of the hazard 

exposure for New Zealand ports. The second part of thesis focuses on the numerical modelling, 

sensitivity analysis and fragility modelling of the Cashin Quay 3 wharf. The final part of the thesis 

presents the synthesis of the two previous parts by combining the wharf characterisation with the 

numerical modelling of variations to the CQ3 wharf model. The thesis is organised into the following 

chapters: 

1.2.1 Background 

Chapter 2 presents a brief background to the history of port development in New Zealand and the 

trends that impacted on the materials, construction techniques and configurations used in port 

development. Furthermore, this chapter reviews the functions of ports in general and the structures 

created within ports to provide the core operations of a port. The final section in the chapter reviews 

the damage earthquakes have caused on wharves throughout the world. 

1.2.2 Review of New Zealand Ports 

Chapter 3 provides an extensive review of publicly available literature on New Zealand ports and 

their exposure to natural hazards. For the 14 ports in New Zealand a brief history of construction 

development is provided followed by the ports exposure to seismic and volcanic hazards. The final 

section compares the exposure to hazards between ports and examines the impact of scenario events 

impacting multiple ports simultaneously.  
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1.2.3 Wharf Modelling 

Chapter 4 describes the numerical model developed to investigate the seismic response of the Cashin 

Quay 3 wharf at Lyttelton Port. The modelling approach used was outlined in this section followed 

by validation of the CQ3 model against measured displacements and results from the time-history 

analysis of the CQ3 model. A sensitivity analysis of the model was also included in this chapter. 

1.2.4 CQ3 Fragility Modelling 

In Chapter 5 the results of the fragility analysis conducted on the CQ3 model was presented. The 

chapter outlines the methodology adopted for developing fragility curves and the engineering 

demand parameters used to monitor the seismic response of the model as it was subjected to a large 

number of ground motions. The final section in the chapter outlines the final results of the fragility 

analysis.   

1.2.5 Wharf Characterisation and CQ3 Variations 

Chapter 6 contains the results of the wharf characterisation study in which a large database of wharf 

structural and geotechnical parameters was reviewed and several generic configurations were 

developed to represent the key structural and geotechnical characteristics of New Zealand wharves. 

These configurations were utilised to make variations to the CQ3 model and subsequently these 

variations were used to investigate the impact on seismic response. This chapter outlines the 

variations made to the CQ3 model and the results of the seismic analysis. 

1.2.6 Conclusion 

Chapter 7 contains a summary of the conclusions drawn from this doctoral research. This thesis does 

not feature a chapter containing a literature review because the investigation reported here draws 

on several different fields, and consequently a review of previous research on each topic was 

presented separately where required in each chapter. 
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Chapter 2  

 

Background 

2.1 Overview 

The focus of this thesis was the characterisation of New Zealand ports and the examination of wharf 

seismic response. This chapter provides background reading essential to understanding this 

research topic. After reviewing the historical development of New Zealand ports a brief outline of 

typical port infrastructure was provided. This was followed by a brief review of earthquake damage 

at ports throughout the world.   

2.2 Development of New Zealand Ports 

Ports have been closely linked to the development, local politics and history of the regions which 

they serve. The aim of this section was to provide an overview of major trends that influenced the 

establishment, development and function of New Zealand ports in general.  

2.2.1 Geographical Development 

The first people to establish ports along New Zealand’s coastline were whalers and sealers. Their 

requirements centred on the need for resupplying their ships with wood, water and food. There was 

evidence that whaling vessels moored in the Bay of Islands, Northland and in Lyttelton Harbour, 

Canterbury as early as 1801 (Ross, 1977; Scooter, 1968). This trade reached its peak in the mid 1800’s 

but due to the instability of the whaling trade, whaling stations all around the country declined 

within several years (Ross, 1977; Stevenson, 1977). 
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A more permanent phase in the development of ports was initiated with the advent of permanent 

European settlements. In choosing colony locations, the settlers were in search of fertile lowlands 

and natural harbours resulting in the establishment of settlements at Wellington, Wanganui, 

Auckland, Nelson, New Plymouth, Christchurch and Dunedin by 1840. At each location, surveyors 

drew up maps of the harbour to assist in navigation and in determining the possible port locations. 

Figure 2-1 shows an example of a map of Wellington Harbour, also known as Port Nicholson used 

by early sailors.  

 

Figure 2-1: Map used by early sailors for charting Port Nicholson, early 1800s (Johnson, 1996) 

In these emerging settlements, ports were the most viable method for transport and communication. 

Development of land connections between the settlements was hindered by mountainous regions, 

dense bush and numerous rivers. In contrast, port development was encouraged by the availability 

of safe and spacious harbours (Rimmer, 1967). In communities that lacked natural harbours, ports 

were instead constructed in rivers and unprotected waters (Ross, 1977). A typical example of a port 

constructed in the early 1900s at Te Akau, Raglan can be seen in Figure 2-2. Port development in the 

early 1900s was a network of scattered wharves formed next to small coastal communities (Rimmer, 

1967). At the peak of this development stage there were in excess of 100 ports in New Zealand with 

approximately forty conducting overseas trade (National Infrastrucutre Unit, 2010). 
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Figure 2-2: Te Akau Wharf, Raglan, 1910 (Price Collection, Alexander Turnbull Library) 

The scattered nature in which ports were developing gave way to more concentrated port 

development adjacent to established population centres (Rimmer, 1967). Smaller ports were 

discarded either because of the lack of cargo or lack of good accessibility. For example, Port Kakanui 

in the coast of Otago or Port of Hicks Bay in the east coast of the North Island, were discarded after 

it became clear that their locations could not provide year round accessibility, sufficient depth and 

adequate protection from storm surges. Similarly, Port Craig, shown in Figure 2-3, in the south coast 

of the South Island was discarded once the timber company that had been using the port became 

bankrupt at the time of the Great Depression (Ross, 1977). The concentration of trade at the main 

ports was accelerated with the development of railway lines between the ports and the surrounding 

regions, giving the main ports an advantage over smaller ports without rail access. By 1881 the 

majority of imports and exports were concentrated at Auckland (Ports of Auckland), Lyttelton 

(Lyttelton Port), Dunedin (Port Otago) and Wellington (CentrePort) (Rimmer, 1967). 
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Figure 2-3: Remaining structure at Port Craig (New Zealand Pictures, 2005) 

A concentration of trade around the main ports resulted in subsequent increases in population and 

associated economic activity. This cumulative cycle of increasing trade followed by increasing 

investment in port infrastructure resulted in better equipped ports that attracted a larger share of 

overseas trade at the expense of smaller ports. After completion of the main trunk lines in the North 

and South Island, smaller ports had to compete for business with relatively cheaper railway freight 

between major population centres, further diminishing the economic feasibility of maintaining port 

facilities at small centres. Overall, from a high of 112 ports in the mid-1800s, port numbers were 

halved by 1935 and continued to decline, resulting in the 14 major commercial ports that exist today 

(Rimmer, 1967; New Zealand Trade and Enterprise, 2010).  

2.2.2 Administrative Environment 

Before the establishment of a national government over the Dominion of New Zealand ports were 

administered by provincial governments. The provincial government usually assigned a harbour 

master, installed navigational aids and issued regulations (Ross, 1977; Scooter, 1968).  With the 

establishment of a parliamentary government, Acts were passed to establish harbour boards 

throughout the country that were vested with all the powers previously held by the provincial 

governments (Scooter, 1968). For example, the Auckland Harbour Board was established in 1871, 

Lyttelton Harbour Board in 1877, Napier Harbour Board in 1875 and Wellington Harbour Board in 

1880.       
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The Acts of government did not explicitly express the objectives of operating a port. In practice most 

boards operated ports as non-commercial entities that had no profit making objectives. Ports were 

not seen as economic investments in and of themselves, but more as facilitators of regional 

development with resulting economic and social benefits (Charles River Associates, 2002).  

The harbour boards continued administering ports until the enactment of the Port Companies Act 

in 1988. This Act was part of a larger economic reform movement centred on the privatisation of 

state owned enterprises. At the time of enactment, proponents of privatisation argued that direct 

public control of port operations led to inefficiencies in the form of over employment and over 

capitalisation. With the passing of the Port Companies Act all harbour boards were abolished and 

their assets were transferred to independent port companies and ownership of these companies was 

granted to the regional councils. By introducing a requirement for operating a successful business, 

proponents of the Act argued that port companies will provide more efficient port operations 

(Charles River Associates, 2002). Table 2-1 shows the companies that currently operate the 14 major 

commercial ports of New Zealand. 

Table 2-1: Companies operating major commercial ports in New Zealand 

Number Authority Port 

1 Northport Corporation (N.Z.) 

Limited 

Port of Marsden 

Point 

2 Ports of Auckland Limited Port of Auckland 

Port of Onehunga 

3 Port of Tauranga Limited Port of Tauranga 

4 Eastland Port Limited Port Gisborne 

5 Port of Napier Limited Port of Napier 

6 Port Taranaki Limited Port Taranaki 

7 CentrePort Wellington Port of Wellington 

8 Port Marlborough New Zealand 

Ltd 

Port of Picton 

9 Port Nelson Limited Port Nelson 

10 Westport Harbour Limited Westport 

11 Port of Timaru Limited PrimePort Timaru 

12 Lyttelton Port of Christchurch Port of Lyttelton 

13 Port Otago Limited Port Chalmers 

Port Dunedin 

14 South Port New Zealand Limited Port of Bluff 
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After passing the Port Companies Amendment Act in 1988 all restrictions on private ownership of 

port companies were removed, nonetheless by 2011 all ports still remained under majority public 

control. For example, Ports of Auckland Limited was 80% owned by the Auckland Council and 55% 

of the Port of Tauranga was owned by the Bay of Plenty Regional Council (Charles River Associates, 

2002).   

2.2.3 Cargo Trends 

Changing trends in cargo size and type had a significant effect on the development of ports. This 

observation was most apparent at the port of Tauranga which was developed rapidly in the 1950’s 

to accommodate the expected increase in log exports as a result of the maturing of over half a million 

acres of forest in the Bay of Plenty region (Hansen, 1997). Similarly, in the early 1900s, the operation 

of port of Timaru was becoming economically unfeasible due to competition from the port of 

Lyttelton in Canterbury and Port Chalmers in Otago. However, the subsequent development of 

exporting refrigerated cargo ensured that the port of Timaru maintained economic feasibility due to 

the export of butter and meat, the primary products produced in the region (Scooter, 1968; Wilson 

J. , 2009).   

Cargo handling techniques have also had significant impact on the development of ports. The 

development of the portable platform called a pallet was introduced in the 1950s to reduce the time 

spent moving, stacking and storing cargo. This improvement was followed by the introduction of 

the standard size steel container that can be packed and transported using the same technique 

irrespective of the cargo it contains. As a result of these developments ports developed dedicated 

areas for handling containerised cargo including the provision of cranes for loading and unloading 

the containers from ships. For example, in 1971 the Auckland Harbour Board developed their first 

dedicated container berth and by 1972 the port at Wellington Harbour had received its first shipment 

of containerised cargo from Britain (Rose, 1971). 

2.2.4 Construction Materials 

The quality of ports constructed in the late 1800’a varied widely, some being very basic platforms 

only used by small sail ships while others were significant braced timber structures. Timber 

remained the primary construction material for all of the ports around New Zealand until the 1920’s. 

Since then reinforced concrete has been the most common material for wharf construction. The 
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introduction of reinforced concrete as a viable construction material was first tested by the Ports of 

Auckland in a large scheme of works (see plans in Figure 2-4) completed in 1911 (Barr, 1926). 

 

Figure 2-4: Harbour works plan proposed in 1904 (Barr, 1926) 

A common feature of all the major ports was the reclamation of land to meet the increasing need for 

more berthing and cargo handling space. Expansion inland was usually not possible because of the 

ports location at the forefront of the city. Most early reclamations used material dredged from the 

harbour or fill from construction sites within the city (Barr, 1926; Johnson, 1996). For example the 

Cashin Quay reclamation at the port of Lyttelton, as shown in Figure 2-5, used material sourced 

from a nearby quarry and the reclamation was constructed using induced subsidence technique 

(Scooter, 1968).  

 

Figure 2-5: Reclamation at Lyttelton Harbour using induced subsidence, 1961 (Scooter, 1968) 
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2.2.5 Economic Environment 

There has been a steady increase in the amount of cargo handled by New Zealand ports, with 

Figure 2-6 showing that the total value of cargo handled increased by 230% between 1989 and 2011. 

At the individual port level, Figure 2-7 shows that Ports of Auckland and Port of Tauranga are the 

largest port in terms of volume of cargo handled (Statistics NZ, 2011). The Port of Tauranga handles 

greater cargo volumes but the Ports of Auckland handles a greater number of containers, as 

indicated in Figure 2-8. Port Taranaki, Port of Napier, CentrePort, Port Nelson and Port Otago are 

of medium size and a similar volume of cargo was handled by each port. Notwithstanding the small 

volumes of cargo handled, Port Marlborough was important because the port handles a large 

amount of passenger traffic. This importance was indicated by the large number of vessels that call 

at the port annually, as shown in Figure 2-9. The data presented in Figure 2-8 and Figure 2-9 is 

missing information for some of the ports because the data was not publicly available. 

 

Figure 2-6: Total value of imports and exports for New Zealand ports (Statistics NZ, 2011) 
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Figure 2-7: Total cargo volumes at each port for 2010 (Statistics NZ, 2011) 

 

Figure 2-8: Total number of container throughput at each port for 2010 
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Figure 2-9: Total number of vessels calling at each port for 2010 

2.3 Port Infrastructure 

Ports are a key infrastructure within the built environment constructed for the purpose of 

transferring cargo between vessels and adjacent land. Several structures serving a variety of 

functions all combine to create a large scale operational port. The key functions required within a 

port are the berthing of vessels, handling cargo and transporting passengers to and from the vessels, 

protection against waves and overall administration of port operations. The structures used to 

provide each function are outlined in the following sections.   

2.3.1 Berthing Structures 

The purpose of a berthing structure was to provide a vertical front where ships can moor safely and 

an uninterrupted horizontal surface from the vertical front to the land behind the structure to 

provide easy access to the ship’s cargo. Berthing structures such as wharves, jetties and piers were 

usually classified according to the type of construction being either solid or open. Figure 2-10 shows 

the general configuration of an open and solid berthing structure (Bertilin and Partners, 1969; 

Thoresen, 2003). 
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Figure 2-10: The general principle of solid and open berthing structures ( (Thoresen, 2003) 

2.3.1.1 Materials 

Wharves were commonly constructed using timber, steel and concrete or a combination of these 

materials. The choice of construction material was dependent on the purpose of the structure and 

economic considerations. The durability under marine environmental conditions was also of 

particular importance for marine structures. The aggressive action from seawater requires special 

attention (Thoresen, 2003). 

Gravity walls were usually constructed using mass concrete blocks and flat web-steel piles for 

cellular gravity walls. Sheet-piles were constructed using reinforced concrete or steel sheet-piles 

having U, Z and H profiles (Thoresen, 2003; Agerschou, 2004). Piles can be pre-stressed concrete 

cylinder piles, cast in-drilled holes concrete piles, steel H-shaped piles, and steel pipe piles. The deck 

in pile-supported wharves was usually cast-in-place reinforced concrete; however cast-in-place 

concrete beam and slab structure, pre-stressed pre-cast concrete panel, and pre-cast reinforced 

concrete panel are also used in practice (Shafieezadeh, 2011). 

2.3.2 Cargo Handling Structures 

Cargo handling requires the use of several light and heavy machinery including forklifts, reach 

stackers and gantry cranes. However from a structural perspective cargo handling structures are 



16 

 

primarily those that are fixed or semi-fixed to berthing structures such as container cranes, conveyer 

systems and pipelines. An example of a typical container crane found at the Ports of Auckland is 

shown in Figure 2-11. Early cranes weighed 600-800 ton and had lift heights of approximately 25 m 

above the wharf, outreaches of around 35 m, and wheel gages of 15.24 m. Modern jumbo cranes 

weigh 1300-1800 ton, have lifting heights of 35 m to 42 m above the wharf, and have outreaches 

greater than 60 m (Soderberg, et al., 2009).  

Several of New Zealand’s large ports also have pipeline delivery systems for loading and unloading 

liquid bulk cargo, such as petroleum and bitumen, to and from a tank farm. A stable trade in 

products such as coal also requires a conveyer system, as was evident at Lyttelton Port.     

 

Figure 2-11: Container crane at the Ports of Auckland  

2.3.3 Breakwaters 

Breakwaters are designed to protect the port from wave action, thus providing calm waters for the 

safe berthing of ships. There are three main types of breakwaters, characterized by their seaward 

faces. Sloping breakwaters have a seaward face with a sloping angle of 45 or smaller and usually 

consist of a rubble mound sometimes supplemented by concrete armour blocks. Vertical 

breakwaters have a vertical or near vertical seaward face consisting usually of concrete caissons, as 

shown in Figure 2-12. A combination of these two breakwater types can be used to form a composite 

breakwater, consisting of a vertical breakwater placed on a rubble mound (Jensen & Oumeraci, 

2004). 
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Figure 2-12: A schematic of vertical breakwater (Jensen & Oumeraci, 2004) 

2.3.4 Buildings 

Ports contain many building types such as warehouses, sheds and multi-storey buildings used for 

dry and cool storage and as administration offices. These structures are designed according to the 

same design standards used in designing structures outside of the port environment, taking into 

account the liquefaction potential of the surrounding ground. 

2.3.5 Tank Farms 

Most ports contain areas, called tank farms, for the transfer of liquefied petrochemical products such 

as diesel, petrol and jet fuel. The tanks are connected by a network of pipes to allow for ease of 

product unloading from ships. Tanks are constructed both using steel and concrete and founded on 

floating slabs or on piled foundations. Tank farms and the associated berthing facilities are usually 

owned by the port but operated by oil companies. Figure 2-13 shows the tank farm at the Lyttelton 

Port. 

2.4 Earthquake Damage to Wharves 

There were several examples of earthquake damage to wharves both in the developed and 

developing world. The susceptibility of ports to damage from earthquakes can be attributed to its 

location on the interface between typically reclaimed land and the sea. The following sections 

document typical damage at ports resulting from major earthquakes occurring during the last 

century.  

Scour Protection

Caisson

Sand Fill

Bedding Layer

Cast in-situ
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Figure 2-13: Tank farm at Lyttelton Port (Wall, 2014)  

2.4.1 Port of Coronel, Chile 

The Port of Coronel was located in the town of Coronel, in the Region of Bio-Bio, Chile, 30 km south 

of the city of Conception and 545 km from Santiago, the capital of Chile. On February 27, 2010, a 

magnitude Mw 8.8 earthquake occurred off the coast of Maule, Chile. The epicentre was located 

approximately 130 km from Port of Coronel at a depth of approximately 35 km. This earthquake 

triggered lateral spreading resulting in considerable damage to the wharf. A lateral movement of 1 

to 1.2 m caused a 14 degree rotation of vertical steel piles supporting the northern pier. As a result 

of this rotation stiffeners on the compression side buckled and those on the tension side yielded as 

evident in Figure 2-14 (Bray & Frost, 2010; Earthquake Engineering Research Institute, 2010a). 

  

a) Yielding on the tension side b) Buckling on the compression side 

Figure 2-14: Rotation of vertical steel piles at Port Coronel (Bray & Frost, 2010) 
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At a small fishing, port shown in Figure 2-15, located approximately 600 m from the main wharf at 

Port of Coronel, lateral spreading also caused significant damage to one of the piers. On the 

landward side gaps of 0.5 m and 1.1 m opened up between segments, while on the seaward side 

land compression caused the pier to move upwards with respect to the remainder of the structure. 

As a consequence of this movement there was pull out of the raked piles supporting the pier. The 

leading row pile remained embedded in the cap while the trailing pile row pulled out of the cap, 

moving down 0.8 m and 0.3 m horizontally relative to the pile cap (Bray & Frost, 2010; Earthquake 

Engineering Research Institute, 2010a). 

2.4.2 Port of San Antonio, Chile 

In the same 2010 Chilean earthquake damage was also observed at San Antonio Port. This port was 

Chile’s largest port and the busiest port on South America’s west coast. Located on the shores of 

central Chile, in the town of San Antonio, in the Valparaíso Region, it was situated 80 km west of 

the country’s capital Santiago. An old dock supported by a combination of vertical and raked steel 

piles suffered damage due to lateral displacements in excess of 1 m. The displacements caused 

failure of the connections at the pile caps, as shown in Figure 2-16 (Bray & Frost, 2010). 

2.4.3 Port of Kashiwazaki, Japan 

Port of Kashiwazaki was damaged as a result of a magnitude 6.6 earthquake that occurred on July 

16, 2007 in the Japan Sea offshore from Kariwa, Niigata in Japan, with an estimated focal depth of 

10 km. Port of Kashiwazaki, located 8 km from Kariwa, suffered moderate damage due to 

  

a) Entire port b) Close-up of damaged pier 

Figure 2-15: Damaged fishing port at Port of Coronel, Chile 2010 (Bray & Frost, 2010) 
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differential lateral movement between the eastern and western faces of the south western pier. The 

western quay wall, constructed from anchored sheet piles, sustained a lateral movement of 0.5 m 

and a tilt of 5 degrees while the eastern face, constructed from concrete caissons, sustained 0.3 m of 

lateral movement. The damage induced can be seen in Figure 2-17 (Kayen, et al., 2007). 

 

Figure 2-16: Failure of pile caps in San Antonio Port (Bray & Frost, 2010) 

  
a) Quay wall b) East face 

Figure 2-17: Lateral displacement at the south wester pier at Port of Kashiwazaki, Japan 2007 (Kayen, et al., 

2007) 

2.4.4 Port-au-Prince, Haiti 

On January 12, 2010 a magnitude 7.0 earthquake struck the Port-au-Prince region of Haiti. The 

earthquake epicentre was located approximately 25 km west of the city of Port-au-Prince. The main 

port in Port-au-Prince was operated by the Autorite Portuaire Nationale (APN) and consists of two 

separate facilities designated as the North Wharf and South Pier. The port was located slightly north 
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of the main city centre of Port-au-Prince and approximately 20 to 25 km from the epicentre. Almost 

half of the pile-supported South Pier, furthest from the abutment, collapsed while the remaining 

half, seen in Figure 2-18 was most likely prevented from collapse as a result of the abutment and a 

large bridge connecting the pier to an island providing enough lateral restraint. An underwater 

investigation on the remaining pier showed 40% of the piles were damaged, with a further 45% 

moderately damaged and 15% slightly damaged. The pier was constructed on a combination of 

raked and vertical piles with the raked piles exhibiting more damage (Rathje, et al., 2010) 

  

a) Remaining half of the pier b) Close-up of damaged pile 

Figure 2-18: Damage to South Pier at Port-au-Prince, Haiti 2010 (Rathje, et al., 2010) 

2.4.5 Varreux Terminal, Haiti 

Damage resulting from the Haiti earthquake was observed at the Varreux Terminal, a privately 

owned port north of Port-au-Prince, Haiti. At this port a large portion of a pier collapsed during the 

earthquake, killing 30 people. In the remaining part of the pier all the vertical piles were misaligned, 

as shown in Figure 2-19 (Earthquake Engineering Research Institute, 2010b). 

2.4.6 SSAMM Terminal, Mexico 

The SSAMM Terminal was damaged in a 8.0 magnitude earthquake that struck of the coast of Jalisco, 

Mexico on October 9, 1995. A 250 m marginal wharf forms Berth 13 at the terminal. The wharf was 

divided up into 5 sections linked by keyed expansion joints and supported on reinforced concrete 

piles. A total of 234 vertical and raked piles support each 50 m section. A total of 300 piles located at 

the landside of the wharf were damaged exhibiting significant cracking and spalling near the deck 

soffit. Generally, more damage was recorded around the ends of the separate sections, possibly 

caused by eccentric loading (Bardi, et al., 2004). 
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Figure 2-19: Remaining half of the pier at Varreux Terminal (Earthquake Engineering Research Institute, 

2010b) 

2.4.7 Kawaihae Harbor Port Facility, USA 

On October 15, 2006, a magnitude 6.7 earthquake struck the northwest coast of the Island of Hawaii, 

USA. The earthquake caused severe damage to the port facilities at Kawaihae Harbor, located on the 

coast of Hawaii about 32 km from the earthquake’s epicentre. Pier 1 was constructed in the 1950’s 

consisting of a concrete wall, tie rods and anchor blocks. Longitudinal cracks were visible in the wall 

cap, concrete sheet-pile and rock face, as shown in Figure 2-20. The tie rods also sustained significant 

damage, yielding and necking. However, there was no breakage of tie rods (Mahoney, et al., 2008). 

 

Figure 2-20: Longitudinal crack in anchor block at Pier 1, Kawaihae Harbor Port Facility, Hawaii 2006 

(Mahoney, et al., 2008) 
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2.4.8 Lyttelton Port, New Zealand 

Lyttelton Port was affected by 3 major seismic events spanning a period of several months. The first 

event was an M7.1 earthquake occurring at a distance of 45 km from the port and a depth of 11 km 

on the 4th September, 2010. This was followed by an M6.3 earthquake occurring at a distance of 4 

km from the port and a depth of 5 km on the 22nd February, 2011. The third event was an M6.4 

earthquake occurring at a distance of 5 km from the port and a depth of 6 km on the 13th June, 2011. 

Lyttelton Port sufficiently resisted the forces induced by the earthquake, resulting in no structural 

collapses. However, ground deformations induced by the earthquake did cause significant port 

wide damage.  A more detailed account of the damage observed at Lyttelton Port is provided in 

further sections. 

2.5 Conclusion 

The development of ports in New Zealand has been influenced by the geography of the country and 

the historical growth of population centres surrounding safe and deep natural harbours. The 

administration of ports has been fragmented first under the control of local harbour boards and now 

under publicly owned companies. For a period between the 1960s and 1980s all ports where under 

the control of the New Zealand Port Authority. Timber was originally used in wharf construction 

but then since the 1950s transitioning to concrete as the need for more robust and heavy duty 

wharves where required to handle the increasing trade volumes.  

The main function of a port is to facilitate the transfer of cargo to and from storage space and vessels 

moored at the wharf. To accomplish this function ports require berthing structures for mooring 

vessels and providing a flat surface on which to operate cargo handling structures. Ports also consist 

of breakwaters to protect against wave action and standard buildings to house administration 

operations. Ports typically also own a tank farm for the transfer of liquefied petrochemical products. 

A review of previous earthquakes indicates that ports are highly susceptible to damage from seismic 

events. Typical damage includes lateral spreading of surrounding ground and slope failure. This 

damage in turn causes damage to the piles embedded in the soil and damage to pile-deck 

connections. Complete structural collapse is rare but complete damage requiring reinstatement of 

wharves is common. 
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Chapter 3  

Review of New Zealand 

Ports 

3.1 Overview 

The aim of this chapter was to review the exposure and vulnerability of New Zealand ports to 

natural hazards. The review was conducted based on publicly available information from sources 

such as company literature, government studies and government archives. After outlining the 

methodology of the review, this chapter contains a summary of the exposure of New Zealand to 

seismic and volcanic hazard, followed by the bulk of the report in which the exposure of each New 

Zealand port to natural hazards is reviewed. The review of each port is divided into three parts: 

 Basic port information (location, construction history, size, cargo type, etc.) 

 Natural hazards at the port (seismic, volcanic) 

 Regional aspects (access to port) 

An overall comparison of the exposure of New Zealand ports to natural hazards is provided in the 

final section of the report. 

3.2 Methodology 

Natural hazards are typically defined as any naturally occurring event that causes significant 

damage to communities, however for the purpose of this study only suddenly occurring natural 

hazards are reviewed. Climate change and corrosion are two examples of natural hazards that occur 

over a long period of time that are not included in this study.  
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New Zealand is well served by a relatively large number of ports that handle both international and 

coastal trade. Distributed throughout the country from Whangarei in the north to Bluff in the south, 

these ports form key shipping hubs for the export and import of goods. In the absence of an agreed 

classification scheme for New Zealand ports, the choice of ports to be included in this study was 

based on three factors, being economic significance, international trade and the presence of sizable 

infrastructure. Accordingly 14 major ports were included in this study as shown in Figure 3-1 and 

listed below: 

 Northport  Port of Napier  Lyttelton Port 

 Ports of Auckland  CentrePort  PrimePort 

 Port of Tauranga  Port Marlborough  Port Otago 

 Port Taranaki  Port Nelson  Southport 

 Eastland Port  Westport Harbour  

 

In conducting this research, several interlinked phases of work were completed to methodologically 

review aspects of the exposure of New Zealand ports to natural hazards. Using this approach it was 

possible to identify knowledge gaps related to the impact of natural hazards that required further 

investigation. The following steps were adopted in this research: 

 Literature review: A thorough review of published data was conducted to identify any 

similar studies undertaken in New Zealand or overseas that had reviewed the exposure and 

impact of ports to natural hazards. A secondary aim of this step was to gain an 

understanding of the tools used to review and quantify exposure to natural hazards.  

 Data collection: A database of New Zealand port characteristics was collated from publicly 

available information sources and used in the review process. Data was collected from port 

company literature, government archives and government funded studies. 

 Natural hazards: Early on in the study seismic, tsunami and volcanic hazards were identified 

as the most significant hazards. However emphasis was placed on understanding the general 

exposure of New Zealand to only seismic and volcanic hazards. Tsunami hazard is being 

reviewed by other researchers within a larger of project aimed at improving the resilience of 

New Zealand ports. 
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Figure 3-1: Location of major New Zealand ports 

3.3 New Zealand Hazard Environment 

This study focused on understanding the overall hazard environment in New Zealand. Focus of the 

research was only to review seismic and volcanic hazards. 

3.3.1 Seismic Hazard in New Zealand 

New Zealand is a seismically active region straddling the boundary of the Australian and Pacific 

tectonic plates. (Stirling, et al., 2002) identified four seismic zones as shown in Figure 3-2. The 

northwest-dipping Hikurangi subduction zone is located to the east of the North Island where the 

Pacific plate is forced under the Australian plate. The southeast-dipping Fiordland subduction zone 

Ports of Auckland

Lyttelton Port

Port Otago

Southport

Northport

Port of Tauranga

Port Nelson

Port of NapierPort Marlborough

CentrePort

Port Taranaki

Eastland Port

PrimePort

Westport Harbour



27 

 

is located at the far south-western end of the South Island, where the Australian plate is forced under 

the Pacific plate. Under the South Island the two plates push past each other sideways in a zone 

known as the axial tectonic belt. In addition, it is possible to identify a zone of active crustal extension 

(10 mm/yr) referred to as the Taupo Volcanic Zone. The relative plate motion results in the presence 

of numerous active faults, a high rate of small-to-moderate (M < 7) seismic events, and the occurrence 

of several large and great earthquakes (Oyarzo-Vera, et al., 2012). 

It is estimated that New Zealand has approximately 14,000 earthquakes each year, with between 100 

and 150 having a magnitude sufficient to be felt. In the 15 years between 1992 and 2007 New Zealand 

experienced 30 earthquakes of magnitude 6 or greater (GNS Science, 2009a). The level of seismic 

hazard at a site depends on the influence of the different faults and the characteristics of the 

earthquakes that could be expected. Historically only a handful of earthquakes have been strong 

enough to cause significant human loss and damage to the built environment. Figure 3-3 indicates 

all the significant earthquakes experienced in New Zealand since 1848.  

Of the earthquakes shown in Figure 3-3 only the 1931 Hawke’s Bay earthquake, the 2010 Darfield 

earthquake and the 2011 Christchurch earthquake resulted in damage to port facilities. The Hawke’s 

Bay earthquake raised the seabed of the Ahuriri Lagoon, making the port located in the lagoon 

unusable (Bryan, 1952). In the Darfield and Christchurch earthquakes, damage to the port in 

Lyttelton was significant. There was no structural collapse of the wharves or any of the main 

buildings however, ground deformations caused significant damage to the pavements adjacent to 

the wharves and some of the wharves require complete reconstruction due to failures in the piles.  
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Figure 3-2: The plate tectonic setting of New Zealand showing the four major seismic zones 

(Stirling, et al., 2002) 

3.3.1.1 Earthquake Effects 

The primary cause of damage in an earthquake is ground shaking, which causes inertial forces to 

develop in structures resulting in significant structural damage and collapse. An initial measure of 

exposure to ground shaking is a seismic hazard curve, in which the expected Peak Ground 

Acceleration (PGA) at a site is defined for a range of return period earthquakes. Seismic hazard 

curves generated using the New Zealand National Seismic Hazard Model were provided by GNS 

Science for all port locations (McVerry, 2012). In developing these curves a site class as defined by 

the New Zealand Standard for Structural Design Actions, NZS 1170.5:2004 (Standards New Zealand, 

2004) was determined for each port, as shown in Table 3-1. The site class indicates the type of soil 

present at a site and accordingly the type of soil has an effect on the ground motions at that site. The 

possible assignments for most of New Zealand ports can span a range of site classes, depending on 

the exact location chosen within the port, but for the purpose of this research a single general 

designation was assigned to each port using low resolution geological maps. A more accurate 

assignment of site classes would require more site specific geotechnical information. 
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Figure 3-3: Significant earthquakes experienced in New Zealand since 1848 (GNS Science, 2009b) 

Earthquakes can also cause significant ground failures which can result in major disruptions to port 

operations leading to prolonged loss of function and income, even for areas not directly affected by 

the ground failure. Evidence from previous earthquakes (Iai & Kameoka, 1993; Iai, et al., 1994; 

Boulanger, et al., 2000), indicates that significant damage at ports occurs as a result of liquefaction 

in the ground backing the berthing structures, due to the presence of loose saturated cohesionless 

soils. Furthermore, it is common for ports to be situated on non-engineered reclaimed land, thus 

increasing their vulnerability to ground failure. For example, Lyttelton Port of Christchurch suffered 

considerable damage to the wharves, pavements and other infrastructure due to failure of the 

underlying ground. Consequently understanding the reclamation history of a port is important 

when reviewing its vulnerability to seismic hazards (Arulmoli, et al., 2008). 
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Table 3-1: Site class assignments for ports 

3.3.2 Volcanic Hazard in New Zealand 

New Zealand is characterised by both a high density of active volcanoes and a high frequency of 

eruptions. Volcanic activity in New Zealand occurs in six main areas, of which five are in the North 

Island (shown in Figure 3-4) and one is offshore to the northeast in the Kermadec Islands. Most New 

Zealand volcanic activity in the past 1.6 million years has occurred in the Taupo Volcanic Zone 

(Figure 3-5) which is an area from White Island in the north east to Ruapehu in the south west 

(Wilson, et al., 1995). 

The 6 key volcanic areas can be classified into three volcanic types as follows (Wilson, et al., 1995): 

 Volcanic Fields: These are found primarily in Auckland and Northland and are a result of 

small eruptions that occur over wide geographic areas. Once a volcanic cone is created it 

usually no longer erupts in the same location. It is difficult to predict the size and location of 

the next eruption until it is imminent.  

 Cone volcanoes: These volcanoes produce a large cone as a result of successive eruptions in 

the same location, thus accumulating magma flow and increasing the size of the volcano. 

Port Site Class 

Northport D (deep or very soft soils) 

Ports of 

Auckland 
C (shallow soils) 

Port of 

Tauranga 
D (deep soils) to E (very soft soils) 

Port Taranaki C (shallow) to D (deep) - Mainly C 

Eastland Port C (shallow) - possibly D (deep) at outer edge 

Port Napier C (shallow) inner to D (deep) in outer port 

CentrePort D (deep) 

Port 

Marlborough 
C (shallow) 

Port Nelson D (deep) 

Westport D (deep) to E (very soft) 

Lyttelton Port D (deep) but partly B (rock) close to higher ground 

PrimePort 
D (deep) - basalt from 3 to 12 m may be present at the site, 

but it overlies gravel for hundreds of metres 

Port Otago C (shallow) 

Southport D (deep) but E (very soft) is possible in places 
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Mount Taranaki and Mount Ruapehu are examples of these types of volcanoes. The same 

route to the surface is used repeatedly by the magma so the sites of future eruptions are 

predictable. 

 Caldera volcanoes: These volcanoes are usually large eruptions that cause the ground surface 

to collapse and form a large hole, the contents of which are spread widely because of the size 

of the eruption. Taupo and Okataina (which includes Tarawera) are examples of these types 

of volcanoes.  

 

 

Figure 3-4: Volcanic sources in the North Island, New Zealand. Adapted from Wilson, et al (1995)  

 

Figure 3-5: Taupo volcanic zone indicating locations of volcanic activity. Adapted from Wilson, et al (1995) 
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Mount Taranaki
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In comparison to the relatively short duration of earthquake hazards, volcanic hazards can continue 

for days or even decades. However, volcanic eruptions are usually preceded by activity that can 

signal the onset of eruption and this activity may give time for evacuation. Table 3-2 summarises a 

comparison between the attributes of these two hazards. 

Table 3-2: Comparison of volcanic and earthquake hazards. Adapted from (Johnston & Houghton, 1995) 

Damage to ports from volcanic eruptions can be a result of two types of hazards. Ports located in the 

close vicinity (within a few kms) of volcanic eruptions are susceptible to significant damage from 

magma and pyroclastic flows, impacting all port infrastructure. The more common volcanic damage 

results from accumulating ash fall on wharves which inhibits movement of equipment and cargo or 

accumulating ash fall on roofs that can cause collapse. In the event of ash fall at a port, operations at 

the port can resume as soon as the ash is cleaned up, assuming that no roof collapses have occurred. 

In comparison to other hazards, a volcanic eruption is the least significant hazard to port operations 

in the short term. This fact can be observed in past volcanoes were ports have been used for the 

evacuation of citizens even throughout the eruption. For example in the 2008 eruption of the Chaiten 

Volcano in southern Chile the port in the town of Chaiten was used for the evacuation of a large 

percentage of the population throughout light ash falls of between 20 and 50 mm (Johnston & 

Houghton, 1995). However in the case of a long duration eruption the impact on port operations as 

a result of ash fall can be damaging.  

3.4 North Island Ports 

Seven of New Zealand’s primary wharves are located in the North Island. The following sections 

include a brief seismic and volcanic hazard review for each port.  

 Volcanic Activity  Earthquakes 

Duration of hazards Days to decades Seconds to minutes 

Areas affected  Local to national Local to regional 

Warning time Days to months None 

Predictability Some extent No 
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3.4.1 Northport 

3.4.1.1 Basic Information 

Northport is located approximately 35 km east of Whangarei, situated at the mouth of the Whangarei 

Harbour at Marsden Point. Prior to this location, port facilities were located at the end of the 

Whangarei Harbour, under the name Port Whangarei, and were owned by the Northland Harbour 

Board. The new and old locations of Northport are shown in Figure 3-6. Even though the new port 

facilities at Marsden Point were first proposed in the 1960’s it was not until ownership of the Port of 

Whangarei was transferred to the Northland Port Corporation in 1988 that plans were developed 

for the new facilities (Northport, 2012).  

Northland Port Corporation entered into a joint venture with Port of Tauranga Ltd in 2000 to form 

Northport Ltd, and the new company took over the port activities at both Marsden Point and Port 

Whangarei. In April 2007 all cargo operations were transferred to Marsden Point, which meant the 

closure of Port Whangarei to commercial shipping (Northport, 2012).  

Northport is a deep water port, shown in Figure 3-7, which operates berths No. 1, No.2 and No.3. 

These berths mainly service forestry products, with the capability to accommodate multi-purpose 

vessels. Adjacent to Northport are two oil jetties operated by the New Zealand Refinery Company, 

and further down the harbour Golden Bay Cement operates a specialised jetty for the transport of 

products from the Portland cement plant (Northport, 2012).  

Reclamations 

The port is located on recently reclaimed land and construction of the first berth was completed in 

2003. 

3.4.1.2 Exposure to Natural Hazards 

The exposure of Northport to seismic and volcanic hazards is summarised in Table 3-3 and seismic 

hazard curve is shown in Figure 3-8. Located on the northern part of New Zealand, Northport is 

exposed to a low seismic hazard.   

3.4.1.3 Regional Aspects 

The greatest risk to this port in a natural hazard is a result of its proximity to the Marsden Point Oil 

Refinery. Even if the port is not damaged from a natural hazard then a fire or contamination from 
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damage at the refinery can cause significant damage to Northport as well. Northport is backed by 

flat farm land as shown in Figure 3-9, with two access routes to the state highway and thus has a 

low risk of earthquake triggered landslides to impede traffic to and from the port. However, further 

away from the port access routes pass through hilly terrain.  

 

Figure 3-6: Whangarei Harbour showing the location of Port Whangarei and Marsden Point. Adapted from 

(Google Inc, 2012) 

Table 3-3: Northport’s exposure to natural hazards 

2  km

Port Whangarei

Northport

Whangarei CBD

Hazard Parameters Values 

Seismic PGA for 500 return period 0.055 g 

Sources Distributed seismicity rather than 

specific faults, and is characterized by normal-

mechanism earthquakes (Oyarzo-Vera et al., 

2011) 

Volcanic Local eruption – Puhipuhi-

Whangarei Volcanic Field 

(PWVF) or Kaikohe-Bay of 

Islands Volcanic Field 

(KBVF) 

 Doubt on whether fields are active or not. Last 

eruption in PWVF occurred 250,000 years ago 

and KBVF 50,000 years ago. An eruption could 

produce up to 10 km lava flow anywhere within 

fields. (Beetham et al., 2004) 

Distant eruption – TPV  Similar to Auckland, for 100-2000 years return 

period event: 1 – 100 mm of ash fall predicted. 

(Beetham et al., 2004)  
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Figure 3-7: Aerial photograph of Northport showing primary wharves. Adapted from (Google Inc, 2012) 

 

 

Figure 3-8: Seismic hazard curve for Northport. Adapted from (McVerry, 2012)  
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Figure 3-9: Contour plot for region surrounding Northport. Adapted from (Google Inc, 2012) 

3.4.2 Ports of Auckland 

3.4.2.1 Basic Information 

Ports of Auckland has authority over one port facility adjacent to the central business district in the 

Waitemata Harbour and a second facility at Onehunga in the Manukau Harbour (Figure 3-10). 

Ownership of both port locations was originally vested in the Auckland Harbour Board in 1871 

through an act of parliament. Over the following 30 years the Auckland Harbour Board completed 

construction works and reclamations around Auckland’s foreshore to expand the space available for 

port operations. In 1910 the first reinforced concrete wharf was built to replace the wooden Queen 

Street Wharf, followed by the construction of Princes Wharf in 1921 and Captain Cook Wharf in 

1922. Further reclamation was completed in 1931 to form the Western Reclamation. With an increase 

in trade, Bledisloe Wharf was completed in 1948, followed by Jellicoe Wharf in 1952 and Freyberg 

Wharf in 1961 (Ports of Auckland, 2008). A map extracted from a Port Information Manual published 

in 1961 (shown in Figure 3-11) indicates all the wharves under the control of the Auckland Harbour 

Board in that period (GP Print Limited, 1961). 

Northport
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Figure 3-10: Ports of Auckland sites in the Waitemata and Manukau Harbour. Adapted from Google Inc. 

(2012) 

 

Figure 3-11: All wharves under the control of the Auckland Harbour Board in 1961 (GP Print Limited, 1961) 

With the advent of containerised cargo, Fergusson Container Terminal was built in 1971 as a 

specialist container operation and Bledisloe Wharf was also redeveloped to handle containerised 

cargo. The Fergusson Container Terminal is currently New Zealand’s largest terminal and is still 

being expanded by reclamation of adjacent land using material dredged from the harbour’s 

navigation channels.  All of the other wharves are used for a variety of cargo including steel, timber, 

dry and liquid bulk, vehicles and break bulk cargo (Ports of Auckland, 2008). Through periods of 

restructuring within the Ports of Auckland and the Auckland Regional Council (now part of 

5 km
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Auckland Council) ownership of various parts of the Auckland waterfront was transferred from one 

organisation to another. Currently the main wharves used by Ports of Auckland operations are 

shown in Figure 3-12.  

The Onehunga site was historically used by coastal ships for freight and passenger traffic to the West 

Coast of New Zealand. Currently the facilities consist of a single wharf used primarily by coastal 

traders and local fishing vessels (Ports of Auckland, 2008). 

Reclamations 

Figure 3-13 shows a history of reclamations that occurred at the Auckland waterfront immediately 

behind the Ports of Auckland facilities. The greatest area of reclamations in the waterfront occurred 

before the 1940s, with the reclamations immediately behind the two main container wharves 

(Fergusson Terminal and Bledisloe Wharf) completed in the 1970s. It is difficult to accurately predict 

the quality of the reclamations without conducting detailed geotechnical analysis. However 

historical evidence indicates that some of the early reclamations were formed using material 

excavated from construction sites across the Auckland region. In contrast, documents extracted from 

government archives indicate that reclamations completed in the 1970s (shown in Figure 3-14) were 

constructued using hard fill (Ministry of Transport, 1985; Ministry of Transport, 1974).      

 

Figure 3-12: Aerial photograph of Ports of Auckland showing primary wharves in the Waitemata Harbour. 

Adapted from Google Inc. (2012) 
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Figure 3-13: Reclamation history at the Auckland waterfront. Adapted from Auckland Harbour Board (1960) 

 

Figure 3-14: Bulldozer in 1974 working on reclamations in the area between Kings and Bledisloe Wharves 

(Ministry of Transport, 1970) 

3.4.2.2 Exposure to Natural Hazards 

The Ports of Auckland CBD site is exposed to seismic and volcanic hazards as summarised in  

Table 3-4. The PGA in the table has been extracted from the hazard curves shown in Figure 3-15. An 

eruption in the Auckland Volcanic Field (AVF) is likely to have significant impact on the operations 

at the port.  
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3.4.2.3 Regional Aspects 

The Ports of Auckland is located in the centre of the largest metropolitan area in New Zealand and 

consequently the port is served by several access routes. However all the access routes are built on 

historical reclamations and therefore may be susceptible to damage from strong shaking. The Ports 

of Auckland also operates an inland port facility at Wiri Station Road in South Auckland, with a rail 

link to the CBD site. This inland port provides the Ports of Auckland with storage space to use in 

case the space available at the CBD site is damaged due to ground deformations. This redundancy 

provides a certain level of resilience in port operations. There is also the potential for using the 

Onehunga site for essential port operations immediately after a natural hazard event, for the case 

where the main CBD site is unusable. However, the Manukau Harbour navigation channels are 

restricted in terms of ship size. 

Table 3-4: Ports of Auckland’s exposure to natural hazards 

Hazard Parameters Values 

Seismic PGA for 500 return period 0.09 g at the Waitemata Harbour site 

Sources Distributed seismicity rather than 

specific faults, and is characterized by 

normal-mechanism earthquakes (Oyarzo-

Vera et al., 2011) 

Volcanic Impact from local eruption (100-

1000 years return period) 

Lava flow within 3km of vent 

>10 mm of ash over Auckland (Beca 

Infrastructure Ltd, 2009) 

Impact from distant eruption (100-

2000 years return period) 

1 – 100 mm of ash dependant on wind 

direction and strength (Beca Infrastructure 

Ltd, 2009) 
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Figure 3-15: Seismic hazard curve for Ports of Auckland CBD site. Adapted from McVerry (2012) 

3.4.3 Port of Tauranga 

3.4.3.1 Basic Information 

The Tauranga Harbour Board was established in 1912 to administer the Port of Tauranga that is 

located on the central east coast of the North Island in the Bay of Plenty region. The port straddles 

the passage of water in the Tauranga Harbour that separates Tauranga and Mount Maunganui, as 

shown in Figure 3-16.  
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Figure 3-16: Port of Tauranga sites in Tauranga Harbour. Adapted from Google Inc. (2012)   

The first wharf in Tauranga was constructed in 1871 immediately adjacent to the Tauranga 

Township and then further extended in 1878, followed by the construction of Railway Wharf in 1927 

(see Figure 3-17). The construction of these basic wharves was followed by a major development 

starting in the 1950’s with the construction of the original Mount Maunganui Wharf at a length of 

373 m. The primary reason for construction of the wharf was the maturity of the forests on the 

Kaingaroa Plains. In a series of extensions both north and south of the original wharf a total of 2059 

m of berthage has been constructed. Wharf construction was concurrent with a large dredging 

program that generated a significant portion of the reclamation at Sulphur Point.  A total area of 95 

ha was reclaimed to form the Sulphur Point reclamation, with construction starting in 1965 and 

completed in 1989. In the 1980 a bulk cement/tanker berth was constructed and in 1992, wharves at 

Sulphur Point were completed. Mount Maunganui Wharves are used for general and containerised 

cargo logs and bulk cargo. Whereas the Sulphur Point wharves can accommodate general and 

containerised cargo (Port of Tauranga, 2006). Figure 3-18 shows the general layout of the port.  
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Figure 3-17: Railway Wharf at Tauranga circa 1920s (Tauranga City Libraries, 2012) 

  

Figure 3-18: Aerial photograph of Port of Tauranga showing primary wharves. Adapted from Google Inc. 

(2012) 

The Tauranga Harbour Board was disbanded following enactment of the Port Companies Act and 

the Port of Tauranga Limited (POTL) was formed as a publicly listed company. Ownership of the 

company was passed onto the Waikato (23%) and Bay of Plenty (77%) regional councils (Port of 

Tauranga, 2006).  

3.4.3.2 Exposure to Natural Hazards 

The exposure of the port to earthquakes and volcanic hazards is summarised in  
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Table 3-5. Volcanic hazards are potentially significant due to the proximity of Port of Tauranga to 

one of the most active volcanic areas in New Zealand, being the Taupo Volcanic Zone (TVZ), as 

shown in Figure 3-19.  The exposure of the port to seismic hazards is shown in Figure 3-20. 

 

Figure 3-19: Volcanic hazard map for Bay of Plenty (Bay of Plenty Regional Council, n.d.) 

 

 

 

Port of 
Tauranga
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Table 3-5: Port of Tauranga’s exposure to natural hazards 

 

Figure 3-20: Seismic hazard curve for Port of Tauranga. Adapted from McVerry (2012) 

3.4.3.3 Regional Aspects  

Access to the port from the Tauranga side has no significant vulnerabilities except at the approach 

to the Sulphur Point wharves, which is reclaimed. Access to the Mount Maunganui wharves is 

primarily via SH2 directly into Mount Maunganui, as shown in Figure 3-22.  Closer to the wharves 

their linear nature ensures that there are several access routes to and from the wharves. Thus in the 

event of ground damage to approach roads there are several other access routes that can be used.    
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Hazard Parameters Values 

Seismic PGA for 500 return period 0.15 g  

Sources Moderate earthquakes from Taupo Fault Belt and 

large earthquakes expected from the North 

Island Shear Belt (Bay of Plenty Regional 

Council, 2012) 

Volcanic Impact from White Island 

eruption for a 1000 year return 

period 

1 – 50 mm ash dependant on wind direction, refer 

to Figure 3-21 (Cole et al., 2010) 

Impact from Okataina 

Volcanic Centre eruption 

(unknown return period) 

100 mm of ash dependant on wind direction and 

strength (Nairn, 2010) 
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Figure 3-21: Ash dispersal from a 1000 year event at White Island for certain wind conditions (Cole et al., 

2010) 

 

Figure 3-22: Access routes to Mount Maunganui. Adapted from Google Inc. (2012) 
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3.4.4 Port Taranaki 

3.4.4.1 Basic Information 

Port Taranaki, shown in Figure 3-23, is the only deep water port on New Zealand's western 

seaboard. The port is located adjacent to New Plymouth, which is the central city in the Taranaki 

region on the central west coast of the North Island. The port was established in 1875 and in 1881 a 

breakwater was constructed to provide safe anchorage from the Tasman Sea.  The main breakwater 

is now an operational facility with a multipurpose berth used for coastal bulk cargo and a berth 

outfitted to handle the requirements of Taranaki’s offshore oil and gas operations. Adjacent to the 

breakwater is Moturoa Wharf containing two berths generally used for dry bulk cargo. The main 

operations of the petrochemical industry are conducted on the Newton King Tanker Terminal. In 

1970’s the terminal was renovated to handle a wide range of petrochemical products and bulk 

liquids including crude oils, liquefied petroleum gas and methanol. Figure 3-24 shows the port in 

1959 before the construction of Blyde Wharf in 1973, which now handles containerised cargo on two 

berths with an overall length of 420 m. Blyde Wharf is backed by reclaimed land containing sand 

and volcanic ash (Port Taranaki, 2012).  

 

Figure 3-23: Aerial photograph of Port Taranaki showing primary wharves. Adapted from Google Inc. (2012) 
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Figure 3-24: Aerial photograph of Port Taranaki in 1959. Adapted from GP Print Limited (1961) 

3.4.4.2 Exposure to Natural Hazards 

Port Taranaki is located in the vicinity of Mount Taranaki, which is an active volcano. In past 

eruptions lava flows extended 7 km from the vent and large landslides flowed for up to 40 km, 

carrying greater than 3.5 km2 of material. Studies have indicated that volcanic hazards such as lava, 

lahars and pyroclastic flows from Mount Taranaki will not affect New Plymouth, as shown in the 

volcanic hazard map in Figure 3-26. However ash fall will certainly affect Port Taranaki in the event 

of an eruption of Mount Taranaki. Studies indicate that the port is within a zone with an expected 

ash fall of between 0.1 – 0.25 m (GNS Science, 2010a). Exposure of Port Taranaki to seismic events is 

summarised in Table 3-6, the values of which were extracted from the hazard curve shown in 

Figure 3-25. 

3.4.4.3 Regional Aspects 

The oil and gas facilities at Port Taranaki are crucial to the daily operations of a large section of the 

manufacturing industries. Damage to the operation of this service can have a negative impact on the 

entire North Island. The exact impact of the incident is not clear, but nonetheless the potential for a 

natural hazard at the Port Taranaki to cause disruption to the wider national area is high.  
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New Plymouth is also dependant on several key routes that are prone to damage from volcanic 

hazards. From Figure 3-26 one can deduce the possibility for lahars and floods from an eruption of 

Mount Taranaki to encircle New Plymouth, causing damage to access routes to and from the city.  

Table 3-6: Port Taranaki's exposure to natural hazards 

 

Figure 3-25: Seismic hazard curves for Port Taranaki. Adapted from McVerry (2012) 
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Figure 3-26: Volcanic hazard map for the Taranaki Region (Taranaki Regional Council, n.d.) 
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3.4.5 Eastland Port 

3.4.5.1 Basic Information 

Eastland Port, shown in Figure 3-27, is located immediately adjacent to the Gisborne central business 

district on the central east coast of the North Island. The Port is at the mouth of the Turanganui 

River. The site is largely flat, rising slightly towards the southern end of the port. Public land rises 

quite steeply behind the Port. Eastland Port Ltd is wholly owned by the Eastland Community Trust, 

with the Gisborne District Council being the capital beneficiary of the trust. Prior to the 

establishment of the Eastland Port Company the port had been administered by the Gisborne 

Harbour Board since 1882.  

 

Figure 3-27: Extent of Eastland Port. Adapted from Google Inc. (2012) 

The port operates three main berths (No. 6, 7 and 8) forming a single section of wharf over 700 m in 

length (see Figure 3-28). However, the primary berthing facilities for international and coastal trade 

are at No. 7 and 8, exporting primarily logs, plywood and kiwifruit. Wharf No. 6 is used primarily 
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by fishing vessels. Berths 1 through to 5 are historic small wharves that are used by recreational 

boats and small vessels (Eastland Port, 2012).  

 

Figure 3-28: Aerial photograph of Eastland Port showing all wharves. Adapted from Google Inc. (2012) 

Reclamation 

An archival map shown in Figure 3-29 and dated 1929 indicated that the majority of wharves, 

retaining walls and breakwaters at Eastland Port were completed by the 1920s. Prior to this date 

reclamations were mostly non-engineered. Development projects in the 1960s resulted in the 

reclamation of the area indicated in Figure 3-30 using material dredged from the harbour (Ministry 

of Works and Development, 1929; Ministry of Works and Development Residual Management Unit, 

1968). 

3.4.5.2 Exposure to Natural Hazards 

Eastland Port is in an area of high seismicity.  
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Table 3-7 summarises the exposure of the port, with the PGA extracted from the hazard curve shown 

in Figure 3-31. There is no local volcanic hazard, however distant volcanoes from the TVZ can cause 

disruption to operations. 

 

Figure 3-29: Archival map 1929 (Ministry of Works and Development, 1929).   

 

Figure 3-30: Reclamation at Eastland Port. Adapted from Google Inc. (2012) 
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Table 3-7: Eastland Port's exposure to natural hazards 

 

Figure 3-31: Seismic hazard curve for Eastland Port. Adapted from McVerry (2012) 

3.4.5.3 Regional Aspects 

Eastland Port is located adjacent to the Gisborne CBD although access to the port is through one 

primary route that passes below a hill backing the port. The stability of the hill in a seismic event is 

unknown, but any slope failures could restrict access to the port.  
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Hazard Parameters Values 

Seismic PGA for 500 return period 0.53 g  

Sources 60% contribution from magnitude 7.5 to 8.1 

earthquakes at approximately 15 to 25 km 

distance (Oyarzo-Vera et al., 2011) 

Volcanic Impact from distant eruption 

(Okataina) with a 300 – 700 

year return period 

1 – 1500 mm ash fall dependant on wind 

direction (Gisborne District Council, 2012) 

Impact from distant eruption 

Taupo with a 250 – 5000 year 

return period   

1 – 600 mm of ash fall dependant on wind 

direction (Gisborne District Council, 2012) 
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3.4.6 Port of Napier 

3.4.6.1 Basic Information 

In 1875 the Napier Harbour Board was established to administer the port in Napier, which is located 

on the central east coast of the North Island. The port, shown in Figure 3-32, was originally 

established at Ahuriri Lagoon, but was relocated to the current site on a headland about 1.5 km north 

of the Napier Central Business District. The port became fully established at the new location after 

the 1931 Napier Earthquake raised the sea floor in the Ahuriri Lagoon and made it an unfeasible 

port location (Port of Napier, 2010).  

 

Figure 3-32: Aerial photograph of Port of Napier showing primary wharves. Adapted from Google Inc. 

(2012) 

The key step in establishing the port at the new location was the construction of a breakwater as 

shown in Figure 3-33. The availability of deep water in this location was a compelling reason to 

choose that location for port activity. The port was then progressively developed with the 

construction of Higgins, Geddis, Herrick and Kirkpatrick Wharves between 1939 and 1982, with 

Cassidy Wharf completed in 1997. More recently Herrick Wharf was reconstructed and extended 

over the old wharf location. Containerised cargo, logs, woodchips, cement, petrochemicals and dairy 

products are all handled at the port (Port of Napier, 2010). 
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Figure 3-33: Original breakwater at Port of Napier. Adapted from Maritime New Zealand (1975) 

Reclamation 

Port of Napier underwent three significant reclamation projects, shown in Figure 3-34, in order to 

provide storage and handling yards for freight operators. The first reclamation, which was 

completed by the early 1970s, was the Higgins reclamation covering an area of 2.4 ha that extends 

behind Higgins Wharf. The majority of the fill material was fine sand, with the remainder being 

shingle.   By 1980 an area of approximately 8 ha that extends behind Kirkpatrick Wharf was 

reclaimed and is now used primarily for container storage. This reclamation was filled using sand 

and silt material dredged from the navigation channels and then consolidated using mounds of soil 

progressively bulldozed across the site. The final area to be reclaimed extends past Higgins Wharf 

and backs Cassidy Wharf (Maritime New Zealand, 1981; Maritime New Zealand, 1974; Works 

Consultancy Services Ltd, 1983) 

3.4.6.2 Exposure to Natural Hazards 

Similar to Eastland Port, the Port of Napier is in an area of high seismicity. The exposure of the port 

is summarised in Table 3-8 and the seismic hazard curve for the port is shown in Figure 3-35. There 

is no local volcanic hazard but distant volcanoes from the TVZ could cause disruption to operations 

at Port of Napier. Historically ash falls from Ruapehu have affected the region in 1945, 1975, 1995 

and 1996; and from Tongariro in 1896 (Civil Defence, 2012).  
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3.4.6.3 Regional Aspects 

Bluff Hill overlooks Port of Napier and land slips have the potential to restrict access to the port. 

However the hill does not extend along the entire road leading up to the port, as can be seen in 

Figure 3-36.  

 

Figure 3-34: Reclamations at Port of Napier. Adapted from Google Inc. (2012) 

Table 3-8: Port of Napier's exposure to natural hazards 
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50 – 100 mm ash fall dependant on wind 

direction and strength (Civil Defence, 2012) 
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Figure 3-35: Seismic hazard curves for Port of Napier. Adapted from McVerry (2012) 

 

Figure 3-36: Access route to Port of Napier. Adapted from Google Inc. (2012) 

3.4.7 CentrePort 

3.4.7.1 Basic Information 

CentrePort (formerly known as the Port of Wellington) operates the port facilities located around 

the Wellington Harbour at the bottom of the North Island. CentrePort’s main facilities are located 
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adjacent to the Wellington central business district. The company also owns wharf facilities at 

Miramar, approximately 10 km south east of the main port, and at Seaview, approximately 16 km 

north east of the main port. These locations are outlined in Figure 3-37. CentrePort is jointly owned 

by Greater Wellington Regional Council (76.9%) and Manawatu-Wanganui Regional Council 

(23.1%) (CentrePort, 2012). 

 

Figure 3-37: CentrePort sites in Wellington Harbour. Adapted from Google Inc. (2012) 

From the establishment of the Wellington settlement the waterfront has been constantly changing 

due to on-going reclamations by private citizens and local government. Changes in the waterfront 

resulted in changes in wharf structures, with many of the original timber structures demolished. 

There is no public data to indicate the construction dates of the current structures but inspection of 

a 1955 berthage map (shown in Figure 3-38) produced by the Wellington Harbour Board indicates 

that all the current structures had been constructed by 1955, except for Thorndon Container Wharf. 

Construction on the Thorndon Container Wharf was completed in the 1970s after reclaiming 

approximately 20 hectares between Pipitea Wharf and Aotea Quay.  
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Figure 3-38: Port of Wellington (CentrePort) layout in 1955. Adapted from Ministry of Transport (1963) 

The current main port area adjacent to the Wellington CBD (shown in Figure 3-39) includes Inter 

Island Wharf, Glasgow Wharf and Kings Wharf that are used primarily for inter-island and coastal 

cargo, Thorndon Container Wharf that is assigned to handle all containerised cargo, and Aotea Quay 

that is the main general cargo and cruise ship facility. Waterloo Quay Wharf is currently not being 

used. Miramar and Seaview (Figure 3-40) facilities are primarily used for bulk liquids, with 

CentrePort’s involvement in these facilities limited to ownership of the land, wharf structures and 

port operational buildings (CentrePort, 2012).   

Reclamations 

As mentioned earlier, the space restrictions around the Wellington area have resulted in 

development expanding seaward through reclamation of the waterfront. Figure 3-41 shows a history 

of reclamations that occurred at the Wellington waterfront in the vicinity of the CentrePort facilities. 

The greatest area of reclamations in the waterfront occurred in the 1800s but the largest reclamation 

at the current port facilities was constructed in the 1970s at the Thorndon Container Terminal. It is 

difficult to accurately predict the quality of the reclamations without conducting detailed 

geotechnical analysis. Historical evidence does indicate that some of the early reclamations were 

constructed by private citizens using excavations of the hills backing the waterfront.  

200 m

Waterloo Quay Wharf
Inter-Island Wharf

Glasgow Wharf

King’s Wharf

Pipitea Wharf

Aotea Quay

Queen’s Wharf



61 

 

 

Figure 3-39: Aerial photograph of CentrePort showing primary wharves. Adapted from Google Inc. (2012) 

 

Figure 3-40: Aerial photographs of CentrePort wharves at Miramar and Seaview. Adapted from Google Inc. 

(2012) 
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Figure 3-41: Reclamation history at the Wellington waterfront. Adapted from Wellington Waterfront Limited 

(2004) 

3.4.7.2 Exposure to Natural Hazards 

Wellington is situated on top of several active faults that trigger small and large earthquakes. Of 

these faults, the Wellington Fault (shown in Figure 3-42) has been identified as the most likely to 

rupture in the region. Earthquakes associated with rupture on this fault have a characteristic 

magnitude of 7.5 and occur about once every 600 years, with the last one having taken place between 

350 and 500 years ago. The typical displacement on this fault during one such event is approximately 

4 m horizontally and 1 m vertically (Crozier & Preston, 2010). There does not appear to a local 

volcanic hazard. Similar to Port of Napier, the main volcanic hazard to CentrePort is ash fall from 

volcanic eruptions in the TVZ. The exposure of CentrePort to these hazards and is summarised in 

Table 3-9  and the seismic hazard curve is shown in Figure 3-43. 

3.4.7.3 Regional Aspects 

CentrePort’s location adjacent to the Wellington CBD means that access to the port is readily 

available but this access is on top of reclaimed land which is susceptible to liquefaction. The port is 

also at a bottle neck in the land freight network because all inter-island rail freight has to pass 

through the port. Similarly, inter-island passenger traffic is a crucial service provided by CentrePort, 

which if disrupted can have negative consequences on the tourism industry.    
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Figure 3-42: Wellington Fault adjacent to CentrePort. Adapted from GNS Science (2010b)  

Table 3-9: CentrePort’s exposure to natural hazards 

5 km

Wellington CBD

Wellington Fault

Miramar

Seaview

Hazard Parameters Values 

Seismic PGA for 500 return period 0.35 g  

Sources 60% contribution from Wellington-Hutt Valley fault 

with magnitude 7.3 at 1 km distance and the Ohariu 

fault with a magnitude 7.4 at 5 km distance 

30% contribution from Wairarapa fault  (Oyarzo-

Vera et al., 2011) 

Volcanic Impact from distant 

eruption 

Ash fall 



64 

 

 

 

Figure 3-43: Seismic hazard curve for CentrePort. Adapted from McVerry (2012) 

3.5 South Island Ports 

Seven of New Zealand’s primary wharves are located in the South Island. The following sections 

include a brief seismic and volcanic hazard review for each port.  

3.5.1 Port Marlborough 

3.5.1.1 Basic Information 

Port Marlborough consists of two sites at Picton Harbour and the adjacent Shakespeare Bay located 

at the head of Queen Charlotte Sound on the north eastern tip of the South Island, shown in 

Figure 3-44. Figure 3-45 shows the layout of Port Marlborough, which consists of Waitohi Wharf and 

Waimahara Wharf. Waitohi serves as the berth for passenger cruise ships and as a general-purpose 

finger wharf providing cargo berths and facilities for international and coastal vessels, 

predominantly servicing Cook Strait roll on-roll off vessels. The Waimahara Wharf, opened in 2000, 

was designed as a deep-water multi-purpose berth that compliments the services provided at Port 

Marlborough’s main port facilities (Port Marlborough, 2012). 
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Figure 3-44: Port Marlborough sites in Picton Harbour and Shakespeare Bay. Adapted from Google Inc. 

(2012) 

 

Figure 3-45: Aerial photograph of Port Marlborough showing primary wharves. Adapted from Google Inc. 

(2012) 

Reclamations 

The land backing the Picton Harbour site is historically reclaimed land with unknown geotechnical 

characteristics. More modern reclamations were completed in 1982 to reclaim approximately 2.2 ha 
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of land on the west shore of Picton Harbour. This reclamation was further extended into Shakespeare 

Bay for the development of the Waimahara Wharf that was completed in 2000 (Ministry of 

Transport, 1979). Figure 3-46 shows the reclamations in Port Marlborough.  

3.5.1.2 Exposure to Natural Hazards 

Figure 3-47 shows a seismic hazard curve for Port Marlborough and Table 3-10 summarises the 

hazard exposure of the port. The seismic hazard in most of the South Island is dominated by 

earthquakes from the Alpine Fault. 

 

Figure 3-46: Reclamations at Port Marlborough. Adapted from Google Inc. (2012) 

 

3.5.1.3 Regional Aspects 

Access to the Picton harbour wharves in Port Marlborough is through reclaimed land which is 

susceptible to liquefaction. The port is located at a bottle neck in the land freight network because 

all inter-island rail freight has to pass through the port. Inter-island passenger traffic is a crucial 

service provided by Port Marlborough which if disrupted can have negative consequences on the 
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tourism industry.  Access to Waimahara Wharf in Shakespeare Bay is via Lagoon Road, which is 

backed by hills. The stability of the hills is unknown but an earthquake induced landslide could 

potentially restrict access to the wharf. 

Table 3-10: Port Marlborough's exposure to natural hazards 

 

Figure 3-47: Seismic hazard curve for Port Marlborough. Adapted from McVerry (2012) 

3.5.2 Port Nelson 

3.5.2.1 Basic Information 

Port Nelson, shown in Figure 3-48, is located adjacent to the central business district in Nelson, 

which is located in the Tasman Bay region at the top of the South Island. In 1905 the Nelson Harbour 

Board was formed and given authority over Port Nelson. Ownership stayed with the harbour board 

until 1989 when ownership was transferred to Port Nelson Ltd which is jointly owned by Nelson 

City Council and Tasman District Council. The harbour board’s first development was dredging 

between Haulashore Island and the Boulder Bank in 1906 to form an entrance to Nelson Harbour. A 
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reclamation project was completed in 1966, resulting in 50 ha of reclaimed land. Further widening 

of the Boulder bank entrance in 1969 made it possible for large vessels to use the entrance, as shown 

in Figure 3-48 (Port Nelson, 2009).   

 

Figure 3-48: Extent of Port Nelson. Adapted from Google Inc. (2012) 

The Main Wharf (built in 1911) was widened and lengthened in the early 1950’s and the first section 

of McGlashen Quay was constructed. Kingsford Quay was completed in 1970 and Brunt Quay was 

completed in 1974. Brunt Quay was furthered expanded in 1984 and a northern extension to Main 

Wharf was completed in 2001. A plan of Port Nelson’s primary ports is shown in Figure 3-49 (Port 

Nelson, 2009). The primary cargo types facilitated through the port are forestry products, fruit and 

fisheries products.  

Reclamations 

The Nelson city waterfront has undergone extensive historical reclamation to extend the available 

space for the city’s expansion. The dates and quality of the reclamations is unknown. Figure 3-50 

shows the total area reclaimed in the Nelson waterfront. 
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Figure 3-49: Aerial photograph of Port Nelson showing primary wharves. Adapted from Google Inc. (2012) 

3.5.2.2 Exposure to Natural Hazards 

The exposure of Port Nelson to seismic hazards can be quantified using a hazard curve as shown in 

Figure 3-51. The exposure of the port to seismic and volcanic hazards is summarised in Table 3-11. 

This port is subjected to a low volcanic hazard. In contrast the seismic hazard is significant.  

 

Figure 3-50: Total area reclaimed in the Nelson waterfront. Adapted from Google Inc. (2012) 
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3.5.2.3 Regional Aspects 

The extensive reclamation backing Port Nelson may be susceptible to liquefaction in an earthquake, 

potentially restricting access to the port. Furthermore, it can be seen in Figure 3-52 that the south-

west route to the port is backed hills. These hills are unstable and prone to induced landslides which 

could potentially restrict access (Nelson Tasman Lifelines Group, 2004). 

Table 3-11: Port Nelson's exposure to natural hazards 

 

Figure 3-51: Seismic hazard curve for Port Nelson. Adapted from McVerry (2012) 
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Figure 3-52: Access routes to Port Nelson. Adapted from Google Inc. (2012) 

3.5.3 Westport Harbour 

3.5.3.1 Basic Information 

Westport Harbour is located at the mouth of the Buller River on the west coast of the South Island. 

This port is the only New Zealand port that does not have a 24 hour operation because of a lack of 

sufficient volume of trade occurring in the Westport region. Furthermore, vessels calling into the 

port have to navigate through a moving sand bar at the entrance to the river. Work first started on 

breakwaters at the river in 1885 after the establishment of the Westport Harbour Board. In 1921 port 

ownership was handed over to the Marine Department and then again to the Ministry of Transport 

in 1972. In the ownership restructuring of 1988 a company owned by Holcim NZ Ltd was responsible 

for the operation of the port. In 2010 operation responsibility was transferred to the Westport 

Harbour Ltd, a recently established company that is wholly owned by Buller Holdings Limited, 

which in turn is a Buller District Council holding company (Westport Harbour Limited, 2012).   

Westport contains Fishing Lagoon Wharf, Merchandise Wharf and Westport Coal Terminal, as 

shown in Figure 3-53. Westport Harbour Limited also owns a wharf further up the Buller River that 

is operated by the Holcim Cement Plant for loading and unloading cement vessels (Westport 

Harbour, 2006). Annually in excess of 430,000 tons of cement is shipped from the port to Onehunga, 
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Wellington, Lyttelton, New Plymouth, Nelson, Dunedin and Picton. The port specialises in coal and 

cement trade, but also facilitates bulk and general cargo transfer. 

Reclamations 

Even though there is no evidence of extensive artificial reclamations in the vicinity of the port 

Westport is located on the flood plains of the Buller River, which contain soils that are highly 

susceptible to liquefaction (West Coast Regional Council, 2002).   

3.5.3.2 Exposure to Natural Hazards 

A seismic hazard curve has been developed for Westport and shown in Figure 3-54. Table 3-12 

summarises the exposure of the port to seismic and volcanic hazard. The Alpine fault is the greatest 

source of seismic risk to this region. 

 

Figure 3-53: Aerial photograph of Westport wharves. Adapted from Google Inc. (2012) 

Table 3-12: Westport's exposure to natural hazards 
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Hazard Parameters Values 

Seismic PGA for 500 return period 0.34 g  

Sources Alpine fault (West Coast Regional 

Council, 2002) 

Volcanic Impact from local eruption No risk 

Impact from distant eruption  Potential for ash fall. No studies on risk 
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3.5.3.3 Regional Aspects 

There are several access points to the port along the main road leading up to the port. In the event 

of a natural hazard it is not envisioned that access between the port and the town will be hindered. 

Sea access to the port is dependent on the status of the sand bar at the mouth of the Buller River. 

Road access to the town itself is vulnerable to closure as a result of earthquake induced landslides, 

in which case the port may be the only viable access for aid following an event (McCahon et al., 

2006).  

 

Figure 3-54: Seismic hazard curve for Westport Harbour. Adapted from McVerry (2012) 

3.5.4 Lyttelton Port 

3.5.4.1 Basic Information 

Lyttelton Port is located at the end of a natural deep water harbour on the east of the South Island. 

The port primarily serves the city of Christchurch and the surrounding Canterbury region and up 

until the 2010 Darfield earthquake was the third largest port in New Zealand. The port, shown in 

Figure 3-55, has specialised facilities for the transfer of containerised cargo, coal, fishery products, 

forestry products and petrochemical products (Lyttelton Port Company, 2005). Figure 3-56 shows 

the layout of wharves in the port. Prior to the 2010 Darfield earthquake the majority of containerised 

bulk cargo was handled on the four Cashin and Quay wharves, and the Z berth was only used by 

the fishing industry. The remaining wharves handle a range of dry bulk, vehicles and passengers. 
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The Oil Wharf is owned by the company but is administered by the petrochemical industry 

(Lyttelton Port Company, 2005). 

The Lyttelton Harbour Board was established in 1877 and was responsible for the management of 

both the commercial and recreational facilities of the harbour until the introduction of the Port 

Companies Act in 1988. The commercial assets, the land, and the facilities to operate a commercial 

port were transferred from the Harbour Board to the Lyttelton Port Company, and the shares for the 

new company were allocated to Ashburton, Banks Peninsula, Hurunui, Selwyn and Waimakariri 

District Councils and Christchurch City Council (Lyttelton Port Company, 2005).  Due to the 

earthquakes experienced in the Canterbury region, the port is currently undergoing major changes 

and thus the current state of Lyttelton Port is uncertain. 

Reclamations 

Similar to most New Zealand ports, Lyttelton Port has undergone significant reclamation projects. 

Pre 1900s reclamation projects resulted in expansion of the waterfront backing the inner harbour 

wharves. Some of the reclamations were constructed using material from the railway tunnel that 

links Lyttelton to Christchurch and from material quarried from surrounding hills. In 1909 work 

started on reclaiming a total area of 24 ha at Naval Point to be completed 17 years later in 1926. The 

entire reclamation was completed using a clayey silt material dredged from the harbour, which is a 

very soft and weak material. In 1957 another large reclamation project commenced to reclaim the 

area behind the current Cashin Quay. Reclamation was constructed using an induced subsidence 

technique, with hard fill material quarried from nearby the port (Maritime New Zealand, 1986). 

Figure 3-57 shows the location of the reclamations. 

 

Figure 3-55: Extent of Lyttelton Port. Adapted from Google Inc. (2012) 
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Figure 3-56: Aerial photograph of Lyttelton Port showing the primary wharves. Adapted from Google Inc. 

(2012) 

3.5.4.2 Exposure to Natural Hazards 

The seismic hazard at Lyttelton Port is presented in Chapter 4 of this thesis. Table 3-13 summaries 

the exposure to volcanic hazards.  

 

Figure 3-57: Reclamations at Lyttelton Port. Adapted from Google Inc. (2012) 

Table 3-13: Port Lyttelton's exposure to natural hazards 
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Hazard Parameters Values 

Seismic Detailed analysis of seismic hazard is presented in Chapter 4. 

Volcanic Impact from local eruption No risk 

Impact from distant eruption  Potential for ash fall. No studies on risk 
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3.5.4.3 Regional Aspects 

The series of earthquakes experienced by Lyttelton Port during 2010 and 2011 have highlighted 

several vulnerabilities to the access routes between the port and Christchurch. The primary access 

to the port is through a road tunnel and a pass through the hills backing the port. The tunnel was 

temporarily closed as a result of the many earthquakes (New Zealand Transport Agency, 2011). The 

pass is closed indefinitely due to rock fall that has blocked the road (Heather, 2011). As a result of 

the pass’s closure, hazardous materials that were previously not allowed through the road tunnel 

were transported through the tunnel after closure to normal traffic. To minimise disruption to 

normal traffic the transportation of hazardous materials is limited to night hours (New Zealand 

Transport Agency, 2012).  

3.5.5 PrimePort 

3.5.5.1 Basic Information 

PrimePort, shown in Figure 3-58, is located in Timaru in the South Canterbury region on the east 

coast of the South Island, and was built in an artificial harbour adjacent to the Timaru central 

business district. Work on the harbour first began after the establishment of the Timaru Harbour 

Board in 1876, with the construction of a 700 m southern breakwater and northern breakwater to 

keep sand out of the harbour. Wharves No. 1, 2 and 3 were originally constructed in the early 1900’s 

using timber construction and have been rebuilt over the years. The wharves are used primarily by 

the fishing industry and occasionally for logs. An extension to Wharf 1 was constructed in the 1950’s 

using a concrete deck on timber piles. This wharf is used primarily for bulk liquids and logs. In 

contrast, 390 m of the North Mole Wharf was constructed in the 1960’s using timber and currently 

is used for containerised cargo, fertiliser, break bulk, dairy products and general cargo. A 75 m 

extension of the wharf at the town end was constructed in the late 1980’s using concrete. Sheet pilling 

extends along the entire length of the wharf. Fish Wharf is used exclusively by the fishing industry 

(Te Ara, 2012).  The layout of PrimePort is shown in Figure 3-59. 

Reclamations 

After constructing breakwaters to form the artificial harbour at Timaru, sediment started building 

up on the southern side of the port, behind No. 1 Wharf (see Figure 3-59). This natural reclamation 

was enhanced further to form approximately 80 ha of land for industrial purposes. On the northern 
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end of the wharf reclamations were conducted to form the storage area behind North Mole Wharf 

using the same material as for the southern reclamation, plus hydraulic fill (Te Ara, 2012).  

 

Figure 3-58: Extent of PrimePort. Adapted from Google Inc. (2012) 

 

Figure 3-59: Aerial photograph of PrimePort showing the primary wharves. Adapted from Google Inc. 

(2012) 

3.5.5.2 Exposure to Natural Hazards 

Figure 3-60 shows the seismic hazard curve for PrimePort’s and Table 3-14 gives a brief summary of 

the exposure to seismic and volcanic hazards at the port. The seismic hazard exposure at this port is 

primarily from the Alpine Fault. 
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3.5.5.3 Regional Aspects 

Access to the port appears to be not vulnerable to significant damage in the event of a natural hazard.  

Table 3-14: PrimePort's exposure to natural hazards 

 

Figure 3-60: Seismic hazard curve for PrimePort. Adapted from McVerry (2012)  

3.5.6 Port Otago 

3.5.6.1 Basic Information 

Port Otago is located on the Otago Harbour, on the lower east coast of the South Island, as shown in 

Figure 3-61. The port operates two port sites; Port Chalmers (Figure 3-62) and Dunedin (Figure 3-63) 

within the Otago Harbour. Ownership of the port facilities was with the Otago Harbour Board from 

1874 until 1988, after which the ownership transferred to Port Otago Limited (Port Otago, 2004).  

Port Chalmers has four berths suitable for handling containerised, multipurpose and conventional 

cargo, with the most recent Container Terminal opened in 1977. A 1955 berthage plan (shown in 
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Figure 3-64) shows that Port Chalmers contained finger wharves before the completion of the 

Container Terminal. In a four phase project the area behind the finger wharf was reclaimed to form 

the storage yard in the Container Terminal. The Dunedin site consists of historic wharves that are 

only suitable for smaller vessels such as fishing vessels or tankers. The key wharves are the Oil Wharf 

and LPG Berth, which provide petrochemical products for the Otago region, and the Ravensbourne 

Wharf which serves a fertiliser company (Port Otago, 2004). 

Reclamations 

The navigational channels in Otago harbour required constant dredging, which resulted in 

significant amounts of fill which was primarily used for reclamations. It is estimated that since 1870 

a total of 34 million cubic metres of material have been dredged, with 17 million cubic metres used 

for reclamation (Duffil Watts Ltd, 2009). 

The first reclamations were in the area behind the present Dunedin wharves and current Logan Park. 

When these areas were completed, reclamation extended into the Southern Endowment which was 

principally developed for the disposal of dredging and was completed in the 1960s. These 

reclamations are shown in Figure 3-65.  Reclamations were then completed for the roll-on ferry 

terminal at Dunedin and for the Container Terminal at Port Chalmers (Duffil Watts Ltd, 2009). 

 

Figure 3-61: Port Otago facilities in Otago Harbour. Adapted from Google Inc. (2012) 
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Figure 3-62: Aerial photograph of Port Otago wharves at Port Chalmers. Adapted from Google Inc. (2012) 

 

Figure 3-63: Aerial photograph of Port Otago wharves at Port Dunedin. Adapted from Google Inc. (2012) 
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Figure 3-64: Port Chalmers in 1955. Adapted from GP Print Limited (1961) 

 

Figure 3-65: Reclamation history at the Dunedin waterfront. Adapted from Google Inc. (2012) 
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3.5.6.2 Exposure to Natural Hazards 

Figure 3-66 shows a seismic hazard curve which quantify Port Otago’s exposure to earthquakes, and 

Table 3-15 gives a brief summary of the exposure to seismic and volcanic hazards at Port Otago. This 

port has a moderate seismic exposure as evidenced by the PGA for a 500 return period of 0.16 g. 

Table 3-15: Port Otago's exposure to natural hazards 

 

Figure 3-66: Seismic hazard curve for Port Otago. Adapted from McVerry (2012) 

3.5.6.3 Regional Aspects 

The main port operations are conducted at the Port Chalmers site, which is only accessible via one 

main route along the Dunedin-Port Chalmers Road as shown in Figure 3-67. For Port Otago’s 

Dunedin site, access after a natural hazard will be dependent on the condition of the reclaimed land 

which is backing the wharves.  
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Figure 3-67: Access route to Port Chalmers. Adapted from Google Inc. (2012) 

3.5.7 Southport 

3.5.7.1 Basic Information 

Southport is located inside Bluff Harbour, approximately 27 km from Invercargill in the south of the 

South Island. A port at Bluff Harbour has been operating since 1877 and Southland Harbour Board 

was formed in 1897 to administer the facilities at the Harbour. With the enactment of the Port 

Companies Act in 1988, ownership of all port facilities was transferred to Southport. Southport owns 

the Island Harbour containing 8 berths, the Tiwai Wharf used exclusively by the New Zealand 

Aluminium Smelter (NZAS) and the Town Wharf containing 2 berths (Bluff Promotions, 1999). The 

overall layout of Southport is shown in Figure 3-68.  

The Island Harbour was a large development project initiated in 1952 to increase the available 

berthage space at the port. An area of shallow sandbanks was reclaimed, with the first berths opened 

in 1960. Reclamation continued until 1982 when number eight berth was completed. Island Harbour 

berths are used for the import and export of bulk, break bulk and containerised cargo, and all 

petrochemical products are transferred through the Town Wharf (Southport, 2007). Tiwai Wharf 

was constructed at the same time as the NZAS in 1971.  

500 m

Port Chalmers

Main route



84 

 

 

Figure 3-68: Aerial photograph of the main wharves at Southport. Adapted from Google Inc. (2012) 

3.5.7.2 Exposure to Natural Hazards 

Figure 3-69 shows the seismic hazard curve which quantifies Southport’s exposure to earthquakes, 

and Table 3-16 gives a brief summary of the exposure to seismic and volcanic hazards at Southport. 

There appears to be local volcanic risk and the largest source of seismic risk is from the Alpine Fault. 

Table 3-16: Southport's exposure to natural hazards 

200 m

- - - - Port Boundary

Town Wharf

Tiwai Point Wharf

Island Harbour 
Berths 1 - 8

Hazard Parameters Values 

Seismic PGA for 500 return period 0.14 g  

Sources Alpine Fault (Glassey, 2006) 

Volcanic Impact from local eruption No risk 

Impact from distant eruption  Potential for ash fall. No studies on 

risk 
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Figure 3-69: Seismic hazard curve for Southport. Adapted from McVerry (2012) 

3.5.7.3 Regional Aspects 

Access to the Island Harbour in Southport is only via a single bridge, and therefore there is no 

redundancy in the event of any damage to this bridge.  

3.6 Comparison of Exposure to Natural Hazards at New 

Zealand Ports 

The exposure of New Zealand ports to natural hazards varies significantly in extent and type. This 

section provides a comparative summary of the seismic and volcanic hazards at each port location. 

The main sources of these hazards have been summarised in their respective sections for each port. 

A summary of hazard scenarios that are likely to impact multiple port facilities are also presented. 

3.6.1 Seismic Hazard 

The sources of seismic hazard for each port facility have been discussed in earlier sections, and the 

seismic hazard curves that were previously presented are combined in this section to highlight the 

variability in seismic hazard across the facilities. The seismic hazard curves can be grouped into 

three broad categories corresponding to high, medium and low seismic exposure. Not surprisingly, 

the ports located closest to the well-known faults in New Zealand have the highest exposure to 

seismic hazards as shown by the seismic hazard curves in Figure 3-70. These ports are Eastland Port, 
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Port of Napier, CentrePort, Port Marlborough and Westport. Figure 3-71 shows the seismic hazard 

curves for Port Tauranga, Port Taranaki, Port Nelson, PrimePort, Port Otago and Southport which 

all have a medium seismic exposure. The remaining ports, being Ports of Auckland and Northport, 

have the lowest seismic exposure as shown in Figure 3-72. No seismic hazard curve was generated 

for Lyttelton Port due to changes being made to the New Zealand Seismic Hazard Model to include 

the previously unidentified faults located close to Lyttelton. However, it is predicted that Lyttelton 

is exposed to a medium seismic hazard.    

 

Figure 3-70: Seismic hazard curves for ports with high seismic exposure. Adapted from McVerry (2012)  
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Figure 3-71: Seismic hazard curve for ports with medium seismic exposure. Adapted from McVerry (2012) 

 

Figure 3-72: Seismic hazard curves for ports with low seismic exposure. Adapted from McVerry (2012) 

3.6.1.1 Reclamations 

Evidence from past earthquakes across the world has shown that significant damage at ports occurs 

as a result of liquefaction in the ground backing the berthing structures due to the presence of loose 
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saturated cohesionless soils which are the most susceptible to liquefaction. Furthermore, it is 

common for ports to be situated on historic non-engineered weak reclaimed land, thus increasing 

their vulnerability to ground failure (newer reclamations would likely be engineered). 

Consequently, understanding the reclamation history of a port is important in reviewing its 

vulnerability to seismic hazards. In New Zealand all the ports are partly located on reclaimed land 

of varying age and quality, with the majority of the reclamations immediately backing the wharves 

having been constructed after the 1950s. However, in several cities the land outside of the port was 

reclaimed in the 1800s and early 1900s and consequently is expected to be of variable quality 

considering the rudimentary construction techniques used at the time. 

3.6.1.2 Alpine Fault Earthquake 

The largest fault in New Zealand is the Alpine Fault, which is a 650-km-long fault tracking down 

the western side of the Southern Alps of New Zealand, through an area of low population densities. 

Research has indicated the potential for a future magnitude 8 earthquake on the Alpine Fault, which 

has a known recurrence interval of 100–300 years (Sutherland, et al., 2007; Yetton, et al., 1998). The 

last major Alpine Fault earthquake was in 1717 AD (294 years ago), and the Alpine Fault is 

considered overdue for a large and destructive earthquake (Norris & Cooper, 2001; Sutherland, et 

al., 2007). An event of this magnitude on the Alpine Fault is expected to impact multiple port 

locations in the South Island and south of the North Island.  

A good technique for visualisation of the impact of an Alpine fault event is using isoseismal maps. 

These maps plot macroseismic intensity along contours in the same way as a weather map plots 

pressure variations in the atmosphere along contours. The highest intensity is found in the central 

contour of the isoseismal map. In a study by Orchiston (2011) examining the impact of an Alpine 

Fault seismic event on the tourism industry, isoseismal maps were developed to visualise the 

expected intensity. The isoseismal map for a magnitude 8 earthquake in the Alpine fault has been 

reproduced in Figure 3-73, overlaying port locations in the south of New Zealand. It is important to 

note that the epicentre of this likely scenario has been arbitrarily placed in the South Westland region 

and in reality an event could be triggered anywhere along the fault. An earlier isoseismal map in 

Figure 79 produced by Yetton et al. (1998) and modified by McCahon et al. (2006) centred the 

scenario earthquake further north from the South Westland region along the Alpine Fault. 
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Figure 3-73: Isoseismal map for a M8 earthquake centred in the South Westland region. Reproduced from 

Orchiston (2011) 

 

Figure 3-74: Isoseismal map for a M8 earthquake centred in the northern region of the Alpine Fault. 

Reproduced from Yetton et al. (1998) and McCahon et al. (2006) 
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In both earthquake scenarios described in the previous paragraph Westport is expected to 

experience a Modified Mercalli (MM) intensity of VII (damaging). In a fault rupture located in the 

southern section of the Alpine Fault, PrimePort, Lyttelton Port and Port Nelson are predicted to 

experience an MM intensity of VI. In a fault rupture located further north along the Alpine Fault it 

is predicted that PrimePort, Lyttelton Port, Port Nelson and Westport will all experience MM 

intensities of VII. In this scenario, Port Marlborough and CentrePort can expect an MM intensity of 

VI.  

Isoseismal maps do not present an exact representation of predicted intensities at each port location 

and these maps present indicative scenarios. Therefore, actual intensities in an Alpine Fault event 

may vary from those shown in the isoseismal maps. However, it is clear from these maps that an 

Alpine Fault rupture is expected to have some impact on the majority of the South Island ports and 

possibly CentrePort.  

3.6.2 Volcanic Hazard 

3.6.2.1 Lava Flow 

The only ports exposed to the hazard of lava flow are Northport, as a result of an eruption in the 

Puhipuhi-Whangarei Volcanic Field (PWVF) or Kaikohe-Bay of Islands Volcanic Field (KBVF), and 

the Ports of Auckland as a result of an eruption in the Auckland Volcanic Field (AVF). The activity 

of both PWVF and KBVF is debatable, with the last eruption occurring 250,000 and 50,000 years ago, 

respectively. The exact location of a future eruption is unknown and could produce up to 10 km of 

lava flow. An eruption in the AVF is predicted to generate up to 3 km of lava flow (Smith & Allen, 

2010; Northland Regional Council, 2007). Port Taranaki is in the immediate vicinity of Mount 

Taranaki but hazard studies indicate that in any future eruptions lava will flow away from the port 

(GNS Science, 2010a).    

3.6.2.2 Ash fall 

A large portion of NZ is exposed to ash fall as a result of a large eruption in the TVZ or smaller 

eruptions in the AVF and Mount Taranaki. Ports closest to the TVZ, being Eastland Port, Port of 

Napier and Port of Tauranga, are exposed to the greatest hazard of ash fall depending on wind 

conditions at the time of eruption. In the event of an eruption in Mount Taranaki, Port Taranaki is 

expected to be completely covered by between 0.1 to 0.25 m of ash fall. The potential of ash fall 

reaching the South Island is unknown.  
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Taupo Volcano 

A probabilistic hazard analysis of Taupo Volcano was conducted by Rhoades et al., (2002) to develop 

attenuation models for ash fall thickness as a result of an eruption at this volcano. Taupo Volcano, 

located in the TVZ, was chosen due to the availability of sufficient data to make the analysis 

applicable. The attenuation model for a constant volume eruption has been reproduced in 

Figure 3-75. It can be deduced from the figure that ports located on the east of Taupo Volcano 

(Eastland Port, Port of Napier) have the highest probability of receiving ash falls exceeding 20 cm in 

the event of an eruption. Ports located north and west of Taupo, such as Ports of Auckland, Port of 

Tauranga and Port Taranaki, have a lower exposure. It is important to note that at distances greater 

than 200 km this difference in probability is insignificant. It can also be noted that ash fall south of 

Taupo has not been identified as a significant possibility due to the prevalent wind directions in the 

region (Rhoades et al., 2002). 

 

Figure 3-75: Attenuation model for ash fall from a constant eruption at Taupo Volcano. Reproduced from 

Rhoades et al., (2002) 

3.7 Conclusions 

The aim of this chapter was to review the exposure of New Zealand ports to natural hazards and to 

examine aspects related to access routes to each port. 14 major ports in New Zealand were identified 
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based on economic importance and level of infrastructure. These ports facilitate billions of dollars 

of trade both internationally and nationally, and act as vital lifelines in the event of a natural hazard. 

All these facilities are owned and operated by private companies that are majority owned by local 

government. 

This review had shown the wide range in exposure to seismic and volcanic hazard throughout the 

port network. The following conclusions can be taken from this review: 

 Seismic hazard is closely aligned to the main faults that run through the centre of New Zealand, 

with Eastland Port, Port of Napier, CentrePort, Port Marlborough and Westport exposed to the 

highest seismic hazard over a range of return periods.  

 The scenario most likely to affect several ports is a rupture in the northern section of the Alpine 

Fault, with Westport, Port Nelson, Port Marlborough, Lyttelton Port and PrimePort then 

expected to experience MM intensities of VII. 

 Volcanic hazard is centred primarily in the Taupo Volcanic Zone (TVZ) and the Auckland 

Volcanic Field (AVF), affecting Ports of Auckland at a local level.  At a national level, ash fall is 

identified as a hazard for most of the North Island ports and is dependent on prevailing wind 

directions.  

 The majority of the ports are located on reclaimed land that varies both in age of construction 

and quality. 

 Access routes to the majority of ports are susceptible to some level of damage as a result of one 

or more of the natural hazards identified here, potentially restricting access to the port.  
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Chapter 4  

 

Wharf Modelling 

4.1 Overview 

This chapter outlines the modelling of Cashin Quay 3 (CQ3), one of the wharves at Lyttelton Port 

which was subjected to a sequence of seismic events throughout 2010 and 2011. Modelling of this 

wharf assists in understanding the seismic response of wharves in New Zealand. 

The initial three sections of the chapter outline the geological setting and history of CQ3 followed 

by a review of the seismic events experienced by the wharf and the damage observed at the wharf. 

The subsequent sections outline the modelling approach adopted in this study and the validation of 

the generated model. The CQ3 model was then subjected to a sensitivity analysis to determine which 

parameters have the greatest influence on seismic response. The final sections of the chapter outline 

the results of the seismic analysis of the CQ3 model.  

4.2 Background 

Lyttelton Port is located at the end of a natural deep water harbour on the east of the South Island. 

The port primarily serves the city of Christchurch and the surrounding Canterbury region and up 

until the 2010 Darfield earthquake was the third largest port in New Zealand. The port, shown in 

Figure 3-55, has specialised facilities for the transfer of containerised cargo, coal, fishery products, 

forestry products and petrochemical products (Lyttelton Port Company, 2005). Figure 3-56 shows 

the layout of wharves in the port. Prior to the 2010 Darfield earthquake the majority of containerised 

bulk cargo was handled on the four Cashin and Quay wharves, and the Z berth was only used by 

the fishing industry. The remaining wharves handle a range of dry bulk, vehicles and passengers. 
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The Oil Wharf is owned by the company but is administered by the petrochemical industry 

(Lyttelton Port Company, 2005). 

The Lyttelton Harbour Board was established in 1877 and was responsible for the management of 

both the commercial and recreational facilities of the harbour until the introduction of the Port 

Companies Act in 1988. The commercial assets, the land, and the facilities to operate a commercial 

port were transferred from the Harbour Board to the Lyttelton Port Company, and the shares for the 

new company were allocated to Ashburton, Banks Peninsula, Hurunui, Selwyn and Waimakariri 

District Councils and Christchurch City Council (Lyttelton Port Company, 2005).  Due to the 

earthquakes experienced in the Canterbury region, the port is currently undergoing major changes 

and thus the current state of Lyttelton Port is uncertain. 

4.2.1 Geology 

Lyttelton Harbour is situated within the breached caldera of an extinct basalt volcano. The caldera 

has become in filled with sediment, predominantly clayey silts derived from thick loess deposits 

which mantle much of Banks Peninsula or from direct deposition of fine silt carried from the 

Southern Alps by the prevailing westerly winds. Occasional sand horizons are inter-fingered with 

the silts, probably from near shore delta, beach, and estuarine deposits formed during sea level 

fluctuations. 

Loess is a windblown material that has been deposited over top of the volcanic deposits in the 

Canterbury Region. Loess is generally yellow silt, often with basalt boulder inclusions indicating a 

colluvium deposit of loess and rockfall debris. It tends to stand well near vertical with good 

drainage, however can become unstable due to saturation and subterranean water movement 

creating tunnel gullies and instability. The exposed surface of the loess also tends to become rilled, 

where water overflow is concentrated, if not maintained this can erode the face of the loess and 

create a potential risk for collapse. 
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Figure 4-1: Extent of Lyttelton Port. Adapted from Google Inc. (2012) 

 

Figure 4-2: Aerial photograph of Lyttelton Port showing the primary wharves. Adapted from Google Inc. 

(2012) 

4.2.2 Reclamations 

Similar to most New Zealand ports, Lyttelton Port has undergone significant reclamation projects. 

Pre 1900s reclamation projects resulted in expansion of the waterfront backing the inner harbour 

wharves. Some of the reclamations were constructed using material from the railway tunnel that 

links Lyttelton to Christchurch and from material quarried from surrounding hills. In 1909 work 

started on reclaiming a total area of 24 ha at Naval Point to be completed 17 years later in 1926. The 

entire reclamation was completed using a clayey silt material dredged from the harbour, which is a 

very soft and weak material. In 1957 another large reclamation project commenced to reclaim the 

area behind the current Cashin Quay. Reclamation was constructed using an induced subsidence 

technique, with hard fill material quarried from nearby the port (Maritime New Zealand, 1986). 

Figure 3-57 shows the location of the reclamations. 
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Two quarry sites were identified from a possible twelve that were being considered through an 

extensive selection process undertaken in the early 1950’s. The selection of such sites was based on 

the ability to provide suitable quality and quantity of large rocks, along with economic and socially 

acceptable haulage routes. The two sites chosen were Quarry Point and Gollans Valley which are 

described below.  

 

Figure 4-3: Reclamations at Lyttelton Port. Adapted from Google Inc. (2012) 

4.2.3 Chosen Wharf 

The Cashin Quay (CQ) wharves comprise of 5 different wharf configurations constructed over a 

period of 40 years in the outer harbour at Lyttelton Port and designed to facilitate the bulk of trade 

occurring at the port. All the wharves where constructed parallel to the reclamation edge. The first 

wharf (CQ1) was completed in 1964 followed by CQ2 in 1967 and a transition wharf (CQ2/3) in 1968. 

The next phase of the development involved the construction of concrete pile supported wharves 

with CQ3 being completed in 1975 and CQ4 in 1992. Prior to and throughout the earthquake 

sequence the CQ wharves have been the primary wharves used in the loading and unloading of 

ships. Future development plans are aimed at reclaiming more land further east of the CQ 

reclamation on which the newest wharves will be constructed. The configuration of CQ3 is 

summarised in Table 4 1 and the drawing of a typical cross-section is shown in Figure 4 4. 
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Table 4-1: Configuration of CQ3 

Construction Date This structure was constructed in 1975 

Length 232 metres 

Width 22 metres approximately 

No. of Bents 76 

Piles Tubular steel 

Caps Pre-stressed precast concrete 

Deck Pre-stressed concrete deck units, with cast in-situ concrete 

structural topping, with light pre-stress transversely 

Bollards  Steel bollards bolted to caps 

Fendering Fender system consisting of upper and lower rubber fenders 

mounted to concrete panels spanning between capping beams. 

Loads carried back through to retaining wall via capping beam 

Berthing resistance From fender or bollards, through capping beams to steel rod tie-

backs to anchors behind the reinforced concrete retaining wall 

 

 

Figure 4-4: CQ3 wharf cross-section 

4.3 Earthquake Sequence 

Lyttelton Port was affected by 3 major seismic events, shown in Figure 4-5, and 6 aftershocks 

spanning a period of several months. The first event was an M7.1 earthquake occurring at a distance 
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of 45 km from the port and a depth of 11 km on the 4thx September, 2010. This was followed by an 

M6.3 earthquake occurring at a distance of 4 km from the port and a depth of 5 km on the 22nd 

February, 2011. The third event was an M6.4 earthquake occurring at a distance of 5 km from the 

port and a depth of 6 km on the 13th June, 2011.  

The aftershock events are outlined in Table 4-2. Two significant aftershocks occurred after the Sep 

04 event and four aftershocks occurred between the Feb 22 event and the Jun 13 event. Two of these 

aftershocks occurred within 2 hours of the initial Feb 22 event. Two more significant aftershocks 

occurred in Dec 23 within 2 hours of each other.  

Table 4-2: Major seismic events and significant aftershocks recorded at LPCC station 

Event Date Time Magnitude Depth Distance 

Sep 04 04-09-2010 01:35:41 7.1 11 45 

Sep 08 08-09-2010 07:49:57 4.7 7 3 

Dec 26 26-12-2010 10:30:15 4.7 5 10 

Feb 22 22-02-2011 12:51:42 6.3 5 4 

Feb 22A 22-02-2011 13:05:00 5.5 6 6 

Feb 22B 22-02-2011 14:50:29 5.6 7 8 

Apr 16 16-04-2011 17:49:22 5 9 3 

Jun 13 A 13-06-2011 13:01:00 5.3 9 4 

Jun 13 13-06-2011 02:20:49 6 6 5 

Dec 23 23-12-2011 13:58:38 5.8 10 15 

Dec 23A 23-12-2011 15:18:03 5.9 7 10 

 

 

Figure 4-5: Map showing location and magnitudes of the 3 seismic events which impacted Lyttelton Port 

Strong motion recording equipment had previously been installed at the Lyttelton Port Company 

(LPC) site as part of the GeoNet network of seismographs. The location of the LPCC recording 

M7.1, Sep 04

M6.3, Feb 22

M6.4, Jun 13

Lyttelton Port
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station at the port is shown in Figure 4-6. The seismograph is situated on underlying rock and classed 

as a Class B soil class in the NZS1170 classification. It can be seen from the figure that the recording 

station is in close proximity to the Cashin Quay wharves indicating that the accelerograms recorded 

in this station are ideal for time-history analysis on models of these wharves.  

 

Figure 4-6: Location of the LPCC recording station in relation to the Cashin Quay Wharves 

4.3.1 4th of September 2010 

The Darfield earthquake sequence commenced at 2010 September 4, 04:35 local time (NZST; 

September 3, 16:35 UTC). Aftershocks up until 2010 Nov 28 included 135 greater than M 4, of which 

13 were greater than M 5. Figure 4-7 shows the accelerograms recorded at LPCC at the time of the 

earthquake for the two orthogonal horizontal and one vertical direction. It can be seen that the 

ground shaking occurred over a period of approximately 15 seconds reaching a PGA of 0.338g in 

the horizontal direction and a PGA of 0.157g in the vertical direction. Figure 4-8 shows the results of 

a response spectral analysis conducted on the recorded motions. The results indicate the greatest 

accelerations were experienced by structures with natural periods ranging from 0.04s to 0.23s. 

4.3.2 22nd February 2011 

On 22 February 2011 at 12:51pm local time, the Canterbury region was affected by another 

earthquake with a moment magnitude of 6.3. Due to its proximity to both Lyttelton and 

Christchurch, this earthquake produced greater ground accelerations and caused unparalleled 

levels of damage in comparison to the preceding 4th September 2010 earthquake. Figure 4-9 shows 

the accelerograms recorded at LPCC at the time of the earthquake for the two orthogonal horizontal 

LPCC Recording 
Station
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and one vertical direction. It can be seen that the ground shaking occurred over a period of 

approximately 7 seconds reaching a PGA of 0.881g (230% increase on the September 04 event) in the 

horizontal direction and a PGA of 0.411g in the vertical direction. Figure 4-10 shows the results of a 

response spectral analysis conducted on the recorded motions. The results indicate the greatest 

accelerations were experienced by structures with natural periods ranging from 0.042s to 0.25s. 

 

 

Figure 4-7: Acceleration time-history at the LPCC recording station for the Sep 04 event 
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Figure 4-8: Response spectra analysis for the three accelerograms recorded at LPCC for the Sep 04 event 

 

Figure 4-9: Acceleration time-history at the LPCC recording station for the Feb 22 event 
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Figure 4-10: Response spectra analysis for the three accelerograms recorded at LPCC for the Feb 22 event 

4.3.3 13th June 2011 

After an on-going series of aftershocks succeeding the February 22nd even, another significant event 

occurred on 13 June 2011 at 2:20pm local time. The earthquake struck at a depth of 7 km and a 

distance of 10 km east of Christchurch City and 5 km north east of the port. Due to its proximity to 

Lyttelton and low depth, this earthquake also produced significant ground accelerations and 

noticeable levels of damage at the port. Figure 4-11 shows the accelerograms recorded at LPCC at 

the time of the earthquake for the two orthogonal horizontal and one vertical direction. It can be 

seen that the ground shaking occurred over a period of approximately 8 seconds reaching a PGA of 

0.589g in the horizontal direction and a PGA of 0.224g in the vertical direction. Figure 4-12 shows 

the results of a response spectral analysis conducted on the recorded motions. The results indicate 

the greatest accelerations were experienced by structures with natural periods ranging from 0.048s 

to 0.17s. 
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Figure 4-11: Acceleration time-history at the LPCC recording station for the Jun 13 event 

 

Figure 4-12: Response spectra analysis for the three accelerograms recorded at LPCC for the Jun 13 event 
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4.3.4 Other Significant Events 

The following earthquakes were chosen due to their proximity to the Lyttelton Port and their 

magnitude. All the aftershocks are within a 9 km radius from CQ3 and have a minimum magnitude, 

ML, of 4.9.   

Figure 4-13 shows the accelerogram recorded at LPCC along the horizontal component in line with 

the transverse dimension of CQ3. The integrated velocity and displacement time histories are also 

shown in the figure. The motion has a PGA of 1.3235 m/s2 and a PGV of 0.04061 m/s. 

 

Figure 4-13: Acceleration, velocity and displacement time history for the Sep 08 aftershock 

4.3.4.1 Dec 26 

Figure 4-14 shows the accelerogram recorded at LPCC and the integrated velocity and displacement 

time histories. The motion has a PGA of 0.1666 m/s2 and a PGV of 0.00715 m/s.  
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Figure 4-14: Acceleration, velocity and displacement time history for the Dec 26 aftershock 

4.3.4.2 Feb 22A 

Figure 4-15 shows the accelerogram recorded at LPCC and the integrated velocity and displacement 

time histories. The motion has a PGA of 4.9573 m/s2 and a PGV of 0.1359 m/s. 

4.3.4.3 Feb 22B 

Figure 4-16 shows the accelerogram recorded at LPCC and the integrated velocity and displacement 

time histories. The motion has a PGA of 5.645 m/s2 and a PGV of 0.1181 m/s. 
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Figure 4-15: Acceleration, velocity and displacement time history for the Feb 22A aftershock 

 

Figure 4-16: Acceleration, velocity and displacement time history for the Feb 22B aftershock 

4.3.4.4 Apr 16 

Figure 4-17 shows the accelerogram recorded at LPCC and the integrated velocity and displacement 

time histories. The motion has a PGA of 2.337 m/s2 and a PGV of 0.05523 m/s. 
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Figure 4-17: Acceleration, velocity and displacement time history for the Apr 16 aftershock 

4.3.4.5 Jun 13A 

Figure 4-18 shows the accelerogram recorded at LPCC and the integrated velocity and displacement 

time histories. The motion has a PGA of 1.0075 m/s2 and a PGV of 0.0384 m/s. 

4.3.4.6 Dec 23 

Figure 4-19 shows the accelerogram recorded at LPCC and the integrated velocity and displacement 

time histories. The motion has a PGA of 3.3387 m/s2 and a PGV of 0.1003 m/s. 

4.3.4.7 Dec 23A 

Figure 4-20 shows the accelerogram recorded at LPCC and the integrated velocity and displacement 

time histories. The motion has a PGA of 4.44645 m/s2 and a PGV of 0.19199 m/s. 
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Figure 4-18: Acceleration, velocity and displacement time history for the Jun 13A aftershock 

 

Figure 4-19: Acceleration, velocity and displacement time history for the Dec 23 aftershock 
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Figure 4-20: Acceleration, velocity and displacement time history for the Dec 23A aftershock 

4.3.5 Earthquake Sequence 

The acceleration time history recorded at LPCC for the significant seismic events spanning from the 

4th of September 2010 till the 23rd of December 2011 is plotted in Figure 4-21. Similar plots for the 

velocity and displacement time histories are shown in Figure 4-22 and Figure 4-23.  

 

Figure 4-21: Acceleration time history of all the significant seismic events recorded at LPCC 
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Figure 4-22: Velocity time history of all the significant seismic events recorded at LPCC 

 

Figure 4-23: Displacement time history of all the significant seismic events recorded at LPCC 

4.4 Seismic Hazard Characterisation 

Probabilistic seismic hazard analyses (PSHA) were conducted on the Lyttelton Port site three times 

by GNS Science, one prior to the sequence of earthquakes and two after the earthquakes, in 

September 2011 and February 2013. The two post-earthquake PSHA included the latest additions to 

the New Zealand Seismic Hazard Model as a result of the faults identified after the sequence of 

earthquakes. The most up-to-date elastic response spectra are shown in Figure 4-24 for a return 

period of 72 years (50% probability of exceedance in 50 years) and 475 years (10% probability of 

exceedance in 50 years). 
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a) Most up-to-date b) Earlier design spectra 

Figure 4-24: Elastic response spectra for Lyttelton port for the 475 yr return period 

Deaggregation of the seismic hazard indicates that the overriding contribution to the Lyttelton Port 

seismic hazard was from distributed background seismicity over the range of short periods. Further 

deaggregation by magnitude and distance indicates that the greatest contribution comes from 

earthquakes within 20 km of the site. At these short periods the largest contribution from active 

faults comes from the Ashley fault, Pegasus fault and Porters Pass to Grey fault, but their 

contributions were minor. For periods exceeding 1 second the Alpine Fault provides a significant 

contribution to the hazard. 

In comparing the response spectra of the three earthquake events with the most up-to-date design 

spectra (see Figure 4-25), it can be seen that the Sep 04 event (Figure 4-25a) slightly exceeded the 

72 year design spectra. This was consistent with the lower level of damage recorded after the event 

and the fact that the port was operationally immediately after the event. The response spectra from 

the 22 Feb event (Figure 4-25b) shows the horizontal motion exceeded the 475 year design spectra 

significantly especially over the short period range. This was again reflected in the level of damage 

noted at the closure of the port for several days to complete emergency repairs. The Jun 13 event 

(Figure 4-25c) can be classed as a 475 year return period event, especially for structures in the short 

period range.  
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a) Sep 04 motion b) Feb 22 motion 

 
c) Jun 13 motion 

Figure 4-25: Comparison of response spectra for the horizontal motion for each earthquake with the most 

up-to-date design spectra 

4.5 Wharf Damage Report 

Inspections of port infrastructure was regularly performed LPC staff and engineers following 

significant seismic activity to ensure the structural capacity of the wharves was not compromised. 

These inspections provide a detailed record of damage caused by each of the major seismic events. 

The following sections provide an overview of damage record at CQ3 wharf and the surrounding 

area.  

4.5.1 End of September Events 

The damage in CQ3 was primarily located in the region surrounding the seawall at the interface 

between the wharf and the reclamation. Diagonal cracking was widely observed in the bottom and 

top corners of the capping beams adjacent to the seawall. Similar diagonal cracking was observed in 

the capping beam at the connection to the seawall. Cracking was also observed in the deck soffit 
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above the capping beam and all along its length. The seawall was constructed from two pieces 

placed on top of each other, and as the bottom piece settled, the joint between the two pieces opened 

up and in some instances fill was lost through this opening. Cracking was also observed in the 

seawall. Damage was suspected in the pile-deck hinges but inspection was not possible due a cover 

placed around the hinge. Dislocations were noted at the location of pile bearing on the deck. 

Cracking was also suspected in the deck units but due to the asphaltic concrete surfacing it was not 

possible to determine the presence of cracks with a visual inspection.  

4.5.2 End of February Events 

The Feb 22 event produced more of the same damage observed at the Sep 04 event however at a 

greater intensity. After observing the damage caused by the earthquake the level of service on the 

wharf was downgraded to Class 1 traffic. The crane already located on CQ3 at the time of the 

earthquake was restricted from moving along the wharf and two other container cranes what where 

located on CQ4 at the time of the earthquake where limited to only 30 m of CQ3. The typical damage 

observed consisted of further settlement of the seawall. This induced more cracking and concrete 

loss in the capping beams adjacent to the seawall and the back beam units at the connection with the 

capping beams. Inspection of the pile-capping beam connections indicated all the piles had 

dislodged from the capping beams. At deck level, horizontal and vertical displacement of pavement 

behind concrete retaining wall was observed.  

4.5.3 Summary of Recorded Displacements 

A survey was conducted after each of the major earthquake events to record the displacement of 

markers placed along the length of the CQ wharves. The displacements recorded in the vicinity of 

CQ3 were approximately 87 mm after the Sep 04 event and 140 mm after the Feb 22 event and the 

series of immediate aftershocks. Unfortunately, there was no record for displacements at the same 

marker after the Jun 13 event because the marker had been removed by then due to ongoing repairs. 

Displacements recorded in the adjoining wharves can provide an indication of the scale of 

displacements experienced at CQ3 however due to the difference in structural configurations an 

accurate determination cannot be made. No records are available for the displacements experienced 

after the Dec 23 aftershocks. 
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4.6 Review of Wharf Modelling Literature 

Understanding the seismic response of the CQ3 wharf requires the development of a numerical 

model to represent structural and geotechnical characteristics of the wharf. In the following sections 

a review of the literature on modelling wharves was presented and grouped according to the 

following sections: 

 Modelling of piles 

 Modelling of deck and pile-deck connections 

 Modelling of retaining walls 

 Modelling of wharf system 

Within each section the simple linear static procedures were reviewed first followed by the more 

complex nonlinear and dynamic techniques.  

4.6.1 Modelling of Piles 

The seismic response of piles to strong earthquake shaking is controlled by the inertial interaction 

between superstructure and piles, kinematic interaction between soil and piles and the non-linear 

behaviour of soils. At many wharf sites, high seismic induced pore-water pressures or liquefaction 

add to the complexity. The following sections provide an overview of the techniques developed to 

model the response of piles.   

4.6.1.1 Simplified Analysis 

A commonly used simplified analysis technique was the use of a Winkler foundation to represent 

the response of a pile embedded in soil. In this technique the system was idealised as a pile resisted 

by several independent springs as shown in Figure 4-26. The springs are assumed to be linear, elastic 

and at discrete locations (Wotherspoon, 2009).  
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Figure 4-26: Idealisation of pile-soil system (Wotherspoon, 2009) 

Another simplified analysis technique used to model a laterally loaded pile was the representation 

of the soil as an elastic continuum such that a force at a point was transferred to the surrounding 

area, decreasing in effect with distance. This technique assumes both the soil and the pile have elastic 

properties and flexibility coefficients developed from parametric studies are used to determine pile 

head displacements and rotations (Randolph, 1981).   

4.6.1.2 Nonlinear Analysis 

Developing a non-linear relationship between the load in the soil springs and the displacement 

allows for a more realistic representation of the force displacement relationship. This type of pile 

model was called the Beam on Nonlinear Winkler Foundation (BNWF). The BNWF method 

incorporates vertically distributed lateral load-deflection (p-y) springs placed transversely to the 

longitudinal length of the pile. A typical p-y relationship for spring is shown in Figure 4-27 

(Wotherspoon, 2009). 



116 

 

 

Figure 4-27: Typical p-y curve (Wotherspoon, 2009) 

The basic concepts for deriving p-y curves evolved from the experience gained from large-scale field 

tests performed in connection with the behaviour of foundations in offshore structures (Reese & 

Welch, 1975; Matlock & Reese, Generalized solutions for laterally loaded piles, 1961). Methods were 

then developed for obtaining p-y curves by relating the results of triaxial tests performed on 

representative soil samples to the behaviour of piles subjected to static lateral loads (Bea & Audibert, 

1980). Several procedures for designing laterally loaded piles under static and cyclic conditions have 

been developed based upon the use of these concepts and many manuals and regulations 

recommend their use (American Petroleum Institute, 1993). 

The p-y relationships developed to represent the resistance a single pile were not directly applicable 

to pile groups because the over-lapping displacement fields of piles in a group affect the individual 

pile stiffnesses. This shortcoming was remedied using p-multipliers to adjust the p-y curves of 

individual piles. Other improvements have been developed for p-y curves however there remains 

significant uncertainties associated with the development of p-y curves. Many of the field testing 

conducted to develop these curves has ignored factors such as sloping ground conditions, 

uncertainties in soil parameters, pile group effects and groundwater fluctuations. Furthermore, 

nonlinear analysis techniques omit major influencing factors such as kinematic interactions, 

degradation of soil strength and the effects of seismically induce water pressures (Arulmoli et al., 

2008).  

4.6.1.3 Finite Element Modelling  

A comprehensive method for analysing pile response was the use of finite element methods that 

overcome many of the limitations of simplified and nonlinear analysis techniques in modelling the 
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response of piles. Both two and three dimensional finite element models have been used in the 

representation of piles subjected to seismic loads. 

Commercial and research based finite element modelling software were widely available. These 

tools incorporate basic and advanced material and element models used to define structural details. 

Several tools integrate structural and geotechnical modelling thus allowing for developing complete 

numerical models that capture the interaction between the soil and structure.    

4.6.2 Modelling of Decks and Pile-deck connections 

Decks and pile-deck connections were the basic structural elements that form the main visible 

section of a wharf. The following sections briefly describe the methods used in modelling these 

elements. 

4.6.2.1 Decks 

Concrete decks, placed on top of piles form the surface that carries the live loads through to the 

foundations and have a large area in comparison to their depth. In simplified analysis procedures 

or in cases were the deck was very stiff in comparison to the rest of the structure, decks were 

assumed to be rigid. However in finite element models, decks can be modelled as beam/column 

elements or plate elements depending on whether the analysis was 2D or 3D, respectively. In 

developing a 2D model of a typical pile-supported wharf located in the west coast of US, Na et al. 

(2009) used cracked beam elements to model the deck. In most cases the distributed mass of the 

structure was concentrated at the deck location, thus ignoring the torsional modes that can develop 

in irregular structures.   

In contrast, Donahue et al. (2005) used thick plate elements to model the deck of Berth 24/25 at the 

Port of Oakland. In plate elements the thickness was much smaller than its length and effectively 

resists the applied loads by the combination of membrane and bending stiffness.  

4.6.2.2 Pile-deck Connections 

The seismic performance of pile-deck connections was not well understood with only a few studies 

investigating the performance of these connections.  

Pile-deck connections were usually modelled as rigid connections to minimise model complexity 

with a resulting reduction in accuracy. However, in more detailed analyses a hysteresis model was 
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used to model a fully restrained connection. Multiple hysteresis models have been developed to 

represent various characteristics of reinforced concrete members but the most commonly used 

model for representing pile-deck connections was a bi-linear hysteretic model with an associated bi-

linear strain hardening ratio and an ultimate resistance estimate (Roeder et al., 2007).  

Several full-scale tests have been conducted to understand the seismic response of pile-deck 

connections and determine their ductility. Sritharan and Priestley (1998) tested a new pile-deck 

connection for the Port of Los Angeles by subjecting it to simulated seismic loading. Figure 4-28 

shows the measured load-deflection history of the connection. 

 

Figure 4-28: Load-deflection history of connection (Sritharan & Priestley, 1998) 

Another large scale study was conducted by Roeder et al. (2007) on the seismic performance of pile-

deck connections in the US. In this comprehensive study, the types of piles and pile connections 

used in past seismic design of wharf construction were reviewed and an experimental study of the 

seismic performance of eight of these typical connections was conducted. The connections were 

tested under cyclic inelastic loading.  

4.6.3 Modelling of Retaining Walls 

A common feature in many ports was the quay walls used to restrain backfill soils and carry vertical 

loads.  The resistance in quay walls can either be provided through gravity or anchorage (sheet-pile), 

resulting in different analysis procedures. Seismic analysis of these walls was commonly done using 

the limit equilibrium method, p-y method or the finite element method. 

In the limit equilibrium method, the stability of a gravity quay walls was evaluated with respect to 

sliding, overturning, and loss of bearing capacity. This procedure was well understood and 
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implemented in many design standards around the world. Similarly, sheet-pile walls can be 

analysed by balancing the driving and resisting forces acting on the pile. The passive earth pressure 

on the embedded portion were assumed to balance the active earth pressures and any applied 

surcharges and hydrostatic forces (Nozu et al., 2004).  

Sheet-pile walls can also be analysed using the p-y method, were the response of the passive side 

takes into account the nonlinearity of soils through p-y curves. The anchorage rod is converted to 

an elastic spring (Nozu et al., 2004). In contrast, Gravity quay walls behave almost rigidly during an 

earthquake and the source of nonlinearity in their response comes primarily from the inelastic 

behaviour of the surrounding soil and its interaction with the rigid wharf structure. Therefore, it is 

sufficient to model gravity quay-walls linearly if the nonlinear soil-structure interaction is captured 

properly (Shafieezadeh, 2011).  

The finite element method was also used in the modelling of complex abutment and retaining wall 

behaviour. This was especially so in large integrated models that incorporate structural and 

geotechnical aspects. The modelling conducted by Elgamal et. al. (2008) in capturing the response of 

the Humboldt Bridge was an example of this large scale finite element modelling of the abutment 

details. 

4.6.4 Modelling of Wharf System 

The most appropriate technique is dependent on required level of detail, accuracy, available 

information and the capability of the numerical tools. There common techniques used in modelling 

wharves in previous research are:  

 Simplified analysis 

 Combined modelling 

4.6.4.1 Simplified Analysis 

The methods in this category were those adopted in conventional seismic design codes and 

standards. In the most basic analysis of pile-supported wharves a single degree of freedom (SDF) 

system can be used to model the response of the wharf. This was due to the flexibility of pile-

supported wharves in the lateral direction and the concentration of the mass at the deck level. The 

dominant lateral mode of the wharf was used to calculate the natural frequency and damping ratio 

of the SDF system with the mass being equal to the mass of the deck in addition to a portion of the 



120 

 

live load. Using this effective mass and the natural frequency a value for effective stiffness in the 

lateral direction can be calculated. To model the non-linear behaviour of the model a ductility factor 

was introduced (PIANC, 2001).  

The simplified model of the wharf can then be used to calculate the response of the system using the 

response spectrum method. The shape of the spectrum can be found using either site response 

quantities provided in hazard maps or spectral analysis of empirical or simulated ground motions 

for the region under study. In addition to the simplification of the inertial response, this technique 

ignores the kinematic response of the system (Shafieezadeh, 2011; PIANC, 2001).  

Simplified analysis of gravity and sheet-pile quay walls requires the use of the conventional force-

balance approach. The walls are modelled as rigid blocks and the earthquake represented as peak 

ground acceleration. In case the site is susceptible to liquefy, the effect of liquefaction needs to be 

considered. Having the rigid model of the wharf, the driving inertial force, the resisting gravity load, 

and the soil pressure, the simplified analysis can estimate the limit of the threshold level, the limit 

of the elastic response and very approximate deformation response of the wharf (Shafieezadeh, 

2011). 

4.6.4.2 Nonlinear Pseudo-Dynamic Techniques 

A nonlinear pushover analysis was commonly used technique to capture the lateral response of 

wharf systems. In this analysis a monotonically increasing lateral force was applied at a location 

near the top of the model until a predetermined target displacement was reached. The location of 

the force was dependent on the fundamental mode shape. Consequently, for pile-supported 

wharves where the mass and consequently the induced seismic inertial force are concentrated in the 

deck, the lateral force was simply placed at the location of the deck. The nonlinear pushover analysis 

was an improvement on the simplified analysis which only accounts for nonlinear behaviour using 

the ductility factor. Figure 4-29 shows the idealised force-displacement curve that was an output of 

this analysis technique (Moghaddam & Hajirasouliha, 2006). 
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Figure 4-29: Idealised force-displacement curve (Moghaddam & Hajirasouliha, 2006) 

4.6.4.3 Nonlinear Dynamic Analysis 

The most accurate technique for analysis of the seismic response of wharves was the use of nonlinear 

dynamic analysis on finite element models. With these techniques it was possible to evaluate both 

failure modes and the extent of the displacement, stress, ductility and strain distribution throughout 

the structure considering the nonlinearity of the structural components and the surrounding soil 

and the dynamic effects such as soil-structure interaction. Using this technique was also possible to 

study the full dynamic characteristics of the structure such as identifying the influence of higher 

modes. A nonlinear dynamic analysis can be conducted using numerical simulation software that 

incorporates finite element or finite difference techniques. The earthquake loading can be 

represented by acceleration time-histories of the ground motion at the location of the wharf or the 

displacement time-histories of the ground accounting for the inertial and kinematic response of the 

wharf (Susumu, 2002). 

Most of the research in seismic performance evaluation of wharves implemented nonlinear dynamic 

analysis. Vahdani et al. (2007) developed a fully coupled, nonlinear finite difference model that 

includes soil-structure interaction to evaluate the seismic capacity of Berth 59 wharf at the Port of 

Oakland. Using the model the researchers were able to determine the locations of bending moments 

induced by the kinematic displacements and the resulting damage to concrete below the ground 

surface thus concluding that the structure will not develop a collapse mechanism during an event 

with a 2500 year return period.  

Na et al, (2008) developed a 2D numerical model of PC1 berth located in Port Island, Kobe to 

simulate seismic response of gravity-type quay wall.  An effective stress analysis which takes into 
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account the effects of seismically induced pore water pressures was used to investigate the degree 

and extent of liquefaction that can occur in the foundation and reclaimed soil during an earthquake. 

Donahue et al. (2005) studied the seismic performance of the wharf structure at Berth 24/25 of the 

Port of Oakland during the 1989 Loma Prieta earthquake. This study seismic analysis on the wharf 

structure using the ground motions from the Loma Prieta Earthquake, and then compared these 

analytical predictions to motions recorded at the structure during the earthquake. Reasonable 

agreement was observed between the recorded data and the predicted response of the wharf. 

However, because the level of shaking of the structure during the earthquake was small, the 

response of the soil and structure were essentially linear. Therefore, the structure was modelled by 

using the initial un-cracked stiffnesses of the piles and elastic-perfectly plastic spring models of the 

soils, in which effects of pore water pressure on the soil were considered. 

4.7 Wharf Numerical Model 

The CQ3 wharf was adopted as a case study to investigate the seismic response of typical New 

Zealand wharves. This wharf is an ideal selection because it is of high economic importance to LPC 

as one of two main container wharves. It is also one of the only two concrete pile supported 

structures, and the one that suffered the greatest damage, rendering it a more useful case study to 

this research study and to other ports in New Zealand.  

4.7.1 Two Dimensional Plain Strain Model 

The Open System for Earthquake Engineering Simulation (OpenSees) finite element platform was 

used for the development of a 2 dimensional combined slope and wharf representation of CQ3 

wharf. This open source platform has well developed structural and geotechnical modelling 

capabilities and is widely used by researchers (Mazzoni, et al., 2011). Pre and post-processing of data 

was conducted using GiD, a purpose built processor for numerical simulations and a variety of 

plotting software such as Matlab (The Mathworks Inc, 2015). 

Previous research conducted by Shafieezadeh (2011) indicated that the transverse response of a 

wharf model can be accurately captured using a 2D model. This conclusion was reached after 

comparison of the transverse response of a 3D and 2D model of the same wharf. The research 

indicated that the longitudinal nature of typical pile-supported wharves result in decoupling of the 

transverse, longitudinal and torsional response. The 2D model represents a slice of wharf and 
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surrounding soil extending in the longitudinal dimension (out-of-plane) as represented in 

Figure 4-30. 

 

Figure 4-30: 3D representation of the 2D frame to be modelled 

4.7.2 Soil Slope Component 

The soil surrounding the wharf extends infinitely and modelling it requires determining reasonable 

boundaries at which to terminate the model. This section outlines the geometry adopted in the CQ3 

model, the approach used in modelling the soil at the constitutive level and the boundary conditions 

enforced on the model to ensure consistency with actual conditions. 

4.7.2.1 Slope geometry 

 

Figure 4-31: Outline of CQ3 slope geometry 

The soil domain captured in the CQ3 model consists of surrounding soil spanning a length of 205 m 

to the north of the wharf, 374 m to the south of the wharf and 75 m below seabed level, as shown in 

Figure 4-31. The defining feature of the slope geometry is the sloping underground rock that spans 

from the ground level in the northern most end of the model through to approximately midway of 

the model at the deepest point. The properties of this layer differ significantly from the remainder 

of the soil layers. 

3D Wharf

2D Model
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Figure 4-32: Slope outline in the area surrounding the CQ3 wharf location 

The soil domain contains several horizontal spanning layers of small thicknesses underlain by a 

large and deep layer that also extends along the interface between the rock layer and the upper 

layers, as shown in Figure 4-32. The small layers are overlain by the reclaimed rockfill on the 

landward (north) side of the model and the weak marine layer on the seaward (south) side of the 

model.   

The CQ3 wharf spans a total of 22 m and a height at the maximum level of 15 m. The wharf piles are 

embedded through reclaimed soil and several of the underlying soil layers. The ground below the 

wharf slopes at approximately 34 degrees from the horizontal.   
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4.7.2.2 Soil Inputs 

 

Figure 4-33: Detailed view showing soil layering around area of interest 

The soil parameters were extracted from a seismic analysis report conducted by Opus Ltd for LPC 

after the Feb 22 earthquake (Barsanti, 2011). Table 4-3 has an outline of the key soil properties for 

each layer and the following sections expand on the methods used to generate the properties for 

some of the layers. 

Table 4-3: Soil properties for soil layers found below CQ3 

Layer Description Density  

(𝑘𝑔/𝑚3) 

Cohesion  

(𝑘𝑃𝑎) 

Friction Angle  

(𝑑𝑒𝑔) 

Small-strain Shear 

Modulus  

(𝑀𝑃𝑎) 

Fill Layer Rockfill 2100 5 42 85.6 

Layer 1 Silt 1500 35 0 60 

Layer 2 Sand 2100 1 40 252 

Layer 3 Silty Sand 1700 1 28 79 

Layer 4 Silt 1800 60 0 150 

Layer 5 Silty Sand 1900 1 35 127 

Layer 6 Sand 1900 1 24 156 

Layer 7 Silty Sand 1700 1 28 80 

Layer 8 Sand 1900 1 35 156 

Rock Layer Bedrock 2500 NA NA NA 

 

1

2
3

4

5
6
7

8



126 

 

Rockfill 

The soil parameters of the CQ reclamation was determined using back analysis of the technique 

used in constructing the reclamation. The CQ Reclamation was constructed using rock from nearby 

quarries and piled at the edge of the reclamation to induce deep seated slip circle failures, thus 

moving the reclamation further into sea. The analysis completed by McManus Geotech Ltd (2009) 

concluded that the reclamation can be characterised using a cohesion, 𝑐’ of 5 kN/m2 and an angle of 

friction, 𝜙 of 42°. A Multi-channel Analysis of Surface Waves (MASW) procedure was conducted 

on the reclamation to determine the small strain stiffness. These measurements indicated that the 

average shear wave velocity through the reclamation fill was approximately 200 m/s with an 

associated value for small strain shear stiffness, 𝐺𝑚𝑎𝑥 of 85.6 MPa. 

Silt-Clay 

The undrained shear strength and small strain stiffness of the silt-clay strata was determined by 

direct correlation with cone penetrometer test (CPT) data conducted in the vicinity of the CQ3. 

Undrained shear strength was calculated as: 

𝑠𝑢 =
𝑞𝑡 − 𝜎𝑣𝑜

𝑁𝑘
 (4-1) 

in which 𝑞𝑡 was the cone tip resistance corrected for pore water pressure effects and 𝑁𝑘 was the cone 

bearing factor, commonly taken to be 15. The undrained shear strength of the soft harbour silt-clay 

was found to increase linearly with depth, except for certain strata which appear to have become 

over-consolidated. 

The small strain stiffness was calculated as (Mayne & Rix, 1993): 

𝐺𝑚𝑎𝑥 = 406𝑞𝑐
0.695𝑒−1.130 (4-2) 

in which 𝑒 was the soil void ratio. This ratio was taken to equal 1, an average value from the results 

of soil consolidation testing of representative samples of the silt-clay soil. 

Sand 

CQ3 is underlain by a several sand layers of varying strength, the properties of which were derived from 

correlation with CPT and SPT data. The strengths used are summarised in  

Table 4-4. 
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Table 4-4: Strength properties of various sands underlying CQ3 

Description 𝑞𝑐 (𝑀𝑃𝑎)  𝑐′(𝑘𝑃𝑎)  𝜙′ (𝑑𝑒𝑔𝑟𝑒𝑒𝑠)  

Average sand 7.5 - 20 1 35 

Weak sand < 5 1 28 

Strong sand > 30 1 40 

 

The dynamic small strain stiffness, 𝐺𝑚𝑎𝑥 was determined from averaging the correlations developed 

by Imai & Tonouchi (1982) and Rix & Stokoe (1991) using 𝑞𝑡 from the CPT data. If only SPT data was 

available, then only the Imai & Tonouchi (1982) equation was used. 𝐺𝑚𝑎𝑥 was calculated as: 

𝐺𝑚𝑎𝑥 = 325𝑁60
0.68     (𝑘𝑖𝑝𝑠 𝑓𝑡2)⁄  Imai & Tonouchi (1982)              (4-3) 

1 𝑘𝑖𝑝 𝑓𝑡2⁄ = 47.88 𝑘𝑃𝑎, 𝑁60 = 0.8𝑁,         𝑁 = 2.5𝑞𝑡   

𝑡ℎ𝑒𝑟𝑒𝑓𝑜𝑟𝑒, 𝐺𝑚𝑎𝑥 = 47.88 × 325(0.8 × 2.5𝑞𝑡)
0.68   

𝐺𝑚𝑎𝑥 = 1634𝑞𝑐
0.25�̅�𝑣

0.375    (𝑘𝑃𝑎) Rix & Stokoe (1991)              (4-4) 

4.7.2.3 Soil Constitutive Model 

CPT and SPT based liquefaction triggering assessments have shown that sand or silty sand layers at 

Lyttelton Port were unlikely to liquefy in a seismic event (Barsanti, 2011). Accordingly pressure 

insensitive soil constitutive models were used to capture the response of the soil materials and 

liquefaction was not modelled. There was the potential that some of the deeper layers could have 

liquefied but these layers were outside the vicinity of the wharf structure. The impact of these deeper 

layers on the zone of interest was expected to be minimal.   

The PressureIndependMultiYield material model implemented in OpenSees was used for all the soil 

layers. This model was an elastic-plastic material in which plasticity exhibits only in the deviatoric 

stress-strain response. The volumetric stress-strain response was linear-elastic and was independent 

of the deviatoric response. This material was implemented to simulate cyclic response of materials 

whose shear behaviour was insensitive to the confinement change. Plasticity was formulated based 

on the multi-surface (nested surfaces) concept and the Drucker-Prager yield criterion model was 

used to determine plastic yielding and material failure (Elgamal, et al., 2008).  



128 

 

4.7.2.4 Soil Elements 

The soil domain was modelled using quad elements built into OpenSees. The SSPquad is a four node 

two degrees of freedom element which uses a bilinear isoparameteric formulation. The element 

allows for the definition of an element thickness and constant body forces used to simulate gravity 

forces. This element uses a physically stabilised single-point integration in contrast to a typical quad 

element which uses four integration points. The stabilisation incorporates an assumed strain field in 

which the volumetric dilation and the shear strain associated with the hourglass modes are zero, 

resulting in an element which is free from volumetric and shear locking. The elimination of shear 

locking results in greater coarse mesh accuracy and faster analysis times (McGann, et al., 2012). 

4.7.2.5 Boundary Conditions 

The nodes at the base of the numerical model were fixed against vertical translation and were 

allowed to freely move in the horizontal direction. However, all the base nodes were slaved in the 

horizontal degree of freedom to the node at which the ground motion was being applied to the base 

of the model. This was necessary due to the technique used to model the underlying elastic half-

space. 

Free-field conditions at the horizontal boundaries of numerical model were achieved using soil 

columns with the same properties as the adjacent soil but with significantly greater thickness. Free-

field conditions are necessary in numerical models of soil domains because the model only 

represents a small section of a presumably infinite soil domain. These soil columns were placed at a 

great distance from the critical region around the slope and wharf location.  This was done to ensure 

that these critical regions were not affected by the horizontal boundaries. Furthermore, periodic 

boundary conditions were enforced by setting displacement equal degrees of freedom between 

either sides of each soil column. At the application of the ground motion to the model the response 

of these soil columns was the free-field response.  

4.7.3 Structural Component 

The structural component consists of the deck, piles below the deck, the abutment at the interface 

between the deck and the surrounding pavement and the tie-back used for resisting the lateral loads 

applied to the wharf. The overall wharf cross-section is shown in Figure 4-4 and the structural details 

of each component are shown in Table 4-5. The modelling of each component is outlined in the 

sections below. 
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Table 4-5: Components of the CQ3 wharf 

Component Details 

Deck Precast slabs resting on capping beams 

Piles Concrete filled steel tubes 

Pile-Deck Connection Steel hinge 

Tie-back 25 mm diameter steel rod anchored to a concrete 

deadman 

Retaining Wall Vertical wall resting on an L-shaped wall 

embedded in the backfill 

 

4.7.3.1 Deck 

The deck consists of cast in-situ concrete slab supported on precast capping beams. Wharf decks are 

typically designed to be relatively stiff, minimising deflections under serviceability loads. The deck’s 

high relative stiffness ensures it remains elastic throughout a seismic event. The deck in CQ3 was 

modelled using linear elastic beam-column elements defined using elastic properties such as 

modulus of elasticity, moment of inertia and cross-sectional area.  

4.7.3.2 Pile 

The piles were modelled using displacement-based distributed plasticity beam-column elements, 

implemented in OpenSees using the dispBeamColumn element. Implementation of the 

dispBeamColumn element requires defining the force-deformation relationship of the element’s 

section and the number of integration points along the element. Three integration points were used 

in this model as shown in Figure 4-34. Integrating along the element between points was based on 

the Guass-Lobatto Quadrature Rule.  
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Figure 4-34: Nonlinear beam-column element for modelling piles 

Pile Section Properties 

The three most landward piles have the same cross-section with a diameter of 460 mm and the fourth 

pile has a diameter of 610 mm. The thickness of the steel tube in both cases was 9 mm.  

The pile cross-section was defined using a fiber section consisting of 2 discretised sub-regions. The 

outer region consists of the steel tube and the inner region consists of the confined concrete. The 

number of subdivisions chosen for the inner and outer sub-regions are outlined in Table 4-6 and 

shown in Figure 4-35. 

Table 4-6: Pile cross-section discretisation 

Component Divisions in 

circumferential direction 

Divisions in 

radial direction 

Inner Concrete Core 30 20 

Outer Steel Tube 30 2 

 

Integration 
Point 1

IP 3

IP 5
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Figure 4-35: Pile cross-section 

The stress-strain relationship of the confined core concrete was modelled using the concrete02 

material model in OpenSees. In this model, the monotonic envelope form in the modified Kent-Park 

model (Park, et al., 1982) was enhanced to incorporate the cyclic loading effects. The compressive 

portion of the relationship was adopted from the model proposed by Kent & Park (1971) which 

consists of a parabolic curve up to the concrete compressive strength followed by a downward 

sloping line to the concrete crushing strength. Piecewise linear unloading stress-strain characteristics 

in the model were adopted from the model proposed by Karsan & Jirsan (1969).  

The material model steel02 was used to model the outer steel tube. This material model was based 

on the Giuffre-Menegotto-Pinto steel model (Menegotto & Pinto, 1973) with associated isotropic 

strain hardening. The material properties used to define the concrete and steel model are outlined 

in Table 4-7. The key material parameters were extracted from wharf drawings supplied by LPC. 

Table 4-7: Material properties used in modelling of the CQ3 wharf 

Property  

Concrete maximum compressive strength, 𝑓𝑐
′ 38 𝑀𝑃𝑎 

Concrete stiffness, 𝐸𝑐 3320 + √𝑓𝑐
′ + 6900 

Concrete strain at maximum strength, 𝜀𝑐 -0.003 

Concrete crushing strength, 𝑓𝑐𝑢  0.5𝑓𝑐
′ 

Concrete strain at crushing strength -0.008 

Concrete tensile strength 0.1𝑓𝑐
′ 

Concrete tensile stiffness 0.1𝐸𝑐 

Steel yield strength 300 𝑀𝑃𝑎 

Steel stiffness 200 𝐺𝑃𝑎 

Steel strain hardening ratio 0.01 
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4.7.3.3 Pile-Deck Connection 

The piles are connected to the deck precast units using a capping beams that span between piles 

horizontally. The capping beam consists of interconnected sections as seen in Figure 4-36. These 

capping beams are set on bearing pads which in turn connected to the top of the piles using a hinge 

pin configuration.  This pile-deck connection allows for rotation at the top of the pile in relation to 

the deck and thus is not a moment resisting joint. The connection allows for the transfer of shear and 

axial forces. 

The connection was modelled by connecting the last element in the pile to a free node at the same 

location as the deck node. This free node was then connected to the deck node using an equalDOF 

constraint in OpenSees. This constraint allows for defining an equal degrees of freedom between a 

slave node and a master node. In the CQ3 model the free node connected to the pile node was set as 

the master node and the deck node was constrained to have the same motion in the translational 

degrees of freedom (vertical and horizontal).  

 

Figure 4-36: Capping beam configuration in the CQ3 wharf 

4.7.3.4 Tie-back 

The essential lateral resistance mechanism for the CQ3 wharf is the tie-back rods connected in line 

with the lateral dimension of the wharf at equally spaced intervals throughout the longitudinal 

dimension. The tie-backs do not align directly with each of row of piles. The tie-back mechanism, 

shown in Figure 4-37, consists of a tie-back rod that transfers the lateral inertial loads caused by the 

motion of the heavy deck units to a concrete block anchored in the soil, commonly referred to as a 

deadman anchor. The concrete block is placed at a significant distance from the wharf to ensure 

enough passive forces are developed in the soil surrounding soil without impacting the soil 

surrounding the main part of the wharf. The tensile lateral loads (pulling deck away from land) are 
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transferred through the tie-rod and compressive lateral loads are transferred through the abutment 

detail.  

 

Figure 4-37: Tie-back detail 

The 25mm tie-back rod was modelled using a truss element with an associated steel01 material model 

in-built in OpenSees. The steel01 material model is a uniaxial bilinear steel defined by a yield 

strength, initial elastic modulus and a strain-hardening ratio (ratio between post-yield modulus and 

initial elastic modulus). The tie-back properties are outlined in Table 4-8 and a schematic of the tie-

back mechanism model is shown in Figure 4-38. 

The tie-back steel rod was connected to 3 soil nodes using zerolength elements at the interface. The 

three nodes in the soil domain represent the concrete block which was assumed to remain linear 

throughout the seismic analysis. The zerolength elements connecting the tie-back rod to the soil were 

used to represent the passive resistance of the soil based on the depth and dimensions of the concrete 

block. Considering the tie-back rod only transfers tensile lateral loads, it was assumed that passive 

resistance forces were active only when the wharf moves away from land.  
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Figure 4-38: Schematic of the tie-back mechanism 

The tie-back steel rod was also connected to a zerolength element at the interface with the deck. The 

zerolength element was associated with an elastic-perfectly plastic material model which defines the 

stress-strain relationship represented in Figure 4-39a. The material was defined such that in the 

tensile range the model has a very high stiffness thus transferring the loads directly to the tie-back 

rod and when compressive forces are applied the material yields at a very small strain and thus no 

longer transfers any compressive forces onto the rod. 

  
a) Elastic-perfectly plastic b) Elastic no-tension 

Figure 4-39: OpenSees material models 

Table 4-8: Tie-back rod properties 

Property Value 

Yield Strength 300 MPa 

Initial Elastic Modulus 200 GPa 

Strain-hardening Ratio 0.01 

 

4.7.3.5 Abutment 

The wharf abutment, shown in Figure 4-40 consists of an L-shaped retaining wall that spans along 

the longitudinal dimension of the wharf. Resting on top of this L-shaped wall is a vertical retaining 

Elastic-Perfectly Plastic

Steel01

Elastic-Perfectly Plastic
Vertical 

Wall
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wall that is connected to the capping beams and the deck units. From this configuration it appears 

that the L-shaped wall only provides some retaining support to the rockfill behind the wharf and 

does not provide any structural support to the wharf.  

 

Figure 4-40: Abutment detail 

The vertical retaining wall is connected to the tie-back rod using an interface element as explained 

in the previous section and also connected to the surrounding soil with no gapping allowed. In the 

field, gapping was observed however this gapping does not noticeably affect the lateral resistance 

response of the wharf when motion is away from land. When the wharf moves towards the slope, 

the vertical wall transfers the compressive forces into the surrounding soil.  

The deck is connected to the vertical retaining wall through the capping beams which are integral 

to the wall. The response of the connection between the beams and wall is complex and there is no 

OpenSees component that directly captures it. Under tensile stresses it was assumed that reinforcing 

in the capping beam transferred the loads between the deck and the retaining wall. In contrast the 

compressive stresses were transferred through bearing on the vertical wall. 

In the CQ3 model, shown in Figure 4-41, a zeroLengthSection element was used to represent the 

capping beam and connect the deck element to the wall element. Unfortunately there was no 

information that indicated the section properties of the capping beams and a typical reinforced cross-

section was assumed. The section properties of this element were modelled using a fiber section with 

a depth of 600 mm and width of 400 mm. The reinforcing was assumed to have a diameter of 36 mm 

and cover of 50 mm. Two layers of reinforcement were placed at the top and bottom of the section.  
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The zeroLengthSection element allows for tensile and compressive strains however in the CQ3 model 

the capping beams cannot physically displace past the vertical wall. Accordingly this element was 

coupled with a zeroLength element that provided an alternative pathway for compressive forces 

directly onto the retaining wall. The zeroLength element was associated with an elastic-no tension 

material model (see the stress-strain relationship in Figure 4-39b). In compression the high stiffness 

of this element attracts all the compressive forces and transfers them directly to the wall and in 

tension this element yields immediately and all the tensile forces are transferred through the 

zeroLengthSection. 

 

Figure 4-41: Schematic of the abutment configuration 

4.7.3.6 Mass 

In a wharf structure the main source of mass comes from the deck and piles. In the CQ3 model the 

mass was modelled using the lumped mass approach in which the distributed mass was 

concentrated and applied at defined nodal points. All the mass in a tributary area of wharf deck was 

lumped at the top node of the pile associated with that area. The tributary area spans between 

midpoints either side of the pile in the translational and longitudinal direction. The mass along the 

pile was lumped at pile nodes with the tributary length spanning the midpoints between pile nodes. 

Figure 4-42 shows a schematic of lumped mass approach.    

Zerolength 
Section

Elastic No-Tension

Elastic-Perfectly Plastic

Tie-rod

Deck
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Figure 4-42: Schematic showing the lumped mass approach 

4.7.4 Combined Model 

Capturing the overall response of the CQ3 wharf was dependent on accurately modelling the 

interaction between the soil domain and structural model. A wharf system experiences both inertial 

loading from the movement of the deck slab, similar to a single degree of freedom system, and 

kinematic loading due to movement of the surrounding soil. The presence of piles within a slope 

alters the free-field motion of the ground and the flexibility of the surrounding soil alters the inertial 

loads applied to the structure. Accurate modelling of the tie-back mechanism was also crucial to 

capturing the actual response of the CQ3 wharf. The independent modelling of the structure and 

soil embankment would not have captured the realistic response of this crucial component and this 

complex interaction was only possible using a combined model.  

4.7.4.1 Meshing of Combined Model 

Meshing of the soil domain and the structural components was achieved using tools provided in 

GiD that allowed for specific mesh sizes at different locations in the model. The piles were 

discretised into set lengths of 0.5 m. Consequently mesh sizes of the surrounding soil were also set 

at 0.5 m to ensure interface elements are aligned between pile nodes and soil nodes. This smaller 

Node

Deck Tributary 
Area

Pile Tributary 
Length

Element

Mass ModelExploded Pile
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mesh size for the soil domain was maintained throughout the zone surrounding the piles, abutment 

and tie-back as shown in Figure 4-43. This zone was expected to experience the greatest 

displacements and has the greatest impact on the seismic response of the wharf. There was no need 

to discretise the tie-back rod because it was connected between two points only. 

 

Figure 4-43: Detailed view of smaller mesh size surrounding area of interest 

 

Further away from zone of influence the mesh size was set at 2 m thus decreasing the overall number 

of nodes and elements in the model to allow for faster runtimes. The soil columns at the horizontal 

boundary of the model were set at a width of 1 element and a depth equal to the adjacent soil 

elements. There was no need for meshing the soil columns along their width because both sides were 

constrained to move in unison, as is required for enforcing a periodic boundary condition. 

Figure 4-44 shows the overall mesh of the CQ3 numerical model. 

 

Figure 4-44: Generated mesh of the soil domain and attached structures 
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4.7.4.2 Slope-Foundation Interaction 

The slope-pile interaction was captured using zerolength elements with an associated material 

model that captures the load-deformation response in both the lateral and vertical direction. This 

method is defined as a Beam on a Non-linear Winkler Foundation (BNWF) approach. The BNWF 

method is semi-empirical and requires the input of the non-linear relationship between the lateral 

soil resistance per unit length and the pile deflection for each soil-pile interface element. For each 

interface element a p-y material model was defined to capture the lateral interaction and a t-z 

material model to capture the axial interaction. At the tip of each pile a q-z material model was 

defined to capture pile tip bearing. A schematic of the BNWF method is shown in Figure 4-45. 

The interface elements implemented in OpenSees were developed based on a study conducted by 

Boulanger et al. (1999)in which aluminium piles embedded in soil deposits were subjected to 

dynamic centrifuge tests. The experimental results of the study were used to validate an analytical 

model which aims at capturing the p-y dynamic response of a pile embedded in soil deposit. The p-

y interface element, called PySimple1, was conceptualised as elastic, plastic and gap springs arranged 

in series as shown in Figure 4-45. The t-z and q-z springs were conceptualised similarly to p-y 

springs using a series of components in series but the equations describing these components were 

modified to represent the difference in response. In OpenSees the TzSimple1 and QzSimple1 are used 

to capture the response of the t-z and q-z springs.  

 

Figure 4-45: Arrangement of spring components in PySimple1 element. Reproduced from Boulanger et al. 

(1999)  
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Figure 4-46: Characteristics of the spring components in the PySimple1 element. Reproduced from Boulanger 

et al. (1999)    

For each material model (PySimple1, Tzsimple1) the properties outlined in Table 4-9 must be defined. 

These properties are dependent on the depth of the element and the properties of the surrounding 

soil. An algorithm was defined using the GiD pre-processing software that automatically generated 

the required properties based on the location of the node in the pile and in the soil. 

Table 4-9: Properties to be defined for each interface material model 

Property Definition 

Soil Type Backbone of load-deformation curve. Either clay as defined by 

Matlock (1970) or sand as defined by API (1993) 

Ultimate Capacity The ultimate load generated by the pile as defined by common 

design equations 

Displacement The displacement at which 50% of the ultimate capacity is 

mobilised in monotonic loading 

 

The nodes connecting the pile elements were created in the 3-DOF model space which each node 

having 2 translational and 1 rotational degree of freedom and the soil nodes were created in the 2-

DOF model space with each node having only two translational degrees of freedom. Connecting the 

pile nodes to the soil nodes using the interface elements required adding nodes at each pile node 

location in the 3-DOF model space. These additional nodes were fixed in the rotational degree of 

freedom and an equalDOF constraint was applied on the two translational degrees of freedom. In 

this constraint the additional node was set as the master node to the slave soil node. The master node 
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was then connected to the pile node using a zeroLength element with the assigned material model in 

the translational degrees of freedom (vertical and horizontal).  Figure 4-47 shows a schematic of the 

pile numerical model. 

 

Figure 4-47: Schematic of pile embedded in the soil and the corresponding numerical model 

4.7.4.3 Earthquake Application 

All the recorded ground motions were deconvoluted down to the base of the soil domain at a depth 

of 90 m using DEEPSOIL, a site response analysis software. The deconvoluted ground motion was 

then applied at the base of the model as damped force time history. The force was applied using a 

dashpot defined according to Lysmer & Kuhlemeyer (1969). One end of the dashpot element was 

fixed against all displacements, while the other was master node for an equalDOF constraint with 

the soil node in the lower left hand corner of the model. The remainder of the base nodes were in 

turn constrained to this soil node also using an equalDOF constraint. This ensured that the 

displacements experienced by all of the base nodes were the same, in consistence with an incident 

seismic wave.  

The viscous uniaxial material model was used to define the constitutive behaviour of the Lysmer & 

Kuhlemeyer (1969) dashpot in the horizontal direction. This material model required a single input, 

the dashpot coefficient. Following the method of Joyner & Chen (1975), the dashpot coefficient was 

defined as the product of the mass density and shear wave velocity of the underlying medium, 

which, in this example, was assumed to have the properties of bedrock.  

Pile element

Surrounding soil p-y spring

Pile

Pile-soil interface
t-z spring

q-z spring

Pile ModelPile Schematic



142 

 

4.7.4.4 Damping 

The soil constitutive models capture the component of damping associated with non-linearity in the 

material and radiation damping was inherently modelled in the soil domain equipped at the external 

orders with transparent boundaries. Additional Rayleigh damping was applied to the entire model 

to minimise numerical instability in the model. Rayleigh damping was applied using the OpenSees 

built-in function. Two appropriate high and low cut-off frequencies (𝜔𝑖 , 𝜔𝑗) were determined and 

Rayleigh damping coefficients α and β were calculated using the following equations: 

𝛼 = 𝜁
2𝜔𝑖𝜔𝑗

𝜔𝑖 + 𝜔𝑗
 (4-5) 

𝛽 = 𝜁
2

𝜔𝑖 + 𝜔𝑗
 (4-6) 

4.7.5 Time History Analysis Procedure 

Several time-history analyses were conducted on the CQ3 model using ground motions from the 

earthquake sequence recorded at LPCC. Prior to the application of ground motions, a gravity 

analysis was conducted to ensure the proper application of gravity loads.  

4.7.5.1 Gravity Analysis 

The first step in the analysis was to apply gravity to the CQ3 model. This ensures that the 

distributions of stresses in the model were appropriate for the site conditions prior to the application 

of a ground motion. Nodal displacements, accelerations and elemental stresses and strains were 

computed at each time step. These were then used to visualise the propagation of the ground motion 

through the numerical model. 

The gravity analysis was conducted in two steps. The soil elements were firstly considered to be 

linear elastic. In the second step the constitutive behaviour of the soil elements was considered 

elasto-plastic. The constitutive soil models in OpenSees allows for this control using the 

updateMaterialStage command. 

The elastic portion of the gravity analysis was run as a transient analysis with very large time steps, 

simulating a static analysis while avoiding the conflicts which may occur when mixing static and 

transient analyses. Gravity was applied for 10 steps with a time step of 500, and 10 steps with a time 

step of 5000. The plastic portion of the gravity analysis was run using smaller time steps to aid in 
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convergence, and because drastic, free-vibration causing displacements, do not typically occur in 

this stage of the analysis. 

4.7.5.2 Time Step Determination 

The time step for the dynamic analysis was derived according to the Courant–Friedrichs–Lewy 

(CFL) condition (Courant, et al., 1928) which states that when computing the amplitude of a wave 

moving through a discrete spatial grid at time steps of equal duration, then the duration must be 

less than the time taken for a wave to travel between two points at maximum velocity.  

In the CQ3 model the smallest element size had a depth,  𝑒 𝑒 of 0.026 m and the shear wave velocity, 

𝑣𝑚𝑎𝑥 at that element was 250 m/s. The initial time step, 𝑡𝑖𝑛𝑖𝑡𝑖𝑎  was then calculated using the equation 

below, yielding a time step of 0.0017 sec. This time step was smaller than the time step of the 

recorded motion and thus was used in the analysis. 

𝑡𝑖𝑛𝑖𝑡𝑖𝑎 =
 𝑒 𝑒

√𝑣𝑚𝑎𝑥

 
(4-7) 

4.7.5.3 Dynamic Analysis 

Using the method of Joyner & Chen (1975), dynamic excitation was applied as a force time history 

to the base of the soil column, at the node which shares equal degrees-of-freedom with the Lysmer 

& Kuhlemeyer (1969) dashpot. This force history was obtained by multiplying the velocity time 

history of the recorded ground motion by the mass density and shear wave velocity of the 

underlying bedrock layer and the area of the base of the model. This technique considers the finite 

rigidity of the underlying layer by allowing energy to be radiated back into the underlying material. 

The force history was applied to the model as a timeSeries object. The actual force applied to the node 

in each time step was the product of the load factor included in the timeSeries object, and the value 

found in the velocity time history, at that time step. 

For improved success in completing the analysis in a timely manner, a convergence loop was 

included in the dynamic analysis procedure. If convergence was not reached, the time step was 

divided by 10 and the analysis continues for 10 steps at the smaller time step. The loop was set such 

that this process can occur twice before the analysis was deemed over. If convergence was not 

reached the analysis parameters had to be adjusted accordingly. 
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4.7.5.4 Analysis Execution 

The CQ3 model consists of more than 20,000 nodes and elements and the time-history analysis was 

conducted using a ground motion with more than 58000 time steps. Successful execution of this 

analysis required the use of significant computing resources provided by the Centre of e-Research 

at the University of Auckland. All the analyses were conducted on the Nesi Pan Cluster using the 

OpenSeesMP software application. This application was specifically developed for the use on high 

performance computing. 

4.8 CQ3 Model Validation 

The CQ3 model outlined in the previous section was subjected to the Sep 04 ground motion record 

to validate the results of the model. Comparison of the recorded velocity time history, residual deck 

displacement, pile damage, tie-back damage and slope displacement to CQ3 model results 

confirmed the validity of the model. 

4.8.1 Velocity Time History 

The velocity time history at the top of the soil column for the numerical model was computed and 

compared to the recorded time history to validate the output of the 1D soil column. Figure 4-48 

shows the time history recorded at the LPCC station for the Sep 04 event and the corresponding time 

history computed at the top of the soil column. The two time histories align to a high degree 

indicating that the motion experienced by the CQ3 model was similar to the actual motions 

experienced by the CQ3 wharf. The PGV computed in the CQ3 model is slightly higher at 318 mm/s 

when compared to the PGV of 294 mm/s recorded at the LPCC station.  

A similar pattern was observed for the Feb 22 (see Figure 4-49) and Jun 13 event (see Figure 4-50). A 

comparison of the CQ3 and LPCC velocity time histories yielded comparable results indicating an 

agreement in the applied motions. 
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Figure 4-48: Velocity time history comparison between motion recorded at LPCC station and top of the soil 

column in the CQ3 model for the Sep 04 event 

 

Figure 4-49: Velocity time history comparison between motion recorded at LPCC station and top of the soil 

column in the CQ3 model for the Feb 22 event 
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Figure 4-50: Velocity time history comparison between motion recorded at LPCC station and top of the soil 

column in the CQ3 model for the Jun 11 event 

4.8.2 Slope Displacement Profile 

The slope displacement contour profiles in the proximity of the wharf after the application of the 

Sep 04 ground motion are shown in Figure 4-51. The figure also shows the amplified deformed shape 

of the slope and wharf. The slope movement is in accordance with observed soil movements after 

the Sep 04 event. Slumping of the pavement in the area adjacent to the wharf indicating movement 

of the ground below towards the sea. This was captured in the CQ3 model as indicated by the 

significant downwards vertical displacement shown in Figure 4-52 reaching a maximum value of 

120 mm. Similarly significant horizontal displacement was computed at the foot of the slope as 

indicated in Figure 4-53 showing a maximum horizontal displacement of 133 mm. These 

observations were consistent with a slip circle failure mode.. 
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Figure 4-51: Overall displacement contours and deformation at end of Sep 04 event 

 

Figure 4-52: Vertical displacement contours at end of Sep 04 event 
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Figure 4-53: Horizontal displacement contours at end of Sep 04 event 

4.8.3 Deck Displacement Time History 

The deck displacement time history for the Sep 04 event is shown in Figure 4-54. The residual 

displacement computed for the CQ3 model was 75 mm. This value is comparable to the actual 

measured displacement of 87 mm at location 716 shown in Error! Reference source not found.. The 

measured displacement was recorded on 20th of Sep, 16 days after the seismic event which accounts 

for slight divergence between the recorded displacement and the model displacement. 

 

Figure 4-54: Deck displacement time history after the Sep 04 event 
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4.8.4 Pile Bending Moment 

The computed pile bending moments along the depth of the pile at the end of the Sep 04 event are 

shown in Figure 4-55. The capacity limits for the pile sections was calculated using a moment 

curvature analysis, shown in Figure 4-56. It can be seen from Figure 4-56 that the moment capacities 

were not exceeded for all the piles. This is line with damage being observed along the piles and the 

fact that CQ3 wharf was utilised immediately after the Sep 04 event indicating the wharf still had 

sufficient capacity. 

The deformation of the piles within the soil slope is shown in Figure 4-57. This figure highlights the 

kinematic loading applied on the piles due to the movement of the surrounding soil. The greatest 

differential displacement occurs at a depth of approximately 30 m. This relates well to the pile 

bending moment plots shown in Figure 4-55.  

 

Figure 4-55: Pile section moment along depth of each pile after the Sep 04 event 
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a) Pile Section 1 b) Pile Section 2 

Figure 4-56: Moment-Curvature relationship of pile sections 

 

Figure 4-57: Slope displacement contours and deformation after the Sep 04 event 

4.8.5 Tie-back Force 

The force displacement response in the tie-back rod of the CQ3 model is plotted in Figure 4-58. The 

maximum force reached in the tie-back rod was 140 kN with a corresponding displacement of 9 mm. 

The stress developed in the tie-rod was 285 MPa and the steel in the model was assumed to have a 

yield strength of 300 MPa indicating that the tie-back rod had not exceeded the yield point at the 

end of the Sep 04 event. This reading was aligned with the lack of any observed yield damage in the 
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Figure 4-58: Force-displacement relationship in the tie-back rod 

4.9 Sensitivity Analysis of Wharf Model 

A sensitivity analysis was conducted on the CQ3 model to identify and evaluate dominant sources 

of uncertainties in geotechnical and structural properties used in the numerical model. The 

techniques available for use in sensitivity analysis include first-order second-moment (FOSM) 

analysis, tornado diagram analysis and Monte Carlo simulation. In this study, the Tornado analysis 

was selected due to its simplicity and efficiency in identifying the sensitivity of residual deck 

displacement to uncertainty in the input parameters (Na, et al., 2008). 

4.9.1 Tornado Diagram Analysis Procedure 

The Tornado Diagram Analysis (TDA) conducted in this study consisted of the following steps (Na, 

et al., 2008):  

1. All the parameters to be investigated were assumed to be random variables with a 

corresponding mean, upper bound and lower bound value.  

2. A time history analysis was then completed twice, setting one parameter to the upper 

bound then lower bound in each run. All others parameters were set to the mean value.  

3. The residual deck displacement was computed for each simulation and the absolute 

difference between the two corresponding simulations was then calculated. This value is 

termed the swing of the response corresponding to the selected input parameter.  

4. This calculation procedure was then been repeated for all parameters in question.  

5. The swings were then plotted in a figure from the top to the bottom in a descending order 

according to their size to demonstrate the relative contribution of each parameter to the 
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response under question. Accordingly, longer swing implies that the corresponding 

parameter has larger effect on the response than those with shorter swing. 

4.9.2 Variation of Soil Parameters 

The cohesion, friction angle and density of the underlying soil layers where chosen as the parameters 

investigated in this study. The soil parameters were chosen based on their predicted influence on 

the displacement response. The choice of which soil layers to investigate was influenced by the 

displacement contour profile shown in Figure 4-57 in which the zone of greatest disturbance 

extended down to the third soil layer. The chosen layers are shown in Figure 4-59. 

 

Figure 4-59: Layers chosen for investigation in the sensitvity analysis 

The mean value for each parameter was adopted from the original CQ3 model. The upper and lower 

bounds were determined based on extreme yet possible range of values for each parameter. These 

values were either extracted from the literature or based on engineering judgement. The values for 

clay materials are outlined in Table 4-10 and for sand outlined in Table 4-11. An outline the soil 

parameters investigated in this study are shown in Table 4-12. 

Table 4-10: Suggested parameter values for clay materials. Reproduced from Mazzoni et al., (2011) 

Parameter Unit Soft Clay Medium Clay Stiff Clay 

Density 𝑘𝑔/𝑚3 1300 1500 1800 

Small strain shear modulus 𝑀𝑃𝑎 13 60 150 

Cohesion 𝑘𝑃𝑎 18 37 75 
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Table 4-11: Suggested parameter values for sand materials. Reproduced from Mazzoni et al., (2011) 

Parameter Unit Loose Sand Medium Sand Dense Sand 

Density 𝑘𝑔/𝑚3 1700 1900 2100 

Small strain shear modulus 𝑀𝑃𝑎 55 75 130 

Friction angle 𝑑𝑒𝑔 29 33 40 

 

Table 4-12: Outline of soil parameters investigated in the sensitivity analysis 

Component Property Unit Lower Bound Mean Upper Bound 

Reclaimed Fill Density 𝑘𝑔/𝑚3 1700 2100 2200 

Friction Angle 𝑑𝑒𝑔 29 42 45 

First Layer Density 𝑘𝑔/𝑚3 1300 1500 1800 

Cohesion 𝑘𝑃𝑎 18 35 75 

Second Layer Density 𝑘𝑔/𝑚3 1700 2100 2200 

Friction Angle 𝑑𝑒𝑔 29 40 45 

Third Layer Density 𝑘𝑔/𝑚3 1600 1700 1900 

Friction Angle 𝑑𝑒𝑔 21 28 35 

Interaction 

Elements 

Strength Factor  0.5 1 2 

 

4.9.3 Variation of Structural Parameters 

The structural parameters chosen in this sensitivity study were the concrete strength of the piles, 

steel strength of the piles and the diameter of the tie-back rod. Each parameter was assigned an 

upper and lower bound based on typical extreme values within an acceptable range of values 

extracted from the literature. Table 4-13 outlines the values adopted in this study. 

Table 4-13: Outline of structural parameters investigated in this study 

Property Unit Lower Bound Mean Upper Bound 

Pile concrete strength 𝑀𝑃𝑎 25 38 45 

Pile steel strength 𝑀𝑃𝑎 250 300 350 

Tie-back rod diameter 𝑚𝑚 12.5 25 50 

 



154 

 

4.9.4 Sensitivity Results 

The results of the sensitivity of the CQ3 model to the variability in the geotechnical and structural 

parameters were combined and presented in the following sections. Residual deck displacement, 

maximum pile bending moment and maximum ground displacement were used as response 

parameters for the investigating the sensitivity of the CQ3 model to variations in input parameters.  

4.9.4.1 Residual Deck Displacement 

The swing of each parameter was calculated by taking the difference between the recorded 

displacement and the displacement from the base CQ3 model. These swings were plotted and shown 

in Figure 4-60. The greatest swing occurred when changing the friction angle of the reclaimed fill 

layer. Increasing the friction angle to 45 deg caused a 6 mm decrease in residual displacement and a 

decreasing the friction angle to 29 deg increased the residual displacement by 5.8 mm resulting in a 

swing of 57 mm. This was followed by the swing in the cohesion of the first layer. Decreasing the 

cohesion to 18 kPa increased the displacement by 27 mm and increasing the cohesion to 75 kPa 

increased the displacement by 14.6 mm resulting in a total swing of 42 mm.  

The swing resulting from changing the soil density of the fill layer was not significant but important 

to note because there was a reversal in impact on residual displacement. Increasing the soil density 

to 2.2 𝑡/𝑚3 increased the residual deck displacement by 2.5 mm and decreasing the soil density to 

1.7 𝑡/𝑚3 decreased the displacement by 5 mm resulting in an overall swing of 7.5 mm. This 

observation was expected because increasing the soil density also increases the forces driving 

instability in the slope, causing greater soil movements and resulting in greater deck displacements.  

Variations in the structural parameters did not have a considerable impact on the response of deck 

displacement, as indicated by the low swing values in Figure 4-60, in comparison to the geotechnical 

parameters.  
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Figure 4-60: Swing in residual deck displacement for each parameter 

4.9.4.2 Pile Bending Moment 

The tornado analysis for the sensitivity of the maximum residual pile bending moment is shown in 

Figure 4-61. The CQ3 parameters with the greatest sensitivity are the density of the fill layer, strength 

of the interface elements, cohesion in the first layer and the friction angle of the fill layer in 

descending order of impact. The density of the fill layer and the strength of the interface elements 

directly influence the force experienced by the piles due to kinematic loadings generated by soil 

movement and transferred to the piles through the interface elements. This observation is reflected 

in the sensitivity results.   

4.9.4.3 Ground Displacement 

Similar to the sensitivity of previous response parameters, the input parameters with the greatest 

influence on the maximum ground displacements is the properties of the fill and first layer. The 

strength parameters of friction angle and cohesion are directly related to the probability of slope 

failure in the fill and first layer and accordingly this is reflected in the results of the tornado analysis 

presented in Figure 4-62.  
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Figure 4-61: Swing in pile bending moment for each parameter 

 

Figure 4-62: Swing in ground displacement for each parameter 
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the numerical model was minimised through the use data from recent geotechnical studies and up-

to-date construction drawings.  

The sensitivity analysis results for all three response parameters consistently showed the greater 

sensitivity of the model to geotechnical parameters over structural ones. Within the geotechnical 

parameters, the properties of the fill and 1st layer had the greatest influence on response. These 

parameters control the behaviour of the soil slope and it follows that these parameters will have the 

greatest influence on the deck and ground displacement and pile bending moment.  

4.10 Wharf Response to EQ Sequence 

The CQ3 model was subjected to the entire sequence of major earthquakes and other significant 

seismic events recorded at LPCC. The seismic response of the CQ3 model was analysed with respect 

to slope displacement, residual deck displacement, pile bending moment and tie-back force. The 

results of the time-history analysis, presented in this section, provides a detailed case study for the 

response of a typical New Zealand wharf to seismic hazards. Lessons learned from this case study 

can be used to inform seismic analysis, design and retrofit of new and existing pile-supported 

wharves in New Zealand. 

4.10.1 EQ Sequence Intervals 

The following time intervals were chosen based on key events that occurred through the EQ 

sequence. The September event has already been reviewed in the model validation section. The next 

major event was the completion of February main shock and subsequent aftershocks. Subsequently 

the next major interval ends at the completion of the June main shock. The final interval was set at 

the end of the EQ sequence.   

4.10.1.1 End of the February events 

This interval includes the September event (Sep 04), the major February event (Feb 22) and the two 

ensuing aftershocks (Feb 22A, Feb 22B). The acceleration, velocity and displacement time histories 

are shown in Figure 4-63 
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Figure 4-63: Acceleration, velocity and displacement time-histories up to the end of the February events 

4.10.1.2 End of Jun Events 

This interval includes the events at the end of February, the major Jun 13 event and the two 

aftershocks (Apr 16, Jun 13A) preceding that event. The acceleration, velocity and displacement time 

histories are shown in Figure 4-64 
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Figure 4-64: Acceleration, velocity and displacement time-histories at the end of the Jun 13 events 

4.10.1.3 End of EQ Sequence 

This interval includes all previous events and the December after shocks (Dec 23, Dec 23A). 
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Figure 4-65: Acceleration, velocity and displacement time-histories up to the end of the EQ sequence 
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These damage patterns were observed at the CQ wharves and surrounding pavement. Slope 
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the kinematic loading applied to the piles as they bend to accommodate this movement. The 

Sep 04

Feb 22

Feb 22A

Feb 22B

Apr 16

Jun 13A

Jun 13

Dec 23

Dec 23A

-10.0

-5.0

0.0

5.0

10.0

0 100 200 300 400 500 600 700

A
cc

el
er

at
io

n
 (

m
/s

2)

Time (s)

-0.40

-0.20

0.00

0.20

0.40

0.60

0 100 200 300 400 500 600 700

V
el

o
ci

ty
 (

m
/s

)

Time (s)

-0.20

-0.15

-0.10

-0.05

0.00

0.05

0.10

0.15

0.20

0 100 200 300 400 500 600 700

D
is

p
la

ce
m

en
t 

(m
)

Time (s)



161 

 

following sections outline the computed ground displacements at the chosen intervals in the 

earthquake sequence experienced at Lyttelton Port. 

4.10.2.1 End of February Events 

The Feb 22 event and ensuing aftershocks caused significant slope displacement at the top and toe 

of slope consistent with further slip circle failure. The location of the failure circle appears to be 

consistent with the failure circle after the Sep 04 event but with considerably more differential 

movement as is apparent in Figure 4-57. Moving downwards along the most landward pile in 

Figure 4-66 shows the pile has experienced significant kinematic loadings due to the differential 

displacement of the soil from highest to lowest displacement. The most significant differential 

displacement occurs at a depth of approximately 26 m. At this location the soil layering changes 

from a weak silty sand to a firm silt (refer to Table 4-3). 

4.10.2.2 End of June Events 

After the sequence of February event and ensuing aftershocks the port was subjected to a significant 

event in June immediately after a small event as shown in Figure 4-67. At this end of this sequence 

the slope displaced even further at the top and toe of slope further confirming the slip circle failure. 

The maximum ground displacement of 0.34 m was experienced at the toe of the slope. Similar large 

displacements were computed at the top of the slope. Figure 4-68 shows the overall displacement 

computed at the end of the sequence. Due to this significant further ground movement the kinematic 

loading on the piles was expected to increase in accordance with an increase in the differential 

movement between soil layers. The most significant differential displacement occurs at a similar 

location to the one noted after the February events. 
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Figure 4-66: Slope displacement contours and deformation after the Feb 22 event 

 

Figure 4-67: Slope displacement contours and deformation after the Jun 11 event 

4.10.2.3 End of EQ Sequence 

The ground displacement at the end of the entire earthquake sequence is shown in Figure 4-68. A 

maximum ground displacement of 0.38 m was computed at the toe of the slope. This increase in 

maximum displacement was relatively small compared to the increase computed after the February 

and June events. This difference in increase is in accordance with the relative difference in PGV for 

each sequence of events and resulting from the significant displacement already experienced by the 

slope resulting in more stable slope formations.     
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Figure 4-68: Slope displacement contours and deformation at the end of the EQ sequence 

4.10.3 Deck Displacement 

The residual deck displacement was used to validate the results from the CQ3 model in comparison 

to computed displacement at survey points along the CQ wharves. Deck displacements for CQ3 

were computed after the September and February events. No data was available for the measured 

CQ3 displacements after the June events and at the end of the EQ sequence. The deck displacement 

time-history from the CQ3 model also provides useful insights on the seismic response of the wharf 

and a good encompassing predictor of expected damage in the piles, pile-deck connections, 

abutment and tie-back mechanism. Deck displacement is also a good indicator of the usability of the 

wharf immediately after an event.  

4.10.3.1 End of February Events 

The deck displacement time history up to the end of the February events is shown in Figure 4-69. 

The residual displacement computed for the CQ3 model was 218 mm. This value is comparable to 

the actual measured displacement of 227 mm at location 716 shown in Error! Reference source not 

found. The February sequence of events resulted in the largest deck displacement in comparison to 

other events which is in accordance with the February sequence of event containing the largest 

recorded PGV.  

The February sequence of events started at a time of 200 seconds and at a time of 327 seconds the 

deck reached a maximum displacement of 300 mm. The two subsequent aftershocks (starting from 

420 and 520 seconds) resulted in an increase of 10 mm and 5 mm in the residual displacement.  
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Figure 4-69: Deck displacement time-history up till the end of the February events 

4.10.3.2 End of June Events 

The deck displacement time history up to the end of the June events is shown in Figure 4-70. The 

residual displacement computed for the CQ3 model was 258 mm. There was no measured 

displacement for comparison to the CQ3 model data however this displacement is in similar to 

displacements recorded at locations near CQ3.  

The June sequence of events started at a time of 600 seconds with a pre-shock that did not generate 

significant displacements. The main shock occurred at a time of 774 seconds and resulted in 

significant displacements. No major aftershocks were recorded immediately after the June event. 

 

Figure 4-70: Deck displacement time-history up till the end of the June events 
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4.10.3.3 End of EQ Sequence 

The deck displacement time history up to the end of the entire earthquake sequence of events is 

shown in Figure 4-71. The residual displacement computed for the CQ3 model was 301 mm. There 

is no measured displacement for comparison to the CQ3 model data.  

Towards the end of the EQ sequence two more significant aftershocks were recorded. These started 

at a time of 890 and 1010 seconds and generated noticeable displacements.  

 

Figure 4-71: Deck displacement time-history up till the end of the EQ sequence 

4.10.4 Pile Bending Moment 

The bending moment developed in the pile section is a key seismic response and an indicator of 

damage. The residual pile bending moment at the end of each sequence interval is presented in the 

following sections. 

4.10.4.1 End of February Events 

The computed pile bending moments along the depth of the piles at the end of the February events 

are shown in Figure 4-72, indicating that the pile cross-section limits were exceeded for all the piles. 

The number of elements within each pile that exceeded the yield limit is shown in Table 4-14. With 

an average element size of 0.5 m, approximately a metre of piles 1, 2 and 4 had experienced non-

linear deformation as predicted by the CQ3 model.  

The largest pile moments were computed at the interface of soil layers as evidenced by the piles 

reaching the maximum moments at similar depths. The largest moment in each pile occurs at an 
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approximate depth of 31 m and a slightly smaller moment at a depth of 26 m. These depths align 

with the interface between soil layers 4 and 5 and the interface between layers 4 and 3. Layer 4 was 

assumed to consist of silt with a shear modulus of 150 MPa in contrast to layers 3 and 4 which were 

assumed to be silty sands with a shear modulus of 79 and 127 MPa. This differential in stiffness has 

produced a differential in the kinematic loadings experienced by the pile and accordingly causing 

significant curvature demands on the pile section.   

Table 4-14: Pile elements exceeding yield limit 

Pile Number of elements 

exceeding limit 

Length (m) 

1 2 1 

2 2 1 

3 1 0.5 

4 2 1 

 

 

Figure 4-72: Pile section moment along the depth of each pile at end of February events 

4.10.4.2 End of June Events 

The computed pile moments along the depth of the piles at the end of the June events are shown in 

Figure 4-73, indicating that the pile cross-section limits were exceeded for all the piles.  The greatest 

pile damage occurred in piles 2 and 4 in which both piles experienced section yielding in over 2 m 



167 

 

of pile length, in contrast to piles 1 and 3 which experienced section yielding over a length of 0.5 to 

1 m.  

The largest absolute moment was computed in pile 4 which has the greatest exposed length as the 

most seaward pile. This pile has the largest cross-section and accordingly attracts the largest inertial 

loads. 

4.10.4.3 End of EQ Sequence 

At the end of the EQ sequence all the piles had experienced significant yielding in which the pile 

section limit was exceeded through more than 2 m of pile length. The location of maximum moment 

has also not moved throughout the entire EQ sequence in alignment with differential movement of 

layer 4 in comparison to layers above and below. The computed pile moments along the depth of 

the piles at the end of the EQ sequence are shown in Figure 4-74. Throughout the EQ sequence 

moments at the top of each pile was zero because the connection between pile and deck consists of 

a hinge joint that only transfers axial and shear loads but no moments.  

 

Figure 4-73: Pile section moment along depth of pile at the end of the June events 
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Figure 4-74: Pile section moment along pile depth at the end of the EQ sequence 

4.10.5 Tie-back 

The force displacement response in the tie-back rod for the CQ3 model is plotted in Figure 4-75. In 

both the February and June events the maximum force reached in the tie-back rod exceeded the yield 

load. This observation is confirmed by the flattening of the force displacement response indicating 

yielding of the steel tie-rod. Plastic yielding in the CQ3 model was in alignment with observed 

yielding of the tie-rods at the CQ3 wharf after the February event.  

 

a) End of February b) End of Sequence 

Figure 4-75: Force displacement relationship in the tie-rod throughout entire EQ sequence 
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4.11 Discussion 

Confirmation of the validity of the CQ3 model as an acceptable representation of the CQ3 wharf 

allows for the use of the model in investigating the seismic response of typical wharves in New 

Zealand. A brief discussion of the results of the CQ3 seismic analysis is provided in the following 

sections. 

4.11.1 Continuous EQ Sequence vs Individual Events 

A time-history analysis was conducted on the CQ3 model using ground motions consisting of the 

individual events (February and June events). The February 22 motion resulted in a deck 

displacement of 166 mm and the June 13 motion caused 122 mm of residual deck displacement as 

shown in Figure 4-76. These motions were then combined in sequence using direct addition of 

displacements and plotted in Figure 4-77. It is evident from the plot that subjecting the CQ3 model 

to a sequence of events results in lower overall displacements in comparison to each individual 

event.  

Applying the ground motion as an EQ sequence accurately models the stress state of soil slope and 

structure as subsequent events impact a slope which has already been subject to previous ground 

shaking. The initial events in the EQ sequence produce some ground displacements thereby 

rearranging the slope into a more stable state. Accordingly further seismic events in the same 

sequence would produce smaller displacements. Applying each individual event to the model 

independently will result in inaccuracies in model responses. 

It was also important to include sufficient gaps between ground motions when the entire sequence 

of earthquakes was being applied to the model. This zero excitation gap ensures the numerical 

model reaches numerical stability after the removal of any excitation forces before the start of the 

subsequent ground motion. A time of 20 seconds was deemed sufficient for any remaining 

vibrations to be dissipated in the model.  

Use of the entire EQ sequence was limited by the available computing resources. A longer applied 

ground motion requires longer computing time and greater storage capacity. Utilisation of parallel 

computing infrastructure was required to complete the analysis in this research.  
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Figure 4-76: Deck displacement time history for the Feb 22 and June 13 events 

 

Figure 4-77: Deck displacement time history up to the Jun 13 event 

4.11.2 Wharf structure impact on slope displacements 

The CQ3 wharf has a visible impact on the free field slope displacements as is evidenced in 

Figure 4-78. Without a wharf structure embedded in the slope, the displacements at the top of the 

slope reached a maximum of 63 mm. In contrast, the displacement at the same location only reached 

a displacement of 47 mm when the combined CQ3 model was analysed. The most probably cause 

for this decrease in displacement is the added stiffness provided by the piles acting as a group and 

the anchoring of the wharf deep into the soil embankment using the tie-back.    
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Figure 4-78: Displacement at top of slope with and without CQ3 wharf 

4.11.3 Below ground pile damage 

Immediately after a seismic event it is possible to conduct visual inspections on port infrastructure 

to determine the degree of damage undergone by the wharf. Using a visual inspection it is possible 

to review damage in the deck, pile-deck connections, abutments and surrounding pavement. In 

contrast, inspecting piles below the waterline requires diving specialists and good water visibility 

surrounding the piles. However, inspecting the embedded piles for damage below the ground line 

is generally not feasible unless the piles are excavated. At best, the state of the embedded piles can 

be inferred from damage observed above ground.  

However using a combined geotechnical and structural model that captures both the stress-strain 

relationship of the pile materials and the kinematic loadings of the surrounding soil can assist in 

providing a better understanding of the state of piles below ground level. This research has shown 

that this combined numerical modelling has provided an approximation of the significant pile 

damage occurring below the ground at locations of maximum moment development.  

4.12 Conclusions 

The CQ3 wharf is one of the primary wharves at Lyttelton Port which was experienced significant 

damage as a result of the Canterbury Earthquake Sequence. This wharf was chosen as a case study 

for investigating the seismic response of typical New Zealand wharves.  

After reviewing the literature on numerical modelling of wharves, a two-dimensional plain strain 

finite element model of the CQ3 wharf was developed in the OpenSees framework using well 
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established element and material models already implemented in the framework. The parameters 

defining the CQ3 model were extracted from geotechnical reports and structural drawings where 

applicable and missing data was supplemented with values from the literature. The CQ3 wharf was 

modelled as an integrated soil-structure model combining both the soil domain and the wharf 

components embedded in the soil embankment. This integrated model allowed for propagation of 

the seismic wave from the lowest boundary up through the soil layers until reaching the wharf.  

The model was also capable of capturing the complex interaction between the kinematic loading 

resulting from the displacement of the soil embankment and the inertial loads generated from the 

structural displacement. Combining the structural and geotechnical components was also crucial for 

accurately modelling the response of the tie-back mechanism which on one end is connected to the 

structure and anchored on the other end to a concrete deadman embedded in the soil. Liquefaction 

in the soil elements was not modelled because assessments of liquefaction potential at Lyttelton Port 

indicated the low risk of liquefaction occurring in the upper soil layers at the port. This was 

confirmed by the lack of any liquefied soil at the port after the Canterbury Earthquake Sequence. 

The CQ3 model was validated against the recorded velocity time histories and residual deck 

displacements. The damage predicted by the CQ3 model was also compared with the observed 

damage at the wharf after each significant earthquake. Results predicted by the CQ3 model showed 

satisfactory agreement with actual recorded displacements, velocities and damage reports. 

A sensitivity analysis was also conducted on the CQ3 model to investigate the sensitivity of the 

model to variations in the input parameters. The twelve parameters chosen for the sensitivity 

analysis contained 9 geotechnical parameters and 3 structural parameters. The strength and density 

parameters of the top 4 soil layers were investigated in this analysis. The results of the analysis 

indicated that the friction angle and cohesion of the fill and 1st layer caused the greatest variation in 

the response of the CQ3 model. 

The CQ3 model was subjected to the entire sequence of major earthquakes and significant events 

that was recorded at the LPCC station. The deconvoluted ground motion was applied at the base of 

the numerical mode and propagated to the wharf component.  

The results of the analysis were presented with respect to slope displacement, deck displacement, 

pile bending moment and tie-back response. CQ3 model showed significant slope displacement 

indicative of slip-circle slope failure. The deck displacement time-history indicated that CQ3 model 
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suffered the greatest displacements during the Feb 22 earthquake followed by the Jun 13 and then 

Sep 04 events. Small increases in deck displacement were computed after significant aftershock. 

Increases in pile bending moments were computed after each earthquake. Yielding of the pile 

sections occurred after the Feb 22 earthquake at the interface between soil layers. The greatest pile 

bending moment was computed at the interface between a stiff and weak layer indicating the 

occurrence of differential displacement between layers.  

The results also showed the difference between modelling the earthquake application as one 

complete sequence and applying each ground motion separately. Applying each ground motion 

independently results in significantly higher displacements in comparison to the motion being 

applied as a sequence. Earthquakes in a sequence reach a soil domain that had already undergone 

some displacement and adopted a more stable state. This results in lower overall displacements. The 

results also confirmed the importance of modelling the combined structure and soil domain. 

Without the presence of the wharf the soil embankment experienced greater displacements. The 

added stiffness of the wharf lowered the overall displacements of the soil embankment.  
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Chapter 5  

 

Wharf Fragility Modelling 

5.1 Overview 

This chapter contains the results of the fragility analysis conducted on the CQ3 model, the details of 

which were provided in the previous chapters. After providing a brief review of the literature on 

the techniques available for fragility analysis, the analytical approach was chosen as the appropriate 

method considering the actual damage data from CQ3 wharf was not adequate to generate empirical 

fragility curves. The following sections outline the process adopted for generating a suite of ground 

motions and conducting an incremental dynamic analysis on the CQ3 model. A probabilistic 

analysis was conducted on the results from the IDA to generate the fragility curves provided in this 

chapter. The final section contains a discussion of the fragility analysis.  

5.2 Literature Review 

Fragility models are an important tool in the prediction of losses resulting from seismic events. 

Currently, there are several risk analysis tools that include fragility models as part of the process to 

estimate losses to the built environment as a result of earthquakes. These systems include; HAZUS 

developed by FEMA in the United States (US) (Schneider & Schauer, 2006), TELES developed in 

Taiwan (Chiou, et al., 2011; Yeh, et al., 2006) and RiskScape developed by GNS Science and NIWA 

in New Zealand (NZ) (King & Bell, 2006). Fragility curves (an output of a fragility model) have been 

used widely in loss estimation models for buildings and bridges (Chiou, et al., 2011; Pitilakis, et al., 

2014); however until recently fragility curves have not been widely developed for port structures. 

The only research on fragility modelling for port structures reported in the literature has been 
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conducted at the University of California – Irvine (Na & Shinozuka, 2008), Georgia Institute of 

Technology (Werner, et al., 2009), Taiwan (Chiou, et al., 2011; Wang, et al., 2011) and Italy ( (Bozzoni 

& Lai, 2012).   

Fragility curves are probabilistic relationships between intensity of a seismic event and the resulting 

damage from this event. An example of a generic fragility curve is shown in Figure 5-1. These curves 

express the conditional probability of exceeding a certain damage state for a given ground motion 

intensity. 

 In a study conducted by Hwang and Huo (1994) fragility of a building was defined as the 

probability of the structural response exceeding the structural capacity given an earthquake 

intensity. The structural response was dependent on the characteristics of the seismic event and the 

ground conditions, whereas the structural capacity was dependent on the structures’ characteristics. 

This definition was further extended by Werner et al., (2009) defining fragility of a wharf structure 

as the probability of occurrence of various damage states as a function of seismic hazard. In this 

definition seismic hazard encompassed both ground shaking and ground failure, and damage state 

was not only defined in terms of extent, type and location of damage but also in terms of costs, repair 

times and repair rates.  

 

Figure 5-1: Generic fragility curve 

5.2.1 Fragility Modelling Methodologies 

There are three general approaches for the development of fragility models; expert, empirical and 

analytical. The choice of approach is dependent on the required degree of accuracy, availability of 
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damage data sets and available computational resources. The following sections briefly describe 

each approach. 

5.2.1.1 Expert Approach 

An example of fragility models developed through expert opinion can be found in the publication 

produced by the Applied Technology Council (1985) “ATC-13 Earthquake Damage Evaluation Data 

for California”. This document contained fragility curves for 78 classes of structures found in 

California. Data was collected through questionnaires submitted to panels of experts to obtain 

probabilities of occurrence of damage to each structure type at various levels of ground motion 

intensity. The main drawback of this method is its dependency on subjective opinions and the 

possibility of results being dominated by a few experts (Chiou, et al., 2011). Unfortunately this 

method is precluded from being used in NZ for developing fragility curves due to the lack of experts 

well versed in correlating earthquake intensity with damage to a wharf structure.   

5.2.1.2 Empirical Approach 

Another approach used in fragility modelling is the use of damage data collected from past 

earthquakes to develop a relationship between intensity and damage. This approach was used by 

Basoz et al., (1999) in the development of fragility curves for bridges based on damage observed in 

California after the 1994 Northridge earthquake. The study included a total of 850 inspected bridges, 

consisting of a wide variety of bridge types, lengths, ages and conditions. The fragility curves 

developed from this empirical study were compared to curves developed prior to the earthquake 

by Applied Technology Council (1985) and Risk Management Solutions (1996) and found that the 

existing curves did not adequately represent the damage observed after earthquake.  

The empirical approach for the development of fragility curves was also used by Shinozuka and Lee 

(2000) in developing fragility curves for the Hanshin Expressway Public Corporation’s (HEPC’s) 

bridges based on the records of damage resulting from the 1995 Kobe earthquake. A database of 

damage data for 770 single supported reinforced concrete columns were used in the development 

of these fragility curves.   

The level of confidence in fragility estimates reached through the empirical approach is highly 

dependent on the database of available damage data. In both cases mentioned above the size of the 

databases appears to be sufficiently large enough to produce statistically significant results useful 

for fragility estimates. However, upon further inspection, the databases do not seem to contain a 
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wide range of bridge characteristics and therefore will not capture the inherent structural variability. 

For example, in the HEPC database, all the bridge columns are of similar geometry and are similarly 

reinforced. This limits the fragility curves developed from this database only to similar bridge 

structural types. Likewise, the database used in the Northridge study is based only on bridges found 

in California. Even if the database contained a wide range of bridge structural types, there is not 

sufficient observations to capture the inherent variance in site conditions, especially for sites found 

outside the California region. This leads to increased statistical uncertainty in the estimation of 

fragilities. 

The effectiveness of the empirical approach is also limited by its dependence on shaking intensities 

from one earthquake. While the HEPC database does capture damage data resulting from a wide 

range of peak ground accelerations, it does not capture variance in the frequency content resulting 

from different earthquakes.  

Straub and Kiureghian (2008) further state that the reliability of fragility estimates is dependent on 

properly accounting for possible statistical dependence among damage observations. They 

demonstrate through an application to damage data of electrical substation equipment, that 

neglecting statistical dependence among observations can lead to erroneous fragility estimates. 

Considering that the HEPC database consists of damage observations from two stretches of the same 

viaduct (one being the Kobe Route and the other the Ikeda Route), according to Straub and 

Kiureghian (2008) this database has the potential for statistical dependence between observations, 

further decreasing the reliability of fragility estimates developed from it.  

Considering the lack of damage data associated with past earthquakes for wharf structures, the 

empirical approach has generally been precluded from being used in the development of fragility 

curves. Currently the only data for earthquake damage sustained by a New Zealand port is from 

that sustained by Lyttelton Port from the 2011 Christchurch earthquake. Nonetheless the data from 

the Christchurch earthquake will only form one data point in the fragility curve because the damage 

at Lyttelton Port will be correlated with only one sequence of earthquakes. Clearly, the empirical 

approach cannot be used independently to develop fragility curves however, it can make a good 

case study for reference. 
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5.2.1.3 Analytical Approach 

Developing fragility models using analytical techniques is the most common approach, in which 

seismic response is numerically simulated using dynamic analysis. The particulars of the procedure 

used to develop fragility curves differs between buildings, bridges and wharves but all procedures 

follow three broad steps. After evaluating the seismic hazard, the response of the structure is 

analysed. Using the seismic demand and seismic response, the fragility curve for the structural 

component is developed. The following is the outline of several procedures for developing fragility 

curves mentioned in the literature.  

In developing fragility models for multi-storey buildings, Hwang and Huo (1994) used the following 

procedure: 

1. Generate a set of rock acceleration time histories using seismic hazard curves and random 

seismic parameters. 

2. Generate a set of ground surfaces acceleration time histories using random soil profiles. 

3. Calculate a probabilistic distribution for the building damage index and determine 

capacities for each damage state. 

4. Generate fragility curves. 

Mullen and Cakmak (1997) developed fragility curves for reinforced concrete bridges using the 

following procedure: 

1. Calculate random variable parameters for non-linear numerical model of a bridge structure. 

2. Generate random seismic ground motions. 

3. Determine a set of intensity and damage measures and set limit states for each damage state. 

4. Generate fragility curves based on seismic response of numerical model and limits for each 

damage states 

In both the procedures presented by Hwang and Huo (1994) and Mullen and Cakmak (1997) a 

simplistic numerical model was used to model multi-storey buildings and bridges. This simplistic 

model can be justified for buildings and bridges because it reduces the computational burden whilst 

still capturing the essence of the seismic response. Conversely, the procedures used for developing 

fragility curves for wharf structures all use complex numerical models to capture the realistic seismic 

response of the structure. Following are the two main procedures used for developing fragility 
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curves for wharves; however both of these methods develop fragility curves only for pile-supported 

wharves:  

Chiou et al., (2011) adopted the following procedure for developing fragility curves: 

1. Construct the numerical model of a target wharf structure and analyse its capacity curve. 

The structural properties of the wharf are assumed to be determinate. 

2. Choose pool of representative ground motions near the site earthquake events for fragility 

analysis. 

3. Calculate the seismic response of the wharf subject to the selected earthquake events, which 

are scaled to different levels of ground motion intensity. 

4. Define the criteria for damage states and generate fragility curves through damage 

probability analysis based on the seismic response data and the set damage criteria. 

5. Use continuous functions to further approximate the above discrete fragility data for 

practical applications. 

A more detailed and comprehensive procedure for generating fragility models for pile-supported 

wharf structures was developed by Werner et al., (2009): 

1. Estimate seismic hazard 

a. Identify firm-site ground motions. 

b. Estimate site-specific seismic hazards. 

2. Analyse the three-dimensional dynamic response of a wharf’s soil-structure system to 

seismic hazard 

a. Develop macro-elements to represent soil-structure interaction along embedded 

lengths of piles. 

b. Identify damage states for the various elements of the wharf structure as well as the 

limit state values of engineering demands parameters that define these damage 

states. 

c. Develop pile-connection models and estimation of their structural capacities. 

d. Model the entire system and conduct a seismic analysis using the seismic hazards 

from step 1. 
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e. Develop wharf damage repair models that estimate repair requirements for each 

damage state. The damage repair models include repair costs, repair times, and rates 

at which the wharf’s ship handling functionality is restored. 

3. Generate fragility models 

a. Group results of seismic analysis according to system wide damage states which 

correspond to following states: 

i. Onset of initial damage for which repairs can be carried out with no 

interruption to wharf operations 

ii. Onset of severe and irreparable damage to the structure 

iii. Additional intermediate damage states (for most cases 2 intermediate states 

are sufficient) 

5.2.2 Analytical Fragility Analysis 

A fragility curve describes the probability that the structure (or a component of the structure) fails 

to satisfy a prescribed performance criterion conditioned on a seismic intensity measure (IM) 

representative of the seismic loading. The event of a structure failing to meet a performance 

requirement (damage state) is defined by the case where demand (D) exceeds capacity (C). 

Assuming that both capacity and demand can be described by lognormal distributions, the 

probability of the structure exceeding a particular damage state for a given IM in closed form is 

(Wen, et al., 2004): 

𝑃(𝐶 < 𝐷|𝐼𝑀) = 1 − 𝛷 (
𝜆𝑐 − 𝜆𝐷|𝐼𝑀

𝛽𝐷|𝐼𝑀
2 + 𝛽𝑀

2 + 𝛽𝑐
2) (5-1) 

in which Φ(.) is the cumulative distribution function of the standard normal distribution; 𝜆𝐶  and 

𝜆𝐷|𝐼𝑀 are the natural logarithm of the median response capacity and the corresponding median 

demand for a given IM. 𝛽𝐶 and 𝛽𝐷|𝐼𝑀 are the uncertainty associated with capacity and demand 

representative models and 𝛽𝑀 is the uncertainty in modelling the system. 

5.2.3 Probabilistic Seismic Demand Model 

Analytical fragility analysis requires the use of a probabilistic seismic demand model (PSDM) to 

derive fragility functions using nonlinear time history responses of wharves. 
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The PSDM can be developed using a regression approach in which unscaled ground motions are 

used in the analysis. This is termed Probabilistic Seismic Demand Analysis (PSDA). Alternatively a 

scaling approach could be used in which each ground motions is scaled to a selective intensity 

corresponding to prescribed seismic hazard level and Incremental Dynamic Analysis (IDA) is 

performed at different hazard levels (Baker & Cornell, 2006).   

5.2.3.1 Probabilistic Seismic Demand Analysis 

The PSDA method utilizes regression analysis to obtain the mean and standard deviation for each 

limit state by assuming a logarithmic correlation between median Engineering Demand Parameter 

(EDP) and an appropriately selected IM (Wen, et al., 2004): 

𝐸𝐷𝑃 = 𝑎(𝐼𝑀)𝑏 (5-2) 

𝑙𝑛(𝐸𝐷𝑃) = 𝑙𝑛 𝑎 + 𝑏 𝑙𝑛(𝐼𝑀) (5-3) 

where the parameters a and b are regression coefficients obtained from the response data of 

nonlinear time-history analyses. The remaining variability in ln(EDP) at a given IM is assumed to 

have a constant variance for all IM range, and the standard variation is estimated as follows (Baker 

& Cornell, 2006): 

𝜎(𝐸𝐷𝑃|𝐼𝑀) = √
∑ [𝑙𝑛(𝐸𝐷𝑃) − (𝑎 + 𝑏 𝑙𝑛(𝐼𝑀))]2𝑛

𝑖=1

𝑛 − 2
 (5-4) 

Subsequently, the EDPs are converted to the damage index (DI) and compared with the limit states 

(LS) corresponding to various damage states (DS) outlined in a capacity model. Assuming a log-

normal distribution of EDP at a given IM, the fragility function can be defined as follows: 

𝑃[𝐷𝐼 > 𝐿𝑆|𝐼𝑀] = 1 − ∫
1

√2𝜋𝜎𝐸𝐷𝑃|𝐼𝑀 ∙ 𝑒𝑑𝑝
∙ 𝑒𝑥𝑝 (

[𝑙𝑛(𝑒𝑑𝑝) − 𝑙𝑛(𝑎(𝐼𝑀)𝑏)]
2

2(𝜎𝐸𝐷𝑃|𝐼𝑀)
2 )𝑑(𝑒𝑑𝑝)

𝐿𝑆

0

 (5-5) 

where 𝜎𝐸𝐷𝑃|𝐼𝑀 is the standard deviation of simulation data from the logarithmic correlation between 

median EDP and IM. 

5.2.3.2 Incremental Dynamic Analysis 

The IDA method requires more computational effort because of the scaling of each earthquake 

motion to different IM levels. However, no a priori assumption needs to be made in terms of 

probabilistic distribution of seismic demand in order to derive the fragility functions. Nonlinear 
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time-history analysis is conducted at every IM level. The proportion of occurrences that exceeded 

the damage state can then be used directly in defining the damage probability at the given IM level. 

The damage probability is calculated as the ratio of the number of damage cases 𝑛𝑖 at and beyond 

the damage state 𝑖 over the number of total simulation cases 𝑁 at a given IM level. This can be 

expressed mathematically as follows (Karim & Yamazaki, 2001): 

𝑃[𝐷𝐼 > 𝐿𝑆|𝐼𝑀] =
𝑛𝑖

𝑁
 (5-6) 

The IDA fragility curves can then be fitted using either a normal cumulative distribution function: 

𝑃[𝐷𝐼 > 𝐿𝑆|𝐼𝑀] = ∫
1

√2𝜋𝜎𝐼𝑀

∙ 𝑒𝑥𝑝 (
(𝑖𝑚 − 𝜇𝐼𝑀)2

2𝜎𝐼𝑀
2 )𝑑(𝑖𝑚)

𝐼𝑀

−∞

 (5-7) 

or a log-normal cumulative distribution function: 

𝑃[𝐷𝐼 > 𝐿𝑆|𝐼𝑀] = ∫
1

𝑖𝑚√2𝜋𝜉𝐼𝑀

∙ 𝑒𝑥𝑝 (
(𝑙𝑛(𝑖𝑚) − 𝜆𝐼𝑀)2

2𝜉𝐼𝑀
2 )𝑑(𝑖𝑚)

𝐼𝑀

0

 (5-8) 

where 𝜎𝐼𝑀, 𝜇𝐼𝑀, 𝜉𝐼𝑀 and 𝜆𝐼𝑀 define the standard deviation and mean value for each IM at which a 

specified damage state is reached for a normal distribution and a log-normal distribution, 

respectively.  

5.2.4 Defining Damage States 

Damage states represent the consecutive stages a structure undergoes when subject to continually 

increasing excitation levels, from no damage through to collapse. The states must be defined in terms 

of the specific response parameters outputted from the simulation process such as deck 

displacement, pile curvature ductility, pile cap displacement, wall rotation and displacement.  

In the literature it is most common to define four to six damage states in the progression of a 

structure’s collapse however it is possible to define only two damage states. For example in a study 

conducted by Shinozuka and Lee (2000) fragility curves for typical bridges found in Memphis, US 

were developed using only damage states; major and minor. A bridge model was defined to have 

suffered major damage when all its columns were subject to a ductility demand greater than two 

and minor damage was when all the columns were subject to ductility demand greater than one. 

The most common definitions of damage states are those qualitatively defined by the International 

Navigation Association (PIANC). Four damage states are described; serviceable, repairable, near 
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collapse and collapse levels of a wharf structure. At the serviceable level, the structure should have 

minor or no structural damage and the structure should continue to function. At the repairable level, 

the structural damage is controllable and repairable. At the level of near collapse, the structural 

damage is extensive. At the level of collapse, the structural strength is completely lost (International 

Navigation Association, 2001). Similarly Zhang et al. (2008) used the damage states shown in 

Figure 5-2; slight damage, moderate damage, extensive damage and collapse.  

Chiou et al. (2011) further defined the PIANC damage states quantitatively based on the sequence 

of plasticity development observed in a pushover analysis. The boundaries, shown in Figure 5-3, 

correspond to crack point, yield point and ultimate point. At the crack point the pile becomes 

susceptible to corrosion but is still serviceable. The upper bound of the repairable damage state is 

defined by the yield point, because yielding can occur in-ground and thus will not be detected. The 

ultimate point is the upper bound of the near collapse state as the piles would have developed two 

plastic hinges and thus will collapse after this point. 

 

 

Figure 5-2: Example fragility curves for 4 damage states (Zhang et al., 2008) 
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Figure 5-3: Force-displacement curve showing boundary of damage states (Chiou, et al., 2011) 

Werner et al. (2009) developed fragility curves for typical wharf configurations found in the West 

coast of the US. The defining feature of the approach adopted by Werner is defining damage states 

in terms of repair time and repair costs associated with predicted damage. This is more complex 

than the usual method of defining damage states only in terms of engineering response parameters.  

The correlation between physical damage and resulting repair times and costs was presented in a 

wharf repair model that estimates repair requirements for the damage expected at each damage 

state. Werner et al., (2009) also examined the possibility of representing the repair costs and time as 

continuous random variables with a joint probability density function (JPDF). Using probability 

distributions overcomes the uncertainty and difficulty in accurately determining the onset of 

discrete damage states. The JPDF can be developed by first performing a regression analysis on the 

repair costs and times calculated from each simulation. Using the mean and variance from this 

analysis the JPDF can be defined. 

5.2.5 Ground Motion Selection 

A key feature of fragility analysis is the assembly of a suite of ground motions which is of sufficient 

size so as to adequately capture the underlying seismic demand on the wharf structure and be 

representative of the stochastic process of the seismic hazard. In a time-history analysis of buildings 

for design purposes, the current New Zealand Standard for Seismic Design Actions NZS 1170.5:2004 

(Standards New Zealand, 2004) requires that suites of at least three motions must be used. Similarly, 

other standards (ASCE, 2007; CEN, 2004) recommend the use of seven ground motions (Oyarzo-
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Vera, et al., 2012). However for the purpose of fragility modelling, the appropriate number of ground 

motions is not well understood or agreed upon by those working in the field. In developing fragility 

curves for bridges some have used as few as 30 ground motions while more recent studies have used 

between 80 and 100 motions. For wharf structures, Werner et al., (2009) recommends the use of 40 

ground motions whereas Chiou et al., (2011) uses 24 motions.  

Nielson and Pang (2011) conducted a study to determine the most appropriate suite size by 

quantifying the impact of ground motion suite size on the fragility median and dispersion estimates. 

Using a suite of 160 motions Nielson and Pang generated several fragility curves for four different 

bridge models using subsets of ground motions of different sizes.  The result of the study indicated 

that obtaining a reliable estimate of median and dispersion of a fragility curve is dependent on using 

80 or more ground motions.  

In cases where there are not enough recorded motions that can be included in a suite of motions to 

be used in a time-history analysis, synthetic ground motions can be generated. Hwang and Huo 

(1994) proposed an integrated approach for generating synthetic motions by considering the 

characteristics of seismic source, path attenuation and local soil condition. The science of developing 

synthetic motions is well established and will not be included as part of this research. 

5.3 Fragility Analysis Framework 

The fragility analysis framework adopted in this research is presented in this section. An outline of 

the analysis procedure is provided in the first section followed by a brief overview of the CQ3 model, 

an overview of the Incremental Dynamic Analysis (IDA) and details of the statistical analysis 

conducted on the output of the IDA. The final section briefly describes the computing infrastructure 

used to conduct the fragility analysis.  

5.3.1 Analysis Outline 

An outline of the fragility analysis procedure adopted in this study is presented in Figure 5-4. The 

key step in the procedure was running the simulation step in which the numerical model was 

subjected to hundreds of ground motions. The input to this step was the CQ3 numerical model and 

a suite of ground motions scaled to a range of intensity measures. The output of the simulation step 

was hundreds of data files in which displacements, forces, stresses and strains were computed for 
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each individual simulation. In the subsequent step key response parameters were extracted from 

these data files and used as input in the following statistical analysis step.  

In the statistical analysis step the engineering demand parameters from each simulation were 

grouped according to each intensity measure and fitted to probability distributions resulting in a set 

of parameters defining the overall distribution of response values. These statistical parameters were 

then used to generate fragility curves given a set of limit states for each engineering demand 

parameter. The individual EDPs were then combined to generate overall fragility curves according 

to the inputted damage state definitions.   

 

Figure 5-4: Outline of fragility analysis process 

5.3.2 Numerical Model 

The fragility analysis described in this chapter was conducted on the CQ3 numerical model 

presented in detail in Chapter 4. The CQ3 model was a representation of the CQ3 wharf located in 

Lyttelton Port and was subjected to a sequence of seismic events starting in September 2009. The 

numerical model consists of the structural components (piles, deck, pile-deck connections, and 

abutments) connected using interface elements to the soil domain. This combined model was 

validated against displacements and ground motions recorded during and after the Sep 04 seismic 

event. The numerical model was created using OpenSees, a finite element modelling framework, 

utilising the material and element models already incorporated in the framework.  

5.3.3 Incremental Dynamic Analysis 

Performing an Incremental Dynamic Analysis (IDA) is conceptually simple. In the IDA used in this 

research, each ground motion was scaled to a constant intensity level starting from low to high. Each 

scaled ground motion was then used to conduct a time-history analysis on the CQ3 numerical 

model. At the lower intensity levels the models remained in the linear elastic zone and the amount 
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of non-linearity in the model increased with increasing intensity level. At the highest intensity levels 

numerical convergence became more difficult considering the structure was undergoing collapse. 

Each dynamic analysis was computationally independent of the other, accordingly execution of the 

IDA was easily parallelisable. With the availability of a cluster of 𝑁 computers it was possible to 

divide the total computation time almost by 𝑁.   

5.3.4 Statistical Analysis 

The fragility function was defined as the conditional probability that the wharf has a state exceeding 

the limit state, 𝑙𝑠𝑖 at a specific seismic intensity level expressed mathematically as follows: 

𝑃[𝐿𝑆 > 𝑙𝑠|𝑃𝐺𝐴] = 𝑃[𝑋 > 𝑥𝑖|𝑃𝐺𝐴] = 1 − 𝛷 [
𝑙𝑛(𝑥𝑖) − 𝜆

𝜍
] (5-9) 

where Φ(. ) is the standard normal cumulative distribution function, 𝑥𝑖  is the upper bound for the 

limit state and 𝜆 and 𝜍 are the two parameters of the lognormal distribution of the random variable 

𝑋 (limit state occurrence). The two parameters were calculated from the parameters of the normal 

distribution, mean (𝜇) and standard deviation (𝜎) as shown below: 

𝜆 = 𝑙𝑛𝜇 −
1

2
𝜍2 (5-10) 

𝜍2 = 𝑙𝑛 [1 + (
𝜎

𝜇
)
2

] (5-11) 

The fragility curves were further then fitted to a lognormal cumulative distribution function defined 

using only two parameters and represented mathematically as follows: 

𝐹𝐴(𝑎) = ∫
1

√2𝜋𝜁𝐴𝑎
𝑒𝑥𝑝 [−

1

2
(
𝑙𝑛 𝑎 − 𝑙𝑛 𝑚𝑎

𝜁𝐴
)]

𝑎

0

𝑑𝑎 (5-12) 

where 𝐴 is the random variable at each intensity measure, 𝑚𝑎 is the median of 𝐴 and 𝜁𝑎 is the 

logarithmic standard deviation of 𝐴. After defining standard normal variable, 𝑍 as follows: 

𝑍 =
𝑙𝑛(𝑎) − 𝑙𝑛(𝑚𝐴)

𝜁𝐴
   (5-13) 

The equation for the probability of a fragility curve was defined as a standard normal cumulative 

distribution function as follows: 
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𝐹𝐴(𝑎) = 𝛷[𝑍] (5-14) 

and accordingly the associated normal variable at an intensity level a can be computed using the 

following equation: 

𝑍 = 𝛷−1[𝐹𝐴(𝑎)] (5-15) 

where Φ−1(. ) is the inverse function of the standard normal cumulative distribution. Therefore for 

a fragility curve with a lognormal distribution, the relationship of 𝑍 versus ln(𝑎) is linear of which 

the intercept is ln(𝑚𝐴) and the slope is 𝜁𝐴.  

The following is a summary of the steps taken in conducting the statistical analysis in this research: 

1. Calculated the lognormal distribution parameters for the engineering demand parameters 

at each seismic intensity level 

2. Calculated the conditional probabilities for the limit states at each seismic intensity level 

3. Calculated standard normal variable for each limit state probability at each seismic intensity 

level 

4. Calculated lognormal distribution parameters 

5.3.5 Computing Infrastructure 

The fragility analysis was conducted on the Nesi Pan Cluster provided through the Centre of e-

Research at the University of Auckland. The cluster contains 359 nodes with a combined 5700 cores 

available for general computing use and several other nodes assigned to specific departments and 

job types. Usage of the cluster was only possible after compiling the OpenSeesMP application. This 

version of OpenSees was optimised for usage in parallel computing environments. The cluster was 

used for analysis and post-processing of the results to generate fragility curves.   

5.4 Earthquake Records 

The IDA requires the selection of representative ground motions as the inputs for nonlinear time-

history analysis. The selection procedure should reflect the soil conditions at the site and include 

anticipated earthquake scenarios in terms of relevant earthquake characterizing parameters. A suite 

of ground motions suitable for the IDA was developed using motions extracted from the Peer 

Ground Motion Database – NGA-West2. Only motions with an associated shear wave velocity 

exceeding 500 m/s were included in this suite thus restricting the suite to only rock outcrop motions. 
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No restrictions were placed on the magnitude, fault type or existence of a pulse in the motion to 

ensure the suite contained a wide variety of seismic hazards. This variety minimises the uncertainty 

associated with defining the seismic hazard. The ground motion suite was developed with a wide 

variety of seismic hazard to ensure its viability for use in the IDA of any New Zealand wharves. A 

more targeted ground motion selection could be used if only a specific site was of interest. A total 

of 40 motions were included in the suite. This number was determined based on similar examples 

found in the literature.  

Among various selection procedures of ground motions, the bin approach proposed by Shome & 

Cornell (1999) was the method adopted in this study. The bin approach defines a set of mutually 

exclusive domains of anticipated earthquakes in terms of moment magnitude (Mw) and distance of 

the rupture zone from the site of interest (R). Following Shome & Cornell (1999), the two-

dimensional domain of Mw and R is subdivided into four zones representing different scenarios of 

possible earthquakes. 

 Bin I: small Mw and small R (SMSR) 

o 𝑀𝑤  ∈ [5.5,6.5], 𝑅 ∈ [5,32) 

 Bin II: small Mw and large R (SMLR) 

o 𝑀𝑤  ∈ [5.5,6.5], 𝑅 ∈ [32,60) 

 Bin III: large Mw and small R (LMSR) 

o 𝑀𝑤  ∈ [6.5,7.5], 𝑅 ∈ [5,32) 

 Bin IV: large Mw and large R (LMLR) 

o 𝑀𝑤  ∈ [6.5,7.5], 𝑅 ∈ [32,60) 

The bins were divided into large and small magnitude earthquakes and long and short site-to-source 

distances. The division between large (L) and small (S) earthquakes was set at 6.5 and the division 

between long (L) and short (S) was set at 32 km. These limits where set at levels to ensure a similar 

number of motions were contained in each bin. The database used to develop the Next Generation 

Attenuation of Ground Motions (NGA) was used to select approximately 10 ground motions in each 

bin. The chosen motions were plotted on the two-dimensional domain of Mw and R and shown in 

Figure 5-5. For comparison the motions recorded at the LPCC station were also plotted on the same 

figure. These motions were not included in the suite of ground motions used in the fragility analysis. 
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Figure 5-5: Magnitude and distance plot used for choosing suite of ground motions 

5.4.1 Distribution of Motions 

The distribution of motions based on magnitude and distance to rupture plane, provided in 

Figure 5-6, shows a wide variety of motions consisting of medium to large earthquakes with a 

variety of distances from 15 to 60 km. Motions with rupture distances smaller than 15 km were not 

included in the suite to avoid near-fault effects. A similar spread was apparent in the duration of the 

motions as shown in Figure 5-7. The figure contains a plot of the distribution of the 5-95% 𝐷𝑠 

duration showing that most motions have a significant duration less than 20 seconds. The 

distribution of Arias Intensity (AI) was plotted and shown in Figure 5-7. The greatest number of 

motions have an AI less than 0.25 m/s and the remainder of motions tailing out to an AI of 1.25 m/s.  

A histogram of the Peak Ground Velocities (PGV) and Peak Ground Accelerations (PGA) of each of 

motion are shown in Figure 5-8. This suite of motions exhibits a typical range of PGAs and PGVs 

with the majority of the motions possessing a PGV not exceeding 0.2 m/s and a PGA not exceeding 

2.5 m/s2. 
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a) Magnitude b) Rupture distance 

Figure 5-6: Distribution of magnitude and distance of ground motion suite 

  
a) Duration b) Arias intensity 

Figure 5-7: Distribution of significant duration and arias intensity of ground motion suite 
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Figure 5-8: Distribution of PGV and PGA in ground motion suite 

5.4.2 Response Spectra 

The response spectra for the pseudo-acceleration, 𝑆𝑎 are provided for each ground motion in 

Figure 5-9. Superimposed on that figure are the mean, mean plus one standard deviation and mean 

minus one standard deviation spectra to illustrate the variability which was inherent in the compiled 

suite.   

 

Figure 5-9: Acceleration response spectra for the suite of ground motions 

5.4.3 Intensity Measures 

An intensity measure (IM) is used to define the seismic hazard level and correlate that hazard level 

with engineering demand parameters and damage states in the CQ3 model. The choice of 
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appropriate IMs is sensitive to the structural or geotechnical system being investigated. In this study 

several IMs were considered for use and Table 5-1 shows the commonly used IMs derived from the 

literature. 

The simplest IMs considered were the peak quantities of ground motion defined as the peak ground 

acceleration (PGA), peak ground velocity (PGV), and peak ground displacement (PGD). These were 

well understood IMs and used extensively in the literature to define the strength of ground motions.   

Table 5-1: Intensity measures used in the literature 

Intensity Measure Definition 

PGA Peak ground acceleration 

PGV Peak ground velocity 

PGD Peak ground displacement 

Sa Spectral acceleration 

I Arias intensity 

CAV Cumulative absolute velocity 

 

The Arias Intensity is a function of acceleration over time and accordingly it reflects the amplitude 

variation, frequency content, and duration of the ground motion. Similarly, the Cumulative 

Absolute Velocity (CAV) is the integral of the acceleration time history over time. The CAV accounts 

for intensity and duration, while Arias intensity accounts for frequency content of ground motions 

in addition to amplitude and duration. These measures correlate well to liquefaction damage 

however the soil in the CQ3 model was not expected to liquefy (Kayen & Mitchell, Arias intensity 

assessment of liquefaction test sites on the East Side of the San Francisco Bay affected by the Loma 

Prieta, California, Earthquake of 17 October 1989, 1997). 

Shavieezadeh (2011) conducted a study on a variety of intensity measures comparing each IM in 

terms of their efficiency, proficiency and practicality for use in the fragility modelling of wharves in 

the US. It was found that the use of velocity based IM performed well in predicting demand 

parameters for wharves. Velocity based IMs were closely related to deformations in the soil 

embankment and for most wharves the embankment response was the driving component for the 

overall response of the wharf system. Shavieezadeh (2011) partially attributes the improved 

performance of PGV in comparison to other metrics to the liquefaction in the embankment soils.  
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Considering a balance between simplicity and effectiveness, PGV intensity measure was adopted 

for use in this study even though assessments of liquefaction potential at Lyttelton Port indicated 

the low risk of liquefaction occurring in the upper soil layers at the port. 

5.5 Engineering Demand Parameters 

Engineering Demand Parameters (EDP) are structural and geotechnical response quantities that can 

be used to determine the performance of structural or geotechnical component of the wharf system. 

EDPs were an outcome of the performance-based earthquake engineering framework and have been 

used extensively in performance-based design procedures. 

EDPs have been categorized in literature as either direct or processed. Direct EDPs are those EDPs 

calculated directly by analysis or simulation and can include pile plastic rotation, section bending 

moment or soil stress and strain. Processed EDPs are derived from values of direct EDPs and data 

on component or system capacities and are more commonly referred to as damage measures. Direct 

EDPs can be common across multiple structural types while damage measures are specific to 

structural configurations (Whittaker, et al., 2004).  

A total of three direct EDPs were adopted in this study for quantifying the performance of the CQ3 

model. The deck displacement was a key performance indicator used by the port engineers at 

Lyttelton Port for determining the level of damage experienced after each seismic event. The deck 

displacement values from the CQ3 model could therefore be directly related to actual recorded 

displacements. The maximum pile bending moment was chosen as a key performance indicator for 

the structural response of the wharf. Piles were the key structural component in the CQ3 wharf 

structure and monitoring their performance was crucial to understanding the overall response of 

the wharf. The ground displacement was chosen as a measure of the geotechnical response of the 

CQ3 model. Ground movement has a controlling impact on the response of the wharf due to the 

kinematic loadings imparted on the piles.  

These three EDPs were combined into a damage measure that provides a measure of overall 

performance of the CQ3 model. The following sections provide a description of each EDP, the 

corresponding limit states and the combination of the EDPs into a damage state.  
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5.5.1 EDP Limit States 

EDP limit states identify changes in the force displacement behaviour of the model advancing from 

a linear relationship at the onset of force application towards a nonlinear relationship as the 

materials undergo permanent change in stiffness. This relationship is sometimes presented in a 

curve clearly identifying points at which the slope of the force-displacement or stress-strain 

relationship undergoes a permanent change. In some cases the limit states of an EDP can be 

identified from damage data collected from previous earthquakes. In each EDP four limit states were 

determined in order to provide consistency throughout the fragility analysis.  

5.5.1.1 Residual Deck Displacement 

The deck displacement time-history was computed for each ground motion applied to the CQ3 

model and the residual deck displacement extracted for further analysis. The residual deck 

displacement is a measure of permanent movement in the deck and can be used as an indicator of 

damage in the piles, pavement and any services connected to the wharf. Permanent deck 

displacement is also a key indicator of damage to any lateral resisting mechanisms like the tie-back 

in the CQ3 model.  

This EDP is analogous to the inter-storey drift in building design in that it is a measure of relative 

displacement however residual deck displacement is not directly proportional to damage in piles 

and pile-deck connections unlike how inter-storey drift can be a key indicator of stresses in columns 

and beams. Movement in the deck is usually accompanied with variable ground movement 

resulting in a decrease or increase of stresses on the pile heads and pile-deck connections depending 

on the degree and direction of ground movement. Determining the relative displacement between 

deck and ground movement would more accurately indicate pile and pile-deck connection damage 

however the variable movement of the soil throughout the embankment complicates this task.   

With this in mind conducting a pushover analysis to generate a force-displacement relationship for 

the wharf was deemed unnecessary for the purpose of identifying the limit states for the deck 

displacement EDP. The static nature of a pushover analysis does not account for the relative ground 

movement as deck displacement increases. 

The limit states adopted for the residual deck displacement were extracted from damage data 

recorded at the Lyttelton Port. The database of damage at the port contained detailed descriptions 
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of damage at the deck, pavement, pile-deck connections and associated buildings and services in the 

vicinity of the wharf (Brown, 2011a; Brown, 2011b; Brown, 2012). This allowed for the development 

of a set of limit states correlated with residual deck displacements as shown in Table 5-2. 

Table 5-2: Adopted limit state values for the residual deck displacement 

Limit State Deck Displacement Limit (mm) 

LS1 60 

LS2 100 

LS3 300 

LS4 800 

 

5.5.1.2 Maximum Pile Bending Moment 

The pile bending moment reached in the pile section is a direct relationship to the damage degree of 

damage experienced by the pile. Once a pile section reaches the yield point any further increase in 

moment demand will result in a degrading of pile stiffness and resulting significant increase in 

strains. Strains pass this yield point are of a permanent nature and have significant impact on the 

serviceability and stability of the overall wharf system. 

The relationship between bending moment and curvature, presented in Figure 5-10, for the pile 

section used in the CQ3 model shows distinct phases in the moment-curvature relationship 

indicating changes in the physical nature of the material properties that compose the pile section. 

Four limit states have been identified and shown in the figure indicating end of the linear phase, 

significant degradation of stiffness, global yielding of the section and the ultimate capacity of the 

section. The bending moments at each of these limit states is provided in Table 5-3. The end of the 

linear phase was indicated by yielding of the outermost steel fibre and subsequent limit states were 

reached with increased yielding of steel and concrete fibres. The ultimate capacity was deemed to 

have been reached when the section no longer sustains increased loads due to the yielding of the 

entire section.   
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Figure 5-10: Limit states for the pile bending moment 

Table 5-3: Adopted limit state values for the maximum pile bending moments 

Limit State Pile Bending Moment Limit (kNm) 

LS1 800 

LS2 1000 

LS3 1100 

LS4 1200 

 

5.5.1.3 Residual Ground Displacement 

The residual ground displacement is a measure of the geotechnical response of the soil embankment. 

This permanent ground movement is indirectly proportional to damage throughout the port site as 

manifested in damage to pavements, services and wharf structures. Ground movement from 

settlement and slope failure is a good indicator of the kinematic loading experienced by the piles 

embedded in the soil embankment. This kinematic loading is directly proportional to the significant 

stresses experienced by the piles at depths below the ground level. The maximum residual ground 

displacement was measured at the toe of the slope which was the area of greatest displacement as 

indicated by the soil slope displacement results shown in Chapter 4. 

The limit states associated with ground displacement cannot be directly determined from a simple 

force-displacement relationship because the basic physics of soil response are significantly more 

complex than that of structural response. There is also a significant variability in expert opinion on 

the correlation between ground displacement and predicted damage. The most appropriate data 

available in the literature was provided by Upsall (2006) which surveyed earthquake reconnaissance 
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experts asking them to correlate horizontal displacement with descriptive damage states. The data 

is reproduced in Table 5-4. These limit state values were adopted for use in this study with slight 

adjustment being made to the lower state values. The limit values for state 1 and 2 were adjusted 

based on the damage data recorded at Lyttelton Port which provided a more accurate correlation 

between low level ground displacement and the associated level of damage. The final set of limit 

state values is presented in Table 5-5. 

Table 5-4: Mean limit state values for damage states developed from responses by earthquake 

reconnaissance experts. Reproduced from Upsall (2006) 

 Horizontal Displacement (cm) Vertical Displacement (cm) 

Negligible 0 – 4.3 0 – 1.9 

Minor 4.3 – 10.9 1.9 – 6.8 

Moderate 10.9 – 32.6 6.8 – 20.7 

Severe 32.6 – 98.0 20.7 – 73.9 

Catastrophic 98.0 + 73.9 + 

 

Table 5-5: Adopted limit state values for the residual ground displacement 

Limit State Residual Ground Displacement (m) 

LS1 0.1 

LS2 0.15 

LS3 0.32 

LS4 0.98 

 

5.5.2 Damage States 

The limit state values for the three EDPs described in the previous sections were combined to 

generate a definition for four damage states. The damage states provide a measure of the overall 

response of the CQ3 wharf model that captures both structural and geotechnical response 

parameters. The adopted names and descriptions of each damage state are shown in Table 5-6. These 

descriptions were obtained from the PIANC definitions outlined in the previous sections and further 

expanded on to include geotechnical damage descriptions.  

The CQ3 wharf model was assumed to have reached the serviceable damage state when at least one 

EDP reached the first limit state. Similarly the model was assumed to have reached the repairable 



199 

 

damage state when one EDP reached the second limit state and so on until one of the EDPs reached 

the fourth limit state to indicate the wharf model has reached the Collapse damage state. 

Table 5-6: Damage state definitions 

 Damage State Description Function 

Serviceable Minor or no structural damage. Small 

settlement and ground cracks 

Continued use after 

inspection 

Repairable Structural damage is repairable and 

controllable. Significant pavement cracks 

and settlement. 

Continued use after repair 

Near Collapse Structural damage extensive. Significant 

slope movement. 

Unsafe for future use 

Collapse Significant degradation of structural 

strength. Significant slope failure and loss 

of retaining wall capacity.  

Unsafe for future use 

  

5.6 Results 

The results of the fragility analysis are provided in the following sections. The first section outlines 

the results of the statistical analysis followed by presentation of the fragility curves in the second 

section. In each section the results for each EDP are presented followed by the results for the damage 

states. 

5.6.1 Statistical Analysis 

The results of the statistical analysis described in the previous sections is outlined in the following 

sections; grouped by EDPs. The final section presents the results of the statistical analysis conducted 

on the damage state occurrence values.  

5.6.1.1 Residual Deck Displacement 

The residual deck displacement for each individual time-history analysis is plotted in Figure 5-11 

against the corresponding PGV. The mean, mean plus one standard deviation and minus one 

standard deviation were also superimposed on the same plot indicating the average and variability 

in the EDP. With increasing PGV the EDP shows increasing variability in responses in accordance 

with a log-normal distribution. This log-normal distribution is apparent both between PGVs and 

within the same PGV level. This was further confirmed through statistical analysis of the EDP 
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responses at the 0.1 m/s and 1.3 m/s PGV levels. A histogram of EDP responses at each of these PGV 

levels is presented in Figure 5-12. The histograms in both cases shows skewness indicative of a log-

normal distribution function.  

The log-normal distribution of EDP results was further confirmed after taking the natural of the EDP 

response values and plotting them against the natural log of the EDP values. A plot of these results 

in shown in Figure 5-13. This plot indicates a linear relationship between ln(PGV) and ln(EDP) with 

an R2 of 0.89 as evidence of a strong relationship between the two parameters. 

The descriptive statistical parameters for the residual deck displacement response values is shown 

in Table 5-7. 

 

Figure 5-11: Residual deck displacement response for suite of ground motions 

 
a) PGV of 0.1 m/s b) PGV of 1.3 m/s 

Figure 5-12: Histogram for deck displacement results at a PGV of 0.1 and 1.3 m/s respectively 
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Figure 5-13: Response data fitted to a log-normal distribution 

Table 5-7: Statistical parameters of the residual deck displacement response values 

Statistical 

Parameter 

PGV 

0.1 0.3 0.5 0.7 0.9 1.1 1.3 

𝜎 0.01558 0.08777 0.177082 0.2725 0.3710 0.4670 0.5714 

𝜇 0.04233 0.21166 0.424299 0.6655 0.9130 1.1698 1.4346 

𝜍2 = 𝑙𝑛 [1 + (
𝜎

𝜇
)
2

] 
0.1270 0.1587 0.1606 0.1550 0.1527 0.1479 0.1473 

𝜆 = 𝑙𝑛𝜇 −
1

2
𝜍2  -3.170 -1.565 -0.870 -0.419 -0.1027 0.1459 0.3500 

 

5.6.1.2 Maximum Pile Bending Moment 

Pile bending moment response values presented the same relationship as the residual deck 

displacement showing an increasing variance in response values with increasing PGV values. The 

response values were also log-normal within the same PGV level as indicated by the histogram plot 

shown in Figure 5-14. A regression analysis was conducted on the natural log of both the EDP and 

PGV values resulting in a linear plot with an R2 value of 0.83 indicating a satisfactory relationship 

between the parameters. The plot of the logarithmic transformation is shown in Figure 5-15. 

The descriptive statistical parameters for the residual deck displacement response values is shown 

in Table 5-8. 
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a) Pile bending moment b) Residual ground displacement 

Figure 5-14: Histogram of response parameters at a PGV of 1.3 m/s for pile bending moment and residual 

ground displacement 

  
a) Pile bending moment b) Residual ground displacement 

Figure 5-15: Regression analysis of the logarithmic transformed response values 

Table 5-8: Statistical parameters of pile bending moment response values 

Statistical 

Parameter 

PGV 

0.1 0.3 0.5 0.7 0.9 1.1 1.3 

𝜎 60587 152484 93980 71457 68358 88258 109939 

𝜇 272352 711788 912269 986437 1031405 1077362 1118199 

𝜍2 = 𝑙𝑛 [1 + (
𝜎

𝜇
)
2

] 
0.048 0.045 0.011 0.005 0.004 0.007 0.01 

𝜆 = 𝑙𝑛𝜇 −
1

2
𝜍2 

12.51 13.47 13.72 13.8 13.85 13.89 13.93 

 

5.6.1.3 Residual Ground Displacement 

The residual ground displacement response values also showed a log-normal distribution as 

indicated by the histogram plot in Figure 5-16 and the regression analysis plot in Figure 5-15. The 
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R2 of the regression analysis on the transformed response values is 0.86 indicating a significant 

percentage of the variability in the data can be explained by the regression model.  

The descriptive statistical parameters for the residual deck displacement response values is shown 

in Table 5-9. 

Table 5-9: Statistical parameters of residual ground displacement response values 

Statistical 

Parameter 

PGV 

0.1 0.3 0.5 0.7 0.9 1.1 1.3 

𝜎 0.0164 0.1009 0.1977 0.2958 0.404 0.5031 0.6199 

𝜇 0.1169 0.3133 0.5532 0.8194 1.0868 1.3566 1.6435 

𝜍2 = 𝑙𝑛 [1 + (
𝜎

𝜇
)
2

] 
0.0196 0.0987 0.1202 0.1225 0.1294 0.1289 0.133 

𝜆 = ln𝜇 −
1

2
𝜍2 

-2.1469 -1.1656 -0.5993 -0.2067 0.0749 0.2967 0.488 

 

5.6.1.4 Damage States 

The results from the individual EDPs were combined into a single damage state. The CQ3 wharf 

model was deemed to have reached a given damage state when at least one of the EDPs reaches that 

same limit state level. Accordingly the CQ3 model was deemed to have reached the serviceable 

damage state when the residual deck displacement reached the first limit state. The damage state 

reached after each simulation was computed and the results are presented in Table 5-10. A histogram 

of the occurrences at a PGV level of 0.1 and 1.3 m/s is presented in Figure 5-16. The plots in the figure 

indicate that the occurrences of damage states also fit a log-normal distribution as indicated by the 

skewness in the histogram.  

Table 5-10: Number of occurrences at each PGV level for all the damage states 

Damage 

State 

PGV 

0.1 0.3 0.5 0.7 0.9 1.1 1.3 

<S1 5 0 0 0 0 0 0 

S1 33 1 0 0 0 0 0 

S2 2 26 5 0 0 0 0 

S3 0 13 33 31 15 8 4 

S4 0 0 2 9 25 30 32 

>S4 0 0 0 0 0 2 4 
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a) PGV of 0.1 m/s b) PGV level of 1.3 m/s 

Figure 5-16: Histogram of damage state occurrences at a PGV level of 0.1 and 1.3 m/s 

5.6.2 Fragility Curves 

The fragility curves for each EDP were generated by calculating the probability of reaching each 

limit state given a PGV level. This process was explained in detail in previous sections. These 

probabilities were then fitted to a cumulative log-normal distribution function to allow for the 

plotting of simplified fragility curves defined by two parameters. The parameters defining the 

fragility curve for each limit state and for each EDP are presented in Table 5-11 and the fragility 

curves are presented in the following sections. 

Table 5-11: Parameter defining the cumulative distibution function for each limit state and for each EDP 

Limit State 𝜁𝑎 ln(𝑚𝑎) 

EDP1 EDP2 EDP3 EDP1 EDP2 EDP3 

LS1 0.281965 0.275861 0.38671 -2.05012 -0.99316 -2.66624 

LS2 0.275311 0.361552 0.309082 -1.66418 -0.29981 -1.81804 

LS3 0.269269 0.400845 0.217526 -0.87561 0.118412 -0.88773 

LS4 0.265357 0.428339 0.333227 -0.20051 0.543298 -0.17188 

 

5.6.2.1 Residual Deck Displacement 

The residual deck displacement fragility analysis probabilities at each PGV level and for each limit 

state are shown in Figure 5-17 indicated by cross markers. Superimposed on that plot are the 

simplified fragility curves fitted to a cumulative distribution function for the response variable. The 

fitted curves appear to accurately represent the underlying response probabilities. 
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These fragility curve represent the probability that given a PGV level the CQ3 model will reach a 

prescribed limit state. For example given an intensity level of 0.2 m/s the probability that the CQ3 

model exceeds a residual deck displacement of 60 mm is 0.94 and the probability it exceeds 100 mm 

is 0.58. The steep gradient of the first and second limit state curves indicates a rapid increase in 

probability with minimal changes in PGV. This sharp change in probability suggests that low level 

deck displacements in the CQ3 model are highly sensitive to PGV levels. In contrast, the probability 

of reaching large deck displacements varies gradually from a PGV of 0.4 to greater than 1.3 m/s. This 

observation is in agreement with plot shown in Figure 5-11 which shows greater variance in results 

with increasing PGV level. 

 

Figure 5-17: Fragility analysis and cumulative fitted fragility curve for the residual deck displacement 

5.6.2.2 Maximum Pile Bending Moment 

The pile bending moment fragility analysis probabilities at each PGV level and for each limit state 

are shown in Figure 5-18 indicated by cross markers. Superimposed on that plot are the simplified 

fragility curves fitted to a cumulative distribution function of the response variable. The fitted curves 

appear to accurately represent the underlying response probabilities in all limit states except the 

third limit state. The difference between the fitted curve and the response probabilities at the upper 

intensity levels was noticeable. This discrepancy needs to be improved in future variations of the 

research study. 

The fragility curves shown in Figure 5-18 indicate that the limit states for the pile bending moment 

were reached at a higher PGV level in comparison to the fragility curves for the residual deck 

displacement. For example at a PGV of 0.2 m/s the CQ3 model had a high probability (0.94) of 
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reaching the first limit state and at the same PGV level there almost a zero probability of reaching 

the first limit state (end of linear phase) for the pile bending moment. For the CQ3 model to have a 

0.94 probability of reaching the first limit state for pile bending moment the PGV level needs to be 

in excess of 0.58 m/s. 

At the maximum PGV level of 1.3 m/s used in this fragility analysis the CQ3 model has 0.24 

probability of reaching the collapse damage state. Such a low probability is indicative of the difficult 

of reaching such a limit state because attracting such a high bending moment in one pile will result 

in a degradation of stiffness which in turn will cause the surrounding piles to attract a greater force. 

This redistribution of moment is realistically captured in the CQ3 model. Only once the wharf 

undergoes significant displacement would high enough curvature be generated in the pile sections 

resulting in bending moments reaching the ultimate capacity.  

 

Figure 5-18: Fragility analysis and cumulative fitted fragility curve for pile bending moment 

5.6.2.3 Residual Ground Displacement 

The fragility analysis probabilities for residual ground displacement at each PGV level are shown in 

Figure 5-19. Superimposed on that plot are the simplified fragility curves fitted to a cumulative 

distribution function. The fitted curves generally represent the underlying response probabilities to 

a satisfactory degree.  

For the same PGV the residual ground displacement shows a higher probability of reaching the first 

two limit states in comparison to the fragility curves of the residual deck displacement and at higher 

PGV levels this pattern is reversed.  
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The fragility curves for the residual ground displacement also show a wide range of intensity values 

for the same probability. At a probability of 0.5 the first limit state was reached at a PGV level of 

0.06 m/s and the fourth limit state was reached at a PGV of 0.84 m/s representing a range of 0.78 m/s. 

In contrast, for the same probability and the same limit states, the range of PGVs is 0.69 m/s. A 

greater range represents greater variance in the response parameters. 

 

Figure 5-19: Fragility analysis and cumulative fitted fragility curve for residual ground displacement 

5.6.2.4 Damage States 

The cumulative probabilities for each damage state are shown in Figure 5-20. These curves represent 

the probabilities that given a PGV level the CQ3 model will reach one of the four damage states 

described qualitatively and quantitatively in previous sections.  According to this fragility model 

the 50% probability of reaching the collapse state is exceeded at a PGV pf 0.87 m/s.  

The onset of the serviceable and repairable damage states was highly sensitive to the PGV of the 

ground motion. Increasing the IM from 0 to 0.3 m/s resulted in the probability of the serviceable and 

repairable damage states to increase from 0 to 0.99. A similar increase in PGV level from 0.4 to 0.7 m/s 

resulted in only an increase of 0.17 in the probability of the collapse damage state.   
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Figure 5-20: Fragility curve for the CQ3 model 

5.7 Discussion 

5.7.1.1 Wharf Comparison 

The fragility curves developed for the CQ3 wharf provide LPC port engineers with a tool to predict 

the probability of damage state at CQ3 given the seismic hazard. Using the fragility curves 

retrospectively considering the Sep 04 ground motion provides for a validation of the fragility 

curves. Figure 5-21 shows a plot of the fragility curve for the serviceability damage state with the 

PGV for the Sep 04 indicated on it. At the hazard level of the Sep 04 seismic event there was a 0.99 

probability of reaching the repairable damage state. This was in agreement with the damage 

observed at the CQ3 wharf. Similarly had the Feb 22 seismic event been the first ground motion to 

affect the CQ3 wharf, the fragility curves predict a 0.74 probability of reaching the near collapse 

damage state. At a PGV level similar to the Feb 22 event the CQ3 wharf was not predicted to reach 

the collapse or collapse damage state as indicated a probability of zero. 
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Figure 5-21: Probability of reaching the repairable and near collapse damage state for the CQ3 wharf after 

the Sep 04 and Feb 22 event 

5.7.1.2 Aftershock Ground Motions 

The fragility curves developed in this study do not consider the impact of multiple seismic events 

reaching a wharf structure in sequence similar to what occurred at the Lyttelton Port. Seismic events 

impacting on previously damaged wharf systems typically result in relatively lower damage 

increases compared to the same seismic event impacting a previously undisturbed wharf system. 

This phenomenon was observed for response at the CQ3 wharf model and has been discussed in 

previous chapters. Accordingly using the fragility curves developed in this study for predicting the 

probability of damage from an aftershock event will result in an over estimation of damage 

probabilities. In future research these fragility curves can be updated to account for damage from 

aftershock events.   

5.7.1.3 Ground Motion Suite 

The ground motion suite adopted in this study contained significant variance in magnitude, rupture 

distance, frequency content and peak ground parameters and it was developed for use in analysis 

of New Zealand wharves. However, the suite could be optimised further to include motions that are 

more representative of seismic hazard at selected locations. Wharf structures embedded in 

significantly unique soil conditions will require an updated suite of ground motions because the 

seismic hazard can be highly influenced by the site soil conditions. 

The number of motions in the suite also needs to be investigated further to ensure the optimal 

number of motions are being used. 40 motions was deemed sufficient for use in this fragility analysis 
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but a sensitivity analysis will need to be conducted to determine the ideal number of motions that 

minimises the complexity of the analysis procedure (and in turn reduce computational costs) while 

maximising the variance in seismic hazard.   

5.7.1.4 Incremental Dynamic Analysis 

The use of PGV as an intensity measure provided good correlation to EDPs but the range of PGVs 

adopted in this study did not provide a high enough range to ensure all the damage states reached 

a probability of 1. Increasing the upper limit of PGV would have resulted in more of the simulations 

reaching the highest limit state and in turn more occurrences of the collapse damage state would 

have been computed. This ensures the fragility curves span the entire range of possible IMs.   

In this analysis every motion was scaled to the entire range of PGVs in increments of 0.2 m/s. This 

scaling produced unrealistic ground motions in which a ground motion with a PGV of 0.1 m/s was 

scaled to a PGV of 1.3 m/s. Scaling only the velocity motion in the time domain might not produce 

ground motions that capture the realistic seismic hazard. A more appropriate approach would be to 

divide the ground motions according to their PGVs and then scale each motion only to the maximum 

and minimum PGV in that group. For example a ground motion with a PGV of 0.2 m/s in a grouping 

of PGVs ranging from 0.1 to 0.5 m/s will only be scaled to a PGV of 0.5 m/s. 

5.7.1.5 Engineering Demand Parameters 

Only three of the most common EDPs were utilised in this study to provide enough variety in EDPs 

to ensure the geotechnical and structural response was sufficiently captured. The chosen EDPs 

allowed for an accurate representation of response while minimising computational costs and 

complexity of the research. However the choice of EDPs was optimised specifically for the CQ3 

wharf structure. Generating fragility curves for other wharf structures requires expansion of the set 

of EDPs to capture the response of other structural configurations. This could include the force in 

the tie-back or raked pile, the relative deck-abutment displacement, stresses and strains in the soil 

embankment, liquefaction onset in liquefiable soils and differential movement of soil layers. 

Defining the limit states for each EDP required significant engineering judgement due to the lack of 

detail experimental and theoretical literature on the appropriate number and value of limit states.  

The EDP limit states developed in this study were also optimised for the CQ3 model therefore these 

values might not be applicable for structures with significant variance in structural and geotechnical 

configuration. Developing more robust limit state definitions based on actual experimental data will 
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result in significant improvements to the limit state values adopted in this study. Alternatively EDPs 

could be represented on a continuum resulting in a fragility demand surface instead of a fragility 

curve.   

5.8 Conclusions 

Fragility modelling was conducted on the CQ3 model explained in the previous chapter. After 

reviewing the literature on fragility modelling, the analytical approach for developing fragility 

curves was adopted for use in this investigation. Fragility curves provide the conditional probability 

that, given a seismic intensity level, a structure reaches a defined limit state or damage state. 

The framework for generating fragility curves involved the development of a suite of ground 

motions to be used in the Incremental Dynamic Analysis of the CQ3 model. In the IDA each ground 

motion was scaled to a range of intensity measures in ascending order. A statistical analysis was 

then conducted on the output of the IDA and the results fitted to a log-normal cumulative 

distribution function to generate fragility curves. 

The ground motion suite contained 40 motions extracted from the Peer Ground Motion Database – 

NGA-West2 and deconvoluted for application at the base of the CQ3 model. A statistical analysis of 

the ground motion parameters indicated a wide range of motions contained in the suite. The PGV 

was adopted as the measure for seismic intensity and each motion was scaled to seven PGV levels 

from 0.1 m/s to 1.3 m/s.  

Three engineering demand parameters (EDP) were adopted for defining the demand on the wharf 

model. The residual deck displacement, pile bending moment and residual ground displacement 

was computed for each time-history analysis and the limit states for each EDP were defined. All the 

analyses were conducted on the Nesi Pan Cluster available through the Centre of eResearch at the 

University of Auckland.  

Fragility curves for each EDP were developed by conducting a statistical analysis on the response at 

each PGV level. The probabilities for reaching each limit state were calculated and then fitted to a 

log-normal cumulative distribution function. The probabilities from each EDP were combined into 

a single damage state. The damage states qualitative definitions were adopted from the guidelines 

provided by the International Navigation Association. The four damage states of Serviceable, 

Repairable, Near Collapse and Collapse were adopted in this fragility modelling. Qualitatively, a 
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structure was deemed to have reached a damage state when at least one of the EDPs reached that 

same damage level.  

The fragility curves for the overall damage states provide researchers with tools for quantifying the 

probability of damage at each intensity level. Theses curves were validated using the results from 

the Sep 04 and Feb 22 events. According to the fragility curves, at the intensity of the Sep 04 event 

the CQ3 model was predicted to have reached the Repairable damage state and at the intensity of 

the Feb 22 event the CQ3 model was predicted to have reached the Near Collapse damage state. This 

prediction was in alignment with damage states reported after each seismic event.  
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Chapter 6  

Wharf Characterisation 

and Model Variations 

6.1 Overview 

New Zealand ports contain a wide variety of structural configurations and soil conditions both 

within each port and between ports. This chapter attempts to capture some of the variability with 

the aim of improving the understanding of wharf seismic response. The first section of this chapter 

outlines the outcome of a large analysis of available data on the structural configurations and soil 

conditions in New Zealand. Based on this characterisation study several variations of the CQ3 model 

were made. The aim of each variation was to investigate a feature that was common in New Zealand 

ports. A total of five variations were developed and outlined within this chapter. The outline is 

followed by the results of a time history analysis on each variation using the Sep 04, Feb 22 and Jun 

13 ground motions. In the final section of this chapter, the results of the fragility analysis on each 

variation is presented followed by a discussion of theses results.  

6.2 Wharf Characterisation 

As a precursor to analysing the seismic response of New Zealand wharves, it is important to 

understand their structural and geotechnical characteristics. Characterisation of New Zealand 

wharves allows for the development of numerical models that accurately represent the New Zealand 

stock of wharves. This section outlines the characterisation of the structural and geotechnical data 

collected from New Zealand ports and publicly available literature.   
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6.2.1 Structural Characterisation 

A database of structural wharf drawings was collated from New Zealand port authorities. This 

database contained a total of 72 drawings, each representing a distinct wharf cross section from 

which parameters such pile type, pile material, lateral resistance mechanism, decking type and other 

relevant details were extracted. Statistical analysis was then conducted on this database to generate 

a set of representative parameters to be used in the guiding numerical modelling decisions. The 

characterisation was focused on the structural details that had a potential influence on the seismic 

response of wharves. 

6.2.1.1 Wharf Orientation 

Wharf cross sections were defined according to their orientation on the shoreline. Structures in 

which the longer dimension was running parallel to the shore (shown in Figure 6-1a) were classified 

as transverse and structures in which the longer dimension was running perpendicular to the 

shoreline (shown in Figure 6-1b) were classified as longitudinal. This parameter has a significant 

influence on the response of the structure both to vertical and lateral loads.  

 
 

a) Transverse b) Longitudinal 

Figure 6-1: 3D model of different port orientations 

The majority (83%) of New Zealand wharves were oriented transversally. Further analysis indicates 

that longitudinally oriented wharves were more common in older structures as was reflected in a 

mean age of 47 years in comparison to a mean age of 37 years for transverse wharves. Longitudinal 

wharves occupied less shoreline and did not require large scale reclamations accordingly these 

wharf types were more common in older wharves. However, with the increase in required storage 

space behind wharves, the need to carry larger loads and the improvement in reclamation 
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construction techniques, port owners constructed more transversely oriented wharves. Several port 

owners converted longitudinal wharves into transverse wharves by reclaiming land adjacent to one 

of the wharf edges. From 1966 onwards all new wharves constructed where transversally oriented.    

6.2.1.2 Structural Type 

Wharf cross sections were also broadly categorised according to the status of their berthing face 

being either open or closed. Figure 6-2 shows the distinction between the two categories. In open 

wharves the deck was supported on piles and the structure was either oriented transversally or 

longitudinally. In closed wharves, a sheet-pile or concrete caisson wall retains the backfill and forms 

the front face of the structure. Closed wharves were always oriented transversally and it follows that 

all longitudinal wharves were open. Of all the transverse wharves, 77% were classified as open and 

the remaining 23% were classified as closed. 

  

a) Open b) Closed 

Figure 6-2: 3D model of different structural types 

6.2.1.3 Properties of Open Wharves 

Transversally oriented open wharves, more commonly referred to as pile-supported wharves were 

the most common wharf configuration in New Zealand. These wharves have been analysed further 

according to pile shape, pile material, pile spacing and ground slope angle. Longitudinal open 

wharves were also examined in this section. 

Pile Shape 

Piles were commonly square or round shaped with rare occurrences of octagonal shapes or a mixture 

of shapes within the same wharf cross section. Figure 6-3 highlights the proportion of each shape 

within the dataset of wharves. The split between square and round pile shapes was approximately 

70/30. In the case of longitudinal wharves, 80% were constructed using round piles. 
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Pile Material  

Piles in open transverse wharves were typically constructed from concrete or timber. Some wharves 

use concrete filled steel and the remaining use a variety of hollow concrete or steel. The percentage 

of each material is shown in Figure 6-4. It can be seen that the majority (56%) of wharves were 

constructed using concrete piles (either reinforced or pre-stressed). Timber (26%) was the second 

most common construction material and concrete filled steel (10%) the third most. The remaining 

8% consisted of a variety of materials rarely used wharf construction. Pile material was further 

analysed with respect to pile shape to yield significant correlations. The majority (82%) of concrete 

piles were square shaped and concrete filled steel piles were all round, but timber piles were split 

evenly between round and square piles. The majority (80%) of longitudinal wharves were 

constructed using timber. 

Pile Spacing 

Pile spacing in pile-supported wharves has significant variability as is shown in Table 6-1, with a 

standard deviation of 1.5 m and a range of 5.5 m. Furthermore, the data was positively skewed as 

indicated by a skewness value of 1.01. Statistically, a mean a value of 3.2 m was therefore not 

representative of the New Zealand stock of wharves. However, breaking down the pile spacing 

values according to materials yielded more representative values.  

The data for concrete filled steel piles (shown in Table 6-1) had a skewness value of 0.54 indicating 

that a value between the mean and median of the sample dataset was representative of the 

population of concrete filled steel piles. However, the concrete and timber dataset still showed 

significant skewness. Accordingly, the dataset was transformed to the logarithmic domain and the 

summary statistics of the transformed dataset is presented in Table 6-1. The transformed dataset 

showed significantly improved skewness values and the mean value of the original dataset was 

calculated by inversing the logarithm of the average for the transformed data set yielding a mean of 

2.6 m.  

For longitudinal wharves the most common pile material was timber and the summary statistics for 

the resulting dataset is shown in Table 6-2. Considering a skewness value of 0.66, the median value 

of 1.7 m pile spacing was representative of the population of longitudinal timber wharves.  
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Figure 6-3: Percentage of transverse open wharves supported by each pile shape 

 

Figure 6-4: Percentage of materials used for piles in transverse open wharves 

6.2.1.4 Properties of Closed Wharves 

The majority (75%) of closed wharves in New Zealand use a combination of a steel sheet-pile wall 

below a concrete retaining wall connected to a relieving slab anchored to a combination of raked 

piles. Figure 6-5 shows an example of this configuration. For this configuration of closed wharf either 

two or three raked piles were used for anchoring. The most common angle at which the raked piles 
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Square Round Other

56%26%

10%

8%

Concrete Timber Concrete filled steel Other



218 

 

were placed was 18° from the vertical. The remaining closed wharves had unique configurations 

that were not well represented in the overall stock of wharves.  

Table 6-1: Summary statistics for pile spacing (mm) for open transverse wharves 

Statistic All 

Concrete 

Filled Steel 

Concrete and 

Timber 

Concrete and 

Timber - Log 

Mean 3227 5650 2798 3.41 

Median 3048 5515 2200 3.48 

Mode 3050 N/A 1502 3.48 

Standard Deviation 1489 1079 1574 0.18 

Skewness 1.01 0.54 1.26 0.25 

Range 5501 2428 5201 0.65 

 

Table 6-2: Summary statistics for pile spacing (mm) for longitudinal wharves 

Statistic Value 

Mean 1987 

Median 1691 

Mode 1400 

Standard Deviation 767 

Skewness 0.66 

Range 1748 

 

 

Figure 6-5: 3D model of closed wharf configuration 
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6.2.1.5 Lateral Resistance for Open Wharves 

The mechanisms used for resisting lateral loads in open wharves were either raked piles, moment-

resisting pile-deck connections or tie-backs. In almost all transverse open wharves raked piles and 

tie-backs were mutually exclusive with each wharf employing one mechanism or the other. The 

percentage of open transverse wharves using raked piles was approximately equal to those using 

tie-backs. However for longitudinal wharves almost all configurations use raked piles for lateral 

resistance.  

Raked Piles 

The majority (67%) of wharves use one raked pile per bay for lateral resistance as can be seen in 

Figure 6-6. Only 20% use two piles and the remainder use a greater number. In the few cases that 

more than two raked piles were used the drawings indicate a specific design that doesn’t appear to 

be replicated in any other wharf. Accordingly, the split between wharves using one or two raked 

piles was approximately 80/20. In Figure 6-7 the pile angles (measured from the vertical) of wharves 

containing only one raked pile are plotted. It appears that wharf number 5 was an outlier considering 

the raked pile in this wharf was placed at an angle more than double all the other wharves. Statistical 

analysis was conducted on the dataset after removing this outlier and the results are presented in 

Table 6-3. The mean and median rake pile angles are both 22°. For longitudinal wharves, 70% use 

two raked piles to resist lateral loads and in all cases an angle of 30° was used. 

Tie-backs 

Tie-backs provide lateral resistance by transferring the lateral load from the wharf deck through a 

steel rod into large concrete blocks and then dissipate that force into the backfill. On the seaward 

end, the tie-backs are usually anchored into a retaining wall that forms the abutment of the wharf. 

Ground anchors could be used on the landward end of the tie-back instead of concrete deadmen. 

However, the use of concrete deadmen was more common with 72% of the wharves employing tie-

backs using this mechanism.   

Pile-deck Connection 

Determining the fixity of the pile-deck connections from the available drawings was difficult in the 

majority of cases due to the lack of connection detail so the database was unreliable in accurately 

determining fixity. Nonetheless, from the available data, it was found that wharves with and 

without moment-resisting connections were approximately split evenly between wharves with tie-
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backs and wharves with raked piles. Further analysis of the age of structures with and without 

moment-resisting connections indicates that wharves with moment-resisting connections had an 

average age of 34 years and wharves with pin connections had an average age of 44 years. The use 

of moment-resisting pile-deck connections most probably correlates with the implementation of 

seismic design methodologies which is further analysed in section 6.2.1.6.  

Table 6-3: Summary statistics for pile angle in wharves using one raked pile 

Statistic Value 

Mean 21.4 

Median 22 

Mode 22 

Standard Deviation 4.2 

Skewness 0.91 

Range 16 

 

 

Figure 6-6: Number of raked piles used in open transverse wharves 
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Figure 6-7: Pile angle of wharves containing one raked pile 

6.2.1.6 Seismic Design 

Wharves have been constructed in New Zealand since the start of European settlement and since 

then construction techniques, structural configurations and material have undergone significant 

changes. Accordingly, it was important to determine any correlations between construction date and 

observed wharf characteristics. In Figure 6-8 a histogram of construction periods is presented. The 

figure shows that for the wharves tabled in the database the most common construction periods 

were the 1960s and the 1970s. 

Knowing a wharves construction date allows for estimating the most probable material and 

geometric parameters adopted by the designer based on what structural design methodologies and 

construction techniques were common in each period. Of primary concern to this research was the 

inclusion of earthquake design methodology in the design of new wharves.  In New Zealand, there 

was no unified port design standard, however since 1992 new wharf construction was regulated by 

the Building Regulations (1992) which gives several definitions for the buildings governed by the 

regulation. The extract below is the relevant definition from the Building Regulations (1992): 

“8.0 Ancillary 

8.0.1 Applies to a building or use not for human habitation and which may be exempted from some 

amenity provisions, but which are required to comply with structural and safety-related aspects 
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of the building code. Examples: a bridge, derrick, fence, free-standing outdoor fireplace, jetty, mast, 

path, platform, pylon, retaining wall, tank, tunnel or dam.” 

Accordingly, to achieve compliance, port engineers must adhere to the following standards when 

designing wharves (Building Regulations, 1992):  

 AS/NZ 1170:2004 Structural Design Actions  

 NZS 3101:2006 Concrete Structures Standard 

 NZS 3404:2009 Steel Structures Standard 

 NZS 3603:1993 Timber Structures Standard  

Therefore, it can be stated with certainty that wharves constructed after 1992 would have been 

designed according to the seismic design standards that were applicable at the time of design such 

as the NZS310:1995 Concrete structures standard or NZS4203:1992 Loadings standard.  

 

Figure 6-8: Histogram of wharf construction dates 

Even though there was no legislative requirement for ports to design according to the above 

standards prior to 1992, it was reasonable to assume that port engineers would have used the 

standards available at the time. For example, earthquake loads were first included in the design 

standard NZS95:1935 and archival design calculations from 1951 indicated the inclusion of seismic 

forces (10% of dead load) when designing a new wharf in Tauranga. Similarly, in another set of 

design calculations from 1975, there was a detailed discussion of seismic effects in the design of a 
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new structure in Wellington. These calculations were completed just prior to the inclusion of 

ductility design provisions in the design standard NZS4203 first issued in 1976. However, it took a 

further six years for the development of a concrete standard outlining how to design for ductility 

even though documents on this topic were available since the 1970s (MacRae, et al., 2011)  

Considering the above, it is possible to identify the 1970s as a transitional period between basic 

earthquake engineering design and modern ductility design. For the purpose of this research, the 

year 1975 has been chosen to indicate the date in which structures constructed after were assumed 

to meet ductility design provisions. However, it is important to note that ductility design was 

generally used in structures resisting inertial forces resulting from ground shaking and not 

structures resisting kinematic loading resulting from ground displacement. Accordingly, the 1975 

cut-off applies to open type wharves which were designed to resist inertial forces and does not apply 

to closed type wharves which were designed primarily to resist kinematic loads. Within the available 

data, the percentage of open type wharves constructed before 1975 was 60% and after was 40%. 

Further analysis of the construction date data on lateral resistance mechanism indicates that the use 

of tie-backs was more common in wharves constructed after 1975 whereas raked piles were more 

prevalent in construction prior to 1975. The split between pre and post-1975 construction in wharves 

with raked piles and wharves with tie-backs is shown in Figure 6-9.  

 

Figure 6-9: Comparison between in percentage of pre and post-1975 construction in wharves with tie-backs 

and raked piles. 
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6.2.1.7 Other Details 

The majority of drawings were not detailed enough to enable extraction of other useful data 

regarding the structural characteristics of wharf cross sections, however reasonable assumptions can 

be made regarding the following properties. 

Decking 

With the exception of 9 decks, all wharves have either cast in-situ concrete slabs or precast concrete 

units for decking. The precast units were generally connected through a topping slab or using shear 

keys. Unfortunately, there was not enough data to ascertain with reasonable certainty the type of 

connection between deck and cross beams and the connection between the deck units. However, the 

spacing between pile rows was usually small in wharves and the decking slabs/units were generally 

relatively thick to withstand heavy live loads. It then follows that decks in most cases will provide a 

reasonable degree of diaphragm action between rows of piles.  

Abutment 

For the majority of open transverse wharves, a retaining wall was typically placed between the 

wharf and land behind it. The retaining wall was typically either an L-beam precast unit or a panel 

unit either precast or cast in-situ. Several wharves used a gravity or sheet-pile wall. There was not 

enough detail to determine the type of connection between the abutment and deck however the 

drawings indicate the L-beam abutment was typically used in conjunction with the use of raked 

piles for lateral resistance. In contrast, the concrete panels were usually used in combination with 

the use of tie-backs for lateral resistance. It then seems reasonable to assume that in wharves with 

tie-backs there was a need to transfer lateral load between abutment and deck and therefore the 

abutment-deck connection was most probably monolithic. In contrast, wharves with raked piles 

most utilised a seat-type connection between the deck and the abutment because the lateral loads 

were transferred through the raked piles.  

6.2.2 Geotechnical Characterisation 

Estimating the geotechnical characteristics of soils found at New Zealand wharves was crucial to 

understanding the overall seismic response of wharves. Geotechnical parameters such as soil 

strength and stiffness impart a significant influence on the overall seismic response by altering the 
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properties of the incident seismic wave and by determining the kinematic loading experienced by 

the structural component of the wharf system.  

6.2.2.1 Soil Layering 

The present day shoreline and seabed of New Zealand harbours were a result of the interaction 

between volcanic and seismic activity, deposition of sediments, and sea level changes related to 

glacial periods (Furneaux, 2003). This process has spanned several geological time units starting 

with the formation of the earliest rocks that constitute the basement rocks of New Zealand such as 

greywackes and granites (McSaveney & Nathan, 2009).  

The majority of New Zealand ports were located in harbours formed through marine, estuarine or 

alluvial deposits. Marine deposits are soils transported and deposited by the actions of sea water 

and appear to be the most common type of deposit in New Zealand harbours. For ports adjacent to 

rivers and estuaries, layers of alluvial and estuarine deposits were also found. (Craig, 2004). At most 

port locations it was possible to identify the following distinct soil layers.  

Reclamation Fills 

Reclamation fills were found at almost all the ports to varying extents. The fill was usually either 

quarried rock ended-tipped from trucks or dredged soils pumped hydraulically to form reclaimed 

land. The depth of reclamation fill can vary significantly ranging from 5 to 17 m. Similarly, the 

quality was highly variable and dependent on the age of fill, availability of quarried material and 

type of seabed soils. Older fills were commonly constructed using dredged soils resulting in these 

fills having similar properties to the upper layer of seabed. These soils were either loose saturated 

sands or soft clays and silts. In cases where gravel deposits were located near a port, these were 

commonly also used in reclamations. The more recent fills were more commonly constructed using 

dense, clean sands or gravels. 

Holocene Sediments 

Reclamation fills were generally underlain by recent Holocene sediments comprising a variety of 

sands, sandy gravels, clayey silts and clays. The thickness of these deposits varies significantly 

ranging from 2 to 10 m. In most cases, this deposit type contained poor materials and could 

potentially be susceptible to liquefaction. 
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Pleistocene Sediments 

The Holocene sediments overlie older Pleistocene sediments, consisting mainly of weathered rocks 

or dense alluvial or marine sediments. The soils usually found in these older and deeper sediments 

were dense sands and gravels or stiff clays. In some cases these deposits consisted of weathered 

sedimentary and igneous rocks. 

Basement Rocks 

In most cases basement rocks were too deep to be positively identified but geological studies indicate 

that typical basement rocks were greywacke, argillite, basalt and granite. In cases where the 

basement rocks were shallow enough, wharf piles were driven until rock was reached. For most 

pile-supported wharves piles were embedded in the dense sediments overlaying the basement 

rocks.  

6.2.2.2 Soil Types 

There appears to be a wide range of soil types present both within and between ports as evidenced 

by geotechnical studies conducted by port authorities. These soil types include clays, silts, sands, 

gravels and boulders of various strengths, gradings, densities and cohesiveness.  

The soil types found at ports have been grouped into seven representative types summarised in 

Table 6-4 and described in the following sections. A large data set of geotechnical parameters has 

been used to generate representative values of the soil types described in this study. In cases where 

there was a lack of data, soil properties such as unit weight, cohesion and parameters such as CPT 

and SPT were inferred from the literature and where appropriate the application of engineering 

judgement.   

Table 6-4: Soil types found at New Zealand port locations and their approximate properties 

Material SPT Friction 

Angle  

Cohesion  

 

Unconfined 

Compressive Strength  

Unit 

weight  

 (N) (°) (kPa) (kPa) (kN/m3) 

Soft clay 1 - 10 - - 50 17 

Stiff clay 30+ - - 200 22 

Loose sand 1 - 10 30 0 - 17 

Sand 15 - 30 35 0 - 20 

Dense sand 50+ 40 0 - 22 

Loose gravel 15 - 30 35 0 - 20 

Dense gravel 50+ 45 0 - 22 
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Soft Clay 

Soft clay was a weak soil type represented by a low unit weight, a low unconfined compressive 

strength and a friction angle of zero. Typical values for this soil type extracted from the available 

geotechnical data is shown in Table 6-4. This material was found in either the fill or upper soil layers. 

A wharf embankment consisting of this soil type is potentially susceptible to slope failure given the 

low strength parameters. Even though this soil type is not susceptible to liquefaction it can exhibit 

cyclic softening behaviour. 

Stiff Clay 

This stronger clay was usually found in deeper soil layers and has SPT values generally greater than 

30 and an associated unconfined compressive strengths of 200 kPa. Typical unit weights for this soil 

type were in the vicinity of 22 kN/m3. This soil is not susceptible to liquefaction and there were no 

examples in the available database in which this soil type was used in the construction of the wharf 

embankment.  

Loose Sand 

This soil type was most commonly found in the fill or upper layer of the seabed. This weak material 

commonly had an SPT value ranging from 1 to 10, a representative friction angle of 30° and a 

representative unit weight of 17 kN/m3. Depending on its location in the soil profile, this soil type 

was usually saturated and is highly susceptible to liquefaction based as indicated by reconnaissance 

reports from past earthquakes described in earlier chapters of this thesis.  

Medium Dense Sand 

This was a denser and stronger soil type as reflected in a representative unit weight of 20 kN/m3 and 

an SPT value ranging between 15 and 30. In most cases this soil type had a friction angle close to 35°. 

This soil type was most commonly found in newer well compacted fills constructed using clean 

dredge material. 

Dense Sand 

This soil type was most commonly found in the deeper soil layers underlying the weaker soil types. 

Typical SPT values for this type exceeded 50 and friction angles in close proximity to 40° were 

common. A unit weight of 22 kN/m3 was representative of this soil type. 
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Loose Gravel 

This soil type can be found in reclamation fills in several ports and was usually sourced from local 

beaches or other gravel deposits. It typically had SPT values ranging from 15 to 30 and a friction 

angle of 35° and a unit weight of 20 kN/m3 appears to be representative of this soil type. In several 

cases this soil type was identified in the upper layers of the seabed.  

Dense Gravel 

The dense gravel soil type was the most common soil found in deep layers at several port locations. 

Its SPT value always exceeded 50 and in a majority of port locations the friction angle of this soil 

type was assumed to be 45 degrees and the unit weight was assumed to be 22 kN/m3. 

6.2.2.3 Wharf Embankment 

Accurately representing the zone surrounding the wharf embankment was an important step in the 

geotechnical characterisation of New Zealand wharves due to the significant impact this zone has 

on the overall seismic response of wharf systems. In pile-supported wharves the wharf embankment 

represents the zone of interaction between the piles and surrounding soil. Movement in this slope 

due to slope failure or liquefaction results in considerable kinematic loading on the structural 

components. The soil types and associated parameters typically forming the wharf embankment 

was described in previous sections. The other key parameter in characterising the embankment was 

the slope angle.  

Slope Angle 

The lowest point in the slope typically starts in alignment with the most seaward point in the wharf 

deck and then rises at an angle to reach the highest point just below the abutment at the landward 

side of the deck. Where applicable the slope angles were extracted from the wharf drawings and a 

statistical analysis was conducted on the dataset. A summary of the key statistical parameters is 

presented in Table 6-5. The slope angle ranged from 28° through to 40° with an average value of 

35.7° and a mode of 34°.  
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Table 6-5: Summary statistics for slope angle (degrees) 

Statistic Value 

Mean 35.7 

Median 35 

Mode 34 

Range 12 

Standard deviation 2.43 

 

6.2.3 Discussion 

6.2.3.1 Wharf Drawings Database 

The 72 drawings collated in this database represent half of all the wharf structures in New Zealand. 

This database did not contain drawings from every New Zealand wharf however the drawings were 

sourced from the majority of port locations spread throughout New Zealand. Table 6-6 shows the 

percentage of drawings sourced from each port with the majority of drawings coming from Lyttelton 

Port and Port of Tauranga. Furthermore, the majority drawings in the database were for primary 

wharves which have the greatest influence on port operations. In contrast most of the wharves which 

were not represented in the database were secondary wharves of significantly less importance to 

port operations.  

Table 6-6: Source of the drawings used in the database 

Port Percentage 

Northport 4% 

Ports of Auckland 3% 

Port of Tauranga 19% 

Port Taranaki 3% 

Eastland Port 1% 

Port of Napier 11% 

CentrePort 4% 

Port Marlborough 0% 

Port Nelson 8% 

Westport 6% 

Lyttelton Port 21% 

PrimePort 3% 

Port Otago 3% 

Southport 14% 
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The quality of drawings were also variable, some being very detailed modern engineering drawings 

in contrast to others being basic historic drawings. This variability in quality could potentially affect 

the reliability the structural characterisation. However, considering this was the largest publicly 

available database of wharf drawings it was reasonable to assume that the resulting structural 

characterisation was the best current representation of New Zealand wharves.  

6.2.3.2 Geotechnical Database 

The geotechnical characterisation developed in this study was a synthesis of geotechnical data 

collected from ports and supplemented by geological studies found in the literature. Only a few 

detailed geotechnical studies of New Zealand ports were available and in those studies typically 

contained detailed descriptions soil types and layering. At some port locations only borehole logs 

were available and in the absence of both geotechnical studies and borehole logs geotechnical 

parameters were extracted from the relevant literature. There was significant difficulty in 

synthesising all the available data into a cohesive database due to the variability in the level of detail 

and nomenclature used in the data sources. 

Soil layering and soil types presented in this study do not provide a comprehensive characterisation 

of all ports and only approximate the general site conditions in New Zealand ports for the purpose 

of seismic analysis. Site-specific soil investigations should be performed to establish actual local soil 

conditions. Actual ground conditions were typically very complex and it was rare to find soil layers 

consisting purely of one soil type. Therefore any numerical modelling requires a large degree of 

generalisation and simplification to allow for reasonable analysis of wharf systems. Parameters that 

could potentially have significant influence on the response of numerical models will require further 

investigation to determine more appropriate values. 

6.3 CQ3 Model Variations 

The wharf characterisation study presented in the previous section assisted in identifying principal 

wharf configurations and soil characteristics that were representative of wharves found in New 

Zealand ports. Considering one of the primary aims of this doctoral research was to develop an 

understanding of wharf seismic response it was important to develop numerical models to 

investigate the response of different wharf configurations.  
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In lieu of developing numerical models of generic wharf configurations it was deemed more 

valuable to make variations to the CQ3 numerical model resembling the principal characteristics 

identified in the wharf characterisation study. This allowed for the comparison of the results from 

analysis conducted on the variations of the CQ3 model to the validated results from the original 

model. 

In this research study only variations in the structural configurations were investigated and 

geotechnical properties were kept constant. Maintaining the same geotechnical environment for 

each structural variation isolated the causes of changes in the seismic response to the structural 

variations that were made. The effects of changes in the geotechnical properties is clearly a factor 

that should be investigated in future research projects.  

A total of five structural variations were made to the CQ3 model. These changes were focused on 

investigating the impact of the lateral resistance mechanism on the seismic response of wharves. Tie-

backs, moment resisting pile-deck connections and raked piles were identified in the wharf 

characterisation study as the principal mechanism for the resistance of seismic loads. The five 

variations investigated in this study are described and the modelling approach used is outlined in 

the following sections. The variations were named Type 1 through to 5 and are listed below: 

 Type 1 – Removed tie-back 

 Type 2 – Moment resisting pile-deck connection only 

 Type 3 – Moment resisting pile-deck connection and tie-back 

 Type 4 – Raked pile only 

 Type 5 – Moment resisting pile-deck connection and raked pile 

6.3.1 Type 1 – Removal of Tie-back 

In the majority of older wharf construction only one mechanism was used to resist lateral loads and 

transfer seismic loads to the foundations. In cases in which a tie-back was used, a failure of the tie-

back rod could potentially result in detrimental effects due to the loss of the identified lateral load 

path. Transfer of loads through alternative components not designed to withstand the increased 

demand could result in significant failures. 

The Type 1 variation, shown in Figure 6-10, was developed to investigate the scenario in which the 

tie-back was not providing any lateral support. This scenario could occur as a result of damage to 
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the tie-back mechanism in a preceding seismic event or from corrosion of the tie-back components 

resulting in reduced capacity or complete failure.  

In this variation the tie-back mechanism in the CQ3 model was altered to ensure there was no 

connection between the deck and the tie-rod. This was done by removing the zerolength elements 

that connected the tie-rod to the deck but maintaining the element connecting the deck to the 

abutment. The element connecting the abutment to the deck was compression only element that 

enforced the physical constraint that ensures the deck does not move passed the abutment. However 

the element has zero tension stiffness allowing the deck to move away from the abutment without 

any transfer of load. With this variation the deck was predicted to experience greater displacements 

and in turn the piles were predicted to be subjected to greater ductility demands. 

 

Figure 6-10: Cross-section of Type 1 CQ3 variation 

6.3.2 Type 2 –Moment Resisting Pile-Deck Connections Only 

The original pile-deck connection in the CQ3 model was a hinge type connection which transmitted 

only shear and axial loads. This connection was designed specifically as a steel hinge connecting the 
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pile to the deck using a pin. This type of connection does not appear to be common in wharf 

construction throughout New Zealand but in practice many of the older connections between 

concrete piles and decks were not predicted to sustain any moment loadings due to the inadequate 

quantity of steel reinforcement used in construction. These types of concrete connections were 

common in pre-1975 wharf construction. In more modern wharf construction the pile-deck 

connections were designed to resist lateral loadings through the transfer of moment loadings.  

The Type 2 variation was developed to investigate the impact of moment-resisting connections on 

the seismic response of the CQ3 model in comparison to the non-moment-resisting connection. The 

tie-back was also removed from this variation to ensure only the pile-deck connections were 

providing the lateral resistance. The cross-section of the Type 2 variation is shown in Figure 6-11. 

Modelling this variation was accomplished through the alteration of the connecting elements 

between the pile and deck. In the original CQ3 model this connecting element only transferred axial 

and shear loads between the deck and pile tops. In this variation an additional constraint was added 

using the equalDOF command to ensure transfer of moments also occurred. The removal of the tie-

back was modelled similar to the Type 1 variation. 
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Figure 6-11: Cross-section of Type 2 CQ3 variation 

6.3.3 Type 3 – Tie-back and Moment Resisting Pile-Deck Connections 

Most modern wharf construction utilises a combination of lateral resistance mechanisms to resist 

lateral loads. A typical combination of moment resisting pile-deck connections and tie-back 

mechanism was investigated in this study using the Type 3 variation, shown in Figure 6-12. In this 

variation the tie-back mechanism in the CQ3 model was maintained moment resisting pile-deck 

connections were added. These connections were modelled similarly to the Type 2 variation. This 

variation was predicted to show a decrease in deck displacement and a decrease in the maximum 

bending moments in the piles in comparison to the CQ3 model. 
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Figure 6-12: Cross-section of Type 3 CQ3 variation 

6.3.4 Type 4 –Raked Pile Only 

A raked pile was a widely used structural mechanism for transmitting lateral loads onto the 

foundations in older wharf construction techniques. However these piles have been largely avoided 

in modern construction of wharves due to their perceived inadequacy in resisting seismic loads. In 

the Type 4 variation the aim was to compare the seismic response between wharves utilising a tie-

back mechanism and ones utilising a raked pile mechanism. The impact of the raked pile on the 

distribution of moments throughout the pile was also of interest. A cross-section of the Type 4 

variation is shown in Figure 6-13. 

The raked pile was modelled using the same displacement based nonlinear beam-column elements 

described in detail in the chapter detailing the modelling of the CQ3 wharf. The larger of the two 

pile sections was used in modelling the raked pile. All the pile-deck connections were modelled 

using pinned connections identical to the original CQ3 model. The pile-soil interface elements 

attached to the raked pile were modelled similar to the vertical piles using a combination of p-y and 

t-z elements with a defined ultimate capacity calculated based on the properties of the adjacent soil 
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element and the depth of the interface element. However, in the raked pile the interface elements 

were oriented perpendicular to the pile to accurately capture the p-y and t-z relationships which 

were original developed to capture the perpendicular and parallel force-displacement relationships.  

The raked pile was placed at an angle of 22° to the vertical. This value was adopted based on the 

statistical analysis of raked pile angles in New Zealand wharves. This analysis was described in 

previous sections. The pile spans from the top most seaward corner down through the slope to a 

depth of 40 m.  

 

Figure 6-13: Cross-section of Type 4 CQ3 variation 

 

6.3.5 Type 5 –Moment Resisting Pile-Deck Connections and Raked Pile 

The Type 5 variation, shown in Figure 6-14, contains a combination of a raked pile and moment 

resisting pile-deck connections. This unique combination does not appear to be very common in 

wharf construction in New Zealand based on the available data. However, this variation appears 

more common in overseas wharf construction and through investigation of such a variation some 



237 

 

understanding about the potential benefits or downsides of such a configuration could be reached. 

The raked pile was modelled identically to the Type 4 variation and the pile-deck connections were 

modelled identically to the Type 2 variation. The tie-back from the original CQ3 model was also 

removed using the same approach used in Type 1. 

 

Figure 6-14: Cross-section of Type 5 CQ3 variation 

6.4 Seismic Response 

In this section the results of the time-history analysis of each variation type is presented. Each type 

was subjected to the Sep 04, Feb 22 and Jun 13 ground motions independently to investigate their 

seismic response in terms of the deck displacement, pile bending moment and ground displacement. 

A comparison between each variation and the original CQ3 model is presented first followed by a 

comparison between the variations.   
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6.4.1 Comparison with the Original Wharf Model 

The deck displacement time-histories for each variation were compared to the time-histories from 

the original CQ3 model and the results are presented in the following sections divided according to 

each variation type. Deck displacement provides an overall measure of seismic response that 

encompasses both displacement due to slope failures and displacement due to structural yielding.   

6.4.1.1 Type 1 – No Tie-back 

A comparison between the deck displacement time-history for the Type 1 variation and the original 

CQ3 model for the three selected ground motions is shown in Figure 6-15. In all three ground 

motions there was noticeable increase in the deck displacement after the major peaks in response. A 

possible explanation for the increase in deck displacement was the decreased horizontal stiffness of 

the wharf system in the Type 1 variation. This decrease in stiffness resulted in greater seaward 

displacements in the wharf embankment and in turn resulted in increased deck displacements.  

The lack of a connection between the deck and adjacent land would have allowed for the generation 

of greater inertial loads that were transferred back into the embankment resulting in increased soil 

strains which in turn increases the kinematic loading on the adjacent piles. This feedback cycle was 

part of the complex soil structure interaction being captured by the numerical model. 

6.4.1.2 Type 2 – Moment Only 

A comparison between the deck displacement time-history for the Type 2 variation and the original 

CQ3 model for the three selected ground motions is shown in Figure 6-16. Application of the Sep 04 

and Jun 13 ground motions resulted in a slight decrease in deck displacement for the Type 2 model 

and the Feb 22 ground motion resulted in a slight increase. Overall there appears to be minimal 

difference in the deck displacement between the Type 2 model and the original CQ3 model. 

Removing the tie-back but adding moment resisting pile-deck connections has resulted in two wharf 

systems with similar stiffnesses and in turn similar deck displacement time-histories. However, for 

the same deck displacements, the bending moment profile in the piles and the load on the pile-deck 

connection was expected to be different.  
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Figure 6-15: Comparison of CQ3 and Type 1 variation in terms of deck displacement time-history for the Sep 

04, Feb 22 and Jun 13 ground motions in descending order 
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Figure 6-16: Comparison of CQ3 and Type 2 variation in terms of deck displacement time-history for the Sep 

04, Feb 22 and Jun 13 ground motions in descending order 

6.4.1.3 Type 3 – Moment and Tie-back 

Including both the tie-back and moment resisting pile-deck connections has resulted in slightly 

lower residual displacements in the deck as evidenced the deck displacement time-histories shown 

in Figure 6-17. However the difference in deck displacements during earthquake excitation between 

the Type 3 variation and the original CQ3 model appears to be very small. The results from this 

comparison appear to show that including moment resisting pile-deck connections did not have a 

significant impact on the seismic response. A possible explanation for this observation was that the 

presence of a tie-back mechanism controls the lateral response of the structure by attracting all the 

forces and dissipating them through the anchor block embedded in the embankment. This further 

confirms that the deck displacements were largely driven by the slope failure and the kinematic 

loading resulting from soil displacement. 
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Figure 6-17: Comparison of CQ3 and Type 3 variation in terms of deck displacement time-history for the Sep 

04, Feb 22 and Jun 13 ground motions in descending order 

6.4.1.4 Type 4 – Rake Only 

The Type 4 variation appears to have had the greatest impact on the deck displacement time-history 

as evidenced by the plots shown in Figure 6-18. For all of the selected ground motions the Type 4 

variation resulted in lower displacements and led to higher frequency vibrations. Both observations 

could be explained by the higher stiffness resulting from the addition of a raked pile. The raked pile 

transfers the lateral load to the embankment primarily through axial forces along the length of the 

pile both in compression and tension. The axial capacity of the pile section was significantly higher 

than the bending capacity and therefore remains elastic for most ground motions. Most of the 

damage in the raked pile was expected at the pile-deck connection because it attracts a large shear 

force as it transfers most of the lateral load down to the embankment.  
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Figure 6-18: Comparison of CQ3 and Type 4 variation in terms of deck displacement time-history for the Sep 

04, Feb 22 and Jun 13 ground motions in descending order 

6.4.1.5 Type 5 – Moment and Rake 

The comparison between the CQ3 model and the Type 5 variation is shown in Figure 6-19. For each 

ground motion there was a small decrease in deck displacement as a result of the Type 5 variation. 

This size of differences in deck displacement was not consistent for every ground motion but was 

consistently lower in the Type 5 variation. The Feb 22 ground motion resulted in the smallest 

difference in deck displacement. The time-history for the Type 5 variation also appeared to show 
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-0.3

-0.15

0

0.15

0.3

0 20 40 60 80 100 120

D
is

p
 (

m
)

-0.3

-0.15

0

0.15

0.3

0 50 100 150 200 250 300 350 400

D
is

p
 (

m
)

-0.3

-0.15

0

0.15

0.3

0 50 100 150 200 250

D
is

p
 (

m
)

Time (s)

Original Rake Only



243 

 

 

Figure 6-19: Comparison of CQ3 and Type 5 variation in terms of deck displacement time-history for the Sep 

04, Feb 22 and Jun 13 ground motions in descending order 
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decreases in deck displacement but less so than Type 4 with displacement decreases ranging 

between 5 and 22 mm.  

In all but the Type 2 variation the change in deck displacement was consistently in the same direction 

across all three motions. For the Type 2 variation the Sep 04 and the Jun 13 ground motions caused 

a decrease in deck displacement whereas the Feb 22 motion caused an increase. This observation 

was most probably caused by the inherent variability in the frequency content of the selected ground 

motion. The combination of motion frequency and the structure’s natural frequency most likely 

resulted in the amplification of the ground motion.  

 

Figure 6-20: Difference in residual deck displacement between CQ3 variations and original model 
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appears to be caused by the presence of a rake pile which influenced the distribution of the pile 

moment throughout the wharf.  

6.4.2.3 Maximum Pile Bending Moment 

The difference in the maximum pile bending moment between the CQ3 model and each of the CQ3 

variations was calculated for each ground motion and the results plotted in Figure 6-24. The Type 1 

variation showed a small increase in the maximum pile bending moment that did not exceed 

10 kNm for all ground motions. This increase in bending moment aligns well with the increase in 

deck displacement which was predicted to result in greater pile bending moments.  

In contrast to Type 1, Type 2 and Type 3 showed a small but consistent decrease in the maximum 

pile bending moment. In the case of the Type 3 variation this difference was more noticeable 

reaching a maximum value of 35 kNm. Again this observation aligns satisfactorily with decreased 

deck displacement presented in the previous section.  

 

Figure 6-21: Pile bending moment along depth for Sep 04 ground motion 
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Figure 6-22: Pile bending moment along depth for the Feb 22 ground motion 

 

Figure 6-23: Pile bending moment along depth for Jun 13 ground motion 

The Type 4 and Type 5 variations caused an increase in pile bending moment in contrast to a 

decrease in deck displacement outlined in the previous section. The increased pile bending moments 

were all located in the seaward vertical pile. The raked pile mechanism introduced significant 

moments into the outer most seaward pile to the transfer of large shear forces at the connection 

between the deck, raked pile and vertical pile. There appears to be little difference between the 
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changes in pile bending moments. It is also noticeable that for the Type 5 variation there was a 

noteworthy difference in changes to the pile bending moment between ground motions.   

6.4.2.4 Residual Ground Displacement 

The difference in the residual ground displacement between the CQ3 model and each of the CQ3 

variations was calculated for each ground motion and the results plotted in Figure 6-25. There was 

no clear pattern identified in terms of the impact of CQ3 variations on the maximum ground 

displacement reached by the model. It was evident that the Jun 13 motion generated the largest 

decreases in residual ground displacement. The cause of this observation appears to be the 

resonance between the frequencies in the ground motions and the natural frequency of the model.  

 

Figure 6-24: Difference in pile bending moment between CQ3 variations and original model 
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Figure 6-25: Difference in residual ground displacement between CQ3 variations and original model 

6.5 Fragility Analysis 

A fragility analysis was conducted on each variation type to quantify the seismic response to a range 

of seismic intensities. The output from a fragility analysis is a fragility curve quantifying the 

conditional probability that the wharf structure reaches a specified damage state given a seismic 

intensity. The process adopted for conducting the fragility analysis on wharf structures was detailed 

in Chapter 5 and a brief outline is provided below followed by the results of the fragility analysis 

presented in comparison to the CQ3 model and in comparison between CQ3 variations.  

6.5.1 Analysis Outline 

The fragility analysis was conducted in 5 steps briefly listed below: 

1. 40 ground motions were collated to form the ground motion suite 

2. The ground motions were scaled to a range of Peak Ground Velocities (PGV) 

3. A time-history analysis for all the scaled ground motions was conducted on every CQ3 
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4. A statistical analysis was conducted on the response values for three Engineering Demand 
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-80

-60

-40

-20

0

20

40

No Tieback Moment Con.

Only

Moment Con. &

Tieback

Rake Only Rake and Mom

Con.

D
is

p
la

ce
m

en
t 

(m
)

Sep-04 Feb-22 Jun-13



249 

 

5. The results from each EDP were combined to define a single Damage State (DS). Refer to 

Table 5-6 for damage state definitions 

6. Fragility probabilities for each DS were fitted to cumulative distribution function 

7. Fragility curves were plotted for each CQ3 variation type.  

More information about each step can be found in the fragility modelling chapter in this doctoral 

thesis. 

6.5.2 Comparison with the Original CQ3 Model 

The fragility curves generated for each variation type were compared with the fragility curves from 

the original CQ3 model and the results presented in the following sections. By comparing these two 

sets of fragility curves the effect of each variation on the overall fragility of the wharf system was 

quantified. Even though fragility curves were developed for each EDP only the results of the 

combined damage states are presented herein.  

6.5.2.1 Type 1 – No Tie-back 

The results of the fragility analysis on the Type 1 variation are presented in Figure 6-26. There 

appears to be small difference in the overall fragility of the Type 1 wharf system compared to the 

original CQ3 model. For the Serviceable damage state there appears to be a small increase in the 

probability of exceedance. Removing the tie-back should a clear increase in the probability of 

reaching the remaining damage states for each PGV level. This was expected as this modification 

reduces the lateral capacity of the wharf system. The Type 1 variation experienced higher deck 

displacements and maximum pile bending moments when subjected to the Lyttelton Port ground 

motions in comparison to the original CQ3 model. It follows that the Type 1 variation would have 

higher fragilities. It appears that removal of the tie-back had a noticeable impact on the overall 

seismic response of the wharf system especially at higher levels of seismic intensity.  

6.5.2.2 Type 2 – Moment Only 

There was no noticeable difference in the overall seismic fragility of the Type 2 variation in 

comparison to the original CQ3 model as evidenced by the fragility curves plotted in Figure 6-27. 

The figure shows that the Type 2 variation has a slightly higher probability of reaching each damage 

state in comparison to the CQ3 model. This observation suggests that a moment resisting pile-deck 

connection might not provide an improvement in overall seismic response in comparison to a tie-
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back mechanism. However, moment resisting pile-deck connections do decrease the maximum pile 

bending moments reached (see Figure 6-24). 

 

Figure 6-26: Fragility curves for the Type 1 variation and the CQ3 model including all damage states 

 

Figure 6-27: Fragility curves for the Type 2 variation and the CQ3 model including all damage states 
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noticeable in the Near Collapse and Collapse damage states. At the Repairable damage state the 

probabilities of exceedance were almost identical.  

The Type 3 variation did not exhibit a significant deviation in the residual deck displacement from 

the CQ3 wharf model (refer to Figure 6-20) but the structural variation resulted in a slight decrease 

in the maximum pile bending moment (refer to Figure 6-24). It can therefore be deduced that the 

difference in overall seismic response shown in the fragility curves was largely driven by the 

decreased pile bending moments caused by employing moment resisting pile-deck connections.  

 

Figure 6-28: Fragility curves for the Type 3 variation and the CQ3 model including all damage states 
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variation on the overall fragility of the wharf system was varied as evidenced by the fragility curves 
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exceeding the Serviceable damage state. In contrast for the Near Collapse damage state there was an 
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a higher probability of reaching a damage state of Near Collapse compared to the original CQ3 

model. At the Collapse damage state the probabilities were reversed again so that for the same PGV 

the Type 4 variation has a lower probability of reaching a state of collapse compared to the original 

CQ3 model.  
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The Type 4 variation resulted in a decrease in residual deck displacement (see Figure 6-20) and an 

increase in maximum pile bending moment (see Figure 6-24) when compared with the seismic 

response of the CQ3 model. This contrasting impact on the two EDPs provides a possible 

explanation for the contrast in changes to the fragility of the Type 4 wharf. At the Collapse damage 

state the fragility appears to be largely driven by the deck displacement EDP while at the Near 

Collapse damage state the fragility appears to be largely controlled by the pile bending moment 

EDP. 

At low levels of seismic intensity the raked pile appears to provide improvement in the overall 

seismic response by minimising deck displacements whereas at levels of high seismic intensity the 

moment response 

 

Figure 6-29: Fragility curves for the Type 4 variation and the CQ3 model including all damage states 

6.5.2.5 Type 5 – Moment and Rake 

In the Type 5 variation a combination of moment resisting pile-deck connections and a raked pile 

were used in the resistance of lateral loads. The fragility analysis results, shown in Figure 6-30, for 
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minimal. This was in alignment with observations made at the individual EDP response.  
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Figure 6-30: Fragility curves for the Type 5 variation and the CQ3 model including all damage states 

6.5.3 Comparison between Wharf Variations 

A comparison was made between the fragilities of each CQ3 variation and the results presented in 

the following sections. The fragility curves for each damage state were compared for the set of CQ3 

variations to investigate the relative impact of each variation on the seismic fragility of the entire 

wharf system. 
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It follows that at a low PGV level there does not appear to be a strong engagement of the lateral load 

resistance mechanism and therefore varying the mechanism does not have an impact on the overall 

fragility of the wharf system. 
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Figure 6-31: Fragility curve for the Serviceable damage state showing all CQ3 variation types 

6.5.3.2 Repairable DS 

The fragility of the Repairable damage state was consistent throughout all CQ3 variations as 

evidenced in Figure 6-31which shows the Repairable damage state fragility curve for each CQ3 

variation. This observation suggests that at low PGVs the wharf fragilities were largely driven by 

the residual ground displacement EDP. The results from the time-history analysis on the CQ3 

variations (see Figure 6-25) indicated that the residual ground displacement was largely unaffected 

by changes in structural configuration but affected by the characteristics of the seismic hazard. It 

follows that the lack of variance between structural configurations at the Repairable damage state 

could potentially be explained by the influence of the residual ground displacement EDP.  

6.5.3.3 Near Collapse DS 

At the Near Collapse damage state differences between the fragilities of the CQ3 variations was 

clearer as demonstrated by the plots in Figure 6-33. This figure contains Near Collapse damage state 

fragility curves for each CQ3 variation. For the same level of PGV the Type 1 variation has the 

highest probability of reaching the Near Collapse damage state. The lack of dedicated lateral 

resistance mechanism was the most likely cause of this response. The Type 3, 4 and 5 variations very 

similar probabilities for reaching the Near Collapse damage state. At this damage state level there 

appears to be minimal difference in the seismic response of the different lateral load resistance 

mechanisms. 
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Figure 6-32: Fragility curve for the Repairable damage state showing all CQ3 variation types 

 

Figure 6-33: Fragility curve for the Near Collapse damage state showing all CQ3 variation types 

6.5.3.4 Collapse DS 

The fragilities of the CQ3 variations at the Collapse damage state are plotted in Figure 6-34. It was 

observed that the Type 4 and 5 variations (both include a raked pile) had the highest probability of 

reaching the Collapse damage state. At this high PGV level the raked pile appeared to have had a 

detrimental effect on the fragilities of the wharf variations considering both variations with raked 

piles had the highest probabilities of reaching the Collapse damage state. In contrast the Type 3 

variation had the lowest probabilities of reaching the Collapse damage state. Considering the seismic 

response of Type 3 and 4 variations to Lyttelton Port ground motions (see Figure 6-24) it can be 

observed that the Type 4 variation resulted in the greatest increase in pile bending moment whereas 

0

0.2

0.4

0.6

0.8

1

0 0.2 0.4 0.6 0.8 1 1.2 1.4

P
ro

b
ab

il
it

y

PGV (m/s)

No Tie-back

Mom. Only

Mom. & Tie-back

Rake Only

Mom. & Rake

0

0.2

0.4

0.6

0.8

1

0 0.2 0.4 0.6 0.8 1 1.2 1.4

P
ro

b
ab

il
it

y

PGV (m/s)

No Tie-back

Mom. Only

Mom. & Tie-back

Rake Only

Mom. & Rake



256 

 

the Type 3 variation resulted in the greatest decrease in pile bending moment. It then follows that 

fragilities at this damage state were largely driven by the fragility in the pile bending moment EDP. 

 

 

Figure 6-34: Fragility curve for the Collapse damage state showing all CQ3 variation types 

6.6 Discussion 

6.6.1 Geotechnical Variations 

As a result of time constraints on the research project no investigations were conducted on the 

variations in the geotechnical characteristics of the CQ3 wharf model. Geotechnical properties are 

predicted to have a significant impact on the overall fragility of the CQ3 wharf model based on the 

results of the sensitivity analysis conducted on the CQ3 model and presented in Chapter 4. Varying 

the geotechnical parameters for the top soil layers would assist in investigating the effect of local soil 

conditions on the seismic response and fragility of wharf system placed at different locations in New 

Zealand.  

Furthermore, developing numerical models that can capture complex geotechnical behaviour such 

liquefaction in loose saturated sands or the behaviour of embankments that had undergone ground 

improvement techniques would assist in developing a greater understanding about the seismic 

response of New Zealand wharves.   
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6.6.2 Pile-Deck Connection 

The numerical modelling approach adopted in the representation of pile-deck connections captured 

the essential moment-curvature response of the connection and the loss of strength due to yielding 

of the pile head. The simplistic approach was sufficient for investigating the variations in seismic 

response due to changes in structural configurations. 

However, developing a deeper understanding of the effects of pile-deck connections requires more 

advanced modelling of the complex behaviour of pile-deck connections. A pile-deck connection can 

undergo several failure modes such as shear failure, gapping, concrete spalling and yielding of 

reinforcement. Accurately modelling all the possible failure modes would allow for subjecting the 

wharf models to greater seismic hazard and investigating the progressive degradation in structural 

strength and subsequent failure modes.  

Advancements in modelling these complex pile-deck connection responses is even more crucial to 

understanding the impact of raked piles on wharf systems.  Raked piles have been known to 

experience complex post-yielding behaviour such as the pole-vaulting effect in which after the 

failure of the pile-deck connection the structure is pushed vertically upwards resulting in tension 

stresses in the vertical piles and significant displacement demands on the structure. Capturing the 

additional loads and displacement demands placed on a structure after failure of some of the 

components provides a more realistic seismic response.  

6.6.3 Residual Ground Displacement 

The results from this chapter indicated that the maximum residual ground displacement was largely 

unaffected by the structural configuration of the wharf. Whereas the results from Chapter 4 

indicated that the placement of a wharf structure on an embankment altered its free field response.  

Further research needs to be conducted to quantify the effect of the structure on the embankment 

response and investigate the potential of making structural additions to minimise residual ground 

displacements. 

6.7 Conclusion 

The first part in this chapter focused on the structural and geotechnical characterisation of New 

Zealand wharves. A database of wharf cross-section drawings was collated from port companies 
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and publicly available data. This database was used to identify the key structural configurations 

representative of wharves around New Zealand. Wharves where characterised in terms of 

orientation, pile shape and material type. Three primary lateral load resistance mechanism were 

identified; tie-back, raked pile and moment resisting pile-deck connections. The most common 

abutment details were also identified. Furthermore, a database of geotechnical properties was also 

collated and the key soil properties and soil layering was extracted.  

The output of the wharf characterisation informed the development of variations to the CQ3 model 

to investigate the performance of varying structural configurations. Five variations were made to 

the lateral load resistance mechanism of the CQ3 model. In the Type 1 variation the tie-back 

mechanism was removed and in the Type 2 variation the pinned pile-deck connections were 

converted to moment resisting connections. The type 3 variation combined a tie-back with moment 

resisting pile-deck connections. In the Type 4 variation a raked pile was added to the configuration 

with the use of pinned pile-deck connections. In the final variation the raked pile was combined with 

moment resisting pile-deck connections.  

Each variation was subjected to the Sep 04, Feb 22 and Jun 13 ground motions to investigate their 

seismic performance. Removing the tie-back mechanism in the Type 1 variation resulted in an 

increased residual deck displacement whereas adding the raked pile in Type 4 and 5 decreased the 

displacement by up to 35 mm. However the raked pile caused an increase in maximum pile bending 

moment and the Type 3 variation caused a decrease. Varying the structural configurations caused 

minimal changes in the residual ground displacement. 

A fragility analysis was conducted on each variation using the same approach detailed in Chapter 

5. The results indicated that addition of the raked pile caused a decrease in the probability of 

reaching the Near Collapse damage state but an increase in the probability of reaching the Collapse 

damage state. This attributable to the failure of the raked pile at higher seismic intensities. The Type 

3 variation showed the greatest improvement in performance as evidenced by the decreased 

probabilities for reaching each damage state. The Type 3 variation employs a tie-back and moment 

resisting pile-deck connections. 
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Chapter 7  

 

Conclusions 

The main function of a port is to facilitate the transfer of cargo to and from storage space and vessels 

moored at the wharf. To accomplish this function ports require berthing structures for mooring 

vessels and providing a flat surface on which to operate cargo handling structures. Ports also consist 

of breakwaters to protect against wave action and standard buildings to house administration 

operations. Ports typically also own a tank farm for the transfer of liquefied petrochemical products. 

A review of previous earthquakes indicates that ports are highly susceptible to damage from seismic 

events. Typical damage includes lateral spreading of surrounding ground and slope failure. This 

damage in turn causes damage to the piles embedded in the soil and damage to pile-deck 

connections. Complete structural collapse is rare but complete damage requiring reinstatement of 

wharves is common. 

7.1 New Zealand Ports 

The first step in this research project was aimed at reviewing the exposure of New Zealand ports to 

natural hazards and to examine aspects related to access routes to each port. 14 major ports in New 

Zealand were identified based on economic importance and level of infrastructure. These ports 

facilitate billions of dollars of trade both internationally and nationally, and act as vital lifelines in 

the event of a natural hazard. All these facilities are owned and operated by private companies that 

are majority owned by local government. 

This review had shown the wide range in exposure to seismic and volcanic hazard throughout the 

port network. Seismic hazard was closely aligned to the main faults that run through the centre of 
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New Zealand, with Eastland Port, Port of Napier, CentrePort, Port Marlborough and Westport 

exposed to the highest seismic hazard over a range of return periods. The scenario most likely to 

affect several ports was a rupture in the northern section of the Alpine Fault, with Westport, Port 

Nelson, Port Marlborough, Lyttelton Port and PrimePort expected to experience MM intensities of 

VII. In contrast volcanic hazard was centred primarily in the Taupo Volcanic Zone (TVZ) and the 

Auckland Volcanic Field (AVF) both of which increase the volcanic hazard for the Ports of Auckland.  

At a national level, ash fall was identified as a hazard for most of the North Island ports and is 

dependent on prevailing wind directions.  

The majority of the ports were located on reclaimed land that varied both in age of construction and 

quality. Accurately representing the strength of these reclaimed fills is crucial to capturing the 

seismic response of wharf systems. The study also identified access routes to the majority of ports 

as being susceptible to some level of damage. In several cases only one access route is available for 

a port making it highly vulnerable to disruption. 

7.2 Wharf Modelling 

The CQ3 wharf is one of the primary structures at Lyttelton Port which experienced significant 

damage as a result of the Canterbury Earthquake Sequence. This wharf was chosen as a case study 

for investigating the seismic response of typical New Zealand wharves. A two-dimensional plain 

strain finite element model of the CQ3 wharf was developed in the OpenSees and the parameters 

defining the model were extracted from geotechnical reports and structural drawings provided by 

port authorities. The CQ3 wharf was modelled as an integrated soil-structure model combining both 

the soil domain and the wharf components embedded in the soil embankment. This integrated 

model allowed for propagation of the seismic wave from the lowest boundary up through the soil 

layers until reaching the wharf.  

The model was also capable of capturing the complex interaction between the kinematic loading 

resulting from the displacement of the soil embankment and the inertial loads generated from the 

structural displacement. Combining the structural and geotechnical components was also crucial for 

accurately modelling the response of the tie-back mechanism which on one end is connected to the 

structure and anchored on the other end to a concrete deadman embedded in the soil. Liquefaction 

in the soil elements was not modelled because assessments of liquefaction potential at Lyttelton Port 

indicated the low risk of liquefaction occurring in the upper soil layers at the port. This was 
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confirmed by the lack of any liquefied soil at the port after the Canterbury Earthquake Sequence 

(Barsanti, 2011). 

The CQ3 model was validated against the recorded velocity time histories and residual deck 

displacements. The damage predicted by the CQ3 model was also compared with the observed 

damage at the wharf after each significant earthquake. Results predicted by the CQ3 model showed 

satisfactory agreement with actual recorded displacements, velocities and damage reports. 

A sensitivity analysis was also conducted on the CQ3 model to investigate the sensitivity of the 

model to variations in the input parameters. The twelve parameters chosen for the sensitivity 

analysis contained 9 geotechnical parameters and 3 structural parameters. The strength and density 

parameters of the top 4 soil layers were investigated in this analysis. The results of the analysis 

indicated that the friction angle and cohesion of the fill and 1st layer caused the greatest variation in 

the response of the CQ3 model. 

The CQ3 model was subjected to the entire sequence of major earthquakes and significant events 

that was recorded at the LPCC station. The deconvoluted ground motion was applied at the base of 

the numerical mode and propagated to the wharf component.  

The results of the analysis were presented with respect to slope displacement, deck displacement, 

pile bending moment and tie-back response. CQ3 model showed significant slope displacement 

indicative of slip-circle slope failure. The deck displacement time-history indicated that CQ3 model 

suffered the greatest displacements during the Feb 22 earthquake followed by the Jun 13 and then 

Sep 04 events. Small increases in deck displacement were computed after significant aftershock. 

Increases in pile bending moments were computed after each earthquake. Yielding of the pile 

sections occurred after the Feb 22 earthquake at the interface between soil layers. The greatest pile 

bending moment was computed at the interface between a stiff and weak layer indicating the 

occurrence of differential displacement between layers.  

The results also showed the difference between modelling the earthquake application as one 

complete sequence and applying each ground motion separately. Applying each ground motion 

independently results in significantly higher displacements in comparison to the motion being 

applied as a sequence. Earthquakes in a sequence reach a soil domain that had already undergone 

some displacement and adopted a more stable state. This results in lower overall displacements. The 

results also confirmed the importance of modelling the combined structure and soil domain. 
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Without the presence of the wharf the soil embankment experienced greater displacements. The 

added stiffness of the wharf lowered the overall displacements of the soil embankment. 

7.3 Fragility Modelling 

Fragility modelling was then conducted on the CQ3 model the output of which is a fragility curves. 

These curves provide the conditional probability that, given a seismic intensity level, a structure 

reaches a defined limit state or damage state. 

The framework for generating fragility curves involved the development of a suite of ground 

motions to be used in the Incremental Dynamic Analysis of the CQ3 model. In the IDA each ground 

motion was scaled to a range of intensity measures in ascending order. A statistical analysis was 

then conducted on the output of the IDA and the results fitted to a log-normal cumulative 

distribution function to generate fragility curves. 

Residual deck displacement, pile bending moment and residual ground displacement where the 

three EDPs adopted for fragility modelling. Fragility curves for each EDP were developed by 

conducting a statistical analysis on the response at each PGV level. The probabilities for reaching 

each limit state were calculated and then fitted to a log-normal cumulative distribution function. 

The probabilities from each EDP were combined into a single damage state. The damage states 

qualitative definitions were adopted from the guidelines provided by the International Navigation 

Association. The four damage states of Serviceable, Repairable, Near Collapse and Collapse were 

adopted in this fragility modelling. Qualitatively, a structure was deemed to have reached a damage 

state when at least one of the EDPs reached that same damage level.  

The fragility curves for the overall damage states provide researchers with tools for quantifying the 

probability of damage at each intensity level. Theses curves were validated using the results from 

the Sep 04 and Feb 22 events. According to the fragility curves, at the intensity of the Sep 04 event 

the CQ3 model was predicted to have reached the Repairable damage state and at the intensity of 

the Feb 22 event the CQ3 model was predicted to have reached the Near Collapse damage state. This 

prediction was in alignment with damage states reported after each seismic event. 
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7.4 Wharf Characterisation and Model Variations 

The first part in this chapter focused on the structural and geotechnical characterisation of New 

Zealand wharves. A database of wharf cross-section drawings was collated from port companies 

and publicly available data. This database was used to identify the key structural configurations 

representative of wharves around New Zealand. Three primary lateral load resistance mechanism 

were identified; tie-back, raked pile and moment resisting pile-deck connections.  

The output of the wharf characterisation informed the development of variations to the CQ3 model 

to investigate the performance of varying structural configurations. Five variations were made to 

the lateral load resistance mechanism of the CQ3 model. In the Type 1 variation the tie-back 

mechanism was removed and in the Type 2 variation the pinned pile-deck connections were 

converted to moment resisting connections. The type 3 variation combined a tie-back with moment 

resisting pile-deck connections. In the Type 4 variation a raked pile was added to the configuration 

with the use of pinned pile-deck connections. In the final variation the raked pile was combined with 

moment resisting pile-deck connections.  

Each variation was subjected to the Sep 04, Feb 22 and Jun 13 ground motions to investigate their 

seismic performance. Removing the tie-back mechanism in the Type 1 variation resulted in an 

increased residual deck displacement whereas adding the raked pile in Type 4 and 5 decreased the 

displacement by up to 35 mm. However the raked pile caused an increase in maximum pile bending 

moment and the Type 3 variation caused a decrease. Varying the structural configurations caused 

minimal changes in the residual ground displacement. 

A fragility analysis was conducted on each variation using the same approach detailed in Chapter 

5. The results indicated that addition of the raked pile caused a decrease in the probability of 

reaching the Near Collapse damage state but an increase in the probability of reaching the Collapse 

damage state. This attributable to the failure of the raked pile at higher seismic intensities. The Type 

3 variation showed the greatest improvement in performance as evidenced by the decreased 

probabilities for reaching each damage state. The Type 3 variation employs a tie-back and moment 

resisting pile-deck connections. 



264 

 

7.5 Future Works 

This research project has highlighted the need for future research in investigation of wharf seismic 

response.  

With the CQ3 model as the baseline many structural and geotechnical variations could be 

investigated and their performance quantified and compared against a case study. Retrofit solutions 

for improving the seismic response of existing wharves could be developed and their performance 

quantified against the validated CQ3 model.  

Further research needs to be conducted on the different approaches for modelling wharf structures. 

The need is greatest for accurately capture the response of lateral load resistance mechanisms such 

as the tie-back and the pile-deck connections. Modelling of the tie-back mechanism requires further 

improvement in terms of capturing the seismic response of the anchor block and understanding the 

interaction between the abutment and surrounding soil. Further research could be also be conducted 

on the response of raked piles in wharf environments, especially modelling the response of the 

complex area at the connection of the pile to other vertical piles or the deck.  

The fragility framework adopted in this research could also be researched further to make 

improvements in generating the fragility curves. The size and content of the ground motion suite 

could be reviewed and more specific suites could be developed for each seismic region in New 

Zealand. Further research could also be conducted on the number and nature of intensity measures 

used for defining the seismic hazard. The correlation between the chosen intensity measure and the 

level of uncertainty in the response data could yield good recommendations for the choice of 

intensity measures. Similarly, the number and nature of the EDPs adopted in this study could be 

investigated further and the experimental studies could be conducted to generate accurate EDP limit 

states. 
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