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ABSTRACT

This thesis describes the development of a post-tensioned concrete masonry (PCM) wall system

designed using generic materials. PCM walls derive their lateral strength and self-centering

behaviour from unbonded post-tensioning. During in-plane loading, a horizontal crack forms at

the wall base, which minimises masonry tensile strains and associated wall damage.

An extensive literature review identified numerous instances where PCM has been used in

projects worldwide, and this is reflected in the growing presence of the technology in interna-

tional masonry codes. However, the lack of knowledge associated with seismic behaviour has

resulted in limited use of this material in seismic zones. Although recent studies have begun to

address this through pseudo-static testing, there remained a clear need to investigate the

dynamic performance of such walls.

Pseudo-static testing of two partially grouted PCM walls demonstrated the suitability of this

system for residential structures in seismic areas. A subsequent shake table test series investi-

gated the response of rectangular walls, walls with openings and a shrinkage control joint. The

series concluded with the testing of a simple square structure that investigated multiple open-

ings and wall corners. Rocking was shown to be the predominant deformation component, with

minimal residual displacements at the conclusion of testing. Damage was restricted to the lower

wall corners and above and below openings.

Equations provided in international masonry codes for estimating the tendon stress at the

nominal strength limit state were shown to be inappropriate for in-plane walls. A new expres-

sion was developed based on test results and finite element modelling, and was shown to

provide improved accuracy, permitting the complete monotonic response of PCM walls to be

predicted with excellent accuracy. An investigation into the creep and shrinkage properties of

PCM demonstrated that prestress losses can be significant and must be considered in design.

A displacement based design method for post-tensioned masonry walls was developed and

demonstrated using a design example. The widely used bracing design method for reinforced

masonry structures was adapted for PCM walls and utilised in the design of New Zealand's first

post-tensioned concrete masonry house.
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NOTATION

Roman characters:

a equivalent rectangular stress block compression zone length

Aps prestressing tendon area

Aps,i area of ith prestressing tendon

As mild reinforcing steel area

Awall effective cross-sectional wall area

bw wall width

c distance from the extreme compression masonry fibre to flexural neutral axis

C1 shear strength coefficient to account for dowel action

C2 shear strength coefficient to account for aspect ratio

Cc concrete masonry creep coefficient

Ch(T) spectral shape factor

d distance between tendon and extreme compression wall fibre

dbn total lateral displacement beyond dn

dc spectral corner point displacement

dcr total lateral displacement at he due to Vcr

dcr,fl lateral flexural displacement at he due to Vcr

dcr,sh lateral shear displacement at he due to Vcr

de total lateral displacement at he due to Ve

de,fl lateral flexural displacement at he due to Ve

de,sh lateral shear displacement at he due to Ve

di distance between the ith tendon and extreme compression wall fibre

dn total lateral displacement at he due to Vf

dn,fl lateral flexural displacement at he due to Vf

dn,ro lateral rocking displacement at he due to Vf

dn,sh lateral shear displacement at he due to Vf

dT target wall displacement for direct displacement based design

dTEST maximum wall displacement obtained during testing and used in DDBD validation

du ultimate wall displacement

dv max wall displacement at Vmax

dy wall equivalent yield displacement
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Em masonry elastic modulus

Eps prestressing steel elastic modulus

f'm masonry crushing stress

fm axial masonry stress

fmi masonry stress immediately after prestressing

fps prestressing tendon stress at nominal flexural strength

fps,i stress in ith prestressing tendon at nominal flexural strength

fpsbn,i stress in ith prestressing tendon beyond nominal flexural strength

fpsi prestressing tendon stress immediately after anchorage lock-off

fpu ultimate (rupture) stress of prestressing tendon

fpy yield stress of prestressing tendon

fse effective prestressing tendon stress after long term losses

fu ultimate (rupture) stress of mild reinforcing steel

fy yield stress of mild reinforcing steel

g acceleration due to gravity

hcr location of first cracking height for applied moment of Me

he effective wall height

k defines the maximum permissible extreme masonry strain kf'm at Me

kc concrete masonry specific creep

Keff effective stiffness of substitute structure

lp unbonded tendon length

lw wall length

M base moment

Mcr first cracking moment

Me maximum serviceability moment

meff effective mass of substitute structure

Mn nominal wall strength (moment)

N(T,D) near fault factor

N axial load due to wall self-weight and dead and live load on supported floors

np number of plastic hinges required to develop failure mechanism

P prestressing force

r post-yield stiffness ratio

R seismic event return period
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Sa spectral acceleration

Sd spectral displacement

t time

T structural period

Tc spectral corner point period

Teff effective period of substitute structure

V applied lateral force at he

Vb design base shear

vbm basic shear strength of masonry

Vcr wall lateral force at he corresponding to Mcr
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Vmax maximum lateral force measured during testing

vn wall shear stress

Vn wall shear strength (force)

Vy yield strength corresponding to dy

Z seismic hazard factor

Greek characters:

α defines equivalent rectangular stress block average stress αf'm
α angle between the vertical and compression strut when calculating shear strength

β defines equivalent rectangular stress block length a = βc

∆fcr long term prestress loss due to creep

∆fpl total long term prestress loss

∆fpr long term prestress loss due to prestressing tendon relaxation

∆fps tendon stress increase at nominal wall strength

∆fsh long term prestress loss due to shrinkage

∆i elongation of ith tendon due to wall rocking

εcr long term concrete masonry creep strain

εm masonry strain corresponding to masonry crushing stress f'm
εmi elastic masonry strain immediately after prestressing

εmu maximum dependable masonry strain

εpi initial effective tendon strain corresponding to fse
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εps total tendon strain at a given wall displacement

εpu strain corresponding to ultimate tendon stress

εpy prestressing tendon yield strain corresponding to fpy

εrock tendon strain increase due to wall rocking

εsh long term concrete masonry shrinkage strain

φ strength reduction factor

φcr curvature at wall section due to Mcr

γe non-dimensional crack length at Me

γmax wall drift corresponding to dv max

µ displacement ductility

µs coefficient of static friction

ν poisson’s ratio

θ wall rotation due to rocking

ξ wall axial load ratio

ξeq equivalent viscous damping

ξeq,v modified viscous damping component of ξeq

ξn wall axial load ratio at Mn

ξv viscous damping
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Chapter 1

INTRODUCTION

Post-tensioned concrete masonry (PCM) walls consist of hollow concrete masonry units and

derive their lateral strength from vertical unbonded post-tensioning. Prestressing the masonry

ensures that a material with relatively large compressive strength but low tensile strength

remains in compression under low design level loads. The concept of prestressing masonry is

independent of the type of masonry used. Historically, most prestressed masonry structures

have been constructed in Europe where clay brick and calcium silicate blocks are the predomi-

nant material. In New Zealand, concrete masonry is used for almost all structural masonry

applications, and was therefore chosen for this study.

Prestressing tendons can be in the form of bars or strands and are usually manufactured from

high tensile steel (fpy > 900 MPa), providing a greater strain capacity than mild steel reinforce-

ment (fy = 300-500 MPa). Tendon anchorages are typically embedded in the foundation and

bond beam as shown in Fig. 1.1(a), and tendons are prestressed on the days immediately

following wall construction. For seismic applications, PCM walls are grouted (either fully or

partially) to increase the wall compressive strength. Partial grouting consists of filling only a

select number of vertical cells and has become common practice in the New Zealand residential

masonry market. When a wall is grouted, the tendons are installed within a duct to ensure they

remain unbonded over their entire length.

A PCM wall will initially respond elastically when subjected to a lateral in-plane force arising

from seismic or wind loading. A further increase in lateral force will result in a horizontal crack
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forming at the interface between the wall base and foundation, being the location of greatest

flexural moment. Opening of this joint results in wall rocking and a reduction in system stiff-

ness. Unbonded post-tensioning allows the tendon strain increase due to rocking to be averaged

over the entire tendon length, thereby ensuring that the tendons remain elastic during large

lateral wall displacements. The wall will return to its original vertical alignment at the conclu-

sion of loading with the horizontal crack closing, provided the tendons remain elastic or retain a

sufficient level of prestress to provide a restoring force. This type of behaviour is described as

“self-centering” or “self-correcting” and has the non-linear elastic force-displacement (F-D)

response presented in Fig. 1.1(b). Opening of a base crack results in the absence of tensile

strains in the masonry, minimising damage and enabling large displacement capacity. Wall

damage sustained during significant seismic loading consists of masonry crushing in the lower

wall corners, leading to a gradual reduction in wall lateral strength.

The flag shaped force-displacement response of this wall system highlights the limited hyster-

etic energy dissipation capacity (area enclosed within the F-D loops) of this wall type. Tradi-

tional seismic engineering ideology suggests that hysteretic energy dissipation should be

maximised, with the elastic perfectly-plastic hysteresis model being ideal. Hysteretic energy

dissipation in reinforced concrete structures is mainly attributed to the yielding of steel and

plastic deformation of concrete, resulting in structural damage. More recent thinking, though

not necessarily a unanimously held view, suggests that minimising residual displacements and

(a) Unbonded post-tensioning (b) F-D response

Figure 1.1:  Post-tensioned concrete masonry wall

D



    1.1 Research Motivation

- 3 -

structural damage is more advantageous. Limiting structure response can be achieved by

increasing wall strength or installing carefully designed supplementary energy dissipaters.

The advantages of an unbonded post-tensioned wall system extend beyond the structural bene-

fits discussed above. Precompression of the masonry improves structural integrity of the wall

and potentially eliminates cracking at serviceability level loading, hence improving the water-

tightness of the wall. Potential cost savings result from a reduction in construction time and

materials, through the design of partial or ungrouted walls and the use of mortarless blocks,

which have been available in other countries for some time and were recently introduced in

New Zealand. Concrete masonry in general is becoming more popular through its use as an

aesthetic material. This is a direct result of including architectural finishes and thermal materials

within the masonry units during manufacture. Potential applications for PCM include multi-

storey commercial buildings, residential structures, retaining walls and sound barriers.

1.1  RESEARCH MOTIVATION

Due to a lack of knowledge pertaining to such factors as the ductility and energy dissipation

characteristics of prestressed masonry, the method has historically had little application world-

wide, particularly in areas of high seismicity. Prestressed masonry first appeared in the British

masonry code in 1985, followed by other leading masonry codes, with the New Zealand

masonry design standard including a normative appendix on the topic in the 2004 revision.

Consequently, designers in New Zealand were discouraged from specifying prestressed

masonry, whereas the seismic performance of reinforced concrete masonry (RCM) is well

understood, and RCM is commonly used in the residential and commercial construction indus-

tries in New Zealand.

Since the widespread adoption of capacity design principles, structures have been designed for

reduced lateral loads and an accepted level of structural damage to plastic hinge zones.

Economic considerations did not generally extend beyond the initial cost of constructing the

design. During the 1990's earthquake engineering began to focus not only on designing struc-

tures for life preservation, but for structures to also perform with minimal residual structural

displacements and damage. The cost of repairing the structure and contents after an earthquake,

and the costs associated with loss of building operation and functionality are economic parame-

ters that are now more commonly considered at the design stage.
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In response to commercial threats from substitute construction materials, an industry sponsored

investigation was initiated in 1997 in an attempt to revive market share for concrete masonry by

developing innovative ways of using the material. The study at the University of Auckland was

supported initially by the Cement and Concrete Association of New Zealand (CCANZ) and

later by the New Zealand Concrete Masonry Association (NZCMA). The main focus was to

address the lack of knowledge surrounding the seismic properties of PCM and to develop design

guidelines.

Motivation for the current study derived from the findings of the investigation over the

preceding years, which demonstrated the desirable structural seismic performance of PCM

walls, but highlighted the need for further investigation into the dynamic response of rocking

walls. The influence of window and door openings and control joints had yet to be addressed. At

a material level, further study of the creep and shrinkage properties of New Zealand concrete

masonry was required before recommendations could be made to existing design codes. In

summary, this study applies performance based design principles to improve the seismic

performance of concrete masonry, with a focus on developing a wall system for the residential

market using generic materials.

1.2  THESIS OUTLINE

The overall goal of this study was to develop and test a wall system that could be easily inte-

grated into the residential construction market in New Zealand. This market is very price driven,

but currently there are clients who are willing to pay a small premium for the benefits that

masonry homes offer, such as improved thermal characteristics. It was proposed that a PCM

wall system would ideally be cost competitive when compared with existing reinforced concrete

masonry construction, and design methods and details would remain as consistent as possible.

The study objectives would be satisfied upon the completion of the design and construction of

New Zealand's first post-tensioned concrete masonry house.

The thesis is organised into the following main sections:

Literature review: Chapter 2 consists of a literature review that summaries the research most

relevant to this study. It begins by discussing rocking systems, before focusing on post-

tensioned masonry, particularly concrete masonry. The codification of prestressed masonry is
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outlined, followed by a description of material properties specific to PCM. A review of struc-

tural component and material testing is presented, with the chapter concluding by reporting on a

number of projects that have included PCM.

Creep and shrinkage of PCM: Chapter 3 contains the findings from a creep and shrinkage study

with the objective of verifying a previous study conducted at the University of Auckland, and

obtaining material coefficients for code recommendations. The implications of these findings in

terms of prestress loss are also discussed.

Cyclic wall testing: Results from the cyclic testing of two PCM walls designed for the residen-

tial market, are presented in chapter 4. These tests were conducted prior to the initiation of a

shake table testing program in the United States.

Shake table wall testing: Chapters 5 and 6 contain the results from a series of shake table tests

conducted at North Carolina State University. A number of walls were designed with the goal of

obtaining dynamic test data for a variety of wall aspect ratios, when subjected to a suite of earth-

quake records. The influence of door and window openings, shrinkage control joints and wall

corners was also investigated.

Finite Element modelling: Chapter 7 provides a brief overview of the difficulties associated

with modelling the dynamic wall response captured during the shake table testing of rectangular

walls. A finite element model is then developed to address issues surrounding the prediction of

tendon stress at nominal wall strength. International masonry codes provide varying equations

for calculating this stress, and in no case has the accuracy of these equations been validated for

in-plane loading. Results from this investigation are presented in chapter 8, along with a proce-

dure for predicting the complete monotonic force-displacement response of PCM walls.

Design: A direct displacement based design method for post-tensioned masonry walls is

described in chapter 9 and demonstrated by way of an example. This study is concluded in

chapter 10, followed by an epilogue that discusses the design and construction of New Zealand's

first post-tensioned concrete masonry house.
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Chapter 2

LITERATURE REVIEW

An extensive literature review was undertaken as part of this study, with the primary focus on

post-tensioned concrete masonry and applications relevant to residential construction. The

chapter begins with a description of self-centering rocking systems and a brief overview of the

founding research in this field. The focus then turns specifically to prestressed masonry and a

summary of the current international code recommendations follows. Prestressed concrete

masonry material properties are discussed along with a review of in-plane and out-of-plane

PCM wall testing. The chapter concludes with a chronological history of the use of post-

tensioned concrete masonry in projects around the world.

2.1  ROCKING SYSTEMS

Earthquake engineers have long been interested in the concept of allowing structures to rock,

providing a type of base isolation and hence reducing base shears. The first significant work

focusing on modelling rocking structures was made by Housner [2-1] who attempted to explain

why a number of tall, slender structures survived the May 1960 Chilean earthquakes, whereas

other structures that appeared more stable were severely damaged. Two early New Zealand

examples where base isolation was provided by designing the structures to rock, were a 315 m

rail bridge over the south Rangitikei River and a 36 m high industrial chimney at Christchurch

Airport. In both cases hysteretic dampers were installed to provide additional damping to the

rocking systems [2-2].
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Priestley and Tao [2-3] were first to present the concept of incorporating debonded prestressing

in moment frames to provide a self-centering mechanism. This was later tested by Stanton et al.

[2-4] and led to the design and construction of the Precast Seismic Structural Systems

(PRESSS) building, tested pseudo-dynamically at the University of California at San Diego [2-

5]. This 60% scale five-storey precast concrete test building had post-tensioned shear walls in

one direction and a combination of prestressed and non-prestressed moment frames in the other.

Damage to prestressed members was minimal with only minor spalling observed at the wall

base and in the beam cover concrete adjacent to the columns, even after seismic intensities of

50% above the design level. Residual drifts in the wall direction of 0.06% were small compared

with the peak drift of 1.8% achieved during the test. This test program confirmed that minimal

damage and small residual displacements can be expected from this type of structural system.

The study of post-tensioned rocking structures was further advanced by Mander et al. [2-6] and

Percassi [2-7] who determined by experiments the response of rocking bridge structures, with

the later study demonstrating how the addition of supplementary damping devices in series with

tendons can enhance the energy dissipating capabilities of such systems. This type of supple-

mentary energy dissipation was later applied to rocking wall-frame structures by Ajrab et al. [2-

8].

Holden et al. [2-9] reported on a test program which compared a conventionally reinforced wall

specimen with a precast prestressed wall system that incorporated carbon fibre prestressing

tendons, steel fibre reinforced concrete and supplementary energy dissipating bars. The walls

were tested under quasi-static reversed cyclic lateral loading, and it was observed that the

precast prestressed wall achieved greater drifts than the conventionally reinforced wall, with no

wall panel damage sustained prior to failure.

The concept of rocking systems is material independent and has been applied to other building

types. For example Ricles et al. [2-10] investigated the performance of post-tensioned steel

moment resisting frames, Toranzo et al. [2-11] dynamically tested unreinforced confined

masonry walls with supplementary energy dissipation and ElGawady et al. [2-12] conducted

shake table tests on unreinforced masonry walls retrofitted with fibre reinforced polymer.

Although the later two examples were not prestressed, wall rocking was demonstrated and

negligible residual displacements observed.
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2.2  PRESTRESSED MASONRY

An overview on the status of post-tensioned masonry was provided by Shrive [2-13] in 1988,

outlining the research and applications to date and the future opportunities for the technology.

Lissel et al. [2-14] provided an update for the following ten years. Schultz and Scolforo [2-15]

have also provided an overview of prestressed masonry and considered the opportunities for the

technology in the U.S. context. This section outlines the codification of prestressed masonry

around the world and compares code stipulated design values for concrete masonry. A summary

of research that has been conducted on both the in-plane and out-of-plane response of

prestressed masonry walls is presented, and considers both clay brick and concrete masonry as it

is acknowledged that the overall structural response of this type of wall system is relatively

independent of the masonry used.

2.2.1  Codification of prestressed masonry

The British masonry standard was the first code to include prestressed masonry, a natural result

of having visionary designers who experimented with the technology as early as 1900. The

writing of draft code provisions for prestressed masonry began in the late 1970's and was

included in the general masonry code, BS 5628, in 1985. BS 5628 part 2, 'Code of Practice for

the use of Masonry, Structural use of Reinforced and Prestressed Masonry' has been updated

several times over the proceeding years, with the current version having been released in 2000

[2-16].

Prestressed masonry first appeared in the Australian masonry design standard, AS 3700, in 1998

and has since been updated in 2001 [2-17]. In the USA, the Masonry Standards Joint Committee

(MSJC), which is sponsored by the American Concrete Institute, the Structural Engineering

Institute of the American Society of Civil Engineers, and The Masonry Society, is responsible

for the development of the masonry design code. Prestressed masonry was included for the first

time in the 1999 edition of the MSJC 'Building Code Requirements for Masonry Structures',

which has since been revised in 2005 [2-18]. Both AS 3700 and MSJC have typically followed

the provisions outlined in BS 5628 in terms of prestressed masonry.

The 2004 edition of the New Zealand masonry standard, NZS 4230 'Design of Reinforced

Concrete Masonry Structures' [2-19] has for the first time included prestressed masonry in the
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form of a normative appendix. The Canadian code CSA S304.1 'Design of Masonry Structures'

[2-20] has also included prestressed masonry recently.

Originally released in 1986, NZS 4229 [2-21] 'Concrete masonry buildings not requiring

specific engineering design' was updated in 1999 and provides simplified guidelines for the

design and construction of reinforced concrete masonry residential structures. The scope of this

standard extends to buildings with heights of less than 10 m, and a plan area of less than 600 m2

or 350 m2 for single and multi-storey dwellings respectively. Lower storey walls are

constructed using structural concrete masonry, with either concrete masonry or timber framing

in the upper storey. Mid-floors can be constructed of timber or reinforced concrete and the roof

consists of timber trusses. This standard covers the majority of concrete masonry residential

construction in New Zealand, and therefore NZS 4229 is also applicable to the current study.

2.2.2  Materials

2.2.2.1  Concrete masonry

Concrete masonry is a composite material consisting of hollow concrete masonry units, mortar

and grout, and therefore the properties of grouted concrete masonry can vary depending on the

proportions of the constituents in the blocks, mortar and grout and the quality of workmanship.

Studies on both the confined and unconfined strength of grouted concrete masonry have led to

an advanced understanding of material properties, with a study by Laursen [2-22] focusing on

materials sourced in New Zealand.

The three curves in Fig. 2.1 depict the stress-strain relationship for unconfined masonry, and

masonry confined at 100 mm and 200 mm spacing. The curves highlight four variables that

describe the compressive behaviour: (1) the initial stiffness, (2) the peak stress f'm (3) the strain

corresponding to peak stress εm and (4) the ultimate strain εmu. For unconfined masonry εm is

typically 0.0015-0.002 and reliable ultimate strains of 0.003-0.004 are achievable. Confinement

has been shown to increase the ultimate masonry strain capacity [2-23], with εmu of 0.008-0.010

attainable when confinement is spaced at 200 mm, and even higher strains possible with

confinement at 100 mm spacing.
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2.2.2.2  Crushing strength

NZS 4230 [2-19] specifies a grade dependent strength for grouted concrete masonry depending

on the level of supervision provided, as outlined in Table 2.1. Prism testing in New Zealand

consists typically of laying three blocks in a stack, providing prism dimensions of 390 mm long

by 590 mm high and having a thickness of 140 mm or 190 mm depending on whether 15 series

of 20 series blocks respectively are used. NZS 4210 [2-24] specifies a minimum mortar strength

of 12.5 MPa and a minimum grout strength of 17.5 MPa.

2.2.2.3  Elastic modulus

For seismic design it is important to have an accurate estimate of member structural stiffness,

and therefore a precise knowledge of the elastic modulus of masonry Em is required. An overes-

timation of Em leads to an underestimation of structural period, and hence higher design base

shears and an underestimation of structural deformations. An underestimation of Em underesti-

mates design forces but is conservative in terms of structural deformations. Unbonded PCM

walls are expected to develop a horizontal crack between the wall base and foundation as the

wall rocks. Above the level of gap opening and plastic deformation, the wall is expected to

remain elastic and therefore an accurate knowledge of Em is required for calculating both flex-

Figure 2.1:  Typical stress-strain behaviour of grouted concrete masonry

Table 2.1: Masonry observation type and compressive strength
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Observation type Observation requirement Max. design compressive strength
A Continuous construction supervision >12 if confirmed by prism testing
B Construction supervision 12
C No construction supervision 4

MPa
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ural and shear deformations of the panel. Numerous researchers have conducted experiments to

establish appropriate expressions for Em, and found that the elastic modulus is not clearly

related to any particular variable and so is most often related to the masonry crushing stress f'm
for simplicity. Examples of code and research recommendations for concrete masonry are:

The Laursen expression was found from research using materials typical of those commonly

available in the upper North Island of New Zealand, and is consequently the most applicable for

consideration in the current study.

2.2.2.4  Masonry strain capacity

An accurate estimate of the masonry ultimate strain capacity is required for accurate prediction

of PCM wall response. Greater strain capacity results in a small increase in wall flexural

strength due to shortening of the compression zone, but has a large influence on maximum wall

displacements due to a greater curvature being developed in the plastic hinge region.

Table 2.2 provides a summary of code defined ultimate strain values, commonly referred to as

maximum usable strain. Large scale PCM wall testing conducted by Laursen [2-22] demon-

strated that the extreme fibre compression strain at maximum wall strength often exceeded the

code stipulated values and reached values as high as 0.01 at maximum wall drift, with even

larger values attainable using confined masonry.

 (cmu* density < 1800 kg/m3) AS 3700 [2-17]

 (cmu* density > 1800 kg/m3) AS 3700 [2-17]

BS 5628 [2-16]

 (< 20000 MPa) CSA S304.1 [2-20]

Laursen [2-22]

MSJC [2-18]

NZS 4230 [2-19]

Paulay and Priestley [2-25]
*cmu = concrete masonry unit

mm fE ′= 750

mm fE ′= 1000

mm fE ′= 900

mm fE ′= 850

mm fE ′= 800

mm fE ′= 900

GPaEm 15=

mm fE ′= 1000
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2.2.2.5  Prestressing steel

High strength prestressing steel is typically used in PCM walls due to higher strain capacity

when compared with mild reinforcing steel, a direct result of the higher yield stress (900-

1500 MPa verses 300-500 MPa) given that the modulus of elasticity is similar. Higher strain

capacity allows greater wall drifts before the onset of tendon yielding, and reduces the sensi-

tivity of PCM to prestress losses, a consequence of creep and shrinkage of the masonry.

Steel is not the only material that can be used for prestressing masonry structures. Sayed-Ahmed

et al. [2-26] have conducted laboratory tests using carbon fibre reinforced polymer (CFRP)

tendons, which behaved linear elastically up to maximum strength followed by a brittle failure.

In contrast, high strength steel tendons exhibit a stress-strain relationship as depicted in Fig. 2.2.

This curve shows the absence of a yield plateau, and instead the tendon’s initial response is

linear before bending gradually and flattening out prior to failure at a maximum stress of fpu and

corresponding strain εpu. Although the tendons in PCM walls should be designed to remain

elastic for serviceability level ground shaking, tendon yielding is conceivable during extraordi-

nary strong events (return period of more than 500 years) and therefore it is important that the

tendons provide ductility.

Steel prestressing tendons are available as either rigid threaded bars or flexible strand. Strand is

typically used in applications with long undulating tendon profiles and requires specialist

prestressing equipment. In comparison, bars are usually used when the tendon length is rela-

tively short and alignment is straight. Threaded bars are simply stressed using either a jack and

tightening the nut, or using a calibrated torque wrench. Load indicating washers can be used as

a means of determining when the required level of prestress has been achieved.

Table 2.2: Ultimate compression strain
Source Unconfined Confined

AS 3700 0.0035 -
BS 5628 0.0035 -

CSA S304.1 0.003 -
MSJC 0.0025 -

NZS 4230 0.003 0.008
Paulay and Priestley 0.003 0.008

strain strain
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Material properties for prestressing steel are readily available from the manufacturer and can

differ considerably. The yield stress fpy is typically given as the 0.1% proof stress (or 0.2%

depending on the material and testing type), which is explained graphically in Fig. 2.2. This

value is defined as the point where the stress-strain curve intersects with a line parallel to the

linear loading branch offset by 0.1%. Typical values for high strength prestressing bars and

strands are of the order of 900 MPa and 1500 MPa for bars and strands respectively [2-27].

2.2.3  Creep and shrinkage of concrete masonry

When prestress is applied to concrete masonry, the effective prestress reduces over time due to

the effects of creep and shrinkage of the masonry. It is imperative that an accurate under-

standing of the magnitudes of creep and shrinkage is obtained before designing a PCM wall

system. Research has suggested that prestress losses could be as high as 25% of the initial force

depending on the initial stress level and materials used [2-15]. Studies conducted in various

countries have assessed the magnitude of creep and shrinkage as a function of materials, axial

load, time and ambient temperature and humidity [2-22, 2-28, 2-29, 2-30].

The precast hollow core concrete masonry blocks ordinarily used in the upper North Island of

New Zealand are composed of porous pumice aggregate. With a density of approximately

1850 kg/m3, this type of block can be classified as light-weight in the New Zealand context or

medium-weight according to the North America weight specification [2-31]. None of the creep

Figure 2.2:  Stress-strain relationship for prestressing steel
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and shrinkage studies conducted outside of New Zealand apply directly to the New Zealand

light-weight type of concrete masonry or considered fully grouted concrete masonry.

The first creep and shrinkage study on prestressed concrete masonry at the University of Auck-

land was conducted in 1998, and consisted of ten wallettes, of which five were fully grouted,

four ungrouted and one partially grouted (2 of 3 cells grouted). Prestress levels ranged between

0 MPa and 2.8 MPa and measurements were taken over a period of 373 days. In 2000, a second

study was conducted to confirm and expand the initial findings, using a wider range of applied

prestress and improved instrumentation [2-22]. Five ungrouted and five fully grouted wallettes

were prestressed resulting in masonry stresses ranging between 0 MPa and 3.0 MPa for the

ungrouted wallettes, and 0 MPa and 4.0 MPa for the grouted wallettes. Measurements were

taken over a 388 day period. The environmental conditions differed between the two studies, as

a result of the location of the wallettes in the Civil Test Hall. This, combined with improve-

ments in test setup, led to a small discrepancy in test results. To verify the results of the second

study, the construction and monitoring of a third set of wallettes was proposed, with this study

forming the basis of chapter 3.

2.2.4  In-plane wall response

The first known in-plane testing of post-tensioned masonry walls was by Hinkley [2-32] at the

University of Canterbury, New Zealand. Five prestressed brick walls, having a height of

1575 mm (62 in.) and varying lengths and tendon layouts, were tested monotonically and

compared with two prestressed walls. Vertical prestressing was seen to improve the strength and

reliability of the brickwork shear walls.

Page and Huizer [2-33] tested three walls with dimensions of 3000 mm high by 2500 mm long

and 200 mm wide, and built using hollow clay masonry units. One wall was conventionally

reinforced and grouted whereas the other two incorporated unbonded post-tensioning. The walls

were tested monotonically and in the case of the prestressed walls, wall rocking was observed. It

was concluded that prestressing improved the racking strength and shear stiffness of the walls

with no practical disadvantages.

The in-plane response of post-tensioned clay masonry walls was further investigated by Rosen-

boom and Kowalsky [2-34] who tested five walls using a cyclic loading history. The walls were
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double wythe with a height of 2440 mm, a length of 1220 mm and a width of 305 mm. All walls

were grouted and were prestressed with three 25 mm diameter dywidag threaded bars. The

control specimen utilised unbonded post-tensioning with no confinement. Test units 2 and 3

were the same as the control except that unit 2 included steel confinement plates in the lower

five courses of masonry, and unit 3 incorporated four 12 mm diameter mild reinforcing bars to

provide additional energy dissipation. Unit 4 investigated the effect of bonded tendons whereas

unit 5 was ungrouted. It was concluded that the best performing wall was fully grouted with

unbonded prestressing and embedded confinement plates. The addition of mild steel reinforcing

bars was seen to provide additional hysteretic damping. It was recommended that both

ungrouted walls and walls containing bonded prestressing be avoided due to the significant

damage sustained and poor structural performance observed during testing.

The research conducted by Laursen [2-22, 2-35, 2-36, 2-37] on the seismic performance of post-

tensioned concrete masonry walls provides the basis and starting point of this study. Three

series of large scale tests investigating the influence of various wall parameters were tested

cyclically in the Civil Test Hall at the University of Auckland. The first series consisted of eight

single storey walls, six of which were fully grouted, one partially grouted and one ungrouted.

All walls had a height of 2600 mm, but the wall length, width, number and location of

prestressing tendons, and level of initial prestress were varied. The fully grouted walls exhibited

near non-linear elastic response dominated by rocking. Large displacement capacity was

achieved with drifts beyond 1.4%, and damage was localised in the lower wall toe regions with

relatively little energy dissipation. Both the partially grouted and ungrouted walls developed

significant strength and initially displayed flexural behaviour but ultimately failed in shear.

The principal objective of series two was to investigate several different methods of masonry

strengthening that would result in reliable wall drift capacity of 1.5% to 2%. Five unbonded

fully grouted walls were tested having uniform dimensions of 3.0 m long, 2.6 m high and

having a thickness of 140 mm. Mild steel confinement plates were installed in the lower mortar

joints in four of the walls, while the fifth wall contained high-strength fibre reinforced blocks in

each of the lower wall corners. Supplementary energy dissipation was provided in one wall, in

the form of dog-bone shaped mild steel reinforcing bars. The observed wall drifts ranged

between 0.7% and 2.6% depending on the type and amount of confinement provided, with the

greatest drift capacity achieved when the flexural compression zone was confined with steel
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plates at a vertical spacing of 100 mm. Wall damage was again localised in the compression toe

regions. Near non-linear elastic behaviour was observed for all walls with the exception of the

wall containing energy dissipation bars, which demonstrated elastoplastic behaviour as

expected. Rocking was the dominant mode of deformation for all walls.

The third test series of the Laursen study involved the construction of two 67% scale models of

a typical cantilever wall from a 4 or 5 storey high office or apartment building. The walls had a

height of 5,250 mm, a length of 1,950 mm and a thickness of 140 mm. The walls contained

three unbonded prestressing tendons, in the form of high tensile 7-wire strand, and confinement

plates in the lower wall corners. The additional axial load simulated the building weight and was

varied between the two walls, resulting in a masonry stress of 1.0 MPa and 0.5 MPa for the first

and second walls respectively. Ductile response was recorded with drifts up to 1.5% and rela-

tively little energy dissipation observed. Wall damage was localised and observed over the

lowest 300-400 mm of the wall, while the vertical strain measurements indicated that inelastic

masonry response was restricted to the lowest 400-600 mm of the wall. Tendon yielding did not

occur due to the long unbonded tendon length.

2.2.5  Out-of-plane wall response

Numerous researchers have investigated the out-of-plane response of both prestressed brick and

concrete block walls. Lissel et al. [2-14] provides an extensive overview of the work that was

conducted through the 1990's. All known structural testing was conducted using a monotonic

loading history as the research focus was typically on earth retaining and diaphragm wall appli-

cations in non-seismic regions. Several studies have demonstrated through testing that

prestressing masonry can considerably improve the out-of-plane wall strength [2-38, 2-39, 2-

40]. Lateral tendon restraint ensures that the eccentricity between the tendon and compression

zone does not reduce, hence maintaining or increasing wall moment capacity as cracks form and

the wall rocks [2-41, 2-42].

As none of the above mentioned studies used simulated seismic loading histories, little is known

about the ductility and energy dissipation of prestressed masonry walls in the out-of-plane

direction. This suggests that until such data is available, walls should be designed assuming

elastic response when carrying significant seismic forces in the out-of-plane direction, with no

force reduction due to ductility. Typically for New Zealand applications, seismic loading on
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out-of-plane walls is small, arising mainly from self-weight and imposed overall structural

displacements, and therefore elastic seismic response is most probably satisfactory.

2.3  APPLICATION OF PCM TECHNOLOGY

The first documented examples of prestressed masonry date back to the Victorian era in the

United Kingdom (U.K.) when tie-rods were heated and installed in brick structures, providing a

compression force in the masonry upon cooling [2-43]. Since the early 1950's, numerous build-

ings have been constructed or retrofitted incorporating some form of post-tensioned masonry.

Projects have been documented in Germany, France, New Zealand and more recently Switzer-

land and the United States, and were predominantly located in non or low seismic areas. Most

structures built or retrofitted with prestressed masonry have been located in Europe where clay

bricks or calcium silicate blocks are typically used [2-44]. As this study was primarily

concerned with concrete masonry, only projects involving the use of this material were

surveyed. The following section reports on a variety of applications where post-tensioned

concrete masonry has been applied successfully and could therefore be used more commonly in

the future. All dimensions are shown in the units in which they were originally reported, with a

conversion table provided in Appendix B.

2.3.1  Multi-bin silos

During the early 1950's a method of constructing tall circular silos, using 4.5 in. nominal block-

work and circumferential post-tensioning wires, was developed and used in the construction of

five multi-bin silo projects and several one and two-bin silos [2-45]. The designer was Mallagh

Luce & Partners of Dublin and the client and constructor varied between projects. The silos

were located throughout the U.K. and constructed between 1952 and 1965. The bins ranged in

diameter from 12 ft to 30 ft and between 53 ft and 93 ft in height.

The wires were wrapped around the outside of the structure, stressed and then covered by a

sprayed gunite coating. Straight blocks were used in the first structure and curved blocks there-

after. Initially it was believed that conventional prestressing practices using jacks and anchor-

ages would have certain disadvantages for circular structures due to the required allowance for

large friction losses when pulling a wire around a large arc. This led to a tensioning method

being devised where the circumferential wires were wrapped around the structure and the ends
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connected. The adjacent wires were then pulled together at staggered centres and held together

by soft wire ties. The resulting zig-zag wire pattern stretched the post-tensioning wires, thereby

prestressing the structure.

The first silo built for the Dublin North City Milling Company used two 10 SWG wires at 9 in.

centres, stressed to 112,000 psi, which allowed for creep and shrinkage. Subsequent field

research showed that stressing the reinforcement by applying an axial pull using Gifford-Udal

jacks and single wire anchorages, resulted in an uneven distribution of prestress around the

circumference of the silo. However, this force tended to even out over the proceeding days after

prestressing, and therefore proved to be a superior method of stressing and was used for the final

project in Dublin in 1965.

2.3.2  Traffic bridge

A North Carolina traffic bridge was one of only a few bridges known to have been constructed

using prestressed concrete masonry blocks and was the last known bridge in the state (and

potentially the southeast of the United States) to be constructed by this method. Bridge

construction of this form was used in the early 1950's, but abandoned by the late 1950's in

favour of precast concrete construction.

The bridge was constructed in 1954 in Wilson County, NC and consisted of three continuous

concrete spans supported by a timber substructure. The bridge had an inventory rating of HS-14,

an operating rating of HS-32, and was posted for a service vehicle of 36 tons [2-46].

A routine bridge inspection in 2000 identified the need to replace the bridge due to a deterio-

rating substructure. The substructure could not be repaired without removing the superstructure,

which would have resulted in damage to the masonry girders. It was decided to replace the

entire bridge and salvage a number of prestressed masonry block beams for further investiga-

tion, testing and historic documentation at North Carolina State University.

The three-span, two-lane concrete block bridge is shown in service in Fig. 2.3(a). Each span had

a length of 17 ft 4 in. and an overall deck width of 25 ft 5 in. supported by 19 prestressed block

beams placed side-by-side as shown in Fig. 2.3(c). Each prestressed block beam was

constructed by joining 26 concrete masonry units together, using mortar with a joint thickness
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of ¼ in. The cells of the blocks used on each end were filled with concrete to form a solid block

to provide an increased bearing surface for the prestressing anchors and to carry the shear force

into the substructure. Fig. 2.3(b) depicts the specially shaped concrete masonry blocks that were

used.

Two rows of blocks were butted together without mortar, and a steel anchor plate 32 in. long

was placed across each end. This provided the anchorage for four 3/8 in. 7-wire prestressing

strands that were installed with a draped profile. The strands were stressed, resulting in a

prestressed bridge girder 17 ft 4 in. long by 32 in. wide, which could be transported to site and

installed on the substructure. Additional reinforcement was installed as shown in Fig. 2.3(b),

consisting of ¾ in. mild steel bars between the blocks and wire mesh in the topping concrete.

The topping concrete bonded the mild reinforcement and prestressing steel, and provided a

3 ¼ in. deep concrete road surface. The two voids in each block remained ungrouted, resulting

in a partially grouted prestressed concrete masonry bridge.

The investigation in 2000 found the performance of the prestressed block beams to be excellent

after 50 years of service. There was no evidence of deterioration of prestressing steel, rein-

(a) Bridge in service (b) Cross-section of girder

(c) Cross-section of deck

Figure 2.3:  Prestressed concrete masonry bridge
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forcing steel, or concrete before the bridge had to be replaced due to deterioration of the timber

substructure.

2.3.3  Apartment complex

An apartment complex built in Christchurch, New Zealand in 1970 was the result of much

investigation by the designer into post-tensioned concrete masonry, at a time when there was

limited literature on the topic [2-47]. Hanlon liked the idea that prestressing the structure would

ensure that the masonry remained in compression, and his previous experience of using

prestressing to strengthen existing church steeples demonstrated that prestress losses were

small. The first buildings to be built by the designer included several single-storey structures.

New Zealand design codes at the time required reinforcement to support seismic forces, but

were considerably less stringent than current code requirements. The initial buildings were

followed by the design and erection of two-storey structures, which again proved to be econom-

ical.

Two types of wall construction were used, one using standard 8 in. concrete masonry block and

the other a 12 in. cavity wall, with an outer layer of 4 in. block and an inner layer of 6 in. block.

For the cavity walls, the tendons were located in the cavity and either 3/8 in. or 1/2 in. diameter

seven-wire strand was used. Each tendon was used as a double cable anchored by a loop,

avoiding the need for end anchorage in the foundation. The top anchorages bore against a rein-

forced concrete capping beam and the tendons were restressed 18 months after the initial

stressing, though this was deemed unnecessary as the losses were within the limits allowed for.

The resulting confidence gained from these previous projects led Hanlon to design and

construct a simple 6-storey structure, consisting of cavity exterior walls and 8 in. block interior

walls, with all walls post-tensioned. After the construction of each reinforced concrete mid-

floor, a number of tendons were stressed to provide strength to the structure during construction.

The maximum compression stress in the masonry wall was not to exceed 300 psi, and the struc-

ture was designed such that no tensile stresses would occur in any wall when the building was

subjected to seismic forces. No unusual problems arose during the construction or prestressing

operations and the project was economical.
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2.3.4  Salvation Army citadel

The Salvation Army commissioned W. G. Curtin and Partners of Liverpool to design a new

citadel in Warrington, Cheshire, England in the early 1980's [2-48]. This is the first known

application of highly stressed post-tensioned diaphragm walls. The post-tensioning design was

restricted to the main hall, which had dimensions of 25 m long by 15 m wide and a height of

8.5 m. The wall was designed as a free standing cantilever due to the inclusion of a clerestory

window running around the top of the wall, shown in Fig. 2.4(a). The inclusion of post-

tensioning resulted in an absence of tensile stresses in the bottom of the wall under full design

wind loading. The exterior of the hall required a brick finish, whereas the internal structure was

to be light reflected, hence white concrete blocks were used. This resulted in a cavity wall

section as illustrated in Fig. 2.4(b). The use of two different masonry types led to some concern

about differential movement. Consequently, the blocks were jointed off from the external clay

masonry and cavity ties were installed to ensure adequate transfer of shear stresses. The block-

work creep characteristics governed the estimation of prestress losses.

Two 32 mm diameter Macalloy bars located concentrically in each cavity were prestressed to a

force of 100 kN using a conventional torque wrench. The bars were treated with Denso paste

and wrapped with Denso tape to protect from corrosion, and the recessed anchorage pockets in

the capping beam were concreted solid. Threaded couplers were used to extend the bars to assist

in construction. The work was found to be within the capabilities of a small local builder, and

the contract was completed on time and within budget [2-48].

(a) Citadel (b) Prestressed cavity wall

Figure 2.4:  Salvation Army citadel [2-48]
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2.3.5  Earth retaining wall

The site of a new residential housing development on the sloping hillside of Trent Valley,

Radcliff-on-Trent, Nottinghamshire, England had an undesirable grade due to a previous cut

and fill exercise. As a result of slow land sales the developer, J.S. Richens Builders Ltd, decided

to construct a retaining wall at the lower end of the site and backfill to create more level sections

[2-49]. J.K. Beck, G. Shaw, W.G. Curtin and Partners were commissioned to complete the

design. The designers opted for a post-tensioned concrete masonry solution due to the wall

height having a maximum of 3 m. As a result of the lack of design guides on such systems at the

time, the designers applied their previous experience in post-tensioned brickwork and recent

experience in blockwork in determining appropriate design values. The concrete block cavity

wall had a width of 890 mm and used blocks with a thickness of 140 mm on the earth face and

for the cross-ribs, which were placed at 525 mm centres. The front face flange had a thickness

of 100 mm and all blocks were solid, having a compressive strength of 10 MPa. Shrinkage and

differential thermal movement control joints were provided at 6 m centres, and 75 mm diameter

PVC pipe was installed at 1575 mm centres to provide drainage of the backfill.

One T25 galvanised post-tensioning rod was placed in each cavity. A short starter rod was

anchored in the footing by a 220 x 220 x 12 mm thick mild steel anchor plate, and a coupler was

used to increase the length of the rod to that required. The bars were protected from corrosion

with Denso tape and paste and a reinforced concrete capping beam was placed on the top of the

wall, providing a similar anchorage as that used at the base. A design force of 50 kgf was

applied sequentially to the rods, and following an additional restress to overcome prestress

losses, the upper torquing nut was tack welded to the anchor plate to prevent slippage. Due to a

lack of literature on the topic of creep and shrinkage, a conservative estimate for prestress losses

was taken to be 40%.

The builder reported that the time for construction was similar or possibly slightly shorter than

that for traditional concrete masonry construction. The cost of the project was approximately

25% less than that for the reinforced equivalent.

2.3.6  Large tank complex

In the early 1990's, VSL Springfield, USA designed and supervised construction of two similar

4.0 million gallon waste water treatment tanks and a 2.7 million gallon clarifier in Virginia,
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USA [2-50]. The larger tanks had a height of 30 ft, a diameter of 150 ft and a wall thickness of

12 in. The walls were designed with bonded horizontal tendons and unbonded VSL CP+ mono-

strand vertical tendons. The clarifier had a height of 18 ft, a 160 ft diameter and a 10 in. wall

thickness, and was designed with unbonded CP+ tendons both horizontally and vertically. All

concrete construction was completed within a 6 month time frame.

2.3.7  NCMA Lifestyle 2000 house

A medium sized single family home, located in Maryland, USA, was designed by and

constructed for the National Concrete Masonry Association (NCMA) in the early 1990's, and

served as a concrete masonry demonstration home [2-51]. Post-tensioned technology was incor-

porated in the foundation wall on the east side of the 2300 sq. ft house, and was designed to

resist lateral earth pressures. The wall was built with ungrouted type 8-S load-bearing structural

block, having square dimensions of 8 in., which is 4 in. thinner than the typical 12 in. block used

in foundation walls, a result of the additional strength provided by post-tensioning. The exterior

face of the blocks contained indents, creating weep holes when the cladding was installed on the

exterior. The horizontal joints between blocks were mortared, whereas the vertical joints

contained an architectural adhesive.

VSL CP+ monostrand post-tension tendons were used which were centrally located at 32 in.

centres in the open cavities of the blocks. Plastic sleeves and extruded polyethylene provided

corrosion protection for the 1/2 in. 270-K strand. Tendon anchorages were embedded in the

specially designed top and bottom course blocks. The bottom anchors were self-activating when

the tendon was passed through it, whereas the top anchors were standard CP+ monostrand

anchorages. After stressing with a hydraulic jack, a steel cap was placed over the anchor, which

was recessed into the top block.

2.3.8  Roanoke school

Thompson Masonry first learnt about the concept of post-tensioned masonry at Masonry Expo

1998, and decided to try it for the first time on a multipurpose building for a school in Roanoke,

VA, USA. Ryan-Biggs Associates of Troy, NY were the designers. The masonry cells

containing tendons remained ungrouted, which resulted in grout savings of approximately 75%

over a conventionally reinforced equivalent form of construction. Speed of construction was

increased, saving the company one week on the 50,000 block job [2-52].



    2.3 Application of PCM Technology

- 25 -

Post-tensioning tendons were installed every 3 to 4 ft in the exterior walls and every 8 to 10 ft in

the interior walls. Dur-o-Wal steel tendons were used, having a diameter of 7/16 in., a minimum

tensile strength of 95 ksi and a maximum relaxation of 4%. Due to concerns regarding the

ability to install tendons within allowable tolerances during casting of the foundations, the

contractor opted for two different methods. For shear walls, the bars were installed into the

foundation by drilling a 1 in. hole and installing the post-tensioned rod using epoxy. For other

walls the contractor anchored the bottom anchor in the bottom layer of blocks using a similar

detail to that used at the wall top. This sandwiched the masonry between the top and bottom

bond beams, instead of compressing it into the foundation. In both anchoring methods, 3 ft long

rods were installed at the bottom of the wall and an additional length was coupled after the

masonry wall was erected. Restraining straps were installed at each coupler location and about

every 3 ft vertically to align the tendons.

Prestress was applied after all walls were constructed, though some tendons were partially

stressed earlier for walls vulnerable to wind. Direct Tension Indicator (DTI) washers were used

on all tendons to indicate when the required 9,600 lbf had been applied. This eliminated the

need for torque wrenches or tension gauges.

2.3.9  Berlin Technical Museum

The four-storey additions to the Berlin Technical museum in 1998 consisted of a structural steel

frame, concrete floors and masonry curtain walls. Although the masonry walls had no additional

axial load other than self weight, they were exposed to full design wind loads, and hence post-

tensioning became a viable option. The walls had a height of 25.5 m, spanned up to 8.8 m

between lateral supports and had a width of 240 mm [2-44].

Thirty-four individually greased and sheathed 16 mm monostrand tendons were spaced at

1.75 m centres. The tendons were installed within steel ducts in the centre of the block cavities

and had a length of 26.5 m. Anchors were cast-in-place into capping beams at the top of the

wall, and the tendon was anchored at the bottom in a reinforced concrete basement wall. The

tendons were stressed from the bottom, using a hydraulic jack, with access provided by perma-

nent recesses in the wall. These recesses will enable future inspection or restressing if required.
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2.3.10  Sound wall

As part of a widening and sound wall project along US 36 near Denver, Colorado, USA, a 36 ft

section of the wall was constructed in August 2000 using post-tensioned concrete masonry and

instrumented to record the loss of prestress force over time. Atkinson-Noland & Associates and

The University of Wyoming were responsible for the design and monitoring of the wall for the

Colorado Department of Transportation [2-53, 2-54].

The 12 ft high wall was constructed of nominal 8 in. split face block with two courses of fluted

accent block near the top of the wall. The sound wall design was governed by wind loading and

in accordance with AASHTO guidelines, a value of 27 lb/ft2 was used as the design wind load.

The Dur-o-Wal D/A790T Sure-Stress post-tensioning system was specified for this project, and

the final design required 11/16 in. diameter tendons spaced at 24 in. centres. The tendons had an

average yield stress of 100 ksi and an average ultimate strength of 122 ksi. Each tendon was

initially tensioned to 26.1 kip or 74 ksi, resulting in an assumed service load force of 19.6 kip

after allowing 25% for losses. The anchorage assemblies consisted of the anchorage and a 36 in.

long tendon, and were inserted into the fresh concrete immediately after pouring the grade

beam. An open cylinder hydraulic ram and a hydraulic pump were used to post-tension the wall,

with tensioning beginning at one end and continuing down the length of the wall.

Eight evenly distributed tendons were instrumented in an attempt to record prestress losses over

time. Losses resulting from elastic wall shortening due to stressing of adjacent tendons, ranged

between 4.3% and 7.3% of the target initial prestress level. Long-term losses over a two year

period and not including initial losses, ranged from 21.0% to 32.6%, with an average of 27.9%

and a standard deviation of 4.2%. Total losses for the six tendons that were accurately recorded

averaged 35.5%.

2.3.11  Repair of commercial buildings

The Ledy Design Group of Michigan, USA were responsible for the design to repair two

commercial buildings in southeast Michigan in the early 2000's [2-55]. The first building had a

floor area of 5000 ft2 and consisted of 12 in. load bearing and 8 in. non-load bearing concrete

masonry units with a wall height of 18 ft. The two street elevations had openings of between

12 ft and 14 ft, with steel lintels spanning between the 40 in. columns. The designer was asked
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to investigate significant leakage and cracking above the windows and discovered a number of

workmanship issues, including a lack of the required vertical reinforcement in the columns and

no continuous reinforcement from the foundation to the top support. It was determined that

strengthening was required at all storefront columns and one other elevation wall.

The second building was unreinforced and had a 4 in. brick veneer with an 8 in. concrete

masonry load bearing wall on the two street-facing elevations. The remaining two elevations

and the internal load bearing wall consisted of 12 in. concrete masonry units. The walls had a

maximum height of 24 ft 8 in. with a bearing height of 22 ft. The designer was called to investi-

gate significant cracking in the brick veneer and interior faces of the concrete masonry units.

This was found to be the result of a lack of appropriate expansion joints for the brick veneer and

shrinkage control joints for the concrete masonry. Analysis showed that the unreinforced

concrete masonry walls did not satisfy the maximum allowable masonry stress as outlined in the

building code. All walls required strengthening and one wall had a large bow measuring approx-

imately 1 ½ in. at mid height. A number of repair options were considered, but a post-tensioned

solution was the most feasible due to the installation of insulation foam in the ungrouted cores

during original construction.

The Sure-Stress™ system by Dayton-Superior was chosen for post-tensioning the walls (refer

section 2.3.12.3 for system description). For repair of the first building, the bottom anchorage

utilised the top anchor plates in an inverted orientation in a grouted course just above the base.

This prohibited moment transfer into the existing footing and was much less invasive than

installing anchors into the concrete footing, which would have required larger openings in the

existing wall.

The leaks in the first building were stopped and the second building was quickly brought into

compliance with strength requirements. In both cases the repairs were conducted with minimal

disruption to business and proved more economical than traditional repair methods.

2.3.12  Propriety post-tensioning systems

2.3.12.1  Proto-IITM wall systems

The Proto-II™ wall system is one of several commercially available post-tensioned wall

systems in the United States for use with concrete masonry. This system provides a packaged
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solution for the construction of post-tensioned masonry fences, retaining walls and sound walls.

The system has undergone extensive structural testing and been in use for over 2 decades, with

almost 28 million square metres installed, equating to over sixteen thousand kilometres of wall

[2-56]. The Northridge, California earthquake on January 17, 1994 demonstrated the systems

durability, with less than 1% of wall failures compared with almost 100% for conventional

masonry walls. This lead to The City of Los Angeles Building Department granting PROTO-

II™ Wall Systems Standard Plan #520. In 1995 the post-tensioned fence technology expanded

to include retaining walls and the development of a hybrid system consisting of a convention-

ally reinforced masonry wall, on which a post-tensioned masonry retaining wall and fence can

be built. The system uses any mass-produced, standard or decorative hollow-cored masonry

block and the walls can remain ungrouted.

The high tensile post-tension rods are anchored in the footing by hooking the bar under a single

horizontal reinforcing bar. The top anchorage consists of a bearing plate, ½ in. nut and a Proto-

II™ Direct Tension Indicator (DTI) washer, with the complete anchorage enclosed by a cap

course, as illustrated in Fig. 2.5(a). The post-tension rod is tightened using a wrench to a

specific torque rating that collapses the DTI to within ±3% of the design tolerance.

The company reports no problems with corrosion of the bars, which was verified upon opening

a 12 year old wall. Prestress loss is compensated for by over-tensioning the tendons at the time

of prestress.

2.3.12.2  Integra wall system

The Integra™ post-tensioned wall system is suitable for all types of residential and commercial

projects, and has been used in tens of thousands of homes since production began in 1984.

Superlite Block provides standard details incorporating post-tensioning in the block wall for

many residential situations [2-57].

The system consists of specifically designed masonry units that usually have open ends and a

centre web with a height of approximately one-half the unit height. The blocks come in 6 in.,

8 in. and 12 in. widths. A specially moulded bearing block is used on the last course at each of

the tendon locations. This is typically a solid block with a 5/8 in. slot for the tendon to pass

through and a recessed pocket to house the anchorage.
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The walls are predominantly ungrouted, except when grout plugs are required in some

anchoring cases, and when mild steel reinforcement is specified in certain wall locations, such

as wall ends. The ungrouted cells can be filled with a proprietary polyurethane to provide

optimum thermal performance.

The post-tensioning system consists of high tensile steel rods connected to propriety anchor

bolts embedded in a conventional concrete or masonry foundation. The tendon has a diameter of

7/16 in., ½ in. rolled threads and a yield stress of 60 ksi. The tendons can be coupled if required,

though the use of open ended blocks means this may not be a requirement. Tendon restraint at

heights up the wall can be achieved by installing a bearing block, which provides a 5/8 in. slot

for the tendon to pass through. The typical top tension assembly consists of a ½ in. bearing

plate, standard hardened washers, a DTI washer and a nut. The bar can be tensioned using a

spanner or by mechanical means, with the required initial prestress value of 7400 lbf verified

using DTI washers. This initial prestress provides an assumed design post-tension force of 5000

lbf after losses.

Superlite Block claims that the cost differential for this wall system is approximately one or two

percent higher than typical home construction, which is easily offset by the benefits of a post-

tensioned wall system. Cost savings are achieved by reduced labour and material costs, since

(a) Proto-IITM [2-53] (b) Dur-o-Wal [2-55] (c) VSL [2-56]

Figure 2.5:  Propriety masonry post-tensioning systems
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the amount of grout needed is reduced by up to 95%. Depending on the type of insulation

chosen by the home owner, R-values as high or higher than typical construction systems can be

achieved.

2.3.12.3  Dur-o-Wal Sure-StressTM wall system

The Dur-o-Wal Sure-Stress™ system provides a complete solution for prestressing concrete

masonry and can be used with any mass-produced regular concrete masonry unit. A typical

installation of the system is shown in Fig. 2.5(b) which contains a foundation anchor, tendon,

tendon restraint plate, coupler, bearing plate, load indicating washer (LIW), nut and a lateral top

restraint anchor to attach the wall top to the bottom of the floor or beam soffits [2-58].

Threaded steel tendons are available in both ½ in. and ¾ in. diameters and have a yield stress of

100 ksi. The typical lower anchorage involves embedding a mild steel anchor in the footing

during casting, or using an epoxy adhesive to install the anchor in the footing after casting. The

top anchorage consists of a bearing plate, LIW and nut, installed in the mortar joint below the

top masonry course to provide corrosion protection. The walls are typically ungrouted, though

grout plugs need to be installed in cells containing bearing plates.

Prestressing is conducted using a wrench and the desired tendon force is achieved when the

LIW washer tabs are flattened. The washers indicate a load of 12 kips and 28 kips for the ½ in.

and ¾ in. tendons respectively. This represents an initial prestressing force of approximately

85% of tendon yield. Tendon relaxation is less than 4% when subjected to an initial load of 75%

of yield.

If additional corrosion protection is required for exterior walls and areas of high humidity, the

bars can be supplied with a hot dipped galvanised coating.

2.3.12.4  VSL wall system

The VSL system for post-tensioning masonry is available from Switzerland and consists of

15 mm high tensile steel monostrands with a plastic coating to provide corrosion protection.

Additional protection is provided by a galvanised steel or plastic duct in which the unbonded

tendon is located. The complete post-tensioning system is shown in Fig. 2.5(c), which consists

of a self-activating dead-end anchorage at the bottom and prefabricated concrete elements to
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house the anchorages at both the top and bottom. The tendons are stressed to a maximum of

75% of their tensile strength [2-59].

2.4  DISCUSSION AND CONCLUSIONS

An extensive literature review was provided with a focus on work pertaining to the objective of

the current study, being the development of a generic wall system for the New Zealand concrete

masonry market. The review of existing PCM applications demonstrated that the technology

can be applied to a variety of structures with encouraging results. Although a few innovative

designers have used post-tensioning of masonry to resist seismic forces, there appears a

complete lack of data on the dynamic response of such systems.

Post-tensioned masonry has appeared in a number of leading international masonry codes in the

last two decades, which should assist with increasing the widespread acceptance of the tech-

nology.

The stress-strain characteristics of both concrete masonry and high strength prestressing steel

have received much research and are relatively well understood. Further investigation of the

creep and shrinkage properties of light-weight New Zealand concrete masonry blocks is

required to validate the data obtained in previous studies. Chapter 3 presents the findings of a

creep and shrinkage investigation conducted as part of the current study.

The understanding of the in-plane cyclic response of rectangular masonry walls has been

advanced considerably in the last decade. Large-scale structural testing has demonstrated the

desirable seismic characteristics inherent in post-tensioned masonry walls, such as large drift

capacity, self-centering capability and localised wall damage.

The influence of wall openings, shrinkage control joints and wall corners on PCM wall behav-

iour is unknown and needs to be determined prior to the use of the technology in the New

Zealand residential market.

As a consequence of this literature review, a shake table testing program was initiated to inves-

tigate the dynamic response of PCM walls, including walls with details typically found in resi-

dential construction.
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Chapter 3

CREEP AND SHRINKAGE OF PCM

The motivation for the creep and shrinkage study reported here was provided in section 2.2.3,

which outlined the studies conducted previously by Laursen [3-1] and the need to verify the

previously obtained data set by constructing and monitoring a further set of wallettes. The

results from this subsequent study are presented in this chapter, followed by a comparison with

findings by other researchers and current code values. The impact of these recommendations is

then discussed in terms of prestress loss.

3.1  INTRODUCTION

Prestress losses are typically attributed to: (1) creep and shrinkage of masonry, (2) relaxation of

prestress tendons, (3) elastic masonry shortening, (4) anchorage 'draw-in' (seating losses), (5)

friction due to the undulation of tendons, and (6) thermal effects. Elastic masonry shortening

can easily be calculated using elastic analysis and is unlikely to be significant for prestressed

concrete masonry. However, it should be considered if a number of tendons are located in close

proximity, where stressing of one tendon can reduce the stress in neighbouring tendons. Seating

losses are typically associated with strand and are well understood by experienced technicians.

Seating losses are negligible when threaded bars are used. Item 5 should not occur in prestressed

masonry walls as the tendons and ducts are typically installed with a straight alignment.

Thermal effects are not likely to be an issue in a typical New Zealand environment where

temperature fluctuations are relatively small. As a consequence, this study focused on investi-
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gating the magnitude of creep and shrinkage, and to a lesser degree, tendon relaxation, that can

be expected in New Zealand.

3.2  THEORY

A brief summary outlining the complex interactive processes of creep and shrinkage of concrete

is provided for background. A considerably more detailed account is given by Neville [3-2].

Creep and shrinkage of concrete are typically disassociated for simplicity as depicted in Fig.

3.1. This figure shows that at time t0 the concrete undergoes elastic shortening due to the appli-

cation of axial load. This shortening is a function of the initial masonry stress fmi and the elastic

modulus Em. Shrinkage, denoted '4' in Fig. 3.1, occurs due to water transfer from the cement

paste to the surrounding air, and due to carbonation, a chemical process where carbonic acid

reacts with CO2.

Creep can be defined as an increase in strain over time while the specimen is subjected to a

sustained load. Creep is generally attributed to internal pressure in the absorbed and interlayer

water within the microstructure of the cement paste, caused by external loads. The migration of

this water leads to a volume change. Fig. 3.1 shows that creep consists of two mechanisms, (1)

drying creep and (2) basic creep. Drying creep occurs when the specimen is not in hygral equi-

librium with the surroundings and moisture is transferred to the atmosphere. Basic creep is

related to the moisture content and occurs as a result of viscoelastic movement in the cement

paste.

Figure 3.1:  Change of strain in axially loaded and drying concrete masonry
Time t
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Fig. 3.1 indicates that at time t1 it is assumed that all creep and shrinkage has occurred. Neville

reports that creep and shrinkage occur over long periods of time and that the shrinkage after 1

year is approximately 75% of the shrinkage expected after 20 years. The creep and shrinkage

properties of concrete masonry are expected to be similar to that for concrete. It is anticipated

that for concrete masonry a larger proportion of the total shortening will occur in the first year

after application of load, due to the higher porosity and thinner dimensions leading to hygral

equilibrium with the atmosphere at an earlier age. The highly porous masonry blocks enable

drying shrinkage of the masonry to be reversed to a certain extent when subjected to increased

moisture. This can be prevented by applying a water repellent coating.

Eqn 3.1 shows how the total creep strain εcr is proportional to the initial elastic deformation εmi

using the creep coefficient Cc.

In this equation, fmi is the initial axial stress in the masonry resulting from the prestressing and

gravity load and Em is the initial elastic modulus of the masonry. Alternatively, the total creep

strain may be expressed as a function of specific creep kc as shown in Eqn 3.2. This form has

appeal for codification and design work due to its simplicity.

The total prestressing loss due to creep ∆fcr can be written as:

where Eps is the elastic modulus of the prestressing steel. The creep parameters Cc and kc are

material specific and are derived experimentally.

Eqn 3.4 defines the prestressing loss due to shrinkage of the masonry ∆fsh. It is assumed that the

loss is proportional to the total shrinkage strain εsh, which is independent of axial stress on the

masonry and is obtained experimentally.

(3.1)

(3.2)

(3.3)

(3.4)

m

mi
cmiccr E

fCC =ε=ε

miccr fk=ε

micpsmic
m

ps
pscrcr fkEfC

E
E

Ef ==ε=∆

psshsh Ef ε=∆
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The Prestressed Concrete Institute [3-3] provides Eqn 3.5 for calculating the prestress loss over

time resulting from the relaxation of low-relaxation steel strand.

In this equation, fpsi is the tendon stress after anchor lock-off, fpy is the tendon yield stress and t

is the time in hours. Manufacturers of prestressing tendons provide steel relaxation properties,

which are typically given as a percentage of the initial stress at 70% of the ultimate tendon stress

(0.7fpu) and are measured after 1000 hours. The long term relaxation may be estimated as 3

times the loss after 1000 hours [3-4], which generally provides a conservative estimate when

compared with Eqn 3.5.

3.3  EXPERIMENTAL INVESTIGATION

In an attempt to verify the data set obtained by Laursen, a set of masonry prisms were

constructed and prestressed using a similar test setup and method with the intention of moni-

toring creep and shrinkage over an extended time period of 2 years. The experimental speci-

mens were designed to reflect common concrete masonry construction practice in New Zealand

and to reflect realistic axial prestress levels expected in PCM walls. The study consisted of 10

wallettes having dimensions of 1.0 m high, 0.59 m wide and 0.14 m thick as shown in Fig.

3.2(a) and (b). Five wallettes were fully grouted (FG) while five remained ungrouted (UG).

(3.5)

(a) Front view (b) Side view (c) Instrumentation

Figure 3.2:  Wallette dimensions, test setup and instrumentation
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3.3.1  Wallette design

All wallettes were constructed in running bond using ordinary grey 15 series (140 mm thick)

precast hollow concrete masonry units. Concrete masonry units manufactured in New Zealand

are steam cured, remaining in the kiln for approximately one day, and then left to cure in an

outdoor environment before arriving at the construction site. NZS 4210 [3-5] specifies a

minimum crushing strength for the masonry units of 12.5 MPa. The masonry units used in this

study arrived at the laboratory in a condition resembling that used in the construction industry.

The mortar used was pre-blended Trade MortarTM, a mortar used for nearly all concrete

masonry construction in New Zealand, consisting of cement, sand and a plasticiser with a

cement:sand mix ratio of 1:3. Trade MortarTM conforms to NZS 4210 with a minimum

compressive strength of 12.5 MPa. Regular ready-mix grout typical of all masonry construction

in New Zealand was used, having a minimum compressive strength of 17.5 MPa as per NZS

4210. SIKA CAVEXTM was added to the grout shortly before pouring, providing a controlled

expansion prior to initial setting.

Shortening of the wallettes was monitored on a regular basis throughout the test duration, while

ambient temperature and humidity were measured continuously at half hour intervals. Table 3.1

shows a timeline of construction and testing events, indicating that the wallettes were subjected

to prestress on day 0, being 15 days after grouting, and measurements were recorded initially for

319 days. Between day 319 and day 663 data collection was suspended, but the wallettes

remained stressed. A number of measurements were taken to assess the shortening after approx-

imately 2 years, with the series concluding 755 days after stressing. The age of the blocks could

not be obtained accurately but presumably ranged between 28-52 days at the time of wallette

Table 3.1:  Schedule of events
Day Event
-17 construction
-15 grouting
-5 capping
0 application of axial load
0 FG5 split vertically down the middle

319 measurements temporarily suspended
663 measurements recommence
755 data collection concluded
766 testing of prisms cut from wallettes
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construction. Specifications for the creep and shrinkage study are given in Table 3.2. Wallettes

UG1 and FG1 remained unstressed in order to ascertain the magnitude of strain loss specifically

attributable to shrinkage.

3.3.2  Test setup and instrumentation

Fig. 3.2(c) shows the instrumentation configuration used. Heavy coil springs were installed in

series with the wallettes between the tendon anchorages in order to keep the prestressing force

approximately constant over time. The wallettes were built in the Civil Test Hall and were

stored in the basement of the Test Hall after application of axial load.

Wallette shortening was measured using a digital gauge between the Demec points shown in

Fig. 3.2(c). The points were installed directly on the masonry in the uniform stress region and

had a gauge length of 200 mm. The eight measurements on each wallette (four on each side)

were repeated three times on the same day to verify the data set. Calibration of the digital gauge

was checked throughout data collection against an INVAR steel bar, having a very low coeffi-

cient of thermal expansion. It was found using the Demec system that length measurements (and

changes) could be replicated within 5%, providing good accuracy for repeated measurement

sequences taken on the same day.

Table 3.2:  Specifications
Load ratio

day 0 day 755 change day 28 day 766 day 0
Wall. Grouting fmi

+ fmf % of fmi f'm,28
~ f'm

~ fmi/f'm,28

UG1 Ungrouted 0.00 0.00 - 12.0 13.1 0.000
UG2 Ungrouted 1.01 0.95 7% 12.0 13.1 0.084
UG3 Ungrouted 2.00 1.89 6% 12.0 13.1 0.167
UG4 Ungrouted 2.52 2.37 6% 12.0 13.1 0.210
UG5 Ungrouted 3.04 2.89 5% 12.0 13.1 0.253
FG1 Fully grouted 0.00 0.00 - 17.8 18.6 0.000
FG2 Fully grouted 1.02 0.93 9% 17.8 18.6 0.057
FG3 Fully grouted 2.03 1.80 12% 17.8 18.6 0.114
FG4 Fully grouted 2.29 1.95 15% 17.8 18.6 0.129
FG5* Fully grouted - - - - - -

MPa MPa - MPa MPa -
* failed by vertical splitting during stressing, ~ measured by testing 3 prisms
+ net area used for calculating fmi: UG - 40200 mm2, FG - 82600 mm2

Masonry propertiesPrestress fm
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3.3.3  Experimental results

Fig. 3.3 shows the shortening strain (shrinkage + creep) curves for all wallettes, with the

unstressed wallettes representing the pure shrinkage strain. Fig. 3.4 shows the creep strain

curves, obtained by subtracting the shrinkage strain from the total shortening strain. Fig. 3.5

shows the variation of the ambient air temperature and relative humidity (24 hour mean).

The shrinkage curves shown in Fig. 3.3, appear to have begun levelling around 200 days after-

stressing. Wallette measurements taken between days 663 and 755 show an expansion which is

attributed to the increase in both ambient temperature and humidity over this period. At the time

of destressing (day 755) the ambient temperature and humidity were approximately equal to the

values recorded on the day of stressing. Fig. 3.4 indicates that the grouted wallette creep had

levelled out after the first 300 days, whereas the ungrouted wallettes continued to creep showing

an increase in measured strain between days 319 and 663. The creep curves of all wallettes were

approximately level by the end of recording.

(a) Ungrouted wallettes

(b) Grouted wallettes
Figure 3.3:  Total creep and shrinkage strain
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(a) Ungrouted wallettes

(b) Grouted wallettes
Figure 3.4:  Creep strain

Figure 3.5:  Ambient air temperature and humidity variations
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A summary of results is presented in Table 3.3. It is seen from this table that there was good

agreement between the measured and theoretical initial elastic shortening values. The theoret-

ical values were calculated using a modulus of elasticity Em of 800f'm,28. The creep coefficient

and the specific creep given in the table were based on the measured initial elastic shortening,

εmi. Wallette FG5 split upon prestressing (day 0) due to the attempted high level of prestress

(4 MPa), a level unlikely to be specified in design.

3.3.4  Discussion of results

The environment in the Test Hall basement is considered to result in shrinkage strains

exceeding those expected for walls in a realistic New Zealand outdoor environment, which is

characterised by a lower average temperature and higher relative humidity. The maximum

shrinkage strain measured, εsh = 606 µε (microstrain) for ungrouted concrete masonry and εsh =

1005 µε for grouted concrete masonry, may therefore be considered conservative. It is also

noted that the measurements only include shrinkage recorded after application of prestress.

During the period between grouting and prestressing the wallettes dried considerably, particu-

larly the grouted wallettes which were heavily water saturated as a result of the grouting

process. In the case of final application of prestress to a relatively wet wall, a considerably

higher amount of shrinkage strain should be expected.

Table 3.3:  Summary of results
Applied Shortening under sustained load* Creep Specific

stress measured theoretical total shrinkage creep coeff. creep
Wall. fmi εmi εmi,t

+ shortening εsh εcr Cc kc

UG1 0.00 0 0 606 606 0 - -
UG2 1.01 123 106 800 606 216 1.75 213
UG3 2.00 211 208 949 606 395 1.87 197
UG4 2.52 277 263 1058 606 452 1.63 179
UG5 3.04 306 317 1239 606 661 2.16 218
FG1 0.00 0 0 1005 1005 0 - -
FG2 1.02 83 71 1231 1005 255 3.08 251
FG3 2.03 162 143 1304 1005 309 1.91 152
FG4 2.29 166 161 1322 1005 337 2.03 147
FG5 - - - - - - - -

MPa µε µε µε µε µε - µε/MPa
* maximum values, + εmi,t=fmi/Em where Em=800f'm,28 MPa

Elastic shortening
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The creep and shrinkage strains measured should theoretically be amplified to account for the

creep and shrinkage expected to occur beyond the test period. No magnification has been

adopted herein due to a lack of knowledge regarding suitable values.

Fig. 3.6 presents values of the experimentally derived creep coefficient Cc as a function of the

axial force in the concrete masonry. The creep coefficients were calculated according to Eqn

3.1, using the maximum recorded values of creep strain. The values obtained by Laursen in

series 2 are also plotted for comparison. The figure shows a similar range between values

obtained in the two studies, and gives maximum recorded values for Cc found in this study of

2.2 and 3.1, for ungrouted and grouted masonry respectively.

(a) Ungrouted wallettes (b) Grouted wallettes
Figure 3.6:  Experimental creep coefficient Cc

(a) Ungrouted wallettes (b) Grouted wallettes
Figure 3.7:  Experimental specific creep kc
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Specific creep values were calculated using Eqn 3.2, again using the maximum recorded values

of creep strain, and are plotted in Fig. 3.7 along with Laursen’s findings. The trend is similar to

that found for Cc. The maximum specific creep for ungrouted concrete masonry was kc =

218 µε/MPa and for grouted concrete masonry was kc = 251 µε/MPa.

3.4  EXPERIMENTAL VS CODE VALUES

3.4.1  Other research findings

Hamilton and Badger [3-6] provided a compilation of recent research on the creep and

shrinkage of concrete masonry. The results were given in terms of kc, with only ungrouted

masonry having been considered. Table 3.4 shows that the investigations can be separated by

masonry weight category and mortar type, with the findings of the Laursen study included for

completeness. Only results from studies lasting more than 300 days are considered. Mortars

with the designations of N, S and M have compressive strengths of 5.2 MPa, 12.4 MPa and

17.2 MPa respectively (refer ASTM C270 [3-7] for mortar type definitions). Trade MortarTM,

the mortar typically used in New Zealand construction, has a specified compressive strength of

12.5 MPa and can be classified as S type mortar in the United States context.

3.4.2  Code values for creep and shrinkage

Table 3.5 summarizes the values for creep and shrinkage provided in the Australian standard,

AS 3700 [3-10], the British standard, BS 5628 [3-11], the Canadian standard, S304.1 [3-12] and

the United States code, MSJC [3-13]. These codes do not clearly distinguish between grouted

and ungrouted masonry, so it is presumed that the values are primarily applicable to ungrouted

Table 3.4:  Experimental values of kc

Researcher Grouting M S N
Maksoud [3-8] normal no 55.1-74.0 400

Hamilton & Badger [3-6] normal no 92.8-189 300
Laursen [3-1] medium no 198-282 388
Test results medium no 179-218 755

Laursen [3-1] medium yes 115-219 388
Test results medium yes 147-251 755

Harvey & Lenczner [3-9] light no 162-186 46.4-51.6 78.7-82.4 300
Maksoud [3-8] light no 74.0-92.8 400

Hamilton & Badger [3-6] light no 34.8-74.0 300
µε/MPa µε/MPa µε/MPa days

Weight 
category

Mortar type Duration of 
loading
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concrete masonry. The calculation of creep strain due to Cc is dependent on Em, which is

obtained in different ways by the individual codes.

3.4.3  Comparison

It is seen from Table 3.4 that the range of kc values for ungrouted concrete masonry obtained in

this study correlate well with the values obtained by Laursen, and with the top end of the

Hamilton & Badger range for normal-weight units. The kc values for grouted concrete masonry

are somewhat larger than those measured for ungrouted masonry and again correlate well with

the Laursen study.

Table 3.5 shows that the AS 3700, BS 5628 and S304.1 values of Cc are of similar magnitude,

but that the MSJC value is much lower. Comparison of the obtained Cc values to code values

reveals that a Cc of the order of 3.0 is appropriate. The MSJC value appears low, as was found

in the Hamilton and Badger study, which was conducted in the United States using locally

sourced materials.

In terms of estimated shrinkage εsh, it appears that the BS 5628 and AS 3700 values of 500 µε

and 700 µε, respectively, are similar, but that the MSJC value is much lower, with the Canadian

code values lying in between. The value obtained in this study for ungrouted concrete masonry

(606 µε) is similar to the BS 5628 and AS 3700 values. For grouted concrete masonry a higher

shrinkage was measured (1005 µε), a value that exceeded those outlined in all four codes.

Laursen obtained values of 435 µε for ungrouted masonry and 738 µε for grouted masonry after

388 days. The higher values found in the current study are a result of the longer test duration,

given that the environmental conditions were consistent for the two studies. Comparing the two

Table 3.5:  Code defined creep and shrinkage coefficients
Source document Cc kc εsh

AS 3700 2.5 170# 700
BS 5628 3 210# 500
S304.1~ 3.0-4.0 210-280# 100-200
S304.1+ 4.0-5.0 280-350# 200-300
MSJC* 0.5# 36 100

µε /MPa µε

#using Em = 800f’m and f’m = 18 MPa

~normal-weight, +light-weight, *moisture controlled units,
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studies at a similar point in time gives measured shrinkage strain values for the Laursen study

on day 313 of 310 µε and 631 µε for the ungrouted and grouted wallettes respectively. On day

319 of this study, equivalent shrinkage strains of 399 µε and 740 µε were recorded. This

suggests that the rate of creep and shrinkage was higher for this study, but at the time of

comparison, the relative humidity in the Laursen study was above average, which may have led

to an expansion of the wallettes.

3.4.4  Recommendation for creep and shrinkage

For grouted and ungrouted concrete masonry it is recommended to use a creep coefficient Cc =

3.0, a value in agreement with AS 3700, BS 5628 and S304.1. The creep coefficient can safely

be estimated at Cc = 3.0 for design purposes for both ungrouted and grouted masonry at all

levels of axial load. The Hamilton and Badger study recommended that a value for kc of 190 µε/

MPa be adopted by the MSJC. Assuming Em = 800f'm and f'm = 18 MPa, a creep coefficient of

2.7 is calculated, similar to that recommended in this study.

The following shrinkage strains are recommended for design under New Zealand conditions:

for grouted walls εsh = 1000 µε and for ungrouted walls εsh = 600 µε. For ungrouted masonry

the value is between that specified by AS 3700 and BS 5268, but considerably higher than both

S304.1 and MSJC. For grouted masonry the shrinkage strain found from experimental tests

exceeds the values stipulated in all four codes.

The results presented above were obtained under laboratory conditions, and in the case of the

shrinkage values, were found from multiple measurements on one ungrouted and one fully

grouted wallette. The masonry units were not sealed or surface treated, but all wallettes

including those unstressed, were capped to simulate a typical construction scenario. Other

factors such as storage conditions and age of the masonry units at the time of construction were

not taken into account. The materials used were typical of those used in the New Zealand

construction industry and therefore the recommendations of this study can be confidently

adopted for design in moderate climates.  Care should be exercised when estimating creep and

shrinkage losses for concrete masonry in extreme conditions.
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3.5  PRESTRESS LOSSES

Laursen [3-1] considered two methods for calculating the long term prestress losses in PCM -

the additive and the incremental approaches. It was found that the incremental method provided

favourable results in terms of structural efficiency and economy and gave a typical reduction in

prestress loss of 12% when compared with the additive approach. Considering the uncertainty

of the creep and shrinkage properties of concrete masonry and the small improvement gained

using this method, it is questionable whether the additional effort required to use the incre-

mental approach is worthwhile.

Using the additive approach, termed this because of the addition of shrinkage, creep and relaxa-

tion components without regard to interaction, Laursen investigated the magnitude of prestress

losses that could be expected in walls with realistic axial load ratios and prestressed with either

bars or strand. The magnitude of prestressing loss ∆fpl was estimated using Eqn 3.6, where ∆fcr,

∆fsh, ∆fpr are the loss in stress due to creep (Eqn 3.3), shrinkage (Eqn 3.4) and steel relaxation

(Eqn 3.5) respectively. This equation is of a conservative nature because the prestress losses are

based on the initial masonry stress fmi. In reality, the gradually occurring creep, shrinkage and

relaxation reduces the masonry stress which then reduces the creep and relaxation rates. Over

time both the masonry crushing strength and modulus of elasticity increase, also giving rise to a

reduction in the rate of creep.

Four cases were considered: (1) fully grouted wall prestressed with high strength prestressing

strand, (2) fully grouted wall prestressed with high strength prestressing thread-bars, (3)

ungrouted wall prestressed with high strength prestressing strand, and (4) ungrouted wall

prestressed with high strength prestressing thread-bar. It was assumed that the crushing strength

f'm for fully grouted masonry was 18 MPa and for ungrouted masonry was 12 MPa. Realistic

axial load ratios ξ ranging from 0.05 to 0.30 were examined, with

where P is the prestress force, N is the wall self-weight, and Awall is the effective cross-sectional

wall area that transfers load. 

(3.6)

(3.7)

prshcrpl ffff ∆∆∆∆ ++=

wallm Af
NP

′
+

=ξ
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The prestressing stand was assumed to have a yield stress fpy of 1480 MPa, an ultimate stress fpu

of 1750 MPa and a modulus of elasticity Eps of 190 GPa.  For the prestressing bar, values for fpy

of 930 MPa, fpu of 1080 MPa and Eps of 170 GPa were used [3-14]. The maximum permissible

prestress in the prestressing steel after lock-off was assumed to be 0.7fpu (NZS 4230 [3-15]).

Long term steel relaxation after 50 years was calculated using Eqn 3.5.

Laursen used shrinkage strains of 400 µε and 700 µε for ungrouted and grouted masonry respec-

tively, and a creep coefficient of 3.0 for all masonry, values that were obtained from monitoring

wallettes over a 388 day period. Laursen found that for fully grouted masonry and high strength

strand with an initial stress of 0.7fpu and an axial load ratio of 0.15, a prestress loss of the order

of 25% can be expected when all losses have occurred. If instead high strength bar was used

with the same value of initial stress and axial load ratio, 35% loss of prestress could be

expected. For ungrouted masonry the anticipated loss is less due to the lower shrinkage.

Assuming the same initial stress as before, it was found that the use of strand would lead to a

loss of approximately 20% while the use of high strength bar would result in losses of around

29%.

To investigate the effect of the higher shrinkage values found in the current study, the approach

of Laursen was followed using shrinkage strains of 600 µε and 1000 µε for ungrouted and

grouted masonry respectively. A creep coefficient of 3.0 was used for all masonry. The resulting

expected loss in prestress for varying aspect ratios and initial tendon stress levels is shown in

Fig. 3.8.

Comparing Figs 3.8(a) and (b) demonstrates that larger losses are expected for fully grouted

masonry, a result of the higher expected shrinkage strains when compared with ungrouted

masonry. For the case of ungrouted masonry and high strength strand with an initial stress of

0.7fpu and an axial load ratio of 0.15, about 22% loss of prestress can be expected after all losses

have occurred. For a high strength bar solution with a similar initial stress and axial load ratio, a

prestress loss of about 29% can be expected. If the masonry was grouted and given the same

axial load ratio, losses of 28% and 38% can be expected for strand and bar respectively. In both

grouted and ungrouted concrete masonry losses are considerable and must be taken into account

in design.
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MSJC recommends allowing between 30-35% for long term prestress losses. The long term loss

as a percentage of initial prestress is dependent on the prestressing hardware used, initial

prestress level and whether the masonry is grouted. Taking values obtained from this study and

typical design values, the code recommendation seems valid. The only known monitoring of

prestress levels in a masonry structure was conducted on a Colorado Department of Transporta-

tion sound wall [3-16] and was described in section 2.3.10. Assuming a masonry crushing stress

of 18 MPa (not provided in the literature), the axial force ratio was approximately 0.05. Fig.

3.8(b) suggests that for an axial force ratio of 0.05 using high strength bar stressed to 70% of

yield, a loss of prestress of 30% can be expected, a value similar to the average 28% loss

recorded in the field.

Figs 3.3 and 3.4 show that approximately 50% of all creep and shrinkage takes place within the

first 3 months. It is therefore in theory possible to reduce the prestress loss by about 50% if the

tendons are restressed about 3 months after the initial stressing. Depending on the application,

this may not be practical. For example it would be relatively simple to access the top anchorage

in a sound wall at some later date, whereas the same anchorage may be inaccessible once the

roof is installed on a building. Restressing within 2-3 weeks of initial stressing may reduce the

prestress loss by around 10-20%.

(a) Ungrouted wallettes (b) Grouted wallettes

Figure 3.8:  Expected prestress loss
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3.6  CONCLUSIONS

For grouted and ungrouted concrete masonry it is recommended to use a creep coefficient of Cc

= 3.0. This value is in agreement with those stipulated by AS 3700, BS 5628 and S304.1. The

following shrinkage strains were recommended for design using light-weight New Zealand

blocks in temperate climates: for grouted walls εsh = 1000 µε and for ungrouted walls εsh =

600 µε. These shrinkage strains were obtained under laboratory conditions, from multiple

measurements on one ungrouted and one grouted wallette.

Using fully grouted masonry and high strength strand with an initial stress of 0.7fpu and an axial

load ratio of 0.15, approximately 28% loss of prestress can be expected after all long term losses

have occurred. The use of high strength bar instead of strand, under similar conditions, is

expected to result in about 38% prestress loss. Less loss is anticipated using ungrouted concrete

masonry. These values are in approximate agreement with the recommendations on prestress

losses in MSJC. In both grouted and ungrouted concrete masonry, losses are considerable and

must be taken into account in design. However, high prestress loss can be countered by

restressing of the prestressing tendons at some later time. It is in theory possible to reduce the

prestress loss by about 50%, by restressing after about 3 months.
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Chapter 4

CYCLIC WALL TESTING

This chapter investigates the cyclic response of two partially grouted post-tensioned concrete

masonry shear walls designed to investigate details typical in residential construction. As

reported in the literature review, Laursen [4-1, 4-2] tested one partially grouted and one

ungrouted wall and found that the walls exhibited limited drift capacity and ductility and failed

in shear. These walls had higher prestressing steel reinforcement ratios and subsequently greater

lateral strength than would be required for a typical residential structure subjected to seismic

loading. Consequently, two walls were designed with less prestressing steel and tested, with the

results presented in this chapter. These tests led to the design of a wall system that was tested on

a shake table and is reported in the proceeding chapters.

4.1  CONSTRUCTION DETAILS

4.1.1  Wall specifications

Dimensions and specifications for the two walls are depicted in Fig. 4.1 and listed in Table 4.1.

The prefix 'C' refers to cyclic testing and is included in the wall name to differentiate from the

walls tested dynamically on a shake table and reported in chapters 5 and 6. Both walls had a

height of 2600 mm and were partially grouted. The hatched areas in Fig. 4.1 indicate cells that

were grouted, being cells containing the prestressing tendon ducts, depicted as a clear space

inside a hatched cell, the cells at each wall end and the top two block courses forming the

400 mm deep bond beam. Horizontal reinforcement for wall C1 consisted of a D12 (12 mm
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diameter, 300 MPa) bar imbedded in each course of bond beam blocks. In the case of wall C2,

two D12 bars were placed in each course of bond beam blocks to provide sufficient reinforce-

ment area to satisfy NZS 4229 [4-3] requirements. These bars were placed on alternate sides of

the centrally located vertical post-tensioning tendon, with R6 (6 mm diameter, 300 MPa) stir-

rups spaced at 600 mm centres.

The prestressing tendons were incorporated at the locations shown in Fig. 4.1 and remained

unbonded inside the ducts. High strength 15.2 mm diameter prestressing strand was used in wall

C1, whereas 15 mm diameter high strength prestressing bar was used in wall C2. Threaded bar

is more appropriate for tendons with relatively short unbonded lengths as anchor draw-in losses

are less than for strand. The top anchorage was situated above the loading beam, which was

installed on the wall top, whereas the bottom anchorage was placed below the laboratory strong

floor. This allowed measurement of prestress at both ends of the tendons. The unbonded tendon

(a) Wall C1 (b) Wall C2

Figure 4.1:  Wall dimensions

Table 4.1:  Specifications
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length for both walls was 3500 mm, accounting for the foundation beam, loading beam, strong

floor and the height of the load cells.

4.1.2  Wall construction

The walls were constructed in running bond by experienced blocklayers under supervision.

Ordinary 15 series concrete masonry blocks and DRICONTM trade mortar were used for wall

construction, providing a wall width of 140 mm. Open-ended masonry units were used to avoid

threading the blocks over the installed tendon ducts. The walls were grouted with 17.5 MPa

ready-mixed regular block fill containing SIKA CAVEXTM, providing a slow controlled expan-

sion prior to grout hardening. Steel fibres having a length of 30 mm and a sinusoidal wavelike

shape were added to the grout in wall C2 at a dosage of 30 kg/m3. Steel fibres have the potential

to replace the mild steel reinforcement traditionally used to trim openings and provide control

against shrinkage, and therefore it was decided to test walls containing steel fibres in the grout.

The walls were prestressed immediately prior to testing using a hollow core jack and pump.

Testing of wall C1 began 26 days and concluded 27 days after grouting and wall C2 was tested

6 days after grouting, as outlined in Table 4.1 where DOT refers to day of testing.

4.1.3  Material properties

Three fully grouted masonry prisms were tested in compression in order to establish the

masonry crushing strength f'm at the time of each wall test, with the results listed in Table 4.1.

Although wall C2 is unlikely to have achieved the full 28 day strength at the time of testing, the

masonry crushing strength was found to be 15.3 MPa. This value is greater than 12 MPa, being

the highest design value stipulated in NZS 4230:2004 [4-4] (refer section 2.2.2.2).

Seven-wire low relaxation prestressing strand was used in wall C1. Nominal properties of the

15.2 mm diameter strand were tensile rupture strength of 250 kN (fpu = 1785 MPa), yield

strength of 213 kN (fpy = 1520 MPa), minimum ultimate elongation capacity of 3.5%, elastic

modulus Eps = 190 GPa, maximum relaxation after 1000 hours of 2.5% and tendon area of

140 mm2. In the case of wall C2, 15 mm Rapid Bar Tie form-tie bar was used having a nominal

yield strength of 156 kN (fpy = 880 MPa) and an ultimate tensile strength of 191 kN (fpu =

1080 MPa). These properties were found to be conservative in both cases with yield strengths

of 254 kN and 184 kN and ultimate tensile strengths of 272 kN and 208 kN found for the strand

and bar respectively.



Chapter 4: Cyclic Wall Testing

- 58 -

4.2  TESTING DETAILS

4.2.1  Test setup

The typical wall setup is shown in Fig. 4.2, consisting of a reusable concrete foundation beam

and a steel loading beam. The walls were loaded laterally be means of a hydraulic actuator

reacting against the laboratory strong wall. Extensive instrumentation was installed on both

walls to capture all facets of wall response, with a typical layout shown in Fig. 4.3. Instruments

with a designation beginning with ‘F’, ‘H’ and ‘S’ measured flexure, shear and sliding respec-

tively, whereas ‘DISP’ refers to the measurement of overall wall displacements. ‘LCH’ repre-

sents the load cell measuring the horizontal force applied to the wall top and ‘LCPR’ refers to

the load cells measuring the prestressing force in the tendons.

4.2.2  Testing procedure

The Park [4-5] procedure for cyclic testing was adopted for wall testing with the loading history

presented in Fig. 4.4. Initially the walls were cycled to serviceability limit state force levels

using force control to investigate uncracked stiffness and initial crack formation. Upon deter-

mining the ductility one displacement or D1, the walls were cycled twice to each displacement

level D2, D4, D6 etc. until failure. The walls were deemed to have failed in each direction of

loading when the maximum wall strength obtained in a particular cycle was less than 80% of the

maximum recorded during testing.

Figure 4.2:  Test setup

Strong floor

S
tro

ng
 w

al
l



    4.2 Testing Details

- 59 -

4.2.3  Predicted nominal flexural and shear strength

Nominal flexural strength Mn was predicted using the equations provided in NZS 4230 and

MSJC [4-6]. Both standards assume an equivalent rectangular stress block with a depth ‘a’

given by Eqn 4.1 when no vertical mild reinforcing steel is included in the wall.

Figure 4.3:  Instrumentation

Figure 4.4:  Cyclic loading history
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In this equation, Aps is the area of prestressing steel, N represents the axial load at the wall base

due to dead and live load and f'm and bw are the masonry crushing strength and wall width

respectively. For unconfined masonry, values for α of 0.85 and 0.80 are stipulated in NZS 4230

and MSJC respectively. The two standards provide different formula for calculating the tendon

stress fps at nominal flexural strength. NZS 4230 provides Eqn 4.2, which is equivalent to that in

the New Zealand concrete standard NZS 3101 [4-7] and ACI 318 [4-8] for post-tensioned

concrete construction.

In the above equation, fse and fpy are respectively the effective stress after losses and the yield

stress of the prestressing steel in MPa units, and d is the distance from the extreme compression

fibre to the centroid of the prestressing reinforcement. Bean and Schultz [4-9] recently compiled

a database of 7 experimental studies, consisting of 54 wall specimens, that investigated the out-

of-plane flexural response of post-tensioned masonry walls. This led to the revised formula

provided in the latest edition of MSJC for laterally restrained unbonded tendons.

where lp is the length of the unbonded tendon. Nominal flexural strength Mn was predicted

using the values for fps found from Eqns 4.2 and 4.3, and simple moment equilibrium. As is

discussed in section 8.3.3, fps must be obtained for each tendon when calculating wall flexural

strength, resulting in the following equation.

where Vf is the lateral force corresponding to Mn, he is the effective wall height, lw is the wall

length and the subscript ‘i’ denotes the ith tendon. The resulting strength predictions in terms of

Vf are given in Table 4.2, where Vf (NZS 4230) employs α = 0.85 and Eqn 4.2, and Vf (MSJC)

employs α = 0.80 and Eqn 4.3.
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The wall shear strength Vn was calculated according to NZS 4230, which provides Eqns 4.5 and

4.6.

In the above equation, d was taken as 80% of the wall length and evaluation of the wall width

bw recognised that both walls were partially grouted. It was assumed that the grouted cells were

not included in the shear flow through the wall panel and therefore could not be expected to

carry shear [4-10]. Consequently, the width of the partially grouted walls was deemed to corre-

spond to the width of the two block flanges, providing a total width of 60 mm for each wall. The

shear stress vn comprises of contributions from the masonry, axial load and shear reinforcement.

For walls with no shear reinforcement, vn can be written as:

where C1 and C2 are coefficients to account for dowel action provided by the longitudinal rein-

forcement and wall aspect ratio, respectively. The angle between the vertical and the compres-

sion strut, extending from the centre of axial loading at the wall top to the centre of the

compression zone in the wall toe, is denoted α. The prestressing force P was taken as the total

tendon force recorded immediately prior to testing. NZS 4230 recognises that the shear strength

of masonry degrades with inelastic flexural cycling and provides a relationship between the

basic masonry shear strength vbm and ductility µ. As the wall ductility was unknown due to a

lack of test data for partially grouted PCM walls, the wall shear strength was predicted at both µ

< 1.25 and µ = 3, using the following values for vbm.

The value of f'm used in Eqn 4.7 was assumed to equal 12 MPa for both walls, being an estimate

of the ungrouted prism strength and equal to the value found from testing the ungrouted prisms

reported in chapter 3. The resulting shear strength predictions are also given in Table 4.2. It is

observed that the wall shear strength predictions are greater than the flexural strength predic-

tions of NZS 4230 for ductilities less than 1.25, and approximately equal for a ductility of 3.

Consequently, a flexure-shear type failure was expected.
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4.3  TEST RESULTS

This section presents the test observations, followed by a description of wall behaviour and

performance. General results are presented in Table 4.2 where Vmax is the maximum recorded

lateral force, dv max is the corresponding displacement at Vmax, du is the maximum recorded

lateral wall displacement and γmax is the maximum recorded drift, where γmax = du/he.

4.3.1  Observations

Wall rocking was observed for both walls, characterised by the formation of a horizontal base

crack at the wall foundation interface. Fine diagonal cracking was observed on both wall panels

as depicted in Figs 4.5(a) and (b), and was initiated by tension splitting along the axis of the

diagonal compression struts. The opening of a large crack and loss of masonry face shells on the

right side of wall C1 led to the termination of testing. The final crack pattern for wall C2 indi-

cates minor wall damage consisting of fine diagonal cracking.

(a) Wall C1 (b) Wall C2

Figure 4.5:  Crack patterns at end of testing

Table 4.2:  Strength prediction and test results

face 
shell 
lost

Positive Positive
Tendon

locations
Tendon
location

Vf Vf Vn Vn

Wall (NZS 4230) (MSJC) (µ < 1.25) (µ = 3) Vmax dv max du γmax Behaviour
C1 99 232 144 91 105.7 17.5 25.3 0.97 flexure/shear failure
C2 39 63 83 44 46.4 29.2 31.1 1.2 anchorage failure

kN kN kN kN kN mm mm %
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4.3.2  Force-displacement response

The force-displacement response of walls C1 and C2 are presented in Figs 4.6(a) and (b) respec-

tively. Both walls demonstrated nearly non-linear elastic behaviour and self-centering charac-

teristics even after large wall displacements, which are features inherent in unbonded post-

tensioned walls. The response of wall C2 provided the most vivid example. Use of the word

elastic in a rigorous sense indicates reversibility and no damage, which is not strictly true in this

case as masonry cracking was observed, hence the description 'nearly' non-linear elastic. 

Walls C1 and C2 exhibited symmetric response in both directions of loading, reaching

maximum displacements of 24.7 mm and 31.1 mm respectively before testing ceased. In neither

case did the wall strength reduce below 80% of the maximum recorded strength, outlined as the

failure criteria in section 4.2.2. Testing of wall C1 ceased due to the onset of significant wall

cracking and face shell loss, which was deemed to have significantly reduced wall strength in

the push direction and made the continuation of testing dangerous. Partial failure of the top

prestressing anchorage in wall C2 occurred during the first cycle to D8- (-29.2 mm). This was a

result of the test setup rather than the prestressing hardware used and led to the premature

conclusion of testing. Observation of the individual force-displacement loops, with the excep-

tion of the final loop for wall C2 in the negative direction when the prestress anchorage failed,

indicates pinched loops implying little energy dissipation.

(a) Wall C1 (b) Wall C2

Figure 4.6:  Force-displacement response
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4.3.3  Sliding

Sliding measured between the wall bottom and foundation was negligible for both walls and did

not exceed 2% of the measured wall displacement at any time during testing. The residual

displacement of wall C1 at the end of testing, refer Fig. 4.6(a), was a result of sliding between

blocks within the wall panel, and not sliding at the wall base. There was no sliding recorded

between the wall and loading beam during either wall test.

4.3.4  Prestressing force

The total tendon force history plotted against wall displacement for both walls is presented in

Figs 4.7(a) and (b). The variation in prestress measured at the top and bottom of each of the wall

C1 tendons was negligible. Therefore the tendon history shown in Fig. 4.7(a) is the sum of the

average prestress measured in each tendon. The load cell installed at the top of wall C2 ceased

to function mid-test, so the data shown in Fig. 4.7(b) was measured at the tendon bottom.

Significant prestress increase was recorded as both walls displaced laterally. The total prestress

force for wall C1 was observed to decrease slightly over the course of testing, which was most

likely a result of tendon shortening due to wall cracking rather than yielding of the tendon,

which is shown to have remained within the lower half of the tendon's elastic range. Minimal

prestress loss was recorded for wall C2, prior to the last cycle in the positive direction. It is

suspected that the prestress anchorage began to fail during this cycle, before completely failing

when the wall was cycled to the equivalent displacement level in the negative direction.

(a) Wall C1 (b) Wall C2

Figure 4.7:  Tendon force history
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4.4  DISCUSSION

This section discusses wall performance in terms of flexural strength and compares the obtained

values with those predicted using code equations. Further discussion is provided on the ultimate

drifts obtained, prestress force history and masonry strains recorded during testing.

4.4.1  Flexural strength

Comparing the force-displacement response shown in Fig. 4.6, higher wall strength was

achieved by wall C1, which was expected due to both a longer wall length and a larger

prestressing steel area. Wall C1 was seen to reach maximum strength, whereas wall C2 showed

a continued increase in lateral strength as a result of minimal masonry degradation and reserve

elastic tendon capacity.

The predicted nominal flexural strength found using the equations provided in NZS 4230 is

shown on Figs 4.6(a) and (b) for comparison. The flexural strength obtained using MSJC equa-

tions was considerably larger and fell outside the scale shown in the figures. It is observed that

both walls obtained the flexural strength predicted by NZS 4230, while the MSJC equation

grossly overestimated the strength of both walls. Attempts to capture strains over the lowest

wall section during testing were unsuccessful as the data was influenced by crushing of the base

mortar joint, and therefore did not accurately capture the strain in the masonry. Consequently,

no conclusion can be made here regarding the accuracy of the NZS 4230 equation for estimating

wall strength at the nominal limit, defined as the limit at which an extreme masonry strain of

0.003 is achieved. Further discussion of this topic is provided in chapter 8.

The failure mode of wall C1 could be described as a flexure-shear type failure, based on the

crack patterns observed during testing, and the large displacements achieved with no sudden

loss in lateral strength. It is observed that the obtained wall strength exceeded the shear strength

predicted at a ductility of 3, but did not reach the shear strength of the elastic wall. This further

suggests a flexure-shear type failure. Wall C2 failed due to an anchorage failure and therefore

no comparison can be made against the shear strength predictions.

4.4.2  Ultimate drift

Although the measured lateral force for wall C1 was not observed to drop significantly, it is

speculated that the ultimate drift was reached due to the level of wall damage sustained. Wall
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C2 was expected to displace further had the prestressing anchorage not failed. Although wall C2

failed prematurely, drifts still exceeded the maximum achieved by wall C1. This was expected

due to the lower prestress force, a consequence of having a smaller prestressing steel area and

shorter wall length leading to a smaller tendon force increase for the same wall displacement.

4.4.3  Tendon yielding

Tendon yielding would generally be expected for walls which have relatively short unbonded

tendon lengths. However, masonry degradation was anticipated prior to tendon yielding for wall

C1, due to the relatively high yield stress of the tendons, the level of prestressing steel area

installed, and the use of partially grouted masonry. On the contrary, tendon yielding was

expected for wall C2 due to the lower level of prestressing steel area and yield stress, and it is

envisaged that yield would have occurred had the anchorage not failed.

4.5  CONCLUSIONS AND FUTURE RESEARCH

It is concluded that partially grouted post-tensioned concrete masonry is a competent material

combination for walls in residential structures where the prestress forces are relatively low.

Both walls demonstrated a nearly non-linear elastic behaviour dominated by rocking, achieving

drifts of at least 1%. Wall damage consisted of diagonal shear cracking and in the case of wall

C1 this led to wall failure. Wall C2 failed due to a fault with the test setup, which would not be

expected in residential construction. Wall C2 is expected to have demonstrated larger lateral

wall strength and displacement capacity and eventual tendon yielding.

Both walls achieved the nominal strength predicted by NZS 4230, while the equations that are

provided in MSJC and were developed for out-of-plane loading were shown to grossly overesti-

mate the wall strength. Further investigation of the code equations for predicting tendon stress at

the nominal strength limit state is required. This subsequent investigation is presented in chapter

8.

Testing of wall C2 in particular has demonstrated that partially grouted PCM walls with rela-

tively low prestressing reinforcement ratios can sustain moderate levels of lateral displacement,

returning to their original alignment at the conclusion of loading, with minimal loss in lateral

strength. The next step in verifying this wall system for residential construction involves
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subjecting a range of PCM walls to real-time dynamic loading on a shake table. Chapters 5 and

6 present the method and results from this series of shake table tests.
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Chapter 5

DYNAMIC TESTING OF

RECTANGULAR WALLS

Following the successful cyclic testing of the partially grouted walls described in chapter 4, a

similar post-tensioned concrete masonry wall system was subjected to earthquake excitations on

the shake table at North Carolina State University in the United States. The walls were intended

as an alternative to the traditionally reinforced masonry shear walls used in residential construc-

tion in New Zealand, and were designed considering the scope of the non-specific masonry

standard, NZS 4229 [5-1]. The study first considered the in-plane response of four rectangular

walls, with one wall having a shrinkage control joint and two walls having openings. This led to

the construction and testing of a simple square structure, investigating the effect of multiple

openings and wall corners.

Table 5.1 lists the wall tests conducted, where the prefix 'D' refers to dynamic testing to differ-

entiate from the wall tests reported in chapter 4, and the designation 'Struct.' refers to testing of

the simple structure. Upon completion of testing in the initial direction of loading, the structure

was rotated 90 degrees and tested again as 'Struct. 2'. Results from testing walls D1 through D4

are reported in this chapter, with the results from the remaining wall tests and the simple struc-

ture presented in chapter 6. A more detailed account of the shake table test series has been

published previously [5-2], and is included as Appendix A for completeness.

This chapter describes the test setup and procedure used for all shake table wall tests reported.

Discussion of the rectangular wall test results is also contained in this chapter and is concerned
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with wall structural response in terms of flexural strength, displacement capacity and tendon

stress, including the effect of initial prestress levels on peak wall displacements. 

As this test series was conducted in the United States, the US measurement system was used for

wall construction and setup. The reporting convention used herein is to state all dimensions in

metric units with the US equivalent in parentheses where appropriate. Data recording and anal-

ysis were conducted using the metric system and are reported in SI units only.

5.1  CONSTRUCTION DETAILS

5.1.1  Wall bases

Three wall bases were designed and constructed to ensure they could be reused for the duration

of the study. Two bases with dimensions of 2438 mm (96 in.) by 1219 mm (48 in.) were

designed for testing straight wall sections and one 2438 mm (96 in.) by 2438 mm (96 in.) base

was designed for testing a combination of in-plane and out-of-plane walls. All bases were

457 mm (18 in.) high and heavily reinforced with bars having a diameter of 25 mm (1 in.). Post-

tensioning anchor locations were rebated in the underside of the bases by casting in place

hollow steel boxes, and were positioned at 305 mm (12 in.) centres. A number of ties were

installed above all anchor locations, providing confinement to the concrete in these regions.

PVC ducts were installed to provide a sufficient number of locations to tie the bases down to the

shake table.

5.1.2  Mass blocks

A set of concrete mass blocks were designed to sit on the wall top and provide additional

seismic mass to the structure. The set comprised of 10 units of differing size, providing flexi-

Table 5.1:  Test matrix
Wall Length Feature
D1 1829 (72) Rectangular
D2 1016 (40) Rectangular
D3 813 (32) Rectangular
D4 1829 (72) Control joint
D5 2235 (88) Door opening
D6 2236 (88) Window opening

Struct.1 2032 (80) Multiple openings and wall corners
Struct.2 2032 (80) Multiple openings and wall corners

mm (in.)
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bility to accommodate the different wall layouts. Fig. 5.1(a) shows one of two mass block bases,

having a length of 914 mm (36 in.), a width of 1016 mm (40 in.) and a mass of 453 kg (1001 lb).

This mass was approximately equal to the seismic mass contribution from a heavy residential

roof with a tributary area of 9 m2. The two mass block bases could either be connected together

when testing longer walls, or used separately for shorter walls or walls with openings. Addi-

tional blocks could be bolted to the mass block bases, as shown in Fig. 5.1(b), where the top and

bottom blocks had a mass of 247 kg (545 lb) and 230 kg (508 lb) respectively.

5.1.3  Wall specifications

Wall dimensions are listed in Table 5.2 and shown in Fig. 5.2, with the only geometric variable

being the wall length. The hatched areas indicate cells that were grouted, being cells containing

the prestressing tendon duct, depicted as a clear space inside a hatched cell, the cells at each

wall panel end and the top two block courses forming the bond beam. Grouting of the cells

containing the prestressing ducts provided lateral restraint to the tendons, which has been shown

to improve the out-of-plane wall strength [5-3, 5-4]. Wall D2 was derived from wall D4 after

completion of earlier testing, while wall D3 was derived from a previously tested wall panel

having an opening. Wall D4 consisted of two wall panels separated by a shrinkage control joint,

shown as a thick line in Fig. 5.2(d) and designed using NZS 4229. Steel fibres were included in

the grout mix as an alternative to the standard (NZS 4229) requirement to include mild rein-

forcing steel in the cells surrounding openings and at the wall ends to accommodate shrinkage.

The use of such an alternative is currently outside the scope of this non-specific design standard.

(a) Mass block base (plan view) (b) Additional blocks added (elevation)

Figure 5.1:  Mass blocks
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The bond beam in all walls consisted of 2×16 mm (No. 5) bars, with one bar located in each of

the top two block courses on opposite sides of the centrally located prestressing duct, with bond

beam stirrups spaced at 600 mm centres. In the case of the rectangular panels described herein,

the inclusion of bond beam reinforcement made little difference to wall performance, but was

included to remain consistent with the other walls tested in this study with openings, and with

current New Zealand design practice. Fig. 5.2(e) depicts a plan view of the horizontal reinforce-

ment located in each of the block courses comprising the bond beam in wall D4. This reinforce-

ment was terminated short of the control joint, with an 800 mm length spanning the joint. One

(a) Wall D1 (b) Wall D2 (c) Wall D3 (d) Wall D4

(e) Control joint detail as per NZS 4229 (plan view of horizontal steel)

Figure 5.2:  Wall dimensions and details

Table 5.2:  Wall specifications
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Length Self-wt Masonry Init. tendon Init. tendon Axial force Age on
Wall lw N* strength, f'm stress, fse force, P ratio fm/f’m DOT NZS 4230 MSJC
D1 1829 (72) 37.0 18.6 424 75 0.034 128 - 131 54 71
D2 1016 (40) 19.8 20.8 424 75 0.040 64 24 35
D3 813 (32) 19.6 26.9# 424 75 0.031 10~ 19 28
D4 1829 (72) 39.4 20.8 424 75 0.037 62 19 / 24 28 / 35

mm (in.) kN MPa MPa kN days kN kN
* Includes weight of mass blocks, # Cylinder strength of repair grout on DOT = 22.8 MPa, ~ Days since repair

Strength Prediction
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half of each bar was greased and coated with a plastic sleeve to ensure bond was not formed

with the surrounding grout, thereby allowing horizontal movement.

All prestressing tendons were located at the wall centrelines, thereby minimizing the increase in

tendon strain developed during wall rocking. The tendons remained unbonded over the entire

wall height with a typical unbonded length of 3100 mm, accounting for the foundation, mass

blocks and load cell. The initial prestress force for all tendons was approximately 75 kN or

0.46fpy (fpy = prestress tendon yield stress). This allowed wall D1 to achieve a drift of approxi-

mately 1% before tendon yielding was expected, based on the assumption of simple rocking

about its lower corners. The axial force ratio is defined here as the ratio of masonry axial stress

due to prestress and wall self-weight, to the masonry crushing stress. The values listed in Table

5.2 are representative of those expected in low-rise residential masonry construction.

5.1.4  Wall construction and setup

The walls were constructed in running bond by experienced block layers under supervision.

Properties of the materials used in wall construction are provided in section 5.2. Vibration of the

grout was carried out for all grout pours, using a long steel rod. Wash-out ports were provided at

all wall ends and in the cells that contained tendons as depicted in Fig. 5.3(a), which shows wall

D7 during construction. Three masonry prisms were built during each wall construction and

tested on or about the day of testing or on the 28th day, whichever came first, to obtain the

masonry crushing strengths. SikaRepair® 224, a one-component, cementitious, sprayable

mortar, was used in cases when wall repair was carried out prior to additional testing.

 

(a) Construction of wall D7 (b) Out-of-plane restraint

Figure 5.3:  Wall construction and setup
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The walls were built on their bases on the laboratory floor, then lifted onto the shake table and

bolted to the table surface. Additional seismic mass blocks were installed on the wall top using a

layer of high strength mortar to provide an even bearing surface. The top prestress anchorage

was installed above the mass blocks, holding the structure together. The additional seismic mass

applied to walls D1 and D4 was 2880 kg, which represented an approximate loading of 3 kPa

over a tributary area of 9 m2. This magnitude of axial load is considered larger than would be

expected in a typical New Zealand residential situation, but was necessary in order to develop

the required wall drift, given the acceleration capacity of the shake table. This additional axial

load was negligible when compared with the crushing strength of the masonry. In the case of

wall D4, 1440 kg was placed on top of each wall panel with a 20 mm gap provided between the

two sets of blocks to ensure they did not collide as the joint closed. Additional mass of 1440 kg

was installed on top of walls D2 and D3.

Large steel support frames were positioned over the walls, providing restraint against out-of-

plane movement. The system shown in Fig. 5.3(b) comprised of large rollers and steel angle and

ensured that the wall was not restricted in the in-plane direction. A photo of wall D4 immedi-

ately prior to testing is presented as Fig. 5.4 and shows the complete test setup.

Figure 5.4:  Wall D4 ready for testing
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The walls were post-tensioned immediately prior to testing using a hollow core jack and hand

pump, while reading the output from the load cell. The nut was tightened and the jack removed

when the desired prestress level was achieved, leaving only a plate, nut and load cell at the top

anchorage.

5.2  MATERIAL PROPERTIES

This section contains general material data that is common for all specimens tested on the shake

table.

5.2.1  Concrete masonry units

Fig. 5.5 shows the two types of regular six inch concrete masonry units that were used,

providing a wall width of 143 mm (5 5/8 in.). The units had a density of approximately 1600 kg/

m3. Blocks that were located in wall bond beams required part of the web to be removed to

enable the positioning of horizontal steel. In some cases, blocks required cutting to satisfy wall

dimensions dictated by the size of the shake table.

5.2.2  Mortar

S-type trade mortar was used in construction. ASTM C270 [5-5] requires S-type mortar to have

a 28 day mortar cube compressive strength equal to or greater than 12.4 MPa

5.2.3  Grout mix

Grout used in all walls was batched at the laboratory using a mechanical mixer. Table 5.3 shows

the proportions used for the mix, with the resulting prism strengths listed in Table 5.2 and Table

6.1. The gravel had a maximum particle diameter of 15 mm and the sand had an approximate

Figure 5.5:  Concrete masonry units
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finess modulus of 3. Dramix ZL 30/50 zinc-plated steel fibres were used, having a length of

28 mm and hooked ends. Sika Grout Aid was added to the mix for all walls except Wall D1,

providing a slow controlled expansion prior to grout hardening.

5.2.4  Post-tensioning steel

The post-tensioning tendons used throughout this testing series were Dywidag threadbar with a

nominal diameter of 15 mm, an effective cross-sectional area of 177 mm2, a specified tensile

ultimate strength of 195 kN (fpu = 1100 MPa) and a yield strength of 163 kN (fpy = 900 MPa).

These specifications were verified by testing three specimens cut from the batch used for

testing. An average ultimate stress of 1119 MPa and a standard deviation of 5 MPa were found,

with the stress-strain curve obtained from one of these tests depicted in Fig. 5.6.

Table 5.3:  Grout mix design

Figure 5.6:  Stress-strain curve for Dywidag threadbar
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5.2.5  Mild reinforcing steel

Three batches of reinforcing bars were used during the test series. Table 5.4 shows the yield

stress fy and the ultimate stress fu obtained by testing a sample from each batch. A706 steel was

ordered for all batches, but in the case of batch 3 G60 steel was delivered. ASTM A706 [5-6]

requires grade A706 reinforcing steel to have a minimum yield stress of 420 MPa, a maximum

yield stress of 540 MPa, a minimal ultimate stress of 550 MPa, and the ultimate stress must be at

least 1.25 times the actual yield stress. As batch 3 satisfied these criteria, the steel was used for

construction of the simple structure.

5.3  TESTING DETAILS

5.3.1  Shake table properties

The uni-directional shake table at North Carolina State University has surface dimensions of

2438 mm × 2438 mm (8 ft × 8 ft) and a displacement capacity of ±127 mm (±5 in.). It can

provide an acceleration of up to 1G to a mass of 18,143 kg (40,000 lbs). An MTS controller and

Teststar software control the table.

An important aspect of shake table testing is the ability of the table to replicate the desired

ground acceleration record. Changes in shake table tuning were made regularly throughout the

test series to ensure that the table response closely matched that desired. Fig. 5.7 shows an

example comparison between the 5% damped acceleration spectra generated from the input

acceleration history (desired) and the feedback acceleration history recorded on the table

surface (obtained). This data was captured while subjecting wall D2 to the Tabas ground accel-

eration.

The rocking period of wall D2 ranged between 0.11 seconds and 0.24 seconds and was found by

taking the power spectrum of the wall response acceleration record and dividing by the power

spectrum of the obtained table acceleration record. Observing the acceleration spectra over this

Table 5.4:  Mild reinforcing steel strengths
Batch Walls Steel Grade fy fu

1 D1, D3, D5 A706 479 666
2 D2, D4, D6 A706 441 600
3 Struct.1,2 G60 450 714

MPa MPa
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period range, the mean difference between desired and obtained spectral values was 13%. This

was considered satisfactory for testing of this nature.

5.3.2  Instrumentation

A typical instrumentation layout is presented in Fig. 5.8. Absolute lateral displacements, meas-

ured at the wall top using independent instrumentation frames, were recorded by gauges

denoted as 'DISP'. Designations 'R', 'S' and 'G' refer to the measurement of uplift (due to

rocking), sliding and gap opening respectively, with 'ACC' identifying accelerometers and

'LCPR' referring to a load cell measuring the prestress force in a tendon. The data acquisition

system recorded 200 scans per channel per second to provide accurate time history data.

5.3.3  Testing procedure

Testing consisted of subjecting each wall to a variety of ground motions in an attempt to

increase the peak wall displacement with each subsequent run. The ground motions were chosen

based on a number of criteria, such as whether the displacement record would need scaling to

ensure it did not exceed the table displacement capacity, or the familiarity that the earthquake

engineering community had with the record. The type of event was also considered, with both

pulse and reversal events selected. Table 5.5 provides a list of selected ground motions along

with the corresponding peak ground acceleration (PGA) and peak ground displacement (PGD).

A brief description of each record is provided in the following paragraphs.

Figure 5.7:  Comparison of 5% damped acceleration response spectra
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The El Centro NS record was chosen due to its familiarity amongst the earthquake engineering

fraternity. Since the maximum displacement is only 109 mm, the record could be run on the

table without scaling, and the small peak acceleration provided an opportunity to increase the

intensity of the earthquake by scaling the accelerations. This earthquake occurred on May 18,

1940 in the Imperial Valley in Southern California, causing considerable structural damage and

some loss of life.

The Sylmar hospital recording of the January 17, 1994 Northridge, California earthquake

required scaling in order to be used on the table but was again chosen because of its familiarity

and due to the nature of the displacement trace. Unlike many of the other records that contain a

Figure 5.8:  Typical instrumentation layout (wall D4 shown)

Table 5.5:  Suite of ground motions
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number of reversals, this record contains one very significant velocity pulse in the negative

direction.

The Llollelo earthquake was selected as it contained many acceleration reversals and could be

run on the table without scaling. This was the longest of all ground motions selected and was

recorded in Chile on March 3, 1985.

The Tabas event occurred in eastern Iran on September 16, 1978, and the original record has a

very large peak ground displacement of 828 mm. Although this record required a small time

scale to ensure it could be run on the table, it contains large accelerations and many acceleration

reversals.

Both the Nahanni event (23 December, 1985 in the Northwest Territories of Canada) and the

Mammoth record (from the Mammoth Lakes area of California on May 27, 1980), did not

require scaling for use on the shake table. Both records have large peak accelerations, though

the high level of intensity is only for a short period of time. It was decided to add them to the

suite of records to be used to find the low level response of the walls.

The ground displacement records were obtained by double integration of the acceleration histo-

ries. Due to the displacement limitation of the shake table, some records needed scaling to

ensure the displacements did not exceed the table's stroke, hence implying a length scale other

than 1 for the test specimen. All walls reported herein were constructed as full-scale replicas of

masonry walls typical of those in New Zealand residential structures. Therefore scaling of the

earthquake records resulted in a record with different properties to the original, and in such

cases the test results demonstrate the response of the specimen to this generated record and not

the original. A detailed description of the earthquake scaling procedures employed is provided

in Appendix A.

Each wall was subjected to the suite of chosen records and in some cases the records had a scale

factor applied to increase or decrease the accelerations. In an attempt to reduce the volume of

data presented, only a subset of the applied records are reported and were carefully selected to

ensure that wall performance was accurately captured. Table 5.6 details the subset of the

employed test matrix for walls D1 through D4.
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5.4  TEST RESULTS

5.4.1  Test observations and crack patterns

All walls demonstrated rocking behaviour, characterized by the opening of a single large hori-

zontal base crack along the wall-foundation construction joint. The control joint allowed each of

the two panels constituting wall D4 to displace to different levels of drift, with a base crack

forming under each. No distributed flexural cracks were observed on any wall and damage, as

shown in Fig. 5.9, consisted of masonry cracking and crushing and was confined to the lower

wall corners, enabling easy repair as demonstrated in previous research [5-7]. In the case of

walls D1, D2 and D4, only fine mortar cracking was observed which had negligible effect on

wall performance. Testing of these three walls ceased due to an inability to generate larger

ground accelerations as the maximum capacity of the shake table was reached. Testing of wall

D3 concluded due to wall toe crushing, that led to a reduction in wall strength and stiffness.

Cracking initiated between the interface of the repair grout and masonry and propagated

throughout the toe region. It is noted that only damage on a visible scale was recorded, with no

attempt made to document changes in wall frequency during testing.

Table 5.6:  Reported test matrix
Wall Ground motion PGA Max. wall disp.

El Centro 0.35 4.9
Tabas~ 0.94 9.8

Llollelo~ 0.99 14.5
Sylmar~ 0.84 23.7
Tabas~ 2.16 27.1

El Centro 0.35 4.3
Tabas~ 0.94 8.1
Sylmar~ 0.84 23.1
Sylmar~* 0.84 35.9
Tabas~ 0.47 6.3

Mammoth 0.92 8.9
Tabas~ 0.94 23.1
Sylmar~ 0.84 46.8

El Centro# 0.35 44.7
Tabas~ 0.94 9.1 / 4.3
Sylmar~ 0.84 17.9 / 15.1

g mm
~ Time scale applied
* Part record run to capture free vibration decay
# Record reapplied to assess loss in wall strength

D1

D2

D3

D4
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5.4.2  Wall displacements

Table 5.6 lists the maximum wall displacement recorded during each ground motion. For wall

D4, the displacements of both the 800 mm panel (left) and 1000 mm panel (right) are presented.

An indicative displacement time-history is shown in Fig. 5.10(a), measured when wall D1 was

subjected to the scaled Tabas record (PGA = 2.16g). Wall displacements were found by

subtracting the displacement recorded at the wall top from the table displacements. The figure

illustrates the self-centering capabilities of post-tensioned masonry walls, and indicates that

although the wall reached drift levels of approximately 1% in both directions, the wall returned

to the vertical position at the conclusion of loading. All four walls returned to their centre align-

ment after each ground motion was applied.

Partial debonding of the reinforcing steel spanning the shrinkage control joint in wall 4 allowed

each wall panel to displace to different levels, as illustrated in Fig. 5.10(b), shown with an

expanded time scale. An example of an impact occurring between the two panels can be

observed in this figure. The circles highlight examples of an instant at which the smaller

800 mm panel impacted the larger 1000 mm panel, causing a change in the direction of the

larger panel's acceleration. The difference in wall displacement between the two panels at those

instances in time was approximately 3 mm, being the width of the gap between the two panels

when in their vertical orientation.

5.4.3  Force-displacement response

The force-displacement response of walls D1 through D4 is shown in Figs 5.11(a) through (e)

and were recorded during the applied ground motions listed in Table 5.6. The base shear repre-

(a) Wall D1 (b) Wall D2 (c) Wall D3 (d) Wall D4

Figure 5.9:  Wall damage
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sents the inertia forces acting on the wall and was calculated by multiplying the total wall mass

by the acceleration calculated at the centre of mass, thereby neglecting the effect of viscous

damping forces. The acceleration at the centre of mass was found by linear interpolation

between the measured table acceleration and the acceleration recorded at the wall top. Investiga-

tion of the acceleration time histories for wall D4 identified acceleration spikes corresponding

to the impact forces acting on each panel during a collision. These forces were equal and oppo-

site, as expected, and were removed from the force-displacement histories shown in Figs

5.11(d) and (e) to provide both a clearer response history, and because summing of the base

shears of each panel to determine the total lateral force resistance of wall D4 would lead to

cancellation of these forces.

Figs 5.11(a) and (b) present clear examples of the non-linear elastic behaviour exhibited by

post-tensioned concrete masonry walls. All walls returned to their original vertical alignment

(a) Wall D1 - Tabas (PGA = 2.16g)

(b) Wall D4 - Sylmar (PGA = 0.84g)

Figure 5.10:  Wall displacement histories
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(a) Wall D1 (b) Wall D2

 

(c) Wall D3 Wall D4 (800 mm panel)

(e) Wall D4 (1000 mm panel)

Figure 5.11:  Force-displacement histories
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after large lateral displacements, as expected for a self-centering system. Walls D1 and D2

achieved drifts in excess of 1% with no apparent loss in lateral strength and demonstrated

symmetric response in both the positive and negative directions. Note that what appear to be

fatter loops shown in Fig. 5.11(a) are the result of additional noise recorded in the acceleration

time-histories during testing of wall D1 and do not necessarily indicate greater hysteretic energy

dissipation. This noise is believed to be the result of increased vibration of the table platform,

which was a consequence of testing a wall of greater size and mass. The bilinear response of

wall D3 is less well pronounced due to early softening of the repair material used in the lower

wall corners, with the large loop in the negative direction indicating the cycle in which signifi-

cant toe degradation occurred. Figs 5.11(d) and (e) indicate that the panels constituting wall D4

achieved relatively small levels of drift before the maximum capacity of the shake table was

reached. There was no apparent loss in wall strength.

5.4.4  Prestress force

Fig. 5.12 shows the measured prestress force plotted against top of wall displacement for walls

D1 through D3 for all applied ground motions. It can be observed that the prestress force had an

initial value of approximately 75 kN and increased as the walls displaced laterally. In all three

cases, negligible loss in prestress was observed as the walls returned to their centre alignment,

which is verified by noting that in no case did the tendon force reach the yield force. In the case

of wall D3, the loop indicates crushing of the wall toe region and shifting of the neutral axis

towards the wall centre, resulting in a reduction in tendon elongation when the wall displaced

laterally.

5.4.5  Wall deformation

Measured wall displacements are comprised of deformations due to rocking, flexure, sliding,

and shear. Fig. 5.13 shows a comparison between the displacements measured due to rocking,

and the overall measured wall displacements for walls D1 through D3, where the solid line

represents a perfect match. Each of the data points plotted in Fig. 5.13 represents an instant in

time at the peak positive or negative wall displacement recorded during each ground motion.

Wall displacement due to rocking was found by summing the data recorded by the instruments

measuring uplift at each wall end, dividing by the distance between instruments and multiplying

by wall height. The graph shows that most wall deformation was due to wall rocking and

explains the decision not to measure flexure and shear deformations. Fig. 5.13 also suggests that
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(a) Wall D1 (b) Wall D2

(c) Wall D3

Figure 5.12:  Prestress force histories

Figure 5.13:  Wall deformation due to rocking
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wall sliding was negligible, which was verified by analyzing the data recorded by gauges meas-

uring the relative movement between the wall base and foundation. Comparatively small

displacements were measured with respect to overall wall displacement.

5.5  DISCUSSION

5.5.1  Flexural response

Although walls D1, D2 and D4 could not be tested to failure, it is envisaged that larger seismic

loading would have resulted in larger displacements, leading to gradual masonry degradation in

the lower wall corners and associated loss of strength, as was demonstrated by the testing of

wall D3. The performance of wall D3 was affected by the material and method used for the

repair, conducted after previous testing. As shown in Fig. 5.11(c), wall stiffness varied for the

two directions of loading, a consequence of the repair to the left hand wall corner. This corner

deformed plastically under loading and became slightly rounded, resulting in less prestress force

increase for loading in that direction to the same level of lateral displacement. This did not have

a significant effect on wall lateral strength, as noted by the wall reaching similar strengths in the

two directions of loading. Wall D3 demonstrated a large drift capacity in the negative direction,

reaching a maximum drift of approximately 2% before toe degradation led to a shift in the

neutral axis toward the wall centre and a subsequent reduction in wall stiffness.

Comparison between Figs 5.11(b) and (e), and between (c) and (d) highlight the effect that the

control joint had on wall displacements. The two wall panels constituting wall D4 displaced

considerably less than the equivalent single wall panel when subjected to the same loading, as

listed in the right column of Table 5.6. Recalling that panel base shear increase due to impact

was removed from the plots, the increase in strength and stiffness of the panels comprising wall

D4 was the result of dowel action on the horizontal reinforcement that spanned the joint. As the

two panels rocked, geometry suggests that relative vertical movement occurred along the

control joint. The reinforcement spanning the joint was only free to move in the horizontal

direction, therefore relative vertical movement resulted in dowel action and consequently fric-

tion forces between the debonded reinforcement and grout, resulting in an increase in panel

strength and stiffness.



Chapter 5: Dynamic Testing of Rectangular Walls

- 88 -

Fig. 5.11 also provides a comparison between the recorded flexural response and the strength

predicted by NZS 4230 [5-8] and MSJC [5-9] and calculated using Eqns 4.1 through Eqn 4.4 as

outlined in section 4.2.3. It is observed that the walls typically reached the nominal strength

predicted by NZS 4230 while MSJC tended to overestimate the wall strength. The predicted

wall strength at the nominal limit state is strongly dependent on the level of tendon stress esti-

mated by the provided code equations. The MSJC equation was verified against a large data set

of out-of-plane wall tests [5-10], but appears from Fig. 5.11 to overestimate tendon stress and

subsequently wall strength for in-plane loading. Nominal flexural strength is attained when the

extreme concrete compression fibre reaches the ultimate compression strain, which is given as

0.003 and 0.0025 by NZS 4230 and MSJC respectively. Although wall strength exceeded that

estimated by NZS 4230, it is unknown how accurate this equation is at predicting wall strength

at the nominal limit state. The tendon stress equation developed by Mattock et al. and repro-

duced in the New Zealand masonry code was based on testing of unbonded prestressed beams

having a span to depth ratio of 17 or less, and then verified against further beam tests having a

span to effective depth ratio of 33.6 [5-11]. These aspect ratios are considerably larger than

those expected for PCM walls.

5.5.2  Comparison with pseudo-static test data

A comparison is shown in Fig. 5.14 between the normalized back-bone curve which links the

peaks of each cycle recorded during the pseudo-static test of wall C2 (reported in chapter 4),

with the force-displacement response of wall D1. The two responses have been normalized

against their corresponding predicted nominal flexural strengths using NZS 4230 equations, to

account for the additional axial load due to the mass blocks installed on wall D1 and slight

differences in wall properties. The data appears to provide a reasonable match in terms of the

force-displacement response of the two walls.

5.5.3  Effect of initial prestressing force

Upon completion of the test matrix for wall D2, a study of the effect of initial prestress force on

peak wall displacement was conducted by subjecting the wall to the same Sylmar ground

motion with varying levels of initial prestress. Fig. 5.15 shows that the initial prestress level was

varied within the range of 75 kN or 0.46fpy to 103 kN or 0.63fpy, resulting in a reduction of peak

wall displacement from 23.1 mm to 3.7 mm. The 5% damped acceleration spectra generated

from the table acceleration history recorded during each ground motion, were found to be within
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6% over the response period range for wall D2. This suggests acceptable shake table perform-

ance in terms of replication and was deemed adequate for comparison of results. It is interesting

to note that an increase in initial prestress of 37% resulted in an 84% reduction in peak wall

displacement, confirming that the selection of initial prestress had a considerable effect on wall

performance.

A similar result was found by halving the prestress in wall D4 once the capacity of the shake

table had been reached. Reducing the initial prestress in each panel to approximately 39 kN

resulted in peak panel displacements of 31.3 mm and 30.6 mm for the 800 mm and 1000 mm

long panels respectively, when the same Sylmar ground motion was applied. This represented

Figure 5.14:  Force-displacement response comparison

Figure 5.15:  Effect of initial prestress on wall displacements
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an approximate doubling of peak panel displacements when compared with the results shown in

Table 5.6, found using an initial prestress level of 75 kN.

5.6  CONCLUSIONS

Shake table testing of rectangular panels has demonstrated the self-centering nature of post-

tensioned walls, which is a characteristic that has been demonstrated previously using pseudo-

static loading histories but never before by dynamic testing. This study has also demonstrated

the ability of such walls to undergo large numbers of cycles with minimal accumulation of

damage. A post-tensioned rocking system therefore exhibits desirable characteristics in terms of

seismic behaviour, and it is concluded that partially grouted post-tensioned concrete masonry

walls are suitable seismic resisting shear walls for residential construction.

The walls exhibited non-linear elastic behaviour dominated by rocking response while

achieving large displacement capacities ranging between 1.1% and 1.9% for walls D1 through

D3, returning to their vertical orientation at the conclusion of seismic loading. Wall D4

deformed less when subjected to the same suite of ground motions due to the influence of the

shrinkage control joint. Only wall D3 was deemed to have failed, with damage confined to the

lower wall corners, which is typical for this type of wall system. This region of wall D3 had

been repaired previously following damage sustained during testing of a larger assemblage,

which subsequently influenced wall performance. For the other walls tested, the capacity of the

shake table was reached before noticeable strength reduction was observed.

All walls achieved the lateral strength predicted by NZS 4230 while MSJC tended to overesti-

mate wall strength. This was a direct result of the various code equations for predicting tendon

stress at nominal wall strength. Detailed investigation of the origins and accuracy of these equa-

tions when unbonded post-tensioned walls are loaded in-plane is required, and is the subject of

chapter 8.

The level of initial prestress was shown to have a large influence on peak wall displacement,

with wall D2 demonstrating that a 37% increase in initial prestress resulted in an 84% reduction

in wall displacement. A comparison between equivalent walls tested pseudo-statically and

tested dynamically on a shake table resulted in similar force-displacement responses.
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Chapter 6

DYNAMIC TESTING OF

WALLS WITH OPENINGS

This chapter presents the results from shake table testing of both two walls with openings and

also a simple structure. The background to this testing series and the results from the first half of

the study comprising of the testing of rectangular walls were reported in chapter 5. Investigation

of the influence of wall openings was required prior to the construction of a post-tensioned

house in New Zealand. The two in-plane walls tested and reported in this chapter comprised of a

door and window opening, respectively, and were the first known tests of PCM walls with open-

ings. These tests were followed by the construction and testing of a simple square structure,

which investigated the influence of multiple openings and wall corners. This chapter describes

wall design and construction and provides a discussion on wall structural response in terms of

flexural strength, displacement capacity and damage patterns.

6.1  CONSTRUCTION DETAILS

6.1.1  Wall specifications

Wall dimensions and properties are shown in Fig. 6.1 and listed in Table 6.1 respectively. The

hatched area indicates cells that were grouted, being cells containing the prestressing tendon

duct, depicted as a clear space inside a hatched cell, the cells at each wall end and surrounding

an opening, and the top two block courses forming the bond beam. Both walls were the

maximum length possible as governed by the dimensions of the shake table. This resulted in

wall D5 being fully grouted, with the only ungrouted cells in wall D6 being those below the
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opening. A shrinkage control joint was incorporated in wall D6 below the lower right window

corner, depicted as thick line in Fig. 6.1(b), and simply consisted of a break in the masonry with

no grout or reinforcing steel spanning the joint. Steel fibres were included in the grout mix as an

alternative to the code (NZS 4229 [6-1]) requirement to include mild reinforcing steel in the

cells surrounding openings and at the wall ends to accommodate shrinkage.

The bond beam in all walls consisted of 2×16 mm (No. 5) bars, with one bar located in each of

the top two block courses on opposite sides of the centrally located prestressing duct, with stir-

rups spaced at 600 mm centres in the bond beam and at 165 mm centres in the lintel over the

openings. A-706 mild reinforcing steel was used in the bond beam of both walls, with properties

given in Table 5.4.

(a) Wall D5 (b) Wall D6

Figure 6.1:  Wall dimensions

Table 6.1:  Wall specifications
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The post-tensioning tendons were installed at the locations shown in Fig. 6.1 and remained

unbonded over the entire wall height, having a typical unbonded length of 3100 mm, accounting

for the foundation, mass blocks and load cell. The initial prestress force for all tendons was

approximately 75 kN or 0.46fpy. This resulted in wall D6 having a sufficiently high stiffness

such that the capacity of the shake table was reached before significant wall displacements were

achieved or degradation occurred. Consequently, the level of prestress was reduced to approxi-

mately 45 kN or 0.28fpy and the suite of earthquake records reapplied. The two different

prestress levels are shown in Table 6.1 along with the axial force ratio, defined here as the ratio

of axial masonry stress due to prestress and wall self-weight, to the masonry crushing stress.

6.1.2  Wall construction and material properties

Wall construction and material properties were consistent for the entire shake table testing study

and were reported in sections 5.1.4 and 5.2 respectively. Masonry crushing strengths at the time

of wall testing were found by testing fully grouted prisms with the average strength f'm and the

age of each wall on the day of testing (DOT), shown in Table 6.1. The age of each wall was

measured from the day of grouting.

6.2  TESTING DETAILS

6.2.1  Test setup and instrumentation

Test setup and instrumentation layout were consistent with that reported in section 5.3. The

additional seismic mass applied to each wall was 2880 kg and was installed in two equal

amounts on top of each wall panel, ensuring that the lintel stiffness and strength were not

increased due to the installation of one continuous mass block. A schematic showing the instru-

mentation layout for Wall D5 and the same wall ready for testing, are illustrated in Figs 6.2 and

6.3 respectively.

6.2.2  Testing procedure

The suite of earthquake records described in section 5.3.3 was applied to walls D5 and D6 using

the same procedure as that adopted for the rectangular walls. Table 6.2 shows a subset of the

employed test matrix, representing only a few of the numerous ground motions applied to each

wall. The ground displacement records were obtained by double integration of the acceleration

histories. In some cases the maximum ground displacement exceeded the displacement capacity
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of the shake table, requiring a smaller time-step to ensure that the desired level of table acceler-

ation was achieved. Refer Appendix A for further details on earthquake scaling methods.

Figure 6.2:  Typical instrumentation layout (wall D5 shown)

Figure 6.3:  Wall D5 ready for testing
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6.3  TEST RESULTS

6.3.1  Test observations and crack patterns

Fig. 6.4 depicts the wall crack patterns recorded at the end of testing. Both walls performed in a

similar manner, with the onset of fine vertical cracking in the bond beam enabling both panels

in each wall to rock. The initial formation of vertical bond beam cracking and the development

of a horizontal crack between the wall base and foundation occurred at a low level of loading,

with both walls having fully developed rocking behaviour after the first reported earthquake

record.

Wall D5 failed due to damage to the lower wall corners, consisting of vertical cracking and toe

crushing and some loss of face shells. Fig. 6.4(a) shows that both horizontal and vertical

cracking in the bond beam formed as a result of opening and closing of the wall panel to bond

beam joints. These cracks closed when the wall self-centered after loading, with a maximum

residual crack width of 3.3 mm measured at the conclusion of testing. The masonry units

located at the wall base were inspected following testing, and it was discovered that mortar had

been dropped inside the wall sufficient to fill the lowest course of blocks. This inhibited the

grout from reaching the wall base and resulted in the presence of voids and a lower strength

composite material, leading to masonry degradation earlier in testing. This highlights the need

to provide washout holes in the masonry blocks at the wall ends and to ensure that all mortar

droppings are removed prior to grouting. This practice was adopted for the remainder of walls

tested.

Table 6.2:  Reported test matrix
Wall Ground motion PGA P Max. wall disp.

El Centro 0.35 75 6.3
Tabas~ 0.94 75 9.8
Sylmar~ 0.84 75 29.0
Llollelo~ 0.99 75 35.9
Tabas~ 0.94 75 5.4

Llollelo~ 0.99 75 9.2
Tabas~ 0.94 45 10.2

Llollelo~ 0.99 45 33.2
g kN mm

~ Time scale applied

D6

D5
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Wall D6 was initially prestressed to 75 kN per tendon and subjected to the suite of earthquake

records. Wall rocking was recorded with some fine hairline cracking observed in the bond

beam. As the capacity of the shake table had been reached and no loss in wall strength recorded,

the prestress force was reduced to approximately 45 kN (0.28fpy) per tendon and the suite of

earthquakes reapplied. There was negligible accumulation of wall damage prior to application

of the final record, which resulted in a sudden increase in wall displacement and damage. Fig.

6.4(b) shows significant cracking below the window opening, with the vertical crack below the

lower left window corner resulting in a reduction of wall stiffness when loaded in the negative

direction. Although cracking in the bond beam looks extensive, the recorded crack widths at the

end of testing were all less than 1 mm.

6.3.2  Wall displacements

Peak wall displacements recorded during each reported earthquake excitation are listed in Table

6.2. Wall displacements presented are the average of the two displacements found by

subtracting that recorded at each wall end from the table displacements. Fig. 6.5 presents the

displacement time history obtained when wall D5 was subjected to the Sylmar ground motion.

This graph demonstrates that although the wall achieved a drift of 1.2% in the negative direc-

tion, the residual prestressing force was sufficient to return the wall to its original vertical align-

ment, with the wall having a negligible displacement of 0.4 mm at the conclusion of loading.

Wall D5 had a residual displacement of 5.9 mm after being subjected to the Llollelo ground

(a) Wall D5 (b) Wall D6

Figure 6.4:  Wall damage
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motion, which was a result of bond beam elongation through gap opening, wall sliding and

damage to the lower wall corners.

Wall D6 achieved a maximum wall top displacement of 9.2 mm or 0.4% drift before the

prestress level was reduced. Reducing the level of prestress reduces the structural stiffness and

therefore larger wall displacements were anticipated for a given earthquake record. Table 6.2

shows a considerable increase in peak wall displacements when the same two earthquake

records were applied to the wall with a reduced prestress level. As described in the previous

section, wall D6 sustained extensive cracking during the final run, further reducing wall stiff-

ness and resulting in a peak displacement of 33.2 mm or 1.4%. At the conclusion of loading the

wall had no residual displacement.

6.3.3  Force-displacement response

The force-displacement response of the two walls is shown in Figs 6.6(a) through (c) and were

recorded during the applied ground motions listed in Table 6.2. The base shear represents the

inertia forces acting on the wall and was calculated by multiplying the total wall mass by the

acceleration calculated at the centre of mass, thereby neglecting the effect of viscous damping

forces. The acceleration at the centre of mass was found by linear interpolation between the

measured table acceleration and the acceleration recorded at the wall top.

Figs 6.6(a) through (c) demonstrate the non-linear elastic behaviour exhibited by post-tensioned

concrete masonry walls. The flag-shaped hysteresis typically associated with unbonded post-

tensioned systems is not as well defined for these walls due to the influence of the reinforced

Figure 6.5:  Wall displacement history - wall D5 (Sylmar)
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bond beam. Yielding of this beam as the walls rocked resulted in additional energy dissipation,

demonstrated by the increased loop size when compared with the force-displacement response

of the rectangular PCM walls presented in Fig. 5.11. The increased loop size is particularly

evident in Figs 6.6(a) and (c). The reduction in stiffness of wall D5 throughout testing is

apparent in Fig. 6.6(a), along with the drop in wall strength beyond a displacement of approxi-

mately 30 mm in both directions of loading.

Comparing Figs 6.6(b) and (c) demonstrates that reducing the level of prestress did lead to a

reduction in wall stiffness and an increase in wall displacements. At the higher prestress level

the loops are pinched and the wall essentially performed elastically. When the prestress was

(a) Wall D5

(b) Wall D6 (P = 75 kN) (c) Wall D6 (P = 45 kN)

Figure 6.6:  Force-displacement histories
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reduced and displacements increased, wall damage increased resulting in an increase in energy

dissipation and fatter force-displacement loops, which are apparent in Fig. 6.6(c).

6.3.4  Prestress force

The prestress force history plotted against top of wall displacement for wall D6 is provided in

Figs 6.7(a) and (b) for the tendons in the 600 mm long and 800 mm long wall panels respec-

tively. The data plotted is that recorded during the two applied earthquakes with an initial

prestress level of 45 kN. It can be observed that the prestress force increased as the walls

displaced laterally and that negligible loss in prestress was observed as the walls returned to

their centre alignment, which is verified by noting that in no case did the tendon force reach the

yield force. The tendon force increase occurred due to tendon elongation resulting from the

opening of a horizontal crack along the wall base and to a lesser degree the opening of hori-

zontal cracks in the bond beam. Fig. 6.7(b) shows that for a given wall displacement, the tendon

force increase was slightly higher in the positive direction of loading, which was a result of

frame action reducing the axial load in the 800 mm long panel, leading to greater opening of the

base crack and opening of the hinge at the wall top. The same effect can be seen in Fig. 6.7(a)

when the wall was loaded in the negative direction. However, this is more pronounced as the L-

shape geometry of this panel provided a greater distance between the tendon and compression

wall edge during negative loading, leading to a larger tendon force increase for a given wall

displacement.

(a) Left tendon (b) Right tendon

Figure 6.7:  Prestress force history - Wall D6 (P = 45 kN)
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6.4  DISCUSSION

6.4.1  Flexural response

Testing of walls D5 and D6 concluded due to the onset of wall damage and a reduction of wall

strength and stiffness. Fig. 6.6(a) demonstrates the drop in wall D5 strength after obtaining

drifts of at least 1.2% in both directions of loading. Wall stiffness reduced gradually throughout

testing, due largely to the continued increase in bond beam cracking with subsequent earth-

quakes. Although wall damage appeared significant at the conclusion of testing, substantial wall

strength remained as demonstrated in the force-displacement response.

Wall D6 exhibited different response in the two directions of loading, which was a direct result

of the non-symmetric geometry of the wall. The L-shaped panel led to greater strength and stiff-

ness in the negative direction of loading. Comparing Figs 6.6(b) and (c) demonstrates that wall

stiffness was reduced and larger displacements obtained by reducing the prestress level, given

the same acceleration input. Fig. 6.6(c) does not show a distinct drop in wall strength. This was

a consequence of concluding testing immediately upon the onset of significant cracking below

the window opening.

Deformation of both walls was mostly attributed to rocking, with a horizontal base crack

appearing below each wall pier. Recording of sliding displacements showed this deformation

mode to be small compared with rocking. It is assumed that flexure and shear deformations

were also small due to the geometries of these walls.

6.4.2  Wall damage

Wall damage consisted of horizontal and vertical bond beam cracking, with masonry crushing

in the lower corners of wall D5, and cracking below the window in wall D6. Although the

damage to the corners of wall D5 was significant, repair of these areas was easily conducted,

with the 800 mm long panel repaired and re-tested as wall D3. Bond beam cracking in both

walls was relatively extensive, but crack widths remained small and typically closed as the walls

returned to their centre alignment. An indicative example of vertical bond beam crack opening

is shown in Fig. 6.8, which presents data recorded by gauge G3 on wall D5. In this figure the

vertical broken lines indicate data recorded during applied earthquakes not reported here. It can

be observed that under lower intensity level earthquakes, crack opening was small and closed
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upon unloading as the wall returned to its vertical alignment. Under increased loading, crack

widths widened and only partially closed upon unloading. The maximum recorded residual

widths at the conclusion of testing were 3.3 mm and 0.8 mm for walls D5 and D6 respectively.

6.4.3  Estimating wall strength

The New Zealand masonry non-specific design code (NZS 4229) uses a bracing approach for

determining the base shear that can be resisted by a structure. This method was shown by

Ingham et al. [6-2] to provide reasonable estimates of the in-plane strength of rectangular rein-

forced concrete masonry (RCM) walls. NZS 4229 was shown to be conservative, due to the

redundancy built into the code through the use of characteristic strengths and strength reduction

factors.

Ingham et al. found through testing of RCM walls with window and door openings that if full

frame action was assumed, the calculated strength overestimated that obtained from testing.

Test observations suggested that response of the individual wall piers was effectively inde-

pendent, and therefore the piers could be treated as isolated cantilevers. This is the approach

adopted by NZS 4229, where the height of each cantilever is measured from the base of the

cantilever to the bottom of the bond beam. Ingham et al. found this method resulted in a

conservative estimate of wall flexural strength. 

The strength of the walls tested in the current study was found following the NZS 4229

approach and treating the walls as two separate cantilevers as illustrated in Fig. 6.9, where the

hatched area depicts the panels contributing to wall bracing capacity. The strength of each panel

Figure 6.8:  Vertical bond beam crack opening history - wall D5 (G3)
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was found using Eqns 4.1 and 4.4, and included tendon stress increase due to rocking, estimated

with Eqn 8.11. The obtained flexural strengths Vf are shown in Figs 6.6(a) through (c) and

demonstrate that in all cases the measured wall strength exceeded the prediction. This was

expected since wall strength should increase beyond nominal strength as additional wall

displacement leads to further tendon stress increase, provided that masonry strains greater than

0.003 can be sustained. Also, Ingham et al. found that the cantilever pier approach led to

conservative strength predictions for RCM walls, which should apply equally to PCM walls.

It is observed that the predicted strength of wall D6 was equal in both directions of loading. This

was due to the selection of bracing panels shown in Fig. 6.9(b), which disregard the additional

strength in the negative direction of loading resulting from the left hand panel geometry. This

highlights further conservatism in the approach.

6.5  TESTING OF SIMPLE STRUCTURE

Testing of walls D5 and D6 demonstrated the response of PCM walls with openings when

isolated as individual wall specimens. It was shown that the individual wall piers could rock

given the wall geometry chosen, with wall damage localised in the bond beam, lower wall

corners and below window openings. The findings of the shake table testing of in-plane PCM

walls led to a final test that attempted to incorporate all the features previously tested, with

emphasis on the interaction of multiple details.

(a) Wall D5 (b) Wall D6

Figure 6.9:  Identification of bracing panels

Positive Positive
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The motivation for testing the simple structure was to determine the modes of deformation and

crack patterns when numerous PCM walls were integrated as part of a larger structure. Wall

rocking was found to be the predominant deformation mode for simple in-plane walls, but when

part of a larger structure this would require complete uplift of the out-of-plane walls. The

performance of wall corners was therefore of interest. This section presents the results from

testing the simple structure and focuses on reporting general behaviour in terms of deformation

and damage.

As the structure dimensions were restricted by the size and capacity of the shake table, multiple

openings and control joints were detailed to ensure that the structure had a sufficiently low stiff-

ness to enable meaningful results to be obtained. Post-tensioning tendons were installed at

numerous locations allowing variability in the level of stress applied to various parts of the

structure. Upon completion of testing in the original direction of loading (orientation 1), the

structure was rotated 90 degrees and retested with this direction of loading referred to as orien-

tation 2. Construction of this simple structure also highlighted several issues and possible solu-

tions if such events were to occur in practice. The construction and testing of this structure was

consistent with the other walls tested on the shake table and therefore only details specific to

this specimen are discussed here, with additional details provided in Appendix A.

6.5.1  Structure specifications

Structure dimensions are shown in Fig. 6.10, indicating plan square dimensions of 2032 mm by

2032 mm and a height of 2438 mm. Wall elevations are also shown in the figure with each wall

identified by a letter or number, where 'S' denotes 'Structure' to remain consistent with the

naming convention used for the other walls tested in this study. The structure was constructed

with 6 in. concrete masonry units (nominal thickness of 152 mm), which resulted in an effective

wall thickness of 143 mm. The grouted cells are depicted as the hatched area in the figure and

control joints are shown as thicker lines. The aim was to grout all cells in the bond beam, all

cells that surround an opening, at the structure's corners and on either side of a control joint.

This was mostly achieved, except at each end of wall SC and at the left hand side of the door

opening in wall SA. Difficulties arose in these areas due to congestion of the reinforcing steel in

the bond beam restricting flow of the steel fibre reinforced grout. After efforts to grout the cells

from the wall top failed, small holes were cut in some blocks to provide grouting access,

resulting in grout plugs of between 1 to 4 block heights. Prism testing of fully grouted masonry
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(a) Plan at base of structure (b) Wall SA

(c) Wall SB (d) Wall SC

(e) Wall S1 (f) Wall S2

Figure 6.10:  Structure dimensions
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units indicated an average masonry crushing strength of 21.0 MPa. Self-weight of the masonry

walls was calculated as 35 kN.

Bond beam reinforcing steel was installed as per wall construction discussed previously. In the

case of the control joint in wall S2, the horizontal reinforcing bars were extended through the

joint a distance of 400 mm and the ends were greased and coated in a plastic sleeve to ensure

that they remained unbonded within one wall panel, as illustrated in Fig. 6.11. This detail is

nearly identical to that used for wall D4 as reported in Fig. 5.2(e). Where lapping of bars was

required, the reinforcement layout was designed such that this occurred within a wall panel,

thereby ensuring that the strength of the lintels was not increased.

Prestressing tendons were numbered 1 through 7 and incorporated at the locations shown in Fig.

6.10, depicted as a black dot in plan view or as a clear space within a hatched cell in the eleva-

tions. The location of the tendons was governed by the restrictions imposed by the anchoring

locations in the existing footing, which was not designed specifically for this specimen. As no

duct was available for tendon 1, a 250 mm deep hole was drilled and an expansion shell anchor

(spreader anchor) from the Dywidag form-tie range was installed. The anchor expanded and

locked into the surrounding concrete when the tendon was stressed. This represented a possible

scenario in residential construction when an anchorage is missed or incorrectly positioned when

constructing the floor slab, and served as a valuable test of the hardware for this application.

The tendons remained unbonded inside plastic ducts and some cutting of concrete block webs

was required to enable the positioning of the right hand tendon in wall SC and of the middle

tendon in wall S1. The total unbonded length of the prestressing tendons ranged between

2800 mm and 3600 mm depending upon the configuration of the mass blocks and whether a

load cell was installed on the tendon.

Figure 6.11:  Control joint detail

All horizontal steel - 16 mm (5 8") diameter

Bar extended 400 mm (31 2") 
into panel and debondedFiller strip and sealant
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6.6  TESTING DETAILS

6.6.1  Additional mass blocks

The structure was initially designed with a timber diaphragm roof, which provided fixing loca-

tions for the additional mass blocks. It became apparent that the timber diaphragm was suffi-

ciently flexible and would act similar to a base isolating system, thereby isolating the mass from

the masonry structure. The design was therefore changed, but consequently limited locations

existed for connecting the mass blocks. Figs 6.12(a) and (b) show the mass distribution used

when testing was conducted in orientations 1 and 2 respectively. In all cases the mass blocks

were prestressed to the masonry walls following the same method used in previous wall testing.

6.6.2  Instrumentation

Instrumentation was installed using a similar layout to that described previously for the in-plane

wall tests. The layout was designed in an attempt to capture the predominant wall performance

characteristics, such as wall displacements and accelerations, tendon prestress forces, wall uplift

and gap opening.

6.6.3  Testing procedure

The structure was subjected to a suite of earthquake records at varying levels of prestress and in

the two directions of loading. The reported test matrix is shown in Table 6.3. The structure was

(a) Orientation 1 (b) Orientation 2

Figure 6.12:  Additional mass distribution (plan view at top of structure)
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tested initially in orientation 1 with an approximate initial prestress force of 65 kN (0.40fpy) in

each tendon. In an attempt to increase wall displacements, the tendon force was reduced to

approximately 35 kN (0.21fpy) for all tendons except numbers 2 and 6 which were left

unstressed. Although unstressed, the top anchorage nut was hand tighten to ensure the tendon

was engaged during wall rocking.

Upon completion of testing in orientation 1, the structure was rotated and prestressed to approx-

imately 65 kN per tendon. During the last applied earthquake in orientation 1, the masonry

directly below the top anchorage of tendon 7 was damaged and required repair with a high

strength mortar. As a precaution due to the nature of this repair, this tendon was stressed using a

spanner providing an initial prestress of 8 kN (0.05fpy). Following the application of all avail-

able earthquake records, the prestress level was again reduced to approximately 35 kN in an

attempt to reduce structural stiffness, with the force in tendon 7 remaining unchanged. The

approximate average axial force ratios (fm/f’m) for the structure were calculated as 0.030 and

0.015 for the two levels of initial prestress used. The structure ready for testing in orientation 2

is illustrated in Fig. 6.13.

6.7  TEST RESULTS

6.7.1  Test observations and crack patterns

Crack patterns recorded at the conclusion of testing in orientation 1 are illustrated in Fig. 6.14.

The elevations shown are those viewed from the outside of the structure. A base crack began to

Table 6.3:  Reported test matrix

Orientation Run No. Ground motion PGA P Wall SA Wall SC
1 Llollelo~ 0.99 65 6.7 4.5
2 Llollelo~ 0.99 35 8.9 5.1
3 Sylmar~ 1.04 35 12.2 8.3

Wall S1 Wall S2
1 Sylmar~ 1.04 65 8.1 5.5 / 11.0
2 Sylmar~ 0.84 35 8.3 5.2 / 10.3
3 Sylmar~ 1.04 35 13.6 11.6 / 15.3
4 Llollelo~ 0.99 35 12.9 12.6 / 19.8
5 Sylmar~# 0.84 35 16.4 11.3 / 20.5

g kN mm mm
~ Time scale applied
# Record reapplied to assess loss in wall strength

2

1

Max. wall disp.
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form early during testing, with a full length crack having developed along walls SA, SB and S1

by the conclusion of testing at P = 65 kN. This crack propagated along the remaining wall lines

upon reducing the prestressing level. Vertical bond beam cracking was recorded in walls SA,

SB and SC, with walls SA and SB rocking as individual piers, whereas wall SC rocked as a

single panel. Maximum recorded bond beam crack opening was 0.7 mm, which closed upon

unloading. Wall SC sustained fine cracking below the window opening, which would be

deemed minor in terms of repair.

Testing in orientation 1 ceased due to the onset of mass block rocking on the wall top and the

eventual loss of masonry face shells below the top anchorage of tendon 7. This was a conse-

quence of the test setup and the low level of force holding the blocks to the wall top.

Cracking sustained during testing in orientation 2 is shown in Fig. 6.15, with the lines of lighter

shading representing the cracking sustained during testing in orientation 1. Only minor bond

beam cracking and the initiation of cracking below the right hand opening in wall S1 occurred at

the higher prestress level of 65 kN. Further cracking occurred as a consequence of reducing

structural stiffness through reducing the prestress force. Fig. 6.15 shows vertical bond beam

Figure 6.13:  Structure ready for testing (orientation 2)
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cracking and extensive cracking below the openings in wall S1. Fig. 6.16 shows the widest

crack opening, which occurred below the right hand opening in wall S1 and had a width of

approximately 4 mm. Cracking of the wall S1 bond beam reached a maximum width of 1.0 mm

during testing and closed upon unloading. Horizontal cracking above the second course of

masonry in the left panel of wall S2 was caused by panel rocking about this height rather than at

the wall base. This resulted in cracking at the bottom of the right panel of wall SA. The

increased cracking below the openings in wall S1 led to the conclusion of testing in the second

orientation.

6.7.2  Structure displacements

The maximum recorded displacement of each exterior wall is shown in Table 6.3, found by

averaging the displacement recorded at each wall end. When loaded in orientation 1, wall SC

exhibited greater stiffness than wall SA, resulting in torsional rotation indicated by the differ-

Figure 6.14:  Structure crack patterns - orientation 1
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Figure 6.15:  Structure crack patterns - orientation 2

Figure 6.16:  Cracking below right hand opening of wall S1 - end of testing (orientation 2)
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ence in wall displacements. The two values provided for wall S2 were those recorded at the left

and right wall ends respectively when viewed in Fig. 6.10. The larger displacement of the right

hand wall end is a consequence of the control joint, enabling the right panel to displace inde-

pendently. The location of the tendon and low initial prestress (8 kN) resulted in large displace-

ments when the panel displaced to the right. Similar levels of displacement were recorded for

the left panel of wall S2 and for wall S1. The reduction in prestress resulted in an increase in

recorded displacements, demonstrated by comparing the displacements obtained for the same

earthquake input.

The displacement time-histories for the structure in orientations 1 and 2 are presented as Figs

6.17 and 6.18 respectively, recorded during the final run in each orientation. The time-history

shown is that for the wall top at the centre of mass of the structure, calculated by interpolating

between the displacements recorded at each corner of the structure. Both figures demonstrate

that the structure returned to the vertical alignment at the conclusion of loading, after having

achieved drifts of 0.39% and 0.65% in orientations 1 and 2 respectively. Residual displacements

of all walls were negligible when compared with the maximum obtained during loading, for all

applied earthquakes.

Table 6.3 shows a comparison between the results obtained in orientation 2 when the Sylmar

record (PGA = 0.84g - runs 2 and 5) was applied to a relatively undamaged structure and then

repeated after the onset of damage during the Llollelo record (run 4). Comparing wall S1,

displacements were seen to approximately double from 8.3 mm to 16.4 mm, for the same accel-

Figure 6.17:  Wall displacement history - orientation 1 (run 3)
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eration input. This suggests that structural stiffness had been considerably reduced, and testing

ceased as the table acceleration capacity had been exceeded.

6.7.3  Force-displacement response

The force-displacement response of the structure at the lower prestress level for the two orienta-

tions is shown in Figs 6.19(a) and (b). The base shear represents the inertia forces acting on the

structure and was calculated by multiplying the structure mass by the acceleration of the centre

of mass, found by interpolating between the values recorded by the installed accelerometers.

Consequently, the effect of viscous damping forces has been neglected.

A similar base shear was obtained in both orientations, representing the capacity of the shake

table. It is observed that the structure was stiffer in orientation 1, due to wall geometry and the

greater number of in-plane walls in this orientation. There was no apparent reduction in wall

strength, suggesting that the observed damage had a minimal effect on structure strength. This is

further highlighted by comparing Figs 6.20(a) and (b), which show the force-displacement

response recorded in orientation 2 during runs 2 and 5, when the same Sylmar record was

applied. The accumulation of wall cracking during the intermediate runs led to structure

softening, as demonstrated by the reduced stiffness apparent in the figure. However, the

maximum strength of the structure was not reduced as a consequence of this damage, with a

slightly higher strength obtained during the second application of the record.

Figure 6.18:  Wall displacement history - orientation 2 (run 5)
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6.7.4  Prestress force

It was discovered immediately prior to testing that the prestress force in tendon 1 having a

drilled-in expansion anchor at the base, had reduced by approximately 40%. The reduction in

force was most likely a result of additional anchor pull-in and seating under initial load. The

tendon was restressed to the desired level and the anchorage performed satisfactorily for the

entire test series, which involved the application of numerous ground accelerations. The use of

such an anchor in future applications requires careful consideration, though it would appear that

this system works as desired once completely engaged with the surrounding concrete.

(a) Orientation 1 (b) Orientation 2

Figure 6.19:  Force-displacement histories (P = 35 kN)

(a) Run 2 (b) Run 5

Figure 6.20:  Force-displacement histories (orientation 2, P = 35 kN - Sylmar)
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Wall rocking led to a force increase in all tendons as has been shown for the previous walls

tested. All tendon forces remained at the low end of the elastic range, which was a consequence

of the low initial prestress levels used and the relatively small structural displacements obtained.

6.8  DISCUSSION AND SUMMARY

6.8.1  Structure displacements and damage

Maximum structure drifts of 0.39% and 0.65% were obtained in the two orientations of loading,

with negligible residual displacements recorded at the conclusion of all applied earthquakes.

Reducing the initial prestress level was shown to reduce structural stiffness and increase wall

displacements, as was demonstrated during previous wall testing in the current study.

Wall damage consisted of vertical bond beam cracking and cracking below the openings, as was

observed during testing of walls D5 and D6. With the exception of the wide crack in wall S1,

cracking predominantly closed as the structure returned to the vertical alignment and although

still visible, would be deemed minor at the conclusion of loading. Some cracking and crushing

of the base mortar joint was observed in both panels either side of the control joint in wall S2.

This was attributed to the repeated cycling of the wall elements rather than being due to the

axial compressive forces, as these were relatively low due to the prestress level used. Crushing

of the masonry was not observed and not expected due to the low axial force ratios. Wall

damage sustained during testing in orientation 2 was consistent with that expected for this type

of wall system, and therefore does not appear to have been affected by testing in the previous

orientation.

Cracking below the opening in wall SC is best explained by considering the simple strut and tie

model illustrated in Fig. 6.21. Testing demonstrated that the wall rocked as a single panel and

therefore the external loads and reactions can be represented by the five arrows shown in the

figure. These arrows represent the forces in the two prestressing tendon entering the wall at the

top anchorages, a lateral load assumed to act at the mid-height of the bond beam, and the

resulting reaction forces at the wall base. The formation of a large diagonal compression strut is

influenced by the wall penetration and must be transferred around the opening, resulting in the

horizontal tension force (tie) below the opening as shown in the figure. The block course imme-

diately below the opening was filled with steel fibre grout, but below this the masonry was
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ungrouted and therefore the block face shells and mortar joints were required to carry the tensile

forces. This cracking was negligible in terms of structure performance, but could be reduced or

eliminated by fully grouting this wall area and including horizontal reinforcing bars or steel

fibres.

6.8.2  Structure deformations

Wall deformations comprised primarily of wall rocking, with the base crack propagating around

the entire structure during testing. Wall uplift was measured around the base of the structure,

with a maximum of 6.5 mm recorded below the left hand opening of wall S1 during loading in

orientation 2. 

Figs 6.22 and 6.23 illustrate the deformed shape of the in-plane walls for the two orientations.

These shapes were determined from recorded walls displacements and uplift, and the crack

patterns observed during testing. Wall deformation has been exaggerated for clarity, but has

been drawn approximately to scale. Considering Fig. 6.22, it is observed that walls SA and SB

exhibited frame action with individual pier rocking, whereas wall SC rocked as a single wall.

Fig. 6.23(a) has been drawn after the onset of cracking below the windows, resulting in wall S1

deforming as three piers. The difference in relative stiffness of the two panels comprising wall

Figure 6.21:  Strut and tie model of wall SC
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S2 resulted in significant opening of the control joint separating the panels, as is depicted in Fig.

6.23(b). Maximum joint opening of 9.6 mm was recorded at the wall top, indicating that the

detail allowed relatively free movement of the individual panels. Impact of the smaller panel

does not appear to have affected the response of the larger panel, due to the considerably greater

mass of the larger panel and installed mass blocks.

In-plane wall rocking was generally in phase and therefore the out-of-plane walls were lifted

clear of the foundation during cycles to large displacements. This is demonstrated in Fig. 6.24

which shows the recorded uplift along wall S1 at the peak negative in-plane wall displacement

during the final earthquake in orientation 1. The three gauges installed on wall S1 all recorded

uplift, and considering the deformed shape illustrated in Fig. 6.22, implies that the entire length

of wall S1 had lifted clear of the foundation.

(a) Wall SA (b) Wall SB (c) Wall SC

Figure 6.22:  In-plane wall deformation profile - orientation 1

(a) Wall S1 (b) Wall S2

Figure 6.23:  In-plane wall deformation profile - orientation 2
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Wall sliding was generally observed to be a small component of overall wall displacements and

was measured to be negligible over the complete program of testing. Wall SA was connected to

the right panel of wall S2 at the location of tendon 7, when viewed in Fig. 6.10, but disassoci-

ated from the left panel of wall S2 due to the presence of a control joint. Consequently, cracking

below the right opening in wall S1 during the final earthquakes in orientation 2 allowed out-of-

plane sliding of wall SA. This sliding was more a migration of the wall during many rocking

cycles of the structure, and reached a maximum of approximately 5 mm in the outward direction

at the conclusion of testing.

6.9  CONCLUSIONS

Shake table testing of walls with openings has further validated the ability of post-tensioned

masonry walls to self-centre at the conclusion of loading. Small residual displacements could be

expected due to bond beam elongation, but providing that the residual prestressing force is suffi-

ciently large, the wall will return to near the original vertical alignment.

Bond beam cracking was observed for all walls tested. Wall D5 achieved drifts in excess of

1.2% before crushing of the lower wall corners resulted in a reduction in wall strength. The

initial prestress level for wall D6 resulted in a stiff structure and consequently small lateral

displacements were recorded. Upon reducing the prestress level, a maximum drift of 1.3% was

obtained, with wall damage consisting of extensive cracking below the opening.

Figure 6.24:  Uplift profile of out-of-plane wall S1
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Testing of a simple structure has validated the desirable characteristics inherent in PCM wall

systems but previously only demonstrated by testing individual structural elements. The size

and capacity of the shake table governed the dimensions of the test specimen, resulting in a

structure with a high stiffness. The inclusion of multiple openings, control joints and low levels

of initial prestress ensured that meaningful response in terms of displacements and crack

patterns was obtained.

Damage of the simple structure was consistent with that obtained previously for walls with

openings, being bond beam cracking and cracking below the openings. Structure drifts of 0.39%

and 0.65% were obtained in the two orientations of loading. Wall damage led to a reduction in

structure stiffness but there was no observed loss in lateral strength.

The initiation of wall rocking occurred at low levels of earthquake intensity for all tests,

including the simple structure that had a more complex design with multiple details. Rocking

was the predominant component of deformation in all tests and resulted in the complete uplift of

the out-of-plane walls of the structure during cycles to large displacements.

Reducing the level of initial prestress was shown to significantly increase wall displacements.

Predicting the lateral strength of walls D5 and D6 using the bracing approach adopted by NZS

4229 provided conservative results.
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Chapter 7

FINITE ELEMENT MODELLING

This chapter describes finite element modelling of post-tensioned concrete masonry walls.

Although the current study was one of the few to obtain shake table test data on the response of

post-tensioned rocking walls, several previous studies have developed fibre models for

predicting the dynamic response of such walls. In all studies, the model was verified against

appropriate pseudo-static cyclic test data and was assumed to provide accurate results when

earthquake excitation was applied. This chapter begins by attempting to use a similar fibre

model to predict the dynamic response obtained during testing of wall D2. The correlation

obtained was poor and reference is made to work by other researchers who are pursuing this

issue further. A finite element model is then described that was developed for predicting the

monotonic response of post-tensioned masonry walls, and used in the parametric study

presented in chapter 8 that addresses inaccuracies in current code equations for predicting

tendon stress at nominal in-plane wall strength. Finally, the finite element model is shown to

provide reasonable prediction of system strength and crack patterns of post-tensioned masonry

walls with openings.

7.1  DRAIN-2DX FIBRE MODEL

The most common method reported for predicting the response of post-tensioned rocking

systems used the fibre model available in the finite element program Drain-2DX [7-1]. The

opening of gaps, and hence rocking, was simulated by specifying appropriate fibre element

stress-strain properties for compression and zero strength in tension. This model was used
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extensively by Kurama et al. to predict the response of post-tensioned concrete walls (for

example see [7-2]) and during Laursen's investigation of post-tensioned concrete masonry walls

[7-3]. The model has also been used to study the performance of post-tensioned seismic

resistant steel frames [7-4].

In all three studies, the fibre models were validated against pseudo-static cyclic data obtained

from testing large-scale units, followed by extensive investigation into the dynamic response of

the rocking structure. Due to an absence of dynamic testing of post-tensioned rocking systems,

the dynamic behaviour of the fibre model was not verified in these previous studies. In an

attempt to validate the assumption that a model that accurately predicts the pseudo-static cyclic

response of rocking structures can be used to model the dynamic response, a fibre model was

developed and the obtained force-displacement and displacement time-history responses were

compared with the test results of wall D2 that were reported in chapter 5.

The fibre model developed to simulate the dynamic response of wall D2 followed the recom-

mendations of the studies that have used this method previously. A large number of non-linear

compression-only springs represented the lowest section of the wall. These elements were given

appropriate masonry stress-strain characteristics in compression and no tensile strength, thereby

simulating gap opening when the wall is loaded laterally. The masonry was assumed to have a

maximum compressive stress of 20.8 MPa (found from prism testing) occurring at a strain of

0.0015, with strength degradation specified beyond a strain of 0.002. The remainder of the wall

and mass block were represented by elastic beam elements. The post-tensioning tendon was

modelled using an inelastic truss element, with properties obtained from material testing. The

tendon was coupled to the degrees of freedom of a node at the wall top and fixed at the founda-

tion, with an initial element force applied to simulate the prestressing force.

The force-displacement response obtained when a cyclic loading history was applied to the

model is compared in Fig. 7.1 with the response obtained from shake table testing. The fibre

elements appear to model wall uplift and the subsequent non-linear response of the rocking

wall. The hysteresis loops appear pinched due to the tendon stress remaining in the elastic

range, and the maximum concrete strain at the critical section only just surpassing the degrada-

tion strain of 0.002. Although a reasonable prediction of system strength is obtained, the model

overestimates initial stiffness by approximately four times. This overestimation of stiffness can
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be attributed to various oversights in the model. Shake tables are inherently flexible, and there

was no consideration given to the influence of the shake table to foundation beam connection.

An uncracked wall stiffness was used, thereby ignoring the reduction in material stiffness due to

cracking. The response of a post-tensioned masonry wall is influenced by material properties at

the wall-foundation interface. In this model, the wall panel was given appropriate grouted

concrete masonry properties, and therefore the base mortar joint was not modelled. This joint

would have an effect on wall response, given the relatively low stiffness of the mortar. Model-

ling of this small joint is not straightforward, and is an area of future research that is required if

accurate modelling of the complete post-tensioned masonry wall response is to be obtained.

Fig. 7.2(a) shows the wall displacement time-history obtained when the model was subjected to

the acceleration history recorded on the table surface during application of the Sylmar record.

To obtain this result, the input damping values required for the model were set to zero, or in the

case of the fibre elements, a very small value of stiffness proportional damping was used to

provide solution stability. This response can be compared with the actual wall displacement

history illustrated in Fig. 7.2(b). Comparing the two figures, it is observed that in both cases the

wall began to rock at t = 4.1 seconds and reached the peak negative displacement at t = 4.3

seconds. However, the model underestimated the peak wall displacement by 2.6 times.

As initial stiffness governs low level structural response, an underestimation of wall displace-

ment was not unexpected, and further highlights the need to accurately capture initial wall

response when modelling such structures. It was also discovered that although the model was

Figure 7.1:  Comparison of force-displacement response from fibre model
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relatively insensitive to various parameters when investigating the pseudo-static response, the

model was extremely sensitive to parameters affecting the dynamic response. The fibre element

was intended for modelling inelastic beam and beam-column members, and although the use of

this element to model gap opening appears to work when a pseudo-static load history is applied,

its ability to model dynamic rocking has yet to be validated against dynamic data.

This example has demonstrated that there are areas of system flexibility that need to be consid-

ered when modelling post-tensioned masonry walls. Further investigation into the dynamic

response of rocking systems is also required. Such an investigation falls outside the scope of the

current study and has been investigated by Ma et al. [7-5]..

(a) Drain-2DX prediction

(b) Test data

Figure 7.2:  Comparison of displacement history from fibre model
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7.2  ABAQUS MODEL

Shake table testing of the rectangular walls reported in chapter 5 concluded that the accuracy of

both the NZS 4230 [7-6] and MSJC [7-7] code equations for calculating the tendon force at

nominal in-plane strength were questionable and required further investigation. Given the

limited size of the wall test matrix available, it was desirable to develop a computational model

that could accurately predict wall response up to and beyond nominal wall strength. This model

could then be used to conduct a parametric study investigating various wall geometries and

tendon configurations. As the main motivation behind developing this model was to investigate

wall response at the nominal limit state, only monotonic loading was considered, though the

non-linear properties of both the prestressing steel and masonry were incorporated into the

model. The development and validation of the model is described in the remainder of this

chapter, with the subsequent parametric study and code equation investigation reported in

chapter 8.

The high level finite element software ABAQUS [7-8] was chosen for its sophisticated contact

mechanisms and apparent ability to model wall uplift. The modelling of walls with openings

using ABAQUS should in theory be a simple extension of the model used for simulating behav-

iour of rectangular walls. A similar model had been developed previously by Allen and Kurama

[7-9] who used ABAQUS to predict the behaviour of unbonded post-tensioned walls with open-

ings when subjected to vertical and lateral loading. Ma et al. found previously that ABAQUS

could predict the force-displacement response of rectangular panels but overestimated wall

displacements considerably when earthquake loading was applied. For this reason no attempt

was made to model the dynamic response of these walls using this software.

7.2.1  Model description

Modelling of the wall panels was conducted using rectangular plane stress shell elements

having a modulus of elasticity equal to 800f'm as proposed by Laursen [7-3]. The 'concrete

damaged plasticity model' was used to predict inelastic masonry behaviour providing different

properties for axial tension or compression. Fig. 7.3 shows an idealized concrete masonry

stress-strain curve depicted as a broken line, with the corresponding model approximation

represented by the solid line. For axial tension, the stress-strain response followed a linear

elastic relationship up to the failure stress, followed by a horizontal plateau. Axial compression

response was linear until yield. In the plastic range, response was characterised by stress hard-
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ening up to ultimate stress, followed by strain softening. Masonry stress-strain parameters were

chosen based on recommendations by Paulay and Priestley [7-10] and laboratory testing experi-

ence. The masonry was assumed to have a maximum tensile stress of  and a maximum

compressive stress of f'm (found from prism testing) occurring at a strain of 0.15%. Unconfined

masonry typically has a steep strain softening curve, which when implemented in the model

caused problems with solution convergence. This was avoided by reducing the slope of the

strain softening branch. The response of this type of rocking wall is predominantly governed by

masonry behaviour in the lower wall corners, which is partly confined by frictional contact with

the foundation. Consequently, the implemented stress-strain model was believed to be accurate

over the strain range of 0 to 0.4%.

A loading beam was installed on the wall top during testing to attach the actuator for cyclic

loading, or to provide additional seismic mass for shake table testing. The loading beam was

modelled as an elastic shell element whereas the foundation was represented by a discretely

rigid element.

Unbonded tendons were modelled as truss elements and given nonlinear stress-strain properties

found from material testing. Tendon anchorages at the wall base were represented by restraining

the horizontal and vertical degrees of freedom. Anchorages situated at the wall top were

modelled by coupling the horizontal and vertical degrees of freedom of the top tendon node

with a node on the loading beam at the corresponding location. This constrained the displace-

Figure 7.3:  Concrete damaged plasticity model
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ment of the tendon anchorages to the displacement of the wall. The tendon lengths were equal to

the unbonded length measured during testing.

Appropriate modelling of the horizontal joint formed during wall rocking is essential for post-

tensioned wall systems. Although some sliding was expected, this was a small component of the

total measured wall displacement. To model the horizontal joint in ABAQUS, contact/gap

elements were used between the wall base and foundation. To enable gap opening, the wall and

foundation did not share the same nodes. The contact/gap elements were given properties in

both the horizontal and vertical directions. In the horizontal direction, it was assumed that no

slip would occur between two points once in contact, hence sliding was not incorporated into

this model. In the normal direction, exponential contact was specified with an overclosure of

0.1 mm. The use of exponential contact as opposed to hard contact resulted in minimal differ-

ence in wall response provided the overclosure was small, but provided a more realistic stress

profile along the wall base.

Loading of the wall was conducted using a number of steps. Tendons were prestressed by spec-

ifying an initial stress in the elements, with boundary conditions applied to the top anchorages

to ensure they did not displace under initial stress. These restraints were removed in the

following load step, thereby transferring the tendon force into the wall as a precompression. The

resulting wall shortening reduced the tendon stress, which was compensated for by initially

overstressing the tendons. The weight of the loading beam and self-weight of the wall was then

applied as a gravity load, followed by a displacement controlled monotonic lateral loading

history.

Mesh refinement was conducted to establish the optimum element size for modelling masonry

wall behaviour. Due to rocking, elements in the corner about which the wall rotated underwent

severe distortion as wall displacements increased. Smaller elements were subjected to greater

distortion with a smaller wall displacement obtained prior to convergence failure. Element size

also affected the level of strains recorded at the wall base, with a smaller element size providing

larger strains for the same wall displacement. As this model was used to predict tendon stress at

certain limit states based on masonry strain, it was critically important that the model accurately

captured strains at the wall base. It was determined that a masonry shell element size of 50 mm

by 50 mm provided the best match with measured test data. An element size of 100 mm by
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100 mm was found to be the most appropriate for the 7.8 m and 13.0 m high walls considered in

the parametric study reported in chapter 8.

7.2.2  Validation of model

Table 7.1 presents a matrix of post-tensioned concrete masonry walls that have been tested

previously and were used to validate the accuracy of the finite element model. In this table, lw
refers to the wall length, he the wall height, bw the wall width and di the distance from the

extreme compression fibre to the centroid of the ith tendon. Axial load from wall self-weight

and additional mass added to the wall top is denoted by N, lp is the tendon unbonded length and

f'm the masonry crushing strength. The tendon yield strength fpy and ultimate strength fpu are

provided, along with the total prestressing steel area Aps, modulus of elasticity of the steel Eps

and the average initial stress in each tendon fse. The axial force ratio fm/f'm is the ratio between

the compressive stress at the wall base due to axial load and prestress, and the compressive

strength of the masonry.

Walls L1 through L3 were fully grouted, prestressed with two 23 mm diameter high strength

threaded bars and tested pseudo-statically by Laursen, with the test results published previously

[7-11, 7-12]. Wall L3 contained two partially debonded mild steel reinforcing bars to provide

additional energy dissipation. The prestress force was kept constant throughout testing of this

wall to ensure that the tendons remained elastic and provided sufficient restoring force to yield

the energy dissipators in compression. The energy dissipators were modelled as truss elements

having appropriate steel properties. ABAQUS provides the facility to model reinforced concrete

by embedding truss elements into shell elements. This method was trialled to model the bonded

length of the bars and provide bar anchorage in the wall. The finite element solution failed to

Table 7.1:  Wall test matrix used for finite element model validation

Wall lw he bw N d1 d2 lp fpy fpu Aps Eps fse (ave) f'm he/lw fm/f'm
L1 3.0 2.6 140 41 1.9 1.1 3.5 970 1160 830 169 750 20.6 0.87 0.077
L2 1.8 2.6 140 31 1.3 0.5 3.5 970 1160 830 169 536 20.5 1.44 0.092
L3 3.0 2.6 140 41 1.9 1.1 3.5 970 1160 830 169 728 17.8 0.87 0.086
C1 2.6 2.6 140 14 1.7 0.9 3.5 1520 1785 280 190 514 16.1 1.00 0.041
C2 1.8 2.6 140 10 0.9 - 3.5 920 1100 177 190 424 15.3 1.44 0.033
D2 1.0 2.4 140 20 0.5 - 3.1 920 1100 177 206 424 20.8 2.40 0.040
D3 0.8 2.4 140 20 0.4 - 3.1 920 1100 177 206 424 26.9 3.00 0.031

m m mm kN m m m MPa MPa mm2 GPa MPa MPa
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converge as a result of the high bar stresses at the interface between the bonded and unbonded

section of reinforcing bar and therefore a different approach was required. The truss elements

were given a length equal to the unbonded length of the bars and the displacement degrees of

freedom of the top bar nodes coupled with the corresponding location on the masonry shell

element. This resulted in accurate elongation of the mild steel bars as the wall displaced, and

consequently accurate modelling of the bar stress.

Walls C1 and C2 were partially grouted and tested pseudo-statically with the test results

reported in chapter 4, while walls D2 and D3 were tested dynamically on a shake table and

reported in chapter 5. Modelling of wall D1 was not conducted as wall dimensions and material

proprieties were similar to wall C2.

To demonstrate the ability of the finite element model (FEM) to predict the force-displacement

(F-D) response of post-tensioned masonry walls, a comparison between laboratory test data and

the model solution for the three walls tested by Laursen is provided in Fig. 7.4, and for the four

walls tested in the current study is provided in Fig. 7.5. It is apparent that the model predicted

maximum wall strength with sufficient accuracy, but failed to capture the shape of the

descending portion of the curve when strength degradation of walls L1 through L3 occurred.

Modelling of the masonry well into the non-linear range was achieved. The model failed to

converge after significant masonry degradation in the wall toe regions resulted in migration of

the neutral axis. This required part of the masonry wall to re-contact the ground while the wall

top continued to displace in the positive direction. Many parameter alternatives were trialled,

but it appeared that modelling wall response beyond maximum wall strength was not possible

with the current model sophistication. Fig. 7.4(c) demonstrates that satisfactory modelling of the

additional mild steel reinforcement in wall L3 was achieved, resulting in an accurate prediction

of maximum wall strength. The initial stiffness was overestimated for walls L1 and L3, which is

most likely a result of not modelling the base mortar joint, as discussed previously in section

7.1.

Walls C1, C2 and D2 were partially grouted, but were assumed to be solid wall panels to

simplify the model. During testing, walls C1 and C2 developed fine diagonal cracking resulting

from the large compression strut that formed as the wall rocked, and this was suspected to be the

cause of wall softening and the discrepancy with the finite element model results. Wall D2
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sustained minimal material degradation during testing, with Fig. 7.5(c) showing an satisfactory

match between the test data and model. As discussed in chapter 5, the response of wall D3 was

affected by the method in which repair of the lower wall corners was conducted following

previous testing, and was most evident in the positive direction of loading. It was therefore

expected that the finite element model would overestimate stiffness and to a lesser degree

strength, which is observed upon inspection of Fig. 7.5(d).

The primary objective of developing the finite element model was to produce a data set of wall

response beyond a compression masonry strain at the wall base of 0.0035, being the maximum

usable strain specified in the British masonry code, BS 5628 [7-13]. The point at which strains

of 0.0025 (MSJC) and 0.0035 were recorded are illustrated in Figs 7.4 and 7.5 as circles and

(a) Wall L1 (b) Wall L2

(c) Wall L3

Figure 7.4:  Comparison between F-D response of model and Laursen wall tests
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squares respectively. This demonstrates that the developed model was capable of producing the

required data set for the parametric study presented in chapter 8.

The tendon force history recorded during testing of wall C2 is compared in Fig. 7.6(a), with the

tendon force obtained from the finite element model. This is a typical tendon response for a

post-tensioned masonry wall, demonstrating that as the wall rocks and displacements increase,

there is a corresponding increase in tendon force. Providing the tendon strain remains within the

elastic range, the initial tendon force will be maintained at the conclusion of loading. It is

apparent from the figure that the finite element model accurately captured the initial slope of

this curve, but that the test data began to deviate from this line as displacements increased. This

was a result of wall softening due to crushing of the lower wall corners and base mortar joint,

(a) Wall C1 (b) Wall C2

(c) Wall D2 (d) Wall D3

Figure 7.5:  Comparison between F-D response of model and test data
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and also a result of diagonal cracking through the panel, leading to a small reduction in both

rigidity and wall height and a subsequent reduction in tendon force.

Fig. 7.6(b) provides a comparison between the tendon stress measured during wall testing and

that predicted by the finite element model at a masonry strain of 0.003 for four walls. Although

an attempt was made to record strains over the lowest wall section during testing, the data

obtained was influenced by crushing of the base mortar layer and therefore did not accurately

capture the strain in the masonry. To provide the comparison presented in Fig. 7.6(b), the finite

element model was used to find the displacement corresponding to a masonry strain of 0.003,

and then the tendon stress recorded during testing was obtained at this displacement. Walls L3,

C1 and D3 have been excluded from the figure. The test setup for wall L3 was designed to

ensure that the tendon force remained constant during wall cycling, and therefore the acquired

data was not applicable to this investigation. The finite element model was not capable of

obtaining a solution for wall C1 at a masonry strain level of 0.003, and therefore the corre-

sponding tendon stress could not be determined. According to Fig. 7.5(d), the masonry strain in

wall D3 did not reach 0.003 during testing. Fig. 7.6(b) shows that in all cases the model slightly

overestimated the stress, due to minor crushing of the soft base mortar joint that was not

modelled. The correlation obtained is believed to be sufficiently accurate for the study of tendon

stress at the nominal strength limit state.

(a) Wall C2 tendon force history (b) Comparison of tendon stress at εm=0.003

Figure 7.6:  Modelling of prestressing tendon behaviour
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This finite element model has been shown to predict the system strength and the post-rocking

behaviour of a range of post-tensioned concrete masonry walls with acceptable accuracy up to

maximum wall strength. The model can therefore be applied with confidence to the study

described in chapter 8. No attempt has been made to model the cyclic behaviour of these walls

though the concrete damaged plasticity model does provide some capabilities for this. Model-

ling the cyclic response and improvements in modelling the base mortar joint, are areas for

further model development in the future.

7.2.3  Modelling of walls with openings

The previously described ABAQUS finite element model was modified to predict the force-

displacement response of walls with openings. This model was verified against data obtained

from shake table testing of walls D5 and D6, which comprised of a door and window opening

respectively, and were reported in chapter 6. Although outside of the scope of this study, it is

proposed that this model could be used in the future to investigate the influence of opening size

and shape on wall response.

The developed model consisted of the same elements as described previously for rectangular

walls. For walls with openings, the influence of the reinforced bond beam has a direct effect on

wall response and therefore this had to be modelled accurately. In the previous study on open-

ings by Allen and Kurama [7-9], mild steel reinforcing around openings was not modelled

explicitly and instead the wall shell elements were given tensile properties to simulate the influ-

ence of bonded reinforcement. This was deemed inappropriate and not sufficiently accurate for

the current study, and therefore the previously discussed ABAQUS facility for modelling

embedded truss elements was utilized. In this situation, constraints were applied between the

reinforcing bar nodes and the corresponding nodes in the masonry shell element, thereby simu-

lating bond. Testing of walls D5 and D6 demonstrated vertical and horizontal gap opening in the

bond beam as a result of wall deformation, illustrated previously in Fig. 6.4 and repeated in Fig.

7.7 for completeness. It was determined that the most appropriate way in which to model this

gap opening in the finite element model was to include a vertical and horizontal contact/gap

element at each wall panel - bond beam joint. If the stress in the masonry across this joint

became tension, then a gap would open at the defined location, and the tensile force would be

transferred by the reinforcing bars. Consequently, this assumed that the masonry had zero
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tensile strength at this location, compared with the small tensile strength assumed throughout

the remainder of the wall panels.

The resulting finite element model deformed shapes are illustrated in Figs 7.8 and 7.9, with

displacements exaggerated for clarity. It is apparent that the opening of horizontal and vertical

gaps allowed individual wall panels to rock, as observed during shake table testing of the

respective walls. Inspection of Figs 7.8 and 7.9 highlights that not all predefined gaps opened

during loading in each direction and that gap opening matched that observed during testing as

illustrated in Fig. 7.7. Masonry cracking below the window opening could not be modelled with

(a) Wall D5 (b) Wall D6

Figure 7.7:  Wall crack patterns at end of testing

(a) Positive (b) Negative

Figure 7.8:  Finite element model deformed shape of wall D5
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a vertical contact/gap element without significantly altering wall response, and therefore it was

expected that stiffness in the negative direction would be overestimated.

Figs 7.8 and 7.9 also depict the stress patterns in the masonry at the deformed state, with a

darker shade indicating higher stress. The stress concentrations at the lower wall corners are

similar to those demonstrated for the rectangular walls. Stress concentrations at the corners of

the openings are also evident and consistent with that expected for the deformed profiles.

A comparison between the force-displacement response obtained during testing and from the

finite element analyses is presented in Fig. 7.10. For both walls, the model accurately predicted

(a) Positive (b) Negative

Figure 7.9:  Finite element model deformed shape of wall D6

(a) Wall D5 (b) Wall D6

Figure 7.10:  Comparison between F-D response of model and walls with openings
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wall response to approximately the maximum recorded wall displacement. With the exception

of wall D6 in the negative direction, initial stiffness and wall strength were captured with

reasonable accuracy. The model overestimated the strength and stiffness of wall D6 in the pull

direction as a consequence of not correctly modelling wall cracking below the window opening.

Fig. 7.10 demonstrates that the developed model can model the response of post-tensioned

masonry walls with openings with sufficient accuracy.

7.3  CONCLUSIONS

This chapter has investigated both monotonic and dynamic modelling of post-tensioned

concrete masonry walls. The most popular of the previously proposed methods for predicting

the displacement time-history response of unbonded post-tensioned rocking elements was used

to model the response of wall D2. It was shown that the theoretical initial wall stiffness was

greater than that observed, suggesting that the influence of shake table and foundation flexi-

bility, and the relatively soft base mortar joint, need to be considered when modelling such

systems. The overestimation of initial stiffness contributed to the underestimation of wall

displacements, when the dynamic wall response was considered. Further refinements of this

model, including an investigation of damping inherent in this system, are areas of future

research.

A finite element model was developed to predict the monotonic response of post-tensioned

masonry walls for use in a study on tendon stress at the nominal limit state. This model was

verified against a suite of cyclic and dynamic wall tests, including a wall with additional energy

dissipating bars. A reasonable prediction of system strength and post-rocking behaviour was

obtained. However, the model tended to overestimate initial wall stiffness and could not model

wall strength degradation given the current model sophistication.

The finite element model was then successfully modified to consider walls with openings. The

developed model was shown to accurately capture the behaviour of both the mild steel rein-

forcement in the bond beam and gap openings, leading to a satisfactory match with the force-

displacement response obtained during wall testing.
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Chapter 8

PREDICTING WALL RESPONSE

Predicting the in-plane force-displacement response of post-tensioned masonry walls is compli-

cated by the opening of a horizontal base crack and subsequent wall rocking. Only in-plane

loading of cantilever walls is investigated since out-of-plane loading and the influence of other

boundary conditions is outside the scope of the current study. Accurate estimation of stress in

unbonded tendons at the nominal strength limit state is essential for calculating the flexural

strength of these walls. Unlike walls with bonded tendons where the tendon stress can be found

through strain compatibility with the surrounding masonry, the stress in unbonded tendons

results from wall deformation between the two tendon anchorages. The New Zealand, United

States, British, Australian and Canadian masonry codes provide varying equations for calcu-

lating tendon stress at the nominal strength limit state but in no case have these equations been

verified for in-plane loading. It was shown in chapters 4 and 5 that the accuracy of both the NZS

4230 and MSJC equations is questionable, justifying further investigation. This chapter investi-

gates the equations provided in three masonry codes and proposes a new expression supported

by results from finite element modelling. A simple equation for estimating wall displacement at

the nominal limit state is also presented. The complete procedure for predicting PCM wall

response is then summarised and validated against the response obtained from the finite element

modelling of six walls. Although focus is directed to post-tensioned masonry walls, the design

recommendations equally apply to post-tensioned concrete walls.
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8.1  IN-PLANE WALL RESPONSE

A complete procedure for predicting the force-displacement response of a post-tensioned

masonry wall has been published previously [8-1, 8-2], with only a brief outline provided here

for background. Fig. 8.1(a) shows a prestressed wall subjected to a lateral force V which is

assumed to act at a height he. The wall has a length lw and is subjected to axial load comprising

of the effective prestress force after losses P, and dead and live load N. The resulting force-

displacement response for this wall is shown in Fig. 8.1(b) where the various flexural states are

marked. Before the application of a lateral force, the stress profile at the critical wall base

section is uniform as shown in Fig. 8.1(c). The first limit state is known as 'first cracking' and

occurs when the axial masonry stress reaches zero at one end as depicted in Fig. 8.1(d).

Figure 8.1:  Limit states for a post-tensioned masonry wall
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Beyond first cracking, wall stiffness reduces as the wall begins to rock and a horizontal crack

forms between the wall base and foundation. The serviceability limit state is defined as the point

when the stress in the extreme masonry fibre reaches kf'm as shown in Fig. 8.1(e). For

prestressed concrete, the New Zealand concrete standard NZS 3101 Table 16.1 [8-3] defines a

typical range for k, (symbol adopted in this study), of 0.45 to 0.55 depending on the nature of

loading.

Nominal flexural strength is defined by the extreme masonry compression fibre attaining a

strain equal to the code defined maximum usable strain εmu. At this limit a rectangular masonry

stress block is assumed with a stress of αf'm, as shown in Fig. 8.1(f). Code values for α and

maximum useable strain vary, with NZS 4230 [8-4] defining α = 0.85 and εmu = 0.003, whereas

MSJC [8-5] specifies α = 0.80 and εmu = 0.0025. At this limit state the horizontal base crack is

fully developed and for tendons located outside the compression zone, the tendon force has

increased beyond the initial effective force P. The accuracy of current code equations for calcu-

lating this tendon force (stress) increase for in-plane walls is investigated in this chapter. An

equation for estimating wall displacement at this limit state is also presented.

Beyond nominal flexural strength, wall behaviour is dominated by rocking. Testing has shown

that strains well in excess of 0.003 are achievable even in unconfined concrete masonry walls

[8-2]. Plastic hinges will form in the lower wall corners and the wall will rotate about these

hinges. As the wall rotates, the force in the tendons and hence lateral wall strength will increase

until the tendons begin to yield. Fig. 8.1(b) is drawn assuming that all tendons reach yield at the

same wall displacement, which will not be the case for walls with distributed tendons.

Ultimate displacement is governed by the masonry crushing strain, and for most wall

geometries masonry crushing will occur before yielding of all tendons. In walls with larger

aspect ratios and correspondingly large unbonded lengths, it is conceivable that tendon yield

will not occur prior to masonry degradation. The maximum achievable masonry crushing strain

depends on the type of confinement used and can be obtained from laboratory testing.
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8.2  MODELLING WALL RESPONSE

8.2.1  Review of current models

Predicting wall response beyond first cracking is complicated by the opening of a horizontal

base crack. For walls with unbonded tendons, the tendon stress increase results from wall elon-

gation between the two anchorages and therefore knowledge of the wall panel response is

required. Beyond first cracking, wall displacements comprise of components due to rocking,

flexure and shear, with displacements due to sliding typically ignored for simplicity.

Previous research has acknowledged the influence of base crack opening on wall response, and

models have been developed for predicting the response of such walls. Madan et al. [8-6]

initially developed a model for predicting the monotonic response of walls with unbonded

tendons, which was validated against experimental data from two wall specimens and demon-

strated an acceptable degree of accuracy. This model was later expanded to predict the cyclic

response of walls with unbonded tendons [8-7]. Tendon stress increase was found through

deformation compatibility that requires the tendon elongation to equal the total elongation of the

masonry fibre at the location of the tendon.

Ingham and Avery [8-8] have also developed a model for predicting the in-plane response of

PCM walls. They derived expressions for the axial shortening of the wall at the extreme

compression fibre and at the location of the neutral axis at the wall base, thereby enabling the

profile of the wall top to be determined assuming a linear variation along the wall length. This

in turn led to the calculation of tendon elongation and stress.

The Ingham and Avery model was initially examined to determine if it could be used in the

investigation of tendon stress increase at the nominal strength limit state. The resulting equa-

tions for wall shortening were a function of masonry axial stress, wall height, masonry crushing

strength and modulus of elasticity, masonry strain at the nominal limit state, stress block param-

eter α, and k, where kf'm is the masonry stress at the serviceability limit. Comparing the results

obtained from the model in terms of wall shortening with those obtained from the finite element

model presented in chapter 7, provided similar results. However, the small discrepancy in wall

shortening at the wall end and neutral axis location led to a considerably larger discrepancy at

the tendon location and consequently did not predict tendon stress to the same degree of accu-

racy. The stress-strain concrete model differed between the two studies, with Ingham and Avery
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approximating the stress-strain curve as a trapezoid, while the finite element model used a

degrading stress-strain model more consistent with that expected in practice.

The equations developed by Ingham and Avery for wall shortening were not in a form appro-

priate for inclusion in masonry codes and therefore a parametric study was required to deter-

mine relationships between the dependent variables and tendon stress increase. Given the

approximate nature of this process and the inherent approximations in the model due to the

adopted masonry stress-strain constitutive relationship, an alternative approach was chosen to

investigate wall response and tendon stress at the nominal limit state. This method used the

finite element model (FEM) described in chapter 7 to create a data set of wall response for a

variety of wall designs.

8.2.2  Data set for equation verification

Table 8.1 shows the matrix of walls investigated, having aspect ratios (he/lw) of between 0.87

and 4.3. Two different wall widths were chosen, being equal to the widths of the two most

commonly used concrete masonry units in New Zealand. Wall axial loads were chosen by

considering possible applications of each wall size and representative wall self-weight and in

the case of the taller walls, additional dead and live load from supported floors and roof. Three

types of post-tensioning tendon were considered, with various configurations of tendon layout.

A 15 mm diameter threadbar (Aps = 177 mm) similar to that in the Dywidag form-tie range,

along with a 23 mm diameter bar (Aps = 415 mm) and seven-wire strand (Aps = 140 mm) were

selected. For a small number of walls the tendon modulus of elasticity was reduced to investi-

gate the effect of including Eps as a variable in the proposed equation. Three masonry crushing

stresses were considered, covering the typical strength range of both concrete and clay brick

masonry. The target initial tendon stress fse is shown as a percentage of tendon yield. The actual

resulting masonry stress fm due to post-tensioning, wall self-weight and additional axial load, is

shown in terms of the axial force ratio (fm/f'm) to demonstrate that a range of realistic PCM wall

designs were considered.
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8.3  PREDICTING TENDON STRESS

8.3.1  Review of code equations

This section reviews the code equations provided by five masonry codes for predicting tendon

stress at the nominal strength limit state. To provide standard notation and avoid confusion

when comparing equations, some notation used herein has been changed from that used in the

codes.

NZS 4230 provides Eqn 8.1 for a span to depth ratio of less than or equal to 35. This equation is

equivalent to that in NZS 3101 and ACI 318 [8-9] for post-tensioned concrete members.

Mattock et al. [8-10] developed this equation following research on unbonded prestressed

beams. The equation was initially proposed based on a data set of prestressed beams having a

Table 8.1:  Finite element model wall matrix
Wall lw he

~ he/lw bw N d1 d2 d3 fpy fpu Aps Eps fse Ten.# f 'm fm/f 'm
1 1.0 2.6 2.60 140 9 500 - - 920 1100 177 200 25 1 12 0.031
2 1.0 2.6 2.60 140 9 500 - - 920 1100 177 200 50 1 12 0.056
3 1.0 2.6 2.60 140 9 500 - - 920 1100 177 200 70 1 18 0.049
4 1.0 2.6 2.60 140 9 500 - - 970 1160 415 200 50 1 18 0.082
5 1.0 2.6 2.60 140 9 500 - - 970 1160 415 200 70 1 18 0.113
6 1.0 2.6 2.60 140 9 500 - - 920 1100 177 200 25 1 18 0.021
7 2.4 2.6 1.08 140 21 1500 900 - 970 1160 830 200 50 2 18 0.069
8 2.4 2.6 1.08 140 21 2100 300 - 970 1160 830 200 70 2 18 0.094
9 3.0 2.6 0.87 140 41 1900 1100 - 970 1160 830 200 70 2 18 0.084

10 2.4 7.8 3.25 140 200 1600 800 - 970 1160 830 170 70 2 12 0.184
11 2.4 7.8 3.25 140 200 1600 800 - 970 1160 830 170 70 2 18 0.124
12 2.4 7.8 3.25 140 200 1600 800 - 970 1160 830 170 70 2 24 0.094
13 2.4 7.8 3.25 190 200 1600 800 - 970 1160 830 170 70 2 18 0.091
14 2.4 7.8 3.25 190 200 1600 800 - 1810 1940 280 190 70 2 18 0.068
15 2.4 7.8 3.25 140 200 1500 900 - 970 1160 830 200 70 2 18 0.124
16 2.4 7.8 3.25 140 200 1700 700 - 970 1160 830 200 70 2 18 0.124
17 2.4 7.8 3.25 140 200 2100 300 - 970 1160 830 200 70 2 18 0.123
18 2.4 7.8 3.25 140 200 1600 800 - 970 1160 1660 170 70 2 18 0.222
19 3.0 13.0 4.33 190 700 1900 1100 - 1810 1940 280 200 70 2 18 0.103
20 3.0 13.0 4.33 190 700 1900 1100 - 1810 1940 280 200 70 2 12 0.154
21 3.0 13.0 4.33 190 700 1900 1100 - 1810 1940 280 200 50 2 18 0.093
22 3.0 13.0 4.33 190 700 2500 500 - 1810 1940 280 200 70 2 18 0.103
23 3.0 13.0 4.33 190 700 2100 1500 900 1810 1940 420 200 70 3 18 0.120
24 3.0 13.0 4.33 190 700 1700 1500 1300 1810 1940 420 200 70 3 18 0.122
25 3.0 13.0 4.33 190 700 2100 1500 900 1810 1940 420 200 60 3 18 0.112

m m mm kN m m m MPa MPa mm2 GPa %fpy MPa
~unbonded tendon length, lp = he + 0.5 m;  #Number of tendons
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span to depth ratio of 17 or less, and then verified against further beam tests having a span to

depth ratio of 33.6.

In the above equation, fps is the prestressing tendon stress at nominal strength, fse is the effective

tendon stress after all prestress losses have occurred and fpy is the specified tendon yield stress.

The distance between the extreme masonry compression fibre and centre of the prestressing

tendons is defined as d, while Aps, f'm and bw refer to the prestressing steel area, masonry

crushing strength and member width respectively.

Equations in both the Australian [8-11] and British [8-12] masonry codes and previous versions

of MSJC prior to the 2005 update are of a similar format. Fig. 8.2 shows a prestressed cantilever

wall under lateral loading, where wall rotations have been exaggerated for clarity and it is

assumed that the wall rocks as a rigid block about the neutral axis at the wall base. The tendon

has an initial stress fse and a modulus of elasticity of Eps. The tendon stress at nominal strength

is:

where εrock is the strain increase in the tendon due to wall rocking.

(8.1)

(8.2)

Figure 8.2:  Tendon elongation due to rocking
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If the tendon has an unbonded length of lp, then for small values of θ, Eqn 8.2 can be rewritten

as:

or alternatively,

In the above equation, c is the neutral axis depth measured from the extreme masonry compres-

sion fibre to the neutral axis and θ is the wall rotation. The neutral axis depth can be calculated

by assuming a rectangular stress block of length ‘a’, and using code provided values for the

stress block parameters α and β.

The influence of axial load due to wall self-weight and dead and live load from supported floors

has been neglected at this stage. To enable a substitution to be made for θ, a uniform masonry

compression strain of magnitude εmu is assumed to act over a height equal to the depth of the

neutral axis [8-13]:

The British masonry code, in which this equation first appeared, stipulates a maximum usable

masonry strain of 0.0035, a maximum tendon stress of 0.7fpu, and values for α and β of 0.5 and

1 respectively. Substituting Eqns 8.5 and 8.6 into Eqn 8.4 and assuming a value of 200 GPa for

Eps yields:

The equations provided in the Australian and Canadian masonry codes are given in Eqns 8.8

and 8.9 respectively.
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where the variable np represents the number of plastic hinges required to develop the failure

mechanism in the span under consideration. It is observed that the Australian code equation is

nearly identical to that in the British code, with the only difference being the 0.7 coefficient,

which is a result of differing values for α and β. The Canadian code equation is seen to be

similar to Eqn 8.3, where θ is assumed to equal 0.04 and allowance is made for situations where

more than one gap may open.

The 2005 edition of MSJC provides updated expressions for the tendon stress at nominal

strength. Equations for walls with both restrained and unrestrained tendons are provided.

During in-plane loading of a cantilever wall the critical section is at the wall base near the

bottom anchorage and therefore tendon migration will be negligible. Consequently, only the

MSJC equation for restrained tendons is considered and is presented as Eqn 8.10. This equation

was the result of research conducted by Bean and Schultz [8-14] and involved compiling a data-

base of 7 experimental studies, consisting of 54 wall specimens, that investigated the out-of-

plane flexural response of post-tensioned masonry walls.

8.3.2  Investigation of equation accuracy

For each tendon in each wall the MSJC (Eqn 8.10), NZS 4230 (Eqn 8.1) and BS 5628 (Eqn 8.7)

equations were used to calculate the tendon stress, which was compared with that found in the

finite element model at the corresponding masonry strains, being 0.0025, 0.003 and 0.0035 for

MSJC, NZS 4230 and BS 5628 respectively. The results are presented in Fig. 8.3(a) through (c)

and Fig. 8.4(a) through (c), where Fig. 8.3 shows the tendon stress increase ∆fps beyond the

initial effective stress fse, while Fig. 8.4 shows the total tendon stress fps at nominal strength.

The solid line shown on all graphs represents a perfect correlation. Comparing Figs 8.3 and 8.4,

it is apparent that there is greater scatter present in the data shown in Fig. 8.3. As ∆fps is typi-
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cally small when compared with fps, plotting fps minimises the influence of ∆fps and therefore

Fig. 8.3 is more representative of the accuracy of a given equation.

Fig. 8.3(a) shows that the MSJC equation overestimates the tendon stress in all cases, with the

majority being by a significant margin. This error carries through to Fig. 8.4(a), and it is

apparent that in many cases the equation predicts tendon yield, demonstrated by the lumping of

data points at stresses of 920 MPa, 970 MPa and 1810 MPa, being the yield stress of the three

tendon types considered. The current MSJC equation for predicting tendon stress is clearly inap-

propriate for in-plane wall loading.

(a) MSJC (b) NZS 4230

(c) BS 5628

Figure 8.3:  Tendon stress increase : comparison between code equation and model
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Fig. 8.3(b) shows that the NZS 4230 equation overestimates ∆fps for most walls investigated,

which results in an overestimation of fps. Considering that this equation was developed from

and verified against prestressed beam test data, it appears to work with reasonable accuracy for

in-plane walls.

Fig. 8.3(c) shows that there is a level of scatter present in the data obtained using BS 5628,

particularly for higher values of ∆fps, though on average the correlation is acceptable. When fps

is considered, the equation is shown to perform particularly well.

(a) MSJC (b) NZS 4230

(c) BS 5628

Figure 8.4:  Total tendon stress : comparison between code equation and model
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8.3.3  Discussion of code equations

Derivation of the British code equation, and consequently the Australian and MSJC equations

also, highlights several short-comings when considered in terms of in-plane wall loading. In-

plane shear walls are generally expected to carry additional axial load from supported roof and

floors and therefore this and the wall’s self-weight should be included when calculating the

neutral axis depth. As the tendons are unbonded over their entire length, the tendon stress

increase at nominal strength is expected to be small compared with the initial prestress and

considerably less than tendon yield. It would therefore be more accurate to assume a value of fse

when calculating the neutral axis depth, instead of fpu as currently recommended by the codes. 

For loading in the out-of-plane direction, all tendons would generally be located at the same

distance d from the extreme masonry compression fibre. However for in-plane loading multiple

tendons would be distributed along the wall length. It is conceivable that tendons could be

located within the compression zone and therefore the stress in these tendons would not increase

as the wall rocked.

When calculating the moment strength of walls with multiple distributed tendons it is necessary

to determine the stress in each tendon individually, because the use of an average tendon force

and tendon location leads to errors. This is demonstrated in the following example.

Assume a wall has a length of 3000 mm and a thickness of 140 mm, with two tendons located

400 mm either side of the wall centre line. Each tendon has an effective prestress force of

100 kN and it is assumed that the force increase due to lateral wall loading is 40 kN and 20 kN

for the two tendons respectively. If it is assumed that there is no additional axial load, that the

masonry crushing stress is 18 MPa and that α = 0.85, a rectangular stress block depth of

121 mm is found. If the wall moment strength is calculated using the individual tendon forces

and locations, the following strength is obtained:

Alternatively, using the total tendon force and average location yields the following result:

mkNM n .3.382
2
121.0100.1120

2
121.0900.1140 =






 −×+






 −×=

( ) mkNM n .3.374
2
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This example demonstrates that the two approaches yield differing values and that for multiple

tendons the tendon stress needs to be calculated at each location. Therefore, d should equal the

distance from the extreme compression fibre to the centroid of each prestressing tendon located

outside of the compression zone, and should be substituted with di denoting the distance to the

ith tendon. It is noted that the technique of using an average value for d in reinforced concrete is

appropriate because the reinforcement has typically exceeded its yield strength, and therefore

the stress in all reinforcement is constant.

In the derivation of the BS 5628 equation, θ was assumed to equal the value of the masonry

strain εmu. This implies that all walls will have the same rotation at the nominal limit state,

regardless of their aspect or axial force ratios. To investigate the validity of this assumption,

rotation of the wall base was obtained from the finite element model for all walls listed in Table

8.1. The resulting rotation has been plotted against dimensionless aspect ratio and axial force

ratio ξ, and is presented in Fig. 8.5. It is clearly apparent that θ is not constant, but instead

related to the wall height and length, the masonry stress and the masonry crushing strength. The

horizontal broken line indicates a constant rotation of 0.0035 as assumed by the British code,

and it is observed that this provides a reasonable estimation for some walls. However, for low

aspect and axial force ratios, this assumption leads to significant errors. The rotation and tendon

stress for walls 6 and 9 are depicted as a solid circle and square respectively in Figs 8.3(c),

8.4(c) and 8.5. Wall 6 had a low level of initial prestress resulting in a low axial force ratio of

0.021, whereas wall 9 had a low aspect ratio of 0.87. It is apparent that the British code equation

(a) Rotation vs aspect ratio (b) Rotation vs axial force ratio

Figure 8.5:  Investigation of BS 5628 constant rotation assumption
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underestimates rotation and consequently tendon stress when the axial force ratio is low, and

overestimates rotation and tendon stress for walls with a low aspect ratio.

It has been demonstrated that wall rotation at the nominal limit state is not constant for all wall

designs and is instead related to aspect ratio and axial force ratio. However, it is also known that

tendon elongation is not simply equal to the uplift at the wall base as assumed in the British

code equation derivation, but rather equal to the elongation between tendon anchorages. There-

fore the deformation of the wall top is of interest. Consider Fig. 8.6 which shows the vertical

deformation recorded every 400 mm up the wall height, obtained for wall 11 of the parametric

matrix. This snapshot of wall deformations was captured at a critical strain at the wall base of

0.003 and is indicative of the deformation profile for PCM walls. This figure shows that the

rotation of the wall top is greater than that at the wall base, which is a result of the additional

shortening of the compression wall end due to flexural deformation. It is also observed that the

point of zero vertical deformation at the wall top and hence zero tendon stress increase (at

approximately 1420 mm in Fig. 8.6), is considerably further along the wall length than the

neutral axis (at approximately 1940 mm in Fig. 8.6). Consequently an expression describing the

deformation of the wall top is required. However, current expressions for estimating this profile

are not in an appropriate form for code use as discussed previously.

8.3.4  Development of new tendon stress equation

Given that a data set containing the response of a wide selection of PCM wall designs has been

developed, it was determined that fitting an equation to the data was the most appropriate

Figure 8.6:  Vertical deformation profile up wall height

0 400 800 1200 1600 2000 2400
-6

-4

-2

0

2

4

6

8

Wall top

Wall base

Location along Wall Length (mm)

V
er

tic
al

 D
is

pl
ac

em
en

t (
m

m
)



    8.3 Predicting Tendon Stress

- 153 -

method in which to obtain an expression for tendon stress increase in a form suitable for code

adoption. Although it has been shown that the rotation at the wall base is less than that at the

wall top, the wall base rotation does provide a reasonable initial approximation. Fig. 8.7 shows

the rotation data presented previously in Fig. 8.5, but in this case the rotation is divided by

aspect ratio and plotted against the inverse axial stress ratio. This results in a linear fit with

reasonable correlation. Therefore, substituting Eqn 8.5 into Eqn 8.3 and approximating θ as

equal to the aspect ratio divided by the axial force ratio, yields the following equation for tendon

stress at the nominal limit.

where fm is the initial stress in the masonry from effective prestress and axial load and can be

calculated using:

In the above equation, N is the additional axial load from wall self-weight and dead and live

load from supported floors. Referring to Eqn 8.11, it is seen that the steel modulus has been left

as a variable to accommodation other tendon material types such as carbon fibre which has been

used previously to prestress masonry [8-15], and the distance between the extreme compression

fibre and centre of each tendon is now defined as di. The stress block parameters, α and β, have

also been left as variables, and the masonry strain εmu has been included to enable easy adoption

by various masonry codes. It has been assumed that tendon stress varies linearly with masonry

(8.11)

(8.12)

Figure 8.7:  Relationship between rotation, aspect ratio and axial force ratio
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strain, which is not the case, but the resulting error is likely to be minimal over the range of

interest, being 0.0025 (MSJC) to 0.0035 (BS 5628). The coefficient (1/30) is simply that

required to provide the best match with test data.

The validation of Eqn 8.11 against the data obtained from the parametric study is shown in Figs

8.8 and 8.9 where both MSJC parameters (εmu = 0.0025, α = 0.8, β = 0.8) and NZS 4230 param-

eters (εmu = 0.0030, α = 0.85, β = 0.85) were used. Comparing the results when using Eqns 8.7

and 8.11 (Figs 8.3(c) and 8.8 respectively) it is observed that Eqn 8.11 provides improved esti-

mation of tendon stress increase for a greater range of wall aspect and axial force ratios. This

results in an excellent match when total tendon stress is considered, shown in Fig 8.9.

(a) Proposed equation (MSJC) (b) Proposed equation (NZS 4230)

Figure 8.8:  Tendon stress increase : comparison between proposed equation and model

(a) Proposed equation (MSJC) (b) Proposed equation (NZS 4230)

Figure 8.9:  Total tendon stress : comparison between proposed equation and model
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Comparing Figs 8.8(a) and (b), it is apparent that Eqn 8.11 can be customised using different

code prescribed parameters while retaining accuracy.

8.3.5  Recommendations

Although the BS 5628 equation provides estimates with sufficient accuracy for some wall

designs, the proposed equation (Eqn 8.11) provides greater flexibility due to the increased

number of variables and improved accuracy over a greater range of wall designs. The equation

is not code specific and can therefore be adopted by any masonry code, and also concrete codes,

for predicting the tendon stress in unbonded post-tensioned walls. Leaving Eps as a variable

enables the stress in non-steel tendons to be calculated. Inclusion of the dead and live load vari-

able N in the equation provides greater accuracy for walls with large axial loads. The substitu-

tion of fse for fpu also provides greater accuracy. A study on the effect of using fps and iterating,

being the most correct approach, was conducted on the walls in the test matrix and it was found

that the error was less than 1%, suggesting that the additional effort was not warranted and that

use of fse is acceptable. Denoting the distance from the extreme compression fibre to the centre

of each tendon as di highlights the need to calculate the stress in each tendon individually.

For walls containing mild reinforcement in addition to the prestressing reinforcement, the force

Asfy (As = mild reinforcing steel area, fy = mild reinforcing steel yield stress) should also be

included when calculating the neutral axis depth. In this situation, consideration should be given

to whether the mild steel is yielding at the nominal limit state. For walls with bonded mild rein-

forcement this would generally be the case. However when bars remain unbonded over a certain

length, it is possible that they will not reach the yield strength when the masonry reaches the

nominal strain limit. In this situation Eqn 8.11 could be used to calculate the stress in the bar,

where fse is most likely zero and the properties of the mild steel are used in place of the

prestressing tendon properties.

For a specific code, Eqn 8.11 can be further simplified by substituting values for α, β and εmu.

The following simplified equation is obtained for NZS 4230.
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8.3.6  Comparison between lateral wall strength prediction and test data

Walls L2 and D2 are investigated here to demonstrate the use of Eqn 8.11 for calculating wall

lateral strength. Wall L2 was tested by Laursen [8-2] and introduced in section 7.2.2, having an

aspect ratio of 1.44 and an axial force ratio of 0.092. Wall D2 was tested on a shake table and

had an aspect ratio of 2.40 and an axial load ratio of 0.040. Fig. 8.10 shows a comparison

between the force-displacement response obtained during testing and the predicted base shear at

nominal wall strength Vf, found using Eqn 8.11 and then applying simple moment equilibrium.

The solid circle depicted on the figures indicates the force-displacement point obtained from the

finite element model described in section 7.2, corresponding to a masonry strain of 0.003 at the

critical section. Fig. 8.10 demonstrates that both walls exhibited wall strength beyond nominal

strength, as expected due to the additional increase in tendon stress as the wall continued to

rotate. An excellent correlation between the predicted wall base shear and that obtained from the

model is shown for both walls, providing further validation of equation accuracy.

8.4  PREDICTING DISPLACEMENT

Prediction of PCM wall response requires knowledge of the lateral displacement at nominal

strength. Common design methods typically require a check of structural displacements at some

point in the design procedure, with the displacement at nominal strength being of particular

interest. It is assumed that the base crack has fully developed at this limit state and therefore

wall displacements are comprised of components due to rocking, flexure, shear and sliding.

(a) Wall L2 (b) Wall D2

Figure 8.10:  Predicted wall strength using Eqn 8.11 (NZS 4230 parameters)
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Shear deformation would typically be a very small component at this limit state, particularly for

taller walls. The sliding component has been seen to be significant during structural testing of

some PCM walls [8-16], but can be minimised by ensuring adequate roughing of the foundation

prior to laying the first masonry course. As sliding was not included in the finite element model,

it will not be considered further.

Fig. 8.11(a) demonstrates that rocking is the predominant component of wall displacement at

the nominal limit state for all walls in the finite element model matrix. Wall displacement due to

rocking dn,ro was found by identifying the rotation recorded at the wall base at an extreme

masonry strain of 0.003 and then multiplying by the wall height, thereby assuming rigid body

rocking about the neutral axis location at the wall base. dn represents the total recorded displace-

ment at nominal wall strength. Recalling that the taller walls in the study are those with larger

wall numbers in Fig. 8.11, it is observed that as the wall height increases, the component of wall

displacement due to rocking becomes smaller. However, the figure shows that rocking accounts

for at least 72% of total deformation for all walls studied. Fig. 8.11(b) shows the result when a

component due to flexure is included. This displacement, dn,fl, is assumed to be that prior to

wall uplift and can be calculated using Eqn 8.14, which was derived through simple integration

of wall curvature. The figure shows that rocking and flexure components make up at least 89%

of the total wall displacement for all wall designs considered.

(8.14)

(a) Displacement due to rocking (b) Displacement due to rocking and flexure

Figure 8.11:  Components of wall displacement
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Laursen [8-2] previously developed Eqn 8.15 for predicting wall displacement at the nominal

strength limit for unconfined masonry. The displacement was approximated by components due

to flexure dn,fl and shear dn,sh.

where

and Poisson's ratio may be taken as ν = 0.2.

This expression was developed using numerical integration and curve fitting, and is thus of an

approximate nature and is valid for axial load ratios ξn of 0.05 to 0.25. The extreme fibre strain

was taken as εmu = 0.003 for unconfined concrete masonry.

Fig. 8.12 shows the result when Eqn 8.15 is plotted as a ratio of recorded wall displacement for

all walls in the FEM matrix. It is observed that although this expression predicts displacements

with reasonable accuracy for tall walls (he = 13 m, walls 19 through 25), it grossly underesti-

mates displacements for shorter walls (he = 2.6 m, walls 1 through 9). Underestimating wall

displacements is of course non-conservative when considering displacements as a check of

structural stiffness.

(8.15)

(8.16)

Figure 8.12:  Validation of Laursen’s expression for displacement at nominal limit state
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There is a clear need for an appropriate expression for estimating wall displacements at the

nominal limit state that can be applied to a wide variety of wall designs. Given that wall

displacements are predominantly comprised of components due to rocking and flexure, this

leads to the requirement for an expression for θ at the wall base. It was shown previously in Fig.

8.7 that θ is related to aspect ratio and axial force ratio. Considering initially the value for θ used

in the derivation of Eqn 8.11, wall displacement at nominal strength can be written as:

where dn,ro is the displacement due to rocking. The performance of this equation is presented in

Fig. 8.13, which shows that although accurate prediction is obtained for taller walls (walls 19

through 25), the displacement of most walls is underestimated by a considerable margin. It

appears that the scatter present in Fig. 8.7 is amplified in the calculation of wall displacements.

Improved curve fitting of the displacement data yielded the simple expression for wall displace-

ment at the nominal limit state, presented as Eqn 8.18. It is observed that this equation approxi-

mates total displacement, which has been shown to be comprised of components due to both

rocking and flexure. The masonry strain variable has been included to provide easy adoption by

various masonry codes. However, it is noted that wall displacements do not vary linearly with

masonry strain and therefore this expression is only valid for strains between 0.0025 and

0.0035.

(8.17)

(8.18)

Figure 8.13:  Validation of Eqn 8.17
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The validation of Eqn 8.18 is shown in Fig. 8.14 and presented for masonry strains of 0.0025

through 0.0035. The solid circle represents the displacement of wall 6, which had a low axial

force ratio of 0.02. With the exception of wall 6, wall displacement was estimated with accept-

able accuracy for all three masonry strains. Eqn 8.18 appears to overestimate displacements for

the 13 m high walls (depicted with solid squares in Fig. 8.14) at a masonry strain of 0.0035, by

up to 29%. However, as the displacements were overestimated therefore providing a conserva-

tive result, the equation accuracy can be considered satisfactory.

Fig. 8.14 demonstrates that Eqn 8.18 is only accurate over a certain range of axial force ratios,

as demonstrated by the relatively poor estimation of displacement for wall 6. Prudence is there-

fore required when applying this expression to walls with axial force ratios less than 0.030 or

(a) εmu = 0.0025 (b) εmu = 0.0030

(c) εmu = 0.0035

Figure 8.14:  Prediction of wall displacement at nominal limit state
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greater than 0.220. However, it is noted that most PCM wall designs are contained within the

range investigated here and therefore this is a suitable expression for predicting displacement at

nominal wall strength.

8.5  PREDICTING PCM WALL RESPONSE

This section presents a brief summary of the procedure for predicting PCM wall response and

concludes by comparing the obtained results with the force-displacement curves obtained from

the finite element modelling of six walls in the parametric study. Equations for predicting wall

response at the first cracking and serviceability limit states were derived previously by Laursen

[8-2], with only the final expressions presented here.

First cracking

The base shear Vcr corresponding to the moment at first cracking Mcr may be evaluated by Eqn

8.19. The displacement of the wall top dcr at Vcr is based on the elastic properties of the

masonry wall and consists of components due to flexure dcr,fl and shear dcr,sh deformations.

where Poisson's ratio may be taken as ν = 0.2.

Serviceability

The serviceability limit state is defined as the point when the stress in the extreme masonry fibre

reaches kf'm. The horizontal base crack has typically begun to form at this limit state, and can be

described by the non-dimensional crack length γe, as illustrated in Fig. 8.15. Using simple

moment equilibrium, the base shear Ve corresponding to maximum serviceability moment Me

can be calculated as:

(8.19)

(8.20)

(8.21)
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Research by Ingham and Avery [8-8] and subsequently Laursen [8-2] showed that the service-

ability limit displacement is a function of base crack length, which in turn is a function of the

masonry stress kf'm. It was shown that the displacement due to base crack opening (rocking) and

flexure could be found through double integration of curvature up the wall height with the

following result.

where hcr and φcr are the first cracking height and first cracking wall curvature respectively, as

shown in Fig. 8.16, and can be determined using Eqns 8.23 and 8.24.

Figure 8.15:  Serviceability limit state
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Figure 8.16:  Curvature distribution at maximum serviceability moment
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The total displacement de of the wall top can be approximated using Eqn 8.25, where it is

assumed that k = 0.55 (NZS 3101), and de,fl and de,sh represent the flexural and shear deforma-

tions respectively at the serviceability limit state. Eqn 8.25 is valid over an axial force ratio

range of 0.05 to 0.25.

Nominal strength

The base shear at the nominal strength limit state Vf is evaluated by simple moment equilibrium

as shown in Eqn 8.26, where the stress in each tendon fps,i is found using Eqn 8.11.

In the above equation, 'a' is the length of the equivalent compression stress block given by:

and Aps,i is the area of the ith tendon. Wall displacement at this limit state is estimated using Eqn

8.18.

Beyond nominal strength

Beyond nominal strength the wall is assumed to continue rotating with plastic hinges forming in

the wall corners. Using the rigid body model shown in Fig. 8.2, the increase in tendon stress in

each tendon due to displacements beyond the nominal limit state fpsbn,i can be found using:

where dbn is any displacement greater than dn. The corresponding base shear at this displace-

ment is found by substituting fpsbn,i into Eqns 8.26 and 8.27 in place of fps,i. As the wall

displaces beyond nominal strength, wall strength will continue to increase until all tendons have

reached their yield point.

(8.24)

(8.25)

(8.26)

(8.27)

(8.28)
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The ultimate displacement capacity of a PCM wall is limited by both the strain capacity of the

tendons and the crushing strain capacity of the masonry. The ultimate strain capacity of high

tensile tendons is of the order of 5%, which would require unrealistically large lateral wall

displacements for tendon rupture to govern. Consequently, crushing of the masonry will deter-

mine the ultimate displacement capacity for most wall designs. Laursen [8-2] provides a

detailed discussion on the maximum reliable masonry strains obtainable in PCM walls,

supported by structural test results.

8.5.1  Validation of PCM response prediction method

The response of six walls from the FEM matrix was predicted using the above mentioned proce-

dure and equations, with the results compared against those obtained from the model as illus-

trated in Fig. 8.17. The FEM was used for comparison since it was shown in section 7.2.2 to

accurately describe the experimental data. The six walls chosen represent the range of aspect

ratios from 0.87 to 4.33 and axial force ratios between 0.031 and 0.222. It can be observed that

the prediction procedure gives an overall excellent estimation of PCM wall response. For all

walls, the initial stiffness is accurately captured, as would be expected as the equations at first

cracking were derived from simple elastic analysis. At the nominal limit state (comparing the

circle and square markers) wall response was captured with acceptable accuracy in terms of

both force and displacement, with only wall 1 showing a relatively large overestimation of wall

strength, which equalled 14% and is therefore considered acceptable.

Wall response between first cracking and nominal strength, as the horizontal crack forms and

lengthens along the wall base, was also accurately predicted. The three diamonds shown for

each wall in Fig. 8.17 depict the serviceability limit states corresponding to k values of 0.55,

0.70 and 0.85. It is recognised that the masonry stress-strain relationship is not linear beyond a

stress level of approximately 0.67f'm. However, assuming a linear relationship does not appear

to have greatly influenced the prediction of overall wall response. It is also noted that designers

would be most interested in wall response corresponding to k = 0.55, as the resulting masonry

stress defines the serviceability limit state as stipulated in NZS 4230.

Beyond nominal strength the prediction model continued to provide an accurate estimation of

response. Observing the FEM response in Fig. 8.17(c) demonstrates tendon yielding at a

displacement of approximately 7.5 mm, represented by flattening of the response curve. This
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(a) Wall 1 (b) Wall 5

(c) Wall 9 (d) Wall 12

(e) Wall 18 (f) Wall 23

Figure 8.17:  Comparison between predicted wall response and FEM result
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was also predicted, occurring at a slightly greater displacement. The deviation of the two

response curves shown in Figs 8.17(b) and (f) is the result of large masonry strains leading to a

migration of the neutral axis and subsequent reduction in wall strength. Masonry degradation is

not currently considered in this simple prediction model.

8.6  FUTURE RESEARCH

As was discussed in chapter 7, the inherent nature of masonry presents difficulties when

attempting to capture strains over the critical wall section during structural testing. Softening

and crushing of the base mortar joint led to inflated strain recordings for the walls tested in the

current study. To validate Eqns 8.11 and 8.18 through structural testing, it is suggested that a

wall specimen be designed specifically for monitoring strains in the lower wall corners while

capturing tendon stress and wall displacements. The use of concrete instead of masonry would

eliminate the influence of the mortar joints.

8.7  CONCLUSIONS

This chapter presents a simple set of equations for predicting the response of post-tensioned

concrete masonry walls. Equation accuracy was measured against the results from finite

element modelling of post-tensioned rocking walls, following validation of the model against

pseudo-static and dynamic test data.

The equations provided in three leading masonry codes for calculating stress in unbonded

tendons at the nominal strength limit state were investigated to determine their accuracy for

post-tensioned masonry walls loaded in-plane. 

The equation provided in MSJC resulted from correlation against a large data set of out-of-plane

wall tests and was shown to provide poor results when the wall was loaded in-plane.

The equation in the New Zealand masonry code originated from testing of unbonded prestressed

beams and although the resulting correlation was surprisingly accurate, tendon stress was over-

estimated in almost all cases.
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The British masonry code best predicted the tendon stress, but was found to be less accurate for

low wall aspect ratios and axial force ratios.

A new equation was proposed, recognising that aspect and axial force ratios influence the value

of tendon stress increase. This equation provides greater flexibility through the increased

number of variables included, and was shown to provide excellent estimation of tendon stress

across a wide range of wall designs. This equation can be adopted by any masonry code.

A simple expression is presented for estimating wall displacement at the nominal strength limit

and is shown to provide acceptable accuracy for masonry strains of 0.0025 to 0.0035, and for

walls having axial force ratios between 0.031 and 0.222.

Using the presented equations, the complete in-plane force-displacement response of six PCM

walls was predicted and compared with that obtained from the finite element model. An excel-

lent correlation of overall response was obtained.

Although this chapter focused on the development of equations for post-tensioned masonry

walls, the recommended equations could be applied to post-tensioned concrete walls.
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Chapter 9

DISPLACEMENT BASED DESIGN

This chapter presents a displacement based design procedure for post-tensioned masonry walls.

It has become widely accepted that structural damage is related to material strains, which can be

related to structural displacements, and that non-structural damage of buildings is related to

drifts. Current force based design methods that are widely used in New Zealand typically check

structural displacements after determining the seismic forces, whereas a number of more

recently developed performance based procedures define target material strains and displace-

ments at the outset and subsequently the structure is designed to achieve these limits.

This chapter is a slight deviation from the general scope of the current study as it is unlikely that

a displacement based design procedure would be used to design a residential structure in New

Zealand in the foreseeable future. This is because the relevant design codes have not yet adopted

displacement based design, and because of the current lack of understanding by the design

community. Chapter 11 describes the design of New Zealand's first PCM house, which uses the

widely accepted bracing approach outlined in NZS 4229 and commonly used in the design of

reinforced masonry houses. This is the most appropriate method currently for designing residen-

tial PCM structures in New Zealand. However, displacement based design lends itself well to

post-tensioned walls and is therefore investigated in this chapter. It is suggested that the

following design method will most likely be applied to multi-storey structures with tall post-

tensioned masonry shear walls. Although this method applies equally for post-tensioned

concrete walls, only masonry walls are considered herein due to the nature of the current study.
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This chapter describes a design procedure for post-tensioned masonry walls, based on the direct

displacement based design (DDBD) method proposed initially by Priestley [9-1]. DDBD is one

of a number of performance based design procedures that have been proposed by researchers.

Sullivan et al. [9-2] recently designed five different buildings, using eight different displace-

ment based design methods, and compared the results with those found from time-history anal-

yses. The five case studies included wall and frame buildings with both regular and irregular

layouts. The following design procedures were considered:

Sullivan et al. outlined the strengths and limitations of each method. It was concluded that for

regular structures, the DDBD method is relatively fast, provides the most complete set of

recommendations and gave good performance. Both the Inelastic Spectra and Yield Point

Spectra methods provided good results for regular structures, with the later relying on an accu-

rate estimate of the yield displacement. All three methods provided acceptable results when

applied to the irregular buildings considered in the study, though the authors note that the study

scope was limited for this structural form.

The Capacity Spectrum method and the Advanced Analytical Techniques method were found to

be better suited to irregular structural forms. The SEAOC method performed relatively well and

provided cost effective design. Both of the initial stiffness methods were found to provide a

relatively simple means of obtaining a design solution for frame structures, though the authors

recommended that cracked section properties are used to give a safe and cost effective solution.

The DDBD design procedure was chosen for the current study, given the results from the study

by Sullivan et al. that demonstrated how DDBD provided good performance when used to

design a range of structures, and because DDBD is believed to be the most developed of all

performance based design methods. Although a brief background of the method is provided,

Initial Stiffness Deformation Control Panagiotakos and Fardis [9-3]
Initial Stiffness Iterative Proportioning Browning [9-4]
Yield Point Spectra Aschheim and Black [9-5]
Inelastic Spectra Chopra and Goel [9-6]
Capacity Spectrum Freeman [9-7]
SEAOC 'Method A' SEAOC [9-8]
Direct Displacement Based Design (DDBD) Priestley and Kowalsky [9-9]
Advanced Analytical Techniques using time-history analyses Kappos and Manafpour [9-10]
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this chapter focuses on advancement of the method to include post-tensioned masonry walls,

rather than investigating the fundamentals of the approach. The results from the DDBD method

are compared with data obtained during the shake table testing of rectangular walls and the

chapter concludes by demonstrating how this method can be used to design a post-tensioned

masonry wall.

9.1  DIRECT DISPLACEMENT BASED DESIGN

The direct displacement based design procedure was developed with the aim of providing a

greater emphasis on displacements throughout all design stages. Using this method, a structure

is designed to achieve a predefined level of lateral displacement when subjected to a predefined

level of seismic intensity. DDBD utilizes the concept of an equivalent linear system (ELS)

defined by an equivalent damping and equivalent stiffness to represent the response of a non-

linear system. This concept is based on the substitute structure approach pioneered by Gulkan

and Sozen [9-11]. Development of the DDBD procedure began in the early 1990's and is

believed to be the most fully developed of a number of displacement based design methods. The

DDBD procedure was initially proposed for single degree of freedom reinforced concrete

columns [9-12], and was subsequently expanded to include multi-storey building frames [9-9],

multi-span bridge structures [9-13], and reinforced concrete structural walls [9-14]. The basic

steps of the DDBD approach as applied to a structural system are:

Step 1: Selection of target displacement

A target displacement is selected based on material strain damage criteria or directly by code

defined drift limits. The yield displacement of the structure dy is obtained using equations

developed previously for a range of reinforced concrete sections. Knowing the target and yield

displacements enables the design ductility to be determined.

In the case of a multi-degree of freedom structure, target and yield displacement profiles will be

obtained. The structure is represented by a SDOF oscillator as illustrated in Fig. 9.1(a), using

pre-established methods [9-15]. The SDOF representation has a target displacement dT and an

expected level of ductility µ.
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Step 2: Selection of seismic demand

The seismic demand for DDBD may be expressed as a displacement response spectra (DRS)

generated for several levels of damping, as illustrated in Fig. 9.1(b). Although displacement

response spectra from real earthquake records have been used for validation studies of DDBD,

design is likely to proceed through the use of simplified and smoothed code-based design

spectra. Most loading codes do not currently prescribe displacement spectral ordinates directly,

thus requiring the designer to obtain DRS from mapped acceleration response spectra (ARS).

Conversion of a 5% damped ARS to the corresponding 5% damped DRS is accomplished using

Eqn 9.1, where Sa5% and Sd5% represent the acceleration and displacement respectively at 5%

damping for period T. The DRS for levels of equivalent damping ξeq greater than 5% can then

be obtained by multiplying the 5% damped curve by Eqn 9.2 [9-16], which has been shown to

be accurate for a variety of ground motion records.

Figure 9.1:  The direct displacement based design method
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Step 3: Calculation of structure effective period

Once the target displacement is selected in step 1, and the demand established in step 2, the

effective period at maximum response is obtained as shown in Fig. 9.1(b). The designer enters

the DRS with the value for the target displacement dT and reads across to the appropriate

response curve and down to determine the effective period Teff. The response curve that is

selected is a function of the level of equivalent viscous damping for the system under consider-

ation. Expressions for equivalent viscous damping include components due to hysteretic and

viscous damping and can be defined as a function of ductility for different materials and

systems. Fig. 9.1(c) illustrates some typical relationships between hysteretic damping and

ductility [9-17].

Step 4: Calculation of design base shear

Once the effective period of the substitute structure is obtained in step 3, the effective stiffness

Keff is readily obtained using Eqn 9.3. The effective stiffness of the substitute structure is

defined as the secant stiffness to maximum response, as shown in Fig. 9.1(d). The design base

shear force Vb at the design limit state is then obtained by multiplying the effective stiffness by

the target displacement (Eqn 9.4 and Fig. 9.1(d)).

Step 5: Structural analysis and design

With the design base shear force known, structural analysis is conducted to determine the

required strength of the structural members. These members are then proportioned accordingly

to resist the seismic demands in terms of strength and deformation, and capacity design princi-

ples are applied to ensure that plastic hinges occur in the structure where intended.
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Simplified design expression for DDBD

The steps described previously can be combined to form the following expression for the design

base shear force, where the variables dc and Tc represent the corner point spectral displacement

(at 5% damping) and period respectively as shown in Fig. 9.1(b).

The corner point period has been shown to be a function of moment intensity and distance to the

seismic source [9-18]. In the US, the corner point period ranges from 4 to 16 seconds [9-19],

and is based on an expression that accounts for moment magnitude. Once the corner point

period is established, the corner point displacement can be obtained directly from the mapped

spectral acceleration using Eqn 9.1. Using the acceleration spectra provided in the New Zealand

loadings code NZS 1170.5 [9-20], the corner point displacement is found as:

where Ch(T) is the basic acceleration spectral shape, Z, R, and N(T,D) are the hazard, return

period and near fault factors respectively, and g is the acceleration due to gravity.

9.1.1  Determining target displacements for post-tensioned walls

In the case of masonry walls with unbonded post-tensioning, target displacements may be estab-

lished based on three criteria: (1) masonry compression strain, (2) post-tensioning tendon strain,

or (3) directly by a specified in-plane lateral drift ratio. Drift ratios are generally code specified

and protect against non-structural damage, such as to building services, and against potential

impacting of adjacent structures.

The relationship between masonry compression strain at the wall base and wall displacement is

complicated by the opening of the horizontal base crack and the non-linear relationship between

tendon and masonry strains. A detailed discussion is presented in chapter 8, along with the pres-

entation of an expression for estimating wall displacements for a given masonry strain. This

expression is presented again as Eqn 9.7 for completeness. It is recalled that Eqn 9.7 was

derived from curve fitting data obtained from the finite element modelling of a variety of PCM

wall designs. This expression is therefore only an approximation of wall displacement, but has

been shown to provide reasonable accuracy over the range of masonry strains from 0.0025 to
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0.0035 for walls having aspect ratios of 0.87 to 4.3 and axial force ratios of 0.03 to 0.22.

Prudence is required when applying Eqn 9.7 to wall designs outside this range. The use of this

equation for estimating wall displacements is recommended until a more refined equation is

developed through structural testing.

The strain in unbonded post-tensioning tendons at a given level of in-plane lateral wall displace-

ment is comprised of components due to the initial effective prestress after losses εpi and tendon

elongation due to wall rocking εrock. It was shown in chapter 8 that the deformed profile of a

post-tensioned masonry wall may be approximated by a rigid block rotating about the neutral

axis at the wall base, as shown originally in Fig. 8.2 and redrawn in Fig. 9.2. It was explained

that the tendon stress and hence strain increase is a function of the wall top, which has a greater

rotation than the wall base due to flexural deformation. However, it was also shown that the

predominant component of deformation for post-tensioned masonry walls is rocking. Consid-

ering Fig. 9.2, for a small wall top displacement dT and hence small wall rotation, the elongation

of the ith tendon due to wall rocking ∆i, can be related to the wall top displacement by Eqn 9.8.

In this equation, c represents the neutral axis depth and di the distance between the extreme

(9.7)

Figure 9.2:  Tendon elongation due to wall rocking displacement
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masonry compression fibre and the ith tendon. Elongation of the tendon can also be defined by

Eqn 9.9 where lp represents the unbonded length of prestressing tendon.

By substituting Eqn 9.9 into Eqn 9.8, the following expression can be derived, which relates the

total tendon strain εps to the wall rotation dT/he.

The accuracy of Eqn 9.10 for predicting tendon strain for a given wall rotation is illustrated in

Fig. 9.3. Using the data obtained from the finite element modelling (FEM) of the twenty five

wall designs listed in Table 8.1, the ratio between the estimated tendon strain found using Eqn

9.10 and that recorded in the FEM is plotted against wall rotation (drift) in Fig. 9.3(a), for the

tendon located furthest from the compression edge of all walls. It is observed that Eqn 9.10

overestimates tendon strain for all walls, which is a result of assuming rigid body rocking and

ignoring the influence of flexural deformations that increase shortening along the compression

wall edge and hence reduce tendon strain. However, it is shown that the estimation of tendon

strains is within 10% over the range of wall rotations, which is considered an acceptable level of

accuracy for this design procedure.

(9.8)

(9.9)

(9.10)

(a) FEM results (b) Shake table test results

Figure 9.3:  Validation of Eqn 9.10
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Eqn 9.10 was further validated against test data obtained during the dynamic testing of wall D2,

which was reported in chapter 5. Fig. 9.3(b) shows tendon force (ApsEpsεps) plotted against wall

drift recorded during wall testing. The broken horizontal line indicates the level of initial

prestress. It is observed that as the wall rotates, there is a corresponding increase in tendon

force. The result when Eqn 9.10 is applied is also shown in the figure, and demonstrates that a

reasonable prediction of tendon force was obtained for a given wall rotation. The equation is

again seen to overestimate tendon strain, which is a result of not considering flexural deforma-

tion and the additional wall shortening resulting from the slight softening of the base mortar

joint and wall toe regions during testing.

Further examination of Eqn 9.10 highlights several points that should be considered when

designing post-tensioned masonry walls. For walls with multiple tendons, the critical tendon

will be that positioned the furthest from the compression zone, providing the largest value of di

and hence the limiting value of dT for a given maximum tendon strain. Following the same

logic, if all other variables are kept constant, the largest wall displacement achievable for a

given tendon strain will be obtained by minimising di, thereby locating the tendon at the wall

centre. By reducing the level of initial pre-strain and hence increasing the level of rocking

strain, the wall drift that can be accommodated prior to yielding of the prestressing steel

increases. Further discussion on the selection of the initial prestress level is presented subse-

quently. As the wall height increases, the tendon strain due to rocking reduces for a given wall

displacement. Similarly, by increasing the unbonded tendon length, tendon elongation is spread

over a longer length and the strain in the tendon for a given level of lateral wall deformation is

reduced. The unbonded tendon length is of course a function of wall height.

9.1.2  Determining the yield displacement of post-tensioned masonry walls

It is shown in Fig. 9.1(c) that equivalent viscous damping can be expressed as a function of wall

ductility, which is obtained by dividing the target displacement by the yield displacement.

Expressions for the yield curvature of reinforced concrete sections have been developed by

recognising the fact that strength and stiffness are effectively proportional for a given member

size and that the independent variable is yield curvature [9-21]. This gives rise to a series of

equations for a section yield curvature that are dependent on section size and reinforcement

yield strain. The yield displacement may be obtained through double integration of the yield

curvature.
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Masonry walls with unbonded post-tensioning do not yield in the traditional sense. The bilinear

force-displacement response is a consequence of wall rocking, leading to a reduction in wall

stiffness, as opposed to material yielding. For walls with large unbonded tendon lengths, it is

conceivable that tendon yield may not occur at all prior to wall failure due to masonry crushing.

If the wall has a low axial force ratio, masonry yield may not occur until a large displacement is

attained, well beyond wall uplift.

Priestley and Tao [9-22] proposed that the equivalent yield displacement for a debonded

prestressed beam-to-column subassemblage is equal to the displacement obtained when a gap

had opened having a length equal to half the beam depth. Applying this to post-tensioned

masonry walls implies that the equivalent yield displacement occurs when the base crack has

reached the centre of the wall. Initial investigation using the matrix of FEM wall designs

reported in chapter 7 suggested that this resulted in relatively small displacements, and conse-

quently large ductilities and unconservative levels of equivalent viscous damping. 

An alternative approach to that proposed by Priestley and Tao was investigated for post-

tensioned masonry walls. A bilinear approximation of the force-displacement response was

determined for all walls in the FEM matrix, based on the established procedure where an equiv-

alent elastic base shear is correlated to 0.75Vf as illustrated in Fig. 9.4. In this figure, dn and Vf

are the displacement at nominal wall strength and the corresponding force respectively.

Nominal wall strength was defined as the point corresponding to a masonry compression strain

of 0.003.

Figure 9.4:  Bilinear approximation of wall response
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The following empirical expression was determined for dy, using the matrix of equivalent yield

displacements obtained for each wall design through the bilinear approximation procedure.

Fig. 9.5(a) shows the correlation between the equivalent yield displacement obtained from the

bilinear approximation of the FEM data and Eqn 9.11. With the exception of the two outliers,

the equation appears to accurately predict the equivalent yield displacement. The outliers,

depicted as solid circles, correspond to walls 1 and 6, which had axial force ratios of 0.031 and

0.021 respectively. The bilinear approximation of the force-displacement response for these

walls was poor, as illustrated in Fig. 9.6, and is due to the low axial force ratio leading to wall

rocking at low levels of displacement, and a large displacement obtained at the nominal strength

limit. Consequently, the data points shown in Fig. 9.5(a) corresponding to these two walls

should be disregarded when considering the accuracy of Eqn 9.11. It is again noted that this

expression was determined by empirical methods, and therefore Eqn 9.11 has only been vali-

dated for the range of wall designs considered in the FEM matrix.

The current form of Eqn 9.11 is not ideal for design, as the masonry stress fm is required to be

known at the design outset. The masonry stress is a function of the prestressing tendon area and

initial level of prestress, both of which are unknown until later in the design process. In an

attempt to obtain an expression more suited to design, Eqn 9.11 can be simplified by assuming a

(9.11)

(a) Eqn 9.11 (b) Eqn 9.12

Figure 9.5:  Validation of expressions for dy

mw

mee
y fl

fhhd
′

=
500

0 5 10 15 20 25 30
0

5

10

15

20

25

30

dy (FEM) (mm)

d y (E
qn

 9
.1

1)
 (m

m
)

0 5 10 15 20 25 30
0

5

10

15

20

25

30

dy (FEM) (mm)

d y (E
qn

 9
.1

2)
 (m

m
)



Chapter 9: Displacement Based Design

- 180 -

constant axial force ratio of 0.12, being the average ratio for the walls considered in the FEM

study. This approximation yields the following expression, which describes equivalent yield

displacement in terms of the wall height and length, both of which should be known at the

design outset.

The effect of this approximation is demonstrated by comparing Fig. 9.5(b) with Fig. 9.5(a)

(Eqns 9.12 and 9.11 respectively). It is observed that the overall trend is consistent, but that

there is a loss in equation accuracy corresponding to an increase in data scatter.

Fig. 9.7 shows the force-displacement response of the walls comprising the FEM wall matrix.

Walls with equal aspect ratios have been plotted on the same axes, along with their corre-

sponding bilinear approximation and equivalent yield displacement found using Eqn 9.12,

depicted as a thicker vertical line. Comparing the equivalent yield displacement with the vertex

of the bilinear approximation, it appears that a sufficiently accurate estimate of displacement is

obtained when using this approximate equation. As shown in Fig. 9.1(c), equivalent hysteretic

damping for unbonded post-tensioned systems is relatively insensitive to changes in ductility

beyond a ductility of approximately 2. Fig. 9.7 shows that unbonded post-tensioned masonry

walls have large displacement ductility, corresponding to relatively large ductilities. Conse-

quently, small errors in the calculation of the equivalent yield displacement are unlikely to

greatly affect the final design result.

(a) Wall 1 (b) Wall 6

Figure 9.6:  Bilinear approximation of FEM walls
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9.1.3  Equivalent viscous damping

Direct displacement based design involves the representation of a non-linearly responding

structure by an equivalent elastically responding model having the same maximum displace-

ment and an appropriate level of equivalent viscous damping (EVD). Consequently, the selec-

tion of the level of EVD is the key to this design method. An in-depth investigation into

appropriate levels of EVD for post-tensioned masonry walls is outside the scope of the current

study. This chapter provides a design procedure within the existing DDBD framework. A brief

review of the development of expressions for EVD is provided for completeness, along with the

most recently developed expression for post-tensioned systems. It is noted that other researchers

have proposed expressions for estimating EVD for rocking blocks [9-23], post-tensioned

rocking piers [9-24] and rocking walls with supplementary energy dissipators [9-25].

(a) he/lw = 1.08 (b) he/lw = 2.60

(c) he/lw = 3.25 (d) he/lw = 4.33

Figure 9.7:  Comparison between yield displacement (Eqn 9.12) and wall response
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The equivalent viscous damping concept was first proposed by Jacobsen [9-26], who suggested

that the complex damping of an inelastic system, including hysteretic damping, could be repre-

sented by the viscous damping of an elastic system. EVD equates the energy dissipated during

one cycle of an oscillator to its maximum displacement, with the viscous energy dissipated by

the equivalent perfectly plastic model to the same displacement. When applied to a mechanical

system under forced steady state vibration, Jacobsen found a close agreement to the steady state

solution for relatively low levels of non-linearity.

An alternative damping concept known as 'substitute viscous damping' or time-averaged

damping is derived by equating the total energy dissipated by the hysteretic oscillator when

subjected to a complete earthquake record, to the energy dissipated due to viscous damping in

the corresponding elastic oscillator. An advantage of this method is that the response over the

entire earthquake duration is considered, rather than just the cycle to the peak displacement.

Priestley and Kowalsky [9-9] showed that equivalent viscous damping is a function of ductility

and is independent of structural period, and presented a set of curves that showed the relation-

ship between equivalent viscous damping and ductility for various hysteretic forms. This makes

equivalent viscous damping convenient for DDBD and hence Jacobsen's concept was adopted.

The choice of EVD has been a point of contention by critics of DDBD, who claim that damping

values are overestimated, particularly for hysteretic forms with larger loops such as a bilinear

model, and that substitute damping is more appropriate. Consequently, studies were initiated

that investigated the two damping models while considering different hysteretic forms.

Judi et al. [9-27] compared force based design (FBD) and DDBD, using both equivalent viscous

damping and substitute damping. Both the bilinear, elastic-perfectly-plastic model and a column

model were used, where the column model was based on the response of a stiffness degrading

reinforced concrete column with a reversing plastic hinge. The resulting design displacements

were compared to the results from a comparative series of time-history analyses. It was

concluded that DDBD with substitute damping gave the best prediction of structural displace-

ments and that the use of equivalent viscous damping reduces the accuracy, particularly when

the hysteric response was bilinear or close to bilinear. The difference in accuracy between FBD

and DDBD using substitute damping was found to be insignificant and it was recommended that
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substitute viscous damping be used in DDBD, thereby eliminating the need for empirical

manipulations of equivalent viscous damping values.

A similar study was conducted by Dwairi et al. [9-17] with the aim of investigating equivalent

viscous damping in support of DDBD and developing empirical correction factors. An exten-

sive study was completed investigating four hysteric forms subjected to 100 original ground

motions resulting in approximately 250,000 nonlinear time-history analyses. The four hysteretic

models chosen included the ring-spring resembling a post-tensioned column or wall, the small

and large Takeda models representing a reinforced concrete column and beam respectively and

an elasto-plastic model resembling a steel member. The displacements found from the nonlinear

time-history analyses (NLTH) were compared with the equivalent linear structure (ELS)

displacements evaluated using the DDBD method.

Dwairi et al. demonstrated that displacements were overestimated in the intermediate to long

period range for all hysteretic models, while the reverse was true for short periods. The greater

the energy dissipated by the model, the greater the error, with the elasto-plastic model

producing the worst results as expected.

As a result of their study, Dwairi et al. proposed new expressions for the damping ductility rela-

tionships, with the expression for unbonded post-tensioned systems given as Eqn 9.13, where ξv

is the viscous damping component and ξeq denotes equivalent viscous damping. It can be

observed that for shorter periods (Teff < 1.0 sec) the equivalent damping value obtained is a

function of ductility and effective period. While this is not ideal for design, the researchers

argued that the vast majority of structures have an effective period greater than 1.0 second, even

if the initial period is less.

where

Eqn 9.13 was verified using 20 ground motions and 50 oscillators, having 5 levels of ductility.

The average NLTH to ELS displacement ratio was seen to have improved with a generally
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conservative design resulting for this hysteretic type. Dwairi et al. acknowledged that these new

relationships were derived from average results, and if applied to a single earthquake there was

still the possibility of large errors. However, as a result of their study the magnitude of that error

is known.

Fig. 9.1(c) shows the relationship between displacement ductility and equivalent hysteretic

damping, obtained from the new expressions proposed by Dwairi et al. It is evident that equiva-

lent hysteretic damping of post-tensioned masonry walls is lower than that of conventionally

reinforced masonry. This is a direct result of the unbonded post-tensioning. These curves do not

include a component for viscous damping, which should be added to the hysteretic component

shown in the figure. Typical values of viscous damping assumed for building structures range

from 2% to 5%. Recent research by Priestley and Grant [9-28] demonstrated that viscous and

hysteretic damping components should not be added directly, and provided recommendations

on the most appropriate way to combine the two EVD components based on time-history anal-

yses. The resulting empirical expressions were shown to be dependent on the hysteretic form,

and were provided for the bilinear and Takeda models. No recommendations were made for the

flag-shaped hysteresis, typical for unbonded post-tensioned systems.

9.1.4  Determining the level of initial prestress

The level of initial prestress is a design variable that requires careful consideration. Selecting a

value too high leaves the wall with little capability to deform without yielding the post-

tensioning tendon, while choosing a value too low could result in an unacceptably low initial

stiffness.

The New Zealand masonry code, NZS 4230 [9-29], stipulates a maximum permissible stress in

unbonded tendons after lock-off of 0.82fpy. The tendon stress will reduce over time due to

losses attributed mostly to the creep and shrinkage of the masonry, with MSJC suggesting

values for losses of 20-25% for clay masonry and 30-35% for concrete masonry. The values

recommended by MSJC for concrete masonry were shown to be applicable to New Zealand

masonry, as discussed in chapter 3. Considering these values, it is unlikely that an effective

prestress after losses greater than 65% of the yield stress could be obtained in a post-tensioned

masonry wall, unless the tendons were restressed at some later date. It is noted that initially a

higher level of prestress would exist as the majority of losses occur over a 1-2 year period.
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However, considering that structures are typically designed to withstand seismic loading from a

maximum conceivable earthquake with a return period of about 500 years, it is unlikely that the

design event will occur during the period of high early stress.

It was demonstrated during shake table testing of wall D2 that the level of initial prestress has a

profound impact on wall stiffness. Consider the experimental results shown in Fig. 9.8, which

were presented originally as Fig. 5.15. Each data point represents the peak wall displacement

recorded during each run using the same earthquake record, where the only variable was initial

prestress. It is evident that increasing the level of prestress reduces the response displacement to

a given ground motion. As a result, even though the displacement that can be accommodated

prior to yielding of the prestressing tendon will decrease as the level of initial prestress is

increased, there will also be a corresponding decrease in displacement response.

The recommended procedure for selecting the initial level of prestress is to determine the

maximum total tendon strain at a given wall drift, and then work back from that quantity to

determine the amount of initial prestress that can be accommodated for the given wall configu-

ration and design limit state. This can be accomplished by using Eqn 9.10 and solving for εpi.

9.1.5  Determining tendon strain criteria

There are numerous values of total tendon strain εps that could be used in determining displace-

ment criteria, depending on the performance limit state under consideration. There are at least

two significant tendon strain limits: (1) the yield strain of the tendons, and (2) the strain that

Figure 9.8:  Effect of initial prestress level on wall displacement
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results in complete loss of post-tensioning force when the wall returns to its original vertical

alignment. In order to better understand these limits, consider Fig. 9.9. The tendons are initially

prestressed to point 1 on the tendon stress strain curve, corresponding to a strain of εpi. No loss

in prestress will occur provided that the tendon strain remains within the elastic range during

wall rocking. However, if during wall rocking the tendon strain exceeds the yield strain εy

corresponding to point 2, and for example point 3 is reached, there will be some loss in initial

prestress upon wall unloading. Point 4 depicts the strain at which sufficient inelastic deforma-

tion has occurred to result in a complete loss of initial prestress once the wall has unloaded. This

leads to a reduction in wall stiffness and wall sliding may initiate. However, the drift at which

this occurs is often large and is unlikely to be the failure criterion for multi-storey walls with

long unbonded tendon lengths.

9.1.6  Comparison of DDBD method against test data

The displacement based design method for post-tensioned masonry walls was compared against

data obtained during the shake table testing of the rectangular walls reported in chapter 5. This

is the first attempt at validating the DDBD method for rocking systems using actual dynamic

test data.

The following describes the evaluation algorithm employed in the comparison process. For all

earthquake records applied to each wall, the maximum displacement dTEST and corresponding

force at the centre of mass were found. The displacement and force at the centre of mass were

Figure 9.9:  Prestress loss due to inelastic strain deformation
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found through linear interpolation of the values recorded at the wall top and base. The resulting

effective stiffness Keff could therefore be found. The equivalent linear structure (ELS) had a

mass having components due to both the masonry wall and mass blocks, a displacement equal to

dTEST and a stiffness equal to Keff. Therefore the effective period could be calculated. The yield

displacement of each wall was estimated using Eqn 9.12, which enabled ductility and subse-

quently damping (Eqn 9.13) to be obtained for each peak displacement. The maximum effective

period for all three walls was less than 1 second. 

The component of equivalent viscous damping was found using the empirical correction factors

proposed by Priestley and Grant [9-28]. As discussed in section 9.1.3, expressions for the flag-

shaped hysteresis had not been developed at the time of analysis. Consequently, the expression

for the Takeda model was used and is given as Eqn 9.14, where r is the post-yield stiffness ratio

and was taken as 0.05, and the level of viscous damping ξv was assumed to equal 5%. This

expression has been shown to provide acceptable accuracy for ductility levels of  and

for values of r between 0 and 0.05.

The elastic displacement response spectra were obtained using the acceleration history recorded

on the shake table surface during testing, thereby using the actual acceleration history that the

wall was subjected to. Entering the displacement spectra with the computed effective period and

damping resulted in the predicted ELS displacement.

The ratios of test to ELS displacement for walls D1 through D3 are presented in Fig. 9.10, along

with the mean and standard deviation of each data set. On average the correlation is shown to be

excellent. However, there is considerable scatter in the data for all three walls, resulting in rela-

tively large standard deviations. The maximum error equalled 57%, and resulted in an underes-

timation of wall D1 displacement.

The data points shown solid in Fig. 9.10(b) depict the displacements obtained when wall D2

was subjected to the same Sylmar earthquake record while varying the level of prestress. The

result obtained is consistent with the level of scattered observed in the complete data set.

(9.14)

61 ≤µ≤
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9.1.6.1  Discussion

Accurate estimation of the level of equivalent viscous damping inherent in post-tensioned

masonry walls is required to ensure accurate results are obtained from the DDBD method. As

was stated previously, an in-depth investigation into EVD for this wall type was outside the

scope of the current study. Consequently, the expression for EVD recently developed by Dwairi

et al. was applied resulting in an acceptable level of accuracy when displacements were

compared with the results from shake table testing. However, there was considerable scatter in

the data. 

The level of scatter present in the data shown in Fig. 9.10 was not unexpected. Using time-

history analysis and an extensive suite of earthquake records, Dwairi et al. demonstrated similar

(a) Wall D1 (b) Wall D2

(c) Wall D3

Figure 9.10:  Comparison between DDBD method and shake table test data
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levels of variation, but on average an acceptable result. It is also important to remember that this

method attempts to design the structure to achieve a certain performance level in terms of

displacement. The most prevalent alternative, force based design, provides no indication of

performance. An investigation into the design of structural walls using both force based and

displacement based design was conducted by Kowalsky [9-14]. Using the equivalent lateral

force (ELF) method, the displacement profiles for a range of wall designs were compared with

dynamic inelastic time-history analysis. The same walls were also designed using DDBD. In

general, the results obtained using DDBD were shown to be consistent with those obtained from

time-history analysis. The ELF method was demonstrated to provide reasonable results for

some wall designs, but displacements in excess of 300% of the time-history results were not

uncommon. The current study has demonstrated that for a particular earthquake record, the

DDBD method may under or over predict wall displacements by up to approximately 50%.

However, when considering the accuracy over a wide range of earthquake records, the average

is excellent and demonstrates that post-tensioned masonry walls can be designed to achieve a

certain level of performance using this approach.

The effective period of all three test walls was less than 0.5 seconds, and therefore the equation

proposed for post-tensioned systems having an effective period greater than 1 second has not

been considered. It is also recognised that a limited amount of test data was available for inves-

tigating the accuracy of the method. It is therefore recommended that further effort is spent

developing a model that can be demonstrated through shake table testing to accurately predict

the displacement time-history response of post-tensioned walls. This model could subsequently

be used to investigate a variety of wall designs and provide further validation of the equivalent

viscous damping expression proposed by Dwairi et al. for post-tensioned systems.

9.2  DESIGN EXAMPLE

The following design example is presented to demonstrate application of the DDBD approach

for masonry walls with unbonded tendons. The example wall has a height of 9 m, a width of 3 m

and a thickness of 190 mm, as illustrated in Fig. 9.11. The yield stress of the post-tensioning

reinforcement is 900 MPa, while the compressive strength of the masonry is 18 MPa. The post-

tensioning tendons, t1 and t2, are grouped at the two locations shown in the figure and assumed

to have an unbonded length of 9.5 m. The wall carries an axial load of 200 kN, and the inertia

mass is 50,000 kg. The wall is situated on soft soil and located near Napier, New Zealand at a
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distance greater than 20 km from the nearest major fault. Viscous damping is assumed to equal

5%

The wall is to be designed to NZS 1170.5 seismic loading criteria, considering both the service-

ability and ultimate limit states. For this example, the serviceability and ultimate limit states

correspond to an event return period of 1/50 years and 1/500 years respectively. The perform-

ance criteria considered in this example are: (1) under serviceability level loading (damage

control), masonry strains must not exceed 0.003 and (2) the wall is to achieve a drift of 2% at

the ultimate limit state and the tendons are to remain within the elastic range. Using Eqn 9.6 and

assuming a corner point period Tc of 4.5 seconds, corner point displacements dc of 210 mm and

610 mm are obtained from NZS 1170.5 for the serviceability and ultimate limit states respec-

tively.

Ultimate limit state

The target displacement at the wall top for a rotation of 2% is 180 mm. Using Eqn 9.12 the

equivalent yield displacement for this wall can be estimated as 11.1 mm, and consequently a

ductility of 16.2 and a level of EVD of 11.7% can be obtained (Eqns 9.13 and 9.14, and

assuming Teff > 1 second and r = 0.05) . The target displacement at the centre of seismic force is

Figure 9.11:  Example wall
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found by multiplying the target drift ratio by the height to the centre of seismic force giving a

value of 120 mm. The total wall height was multiplied by 2/3 to determine the centre of seismic

force based on a triangular distribution of forces. While this is an approximation, it has been

shown to be reasonably accurate, particularly for walls having a height greater than 2 storeys [9-

30]. A design base shear of 154 kN is calculated using Eqn 9.5, giving a required moment

strength of 926 kN.m. The effective period was checked and found to equal 1.2 seconds, veri-

fying that the correct CRS coefficient was used in determining the level of equivalent viscous

damping.

In order to maximise the level of initial prestress and reduce the prestressing steel area, the level

of tendon strain at the drift limit must be maximised, therefore the wall will be designed such

that the extreme tendon reaches yield (εy = 0.0045) at the drift limit. The initial strain due to

prestress εpi can be determined by applying Eqn 9.10 for tendon t1 and assuming that the neutral

axis depth is equal to 0.1lw. A value for εpi of 0.00155 (0.35fpy) is obtained, and consequently

the strain in tendon t2 at a wall drift of 2% is found to equal 0.00366.

Moment equilibrium can then be applied to solve for the area of steel required using Eqn 9.15,

where Aps and Eps are the prestressing steel area and modulus of elasticity respectively, while

the subscript numbers denote the individual tendons. The length of the equivalent rectangular

stress block was found using the previous assumption of c = 0.1lw and α = 0.85. Assuming that

equal areas of steel are placed at the two tendon locations, moment equilibrium provides a

required steel area of 287 mm2 at each location.

Using force equilibrium, the neutral axis is found to equal 270 mm compared with 0.1lw or

300 mm assumed initially. Using the revised value for c, a further iteration provides solution

convergence to within 1%, with the following results, εpi = 0.00149 (0.33fpy), εps,1 = 0.00450,

εps,2 = 0.00366, Aps = 283 mm2 (at each tendon location).

Serviceability limit state

Considering now the serviceability limit state, the wall top displacement at a masonry strain of

0.003 is found using Eqn 9.7 and provides a value of 62 mm. It is noted that Eqn 9.7 requires the

masonry stress as an input variable, which was found using the initial prestress level and tendon

(9.15)
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area obtained previously. The target displacement is calculated by again assuming an effective

wall height of 2/3 the actual wall height, giving a displacement of 41 mm. Subsequently, a

ductility of 5.5, 10.8% equivalent viscous damping, and a base shear and required moment

strength of 57 kN and 344 KN.m respectively are determined. The effective period was again

checked to ensure it was greater than 1 second and that the correct equation for CRS was used.

As the initial tendon strain was found previously, Eqn 9.10 can be used to determine the strain

in each tendon at this level of wall displacement. Again assuming c = 0.1lw, values for εps,1 and

εps,2 of 0.00250 and 0.00221 respectively are obtained and subsequently a required prestressing

steel area of 53 mm at each location. Iteration of the neutral axis depth is again required, with a

resulting steel area of 35 mm found. The ultimate limit state results in the largest required

prestressing steel area and therefore this limit governs wall design.

9.3  CONCLUSIONS

This chapter has presented a design procedure for post-tensioned masonry walls within the

framework of the existing direct displacement based design method. Although focus was

directed towards masonry walls, this method could be applied to post-tensioned concrete walls.

It was demonstrated previously using a combination of finite element modelling and structural

test data that rocking is the predominant deformation mode for this wall type. This enabled the

derivation of a simple relationship between tendon strain and wall displacements. An expression

for the prediction of wall displacement for masonry strains between 0.0025 and 0.0035 had been

developed previously and was applied to DDBD.

An empirical expression for predicting the equivalent yield displacement of unbonded post-

tensioned masonry walls was obtained by applying a bilinear approximation to a range of wall

force-displacement responses. Use of this expression is restricted to wall designs within the

range of those considered in the finite element model data set.

The level of initial prestress was shown to have a profound influence on wall displacements. It

was recommended that this design variable be determined based on the maximum desired

tendon strain at a given wall displacement, provided the resulting initial prestress level is within

code defined bounds accounting for prestress losses.
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Determining appropriate levels of EVD for post-tensioned masonry walls is essential for the

accuracy of this design method. A brief review of the development of previously derived

expressions for EVD was presented. Although no attempt was made in the current study to

investigate EVD levels of post-tensioned masonry walls, the most recently developed expres-

sion for unbonded post-tensioned systems was used with the DDBD method to predict the

displacement of the rectangular walls tested dynamically in the current study. On average the

resulting correlation was excellent, though there was considerable scatter in the data.

Finally, a numerical example was presented to demonstrate the use of the proposed DDBD

method for post-tensioned masonry walls.
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Chapter 10

SUMMARY OF CONCLUSIONS

It was stated in chapter 1 that ‘the objectives of this study would be satisfied upon the comple-

tion of the design and construction of New Zealand's first post-tensioned concrete masonry

house.’ Construction of this house was completed by mid-2006, and therefore this objective has

been successfully achieved. A complete account of the design and construction of this house has

been included as an epilogue in chapter 11. Although post-tensioning masonry is not a new

concept and has been used in a variety of projects around the world, the use of PCM in high

seismic areas is considerably more limited. This is primarily due to a lack of research on the in-

plane cyclic response of such walls, and consequently a lack of knowledge of the ductility capa-

bilities of this wall type. Although a few studies in recent years have investigated such proper-

ties using pseudo-static loading, no study had investigated the dynamic response of PCM walls.

In fact, this was one of the few studies to dynamically test post-tensioned walls, and has

provided valuable data on the dynamic response of prestressed rocking walls.

Following an extensive literature review, including the cataloguing of existing post-tensioned

masonry structures, a wall system appropriate for residential construction was devised. This

system used generic construction materials and consisted of a relatively low level of

prestressing force and partially grouted concrete masonry. First, two rectangular walls were

tested pseudo-statically, demonstrating that wall rocking and relatively large displacements can

be obtained for walls with partial grouting. The desirable characteristic of wall self-centering

typically inherent in post-tensioned rocking systems was demonstrated in these wall tests.
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A series of shake table tests were subsequently conducted on walls having a similar design to

those tested previously. The series comprised of rectangular walls, two panels separated by a

shrinkage control joint, walls with openings, and a simple square structure that was designed to

investigate the influence of multiple openings and wall corners. Rocking was shown to be the

predominant deformation component for all walls tested, with individual panel rocking demon-

strated in the walls with openings. Wall damage was typically minor and consisted of masonry

crushing in the lower wall corners and cracking above and below wall openings. All walls

returned to near their original alignment at the conclusion of each earthquake record, with no

significant reduction in wall strength observed.

It was observed during wall testing that current code equations for estimating tendon stress at

the nominal strength limit state appeared inaccurate. A finite element model was developed and

shown to provide a reasonable prediction of system strength and post-rocking behaviour. This

model was subsequently used to build a data set containing a sufficient variety of wall designs

to enable further investigation of these equations. As a consequence of the poor correlation

obtained using the existing equations, a new equation was proposed and shown to provide

excellent accuracy over a wide range of wall designs. The data set was subsequently used to

investigate wall displacement at the nominal strength limit state, with an equation proposed

based on approximate curve fitting. This permitted the complete monotonic force-displacement

response to be calculated, with acceptable agreement obtained.

The direct displacement based design approach was presented in chapter 9 and expanded to

include post-tensioned masonry walls. A worked example was provided to demonstrate the

simplicity of the method.

While this study focused on testing structural walls, there was a need to further investigate the

creep and shrinkage properties of concrete masonry sourced in the northern area of New

Zealand. The resulting test series demonstrated that prestress losses can be considerable, and led

to code recommendations supported by the research findings from previous studies.

Although the primary objective of the current study was achieved, there is still considerable

scope for research to advance the understanding of post-tensioned masonry wall behaviour.

Section 10.7 provides thoughts on the future direction of research on this topic. A detailed

review of the research findings is provided below.
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10.1  PRESTRESS LOSSES - CHAPTER 3

For grouted and ungrouted concrete masonry it is recommended to use a creep coefficient of Cc

= 3.0. This value is in agreement with those stipulated by AS 3700, BS 5628 and S304.1. The

following shrinkage strains were recommended for design using light-weight New Zealand

blocks in temperate climates: for grouted walls εsh = 1000 µε and for ungrouted walls εsh =

600 µε. These shrinkage strains were obtained under laboratory conditions, from multiple

measurements on one ungrouted and one grouted wallette.

Using fully grouted masonry and high strength strand with an initial stress of 0.7fpu and an axial

load ratio of 0.15, approximately 28% loss of prestress can be expected after all long term losses

have occurred. The use of high strength bar instead of strand, under similar conditions, is

expected to result in about 38% prestress loss. Less loss is anticipated using ungrouted concrete

masonry. These values are in approximate agreement with the recommendations on prestress

losses in MSJC. In both grouted and ungrouted concrete masonry, losses are considerable and

must be taken into account in design. However, high prestress loss can be countered by

restressing of the prestressing tendons at some later time. It is possible to reduce the prestress

loss by about 50% by restressing after about 3 months.

10.2  CYCLIC TESTING OF PCM WALLS - CHAPTER 4

Partially grouted post-tensioned concrete masonry was shown to be a competent material

combination for walls in residential structures where the prestress forces are relatively low. Two

walls were tested using a pseudo-static loading history and demonstrated nearly non-linear

elastic behaviour dominated by rocking, achieving drifts of at least 1%. Wall damage consisted

of diagonal shear cracking and in the case of wall C1 this led to wall failure. Wall C2 failed due

to a fault with the test setup, which would not be expected in residential construction.

Both walls achieved the nominal strength predicted by NZS 4230, while the equations that are

provided in MSJC, and were developed for out-of-plane loading, were shown to grossly overes-

timate wall strength.
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Testing of wall C2 in particular demonstrated that partially grouted PCM walls with relatively

low prestressing reinforcement ratios can sustain moderate levels of lateral displacement, with

minimal residual displacement and loss in lateral strength.

10.3  SHAKE TABLE TESTING - CHAPTERS 5 AND 6

10.3.1  Rectangular walls

Shake table testing of rectangular PCM walls demonstrated the self-centering nature of post-

tensioned walls, which is a characteristic that has been demonstrated previously using pseudo-

static loading histories but never before by dynamic testing. This study has also demonstrated

the ability of such walls to undergo large numbers of cycles with minimal accumulation of

damage. A post-tensioned rocking system therefore exhibits desirable characteristics in terms of

seismic behaviour, and it is concluded that partially grouted post-tensioned concrete masonry

walls are suitable seismic resisting shear walls for residential construction.

The walls exhibited non-linear elastic behaviour dominated by rocking response while

achieving large displacement capacities ranging between 1.1% and 1.9% for walls D1 through

D3. Wall D4 deformed less when subjected to the same suite of ground motions due to the influ-

ence of the shrinkage control joint. Only wall D3 was deemed to have failed, with damage

confined to the lower wall corners, which is typical for this type of wall system. This region of

wall D3 had been repaired previously following damage sustained during testing of a larger

assemblage, which subsequently influenced wall performance. For the other walls tested, the

capacity of the shake table was reached before noticeable strength reduction was observed.

It was again demonstrated that all walls achieved the lateral strength predicted by NZS 4230

while MSJC tended to overestimate wall strength. This was a direct result of the various code

equations for predicting tendon stress at nominal wall strength.

The level of initial prestress was shown to have a large influence on peak wall displacement,

with wall D2 demonstrating that a 37% increase in initial prestress resulted in an 84% reduction

in wall displacement.
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A comparison between equivalent walls tested pseudo-statically and tested dynamically on a

shake table resulted in similar force-displacement responses. However, differences in damping

were not addressed.

10.3.2  Walls with openings

Shake table testing of walls with openings further validated the ability of post-tensioned

masonry walls to self-centre at the conclusion of loading. Small residual displacements could be

expected due to bond beam elongation, but the wall will return to near the original vertical

alignment providing that the residual prestressing force is sufficiently large.

Bond beam cracking was observed for all walls tested. Wall D5 achieved drifts in excess of

1.2% before crushing of the lower wall corners resulted in a reduction in wall strength. The

initial prestress level for wall D6 resulted in a stiff structure and consequently small lateral

displacements were recorded. Upon reducing the prestress level, a maximum drift of 1.3% was

obtained, with wall damage consisting of extensive cracking below the opening.

Testing of the simple structure has validated the desirable characteristics inherent in PCM wall

systems but previously only demonstrated by testing individual structural elements. Damage

was consistent with that observed previously for walls with openings, being bond beam

cracking and cracking below the openings. Structure drifts of 0.39% and 0.65% were obtained

in the two orientations of loading. Wall damage led to a reduction in structure stiffness but there

was no observed loss in lateral strength.

The initiation of wall rocking occurred at low levels of earthquake intensity for all tests,

including the simple structure that had a more complex design with multiple details. Rocking

was the predominant component of deformation in all tests and resulted in the complete uplift of

the out-of-plane walls of the structure during cycles to large displacements.

10.4  MODELLING PCM WALL RESPONSE - CHAPTER 7

This chapter has investigated both monotonic and dynamic modelling of post-tensioned

concrete masonry walls. The most popular of the previously proposed methods for predicting

the displacement time-history response of unbonded post-tensioned rocking elements was used

to model the response of wall D2. It was shown that the theoretical initial wall stiffness was
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greater than that observed, suggesting that the influence of shake table and foundation flexi-

bility, and the relatively soft base mortar joint, need to be considered when modelling such

systems. The overestimation of initial stiffness contributed to the underestimation of wall

displacements, when the dynamic wall response was considered. Further refinements of this

model, including an investigation of damping inherent in this system, are areas of future

research.

A finite element model was developed to predict the monotonic response of post-tensioned

masonry walls for use in a study on tendon stress at the nominal limit state. This model was

verified against a suite of cyclic and dynamic wall tests, including a wall with additional energy

dissipating bars. A reasonable prediction of system strength and post-rocking behaviour was

obtained. However, the model tended to overestimate initial wall stiffness and could not model

wall strength degradation given the current model sophistication.

The finite element model was then successfully modified to consider walls with openings. The

developed model was shown to accurately capture the behaviour of both the mild steel rein-

forcement in the bond beam and gap openings, leading to a satisfactory match with the force-

displacement response obtained during wall testing.

10.5  PREDICTING WALL RESPONSE - CHAPTER 8

This chapter presented a simple set of equations for predicting the response of post-tensioned

concrete masonry walls. Equation accuracy was measured against the results from finite

element modelling of post-tensioned rocking walls, following validation of the model with

pseudo-static and dynamic test data.

The equations provided in three leading international masonry codes for calculating stress in

unbonded tendons at the nominal strength limit state were investigated to determine their accu-

racy for post-tensioned masonry walls loaded in-plane. 

The equation provided in MSJC resulted from correlation against a large data set of out-of-plane

wall tests and was shown to provide poor results when the wall was loaded in-plane. The equa-

tion in the New Zealand masonry code originated from testing of unbonded prestressed beams

and although the resulting correlation was surprisingly accurate, tendon stress was overesti-
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mated in almost all cases. The British masonry code best predicted the tendon stress, but was

found to be less accurate for low wall aspect ratios and axial force ratios.

A new equation was proposed, recognising that aspect and axial force ratios influence the value

of tendon stress increase. This equation provides greater flexibility through the increased

number of variables included, and was shown to provide excellent estimation of tendon stress

across a wide range of wall designs. This equation can be adopted by any masonry code.

A simple expression was presented for estimating wall displacement at the nominal strength

limit and was shown to provide acceptable accuracy for ultimate masonry strains of 0.0025 to

0.0035, and for walls having axial force ratios between 0.031 and 0.222.

Using the new equations for tendon stress and displacement at the nominal strength limit, the

complete in-plane force-displacement response of six PCM walls was predicted and compared

with that obtained from the finite element model. An acceptable correlation of overall response

was obtained.

10.6  DESIGN - CHAPTER 9

Chapter 9 presented a design procedure for post-tensioned masonry walls within the framework

of the existing direct displacement based design (DDBD) method. Recognising that rocking is

the predominant deformation mode of post-tensioned masonry walls, a simple relationship

between tendon strain and wall displacements was derived. An expression for the prediction of

wall displacement for ultimate masonry strains between 0.0025 and 0.0035 had been developed

previously and was applied to DDBD.

An empirical expression for predicting the equivalent yield displacement of unbonded post-

tensioned masonry walls was obtained by applying a bilinear approximation to a range of wall

responses. Use of this expression is restricted to wall designs within the range of those consid-

ered in the finite element model data set.

A brief review of the development of previously derived expressions for equivalent viscous

damping was presented. Although no attempt was made in the current study to investigate EVD

levels of post-tensioned masonry walls, the most recently developed expression for unbonded
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post-tensioned systems was used with the DDBD method to predict the displacement of the

rectangular walls tested on the shake table. On average the resulting correlation was excellent,

though there was considerable scatter in the data. Finally, a numerical example was presented to

demonstrate the use of the proposed DDBD method for post-tensioned masonry walls.

10.7  FUTURE RESEARCH

The creep and shrinkage study presented in chapter 3 led to code recommendations and an

appreciation for the extent of prestress losses. The findings of this study were obtained within a

laboratory that is representative of a typical New Zealand environment. However, the influence

of wetting and drying of the masonry was not investigated, nor were extreme environmental

fluctuations. The monitoring of an actual post-tensioned concrete masonry structure would

provide a valuable addition to an international data set that consists predominantly of laboratory

test data. It is suggested that monitoring an exposed PCM wall, such as a sound barrier or

retaining wall, would be more feasible than a building.

The structural testing presented herein has demonstrated the desirable seismic performance

characteristics of a PCM wall system developed for the residential market. Numerous design

details were investigated, including openings and control joints. However, only cantilever walls

were considered and therefore the performance of such walls having different boundary condi-

tions is unknown. The influence of mid-floors in multi-storey PCM structures is yet to be inves-

tigated.

As was discussed in chapter 7, the inherent nature of masonry presents difficulties when

attempting to capture strains over the critical wall section during structural testing. The

softening and crushing of the base mortar joint led to inflated strain recordings for the walls

tested in this study. It is suggested that an investigation be initiated with the primary objective

of validating the proposed equations for tendon stress and wall displacement at the nominal

strength limit state. It is suggested that a wall specimen be designed specifically for monitoring

strains in the lower wall corners while capturing tendon stress and wall displacements. The use

of concrete in place of masonry would eliminate the influence of the mortar joints.

Numerous researchers have investigated the dynamic response of unbonded post-tensioned

systems using various computational models, although none have been validated against
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dynamic shake table results. Chapter 7 presented the results from modelling wall response using

existing methods, and highlighted the need to account for foundation flexibility and the flexi-

bility of the base mortar joint when modelling post-tensioned masonry walls. A model that

accurately captures the displacement time-history response of such systems could be used to

validate the many claims made previously about unbonded post-tensioned structures. The model

could also be applied to the study of damping inherent in post-tensioned walls to determine the

requirement for supplementary energy dissipating devices. A complementary study would be an

investigation into the accuracy of the equivalent viscous damping equation proposed by others

for post-tensioned systems.

This thesis has focused on developing design methods and response prediction of post-

tensioned concrete masonry walls. It is suggested that there is little difference between the

overall response of this wall type and a post-tensioned wall constructed from other forms of

masonry or concrete. It would therefore be reasonable to apply the proposed design methods to

other unbonded post-tensioned wall types.
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Chapter 11

AN EPILOGUE:

BUILDING A PCM HOUSE

The primary objective of this research was to design and construct the first post-tensioned

concrete masonry house in New Zealand. This study focused on developing a PCM wall system

using common construction materials and within the scope, or at least following the notion, of

current New Zealand design practices. In New Zealand, reinforced concrete masonry houses are

currently designed using force-based methods and the masonry design standard NZS 4230 [11-

1], or for simpler structures NZS 4229 [11-2], the non-specific masonry design standard.

Chapter 9 presented a displacement based design approach for post-tensioned masonry walls. It

was discussed that this design method is not currently widely understood and accepted by the

New Zealand design community. Consequently, the PCM house was designed using a force

based design method, supported by research findings, guidance from NZS 4230 and adapting

the notion of NZS 4229 to prestressed masonry. The 2004 edition of NZS 4230 contains a

normative appendix on prestressed masonry that assisted in the design procedure. The design,

detailing and construction of the house is reported in this chapter.

11.1  PROJECT DETAILS

The PCM house was located in South Auckland, New Zealand and was the result of an alliance

between Habitat for Humanity Manukau (HfHM), the University of Auckland and numerous

consulting and material supply companies. Founded in 1976, Habitat for Humanity is a global
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non-profit non-denominational Christian housing organisation who assist low-income families

into their own homes by providing a 'hand up' rather than a 'hand out' [11-3].

The single storey house comprised of a simple floor plan as shown in Fig. 11.1, having outside

dimensions of 15.6 m by 7 m. The exterior walls were constructed of PCM, while the interior

partitions were triboard, a high density timber panel and the traditional material of choice for

HfHM. Formblock® mortarless concrete masonry blocks [11-4] were used in the exterior wall

construction. This was one of the first projects to use this block type, which had only recently

appeared in the New Zealand market. The use of mortarless blocks is currently outside the scope

of the masonry standard, and therefore a specific design was required for this project. The floor

consisted of a concrete raft design, typical of the floors used in residential masonry construction

in this area of New Zealand. A simple timber truss roof with iron cladding enclosed the struc-

ture.

11.2  DESIGN DETAILS

11.2.1  Floor

The plan view of the concrete raft floor design is shown in Fig. 11.2, with the corresponding

details 1 through 4 shown in Fig. 11.3. The raft floor sat on the ground surface and comprised an

edge beam and internal ribs having a depth of 285 mm, with an 85 mm floor thickness as shown

in detail 1 (Fig. 11.3). Polystyrene blocks were used to form the 100 mm wide internal ribs and

provide additional insulation to the slab. The existing site had a sloping profile and two public

Figure 11.1:  Plan layout of house
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drains running through the proposed house footprint, resulting in a more complex floor design.

Additional ground beams and piles were required at both ends of the floor to provide bridging of

a 900 mm diameter storm water pipe and a 150 mm diameter sewer connection. The ribs shown

hatched depict the 100 mm wide internal bridging beams, consisting of two D16 (16 mm diam-

eter) steel reinforcing bars and 6 mm diameter stirrups at 120 mm centres. A foundation

retaining wall was required around the south and part of the east and west sides of the floor due

to the existing site slope. This wall is indicated by a single diagonal hatch in Fig. 11.2, with the

corresponding detail given as detail 4 in Fig. 11.3. The bridging and foundation wall design

were consistent with common practices.

11.2.2  Walls

The exterior walls were constructed from Formblock® mortarless concrete masonry blocks

providing a wall thickness of 190 mm. A plaster finish was applied to the exterior of the

building, with insulation and lining installed on the interior face of the block walls. Block manu-

facture in terms of materials and procedure was essentially the same as that for regular masonry

blocks, except the finished product has the geometry illustrated in Fig. 11.4 and tighter toler-

ances to enable drystacking. Fig. 11.4(a) shows a Formblock® having a length of 398 mm and a

height of 200 mm, and half height webs to enable the placing of horizontal bond beam steel

Figure 11.2:  Raft floor design
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reinforcement. The horizontal connection of adjacent blocks is shown in Fig. 11.4(b), where

plastic inserts lock the blocks together and locate the vertical reinforcement. The Formblock®

Figure 11.3:  Design details
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geometry results in vertical reinforcement being located at the block ends as illustrated in Fig.

11.4(b), or at the block centre.

The walls were fully grouted using a specially developed block fill concrete that exhibits low

shrinkage and self-compaction properties, and has a target 28 day compressive strength of

20 MPa. The use of mortarless blocks required full grouting of the walls. The blocks and grout

were manufactured to meet the minimum requirements of NZS 4210 [11-5], which stipulates

minimum compressive strengths of 12.5 MPa and 17.5 MPa respectively.

The tendons were installed at the locations illustrated in Fig. 11.1, depicted as solid circles in

the masonry walls. The layout was determined by ensuring that all panels contained at least one

tendon and that tendons were distributed relatively evenly around the structure. The top tendon

anchorage consisted simply of a plate and nut bearing directly on the masonry wall top, and

therefore the timber top plate was discontinuous at these locations. Consequently, the tendon

layout was influenced by the location of the connections between the roof trusses and top plate.

NZS 4229 stipulates that vertical steel reinforcement is to be spaced at a maximum of 800 mm

centres, and in the cells at all wall ends and surrounding openings. The bars that trim openings

assist in providing control against shrinkage. Although steel fibres were used during the struc-

tural testing reported in this study, further validation of their ability to control shrinkage when

used in concrete masonry is required prior to the use of this material in practice. Anchoring the

vertical reinforcement surrounding openings in the foundation would have restricted wall

rocking and reduced the benefits of this wall system. An alternative detail was chosen where the

(a) Single masonry block (b) Horizontal connection and steel location

Figure 11.4:  Formblock [11-4]



Chapter 11: An Epilogue: Building a PCM House

- 212 -

vertical bars were terminated short of the floor slab and therefore only contributed to the control

of shrinkage, illustrated in detail 2 in Fig. 11.3. This was also expected to enhance construction

as only the prestressing tendon anchorages were required to be installed in the foundation. The

elevation of the east wall is depicted in Fig. 11.5, where the prestressing tendons are shown as

vertical lines projecting into the foundation beam, while the vertical reinforcing bars for

shrinkage control terminate at the base of the masonry wall. The trimming of openings and the

bond beam steel reinforcement design were consistent with current reinforced masonry

construction practices. The thicker vertical line shown in Fig. 11.5 and denoted ‘CJ’ depicts a

shrinkage control joint, with the design of the steel reinforcement spanning the joint illustrated

in detail 5 (Fig. 11.3).

11.2.3  Wall - foundation connection

Detail 1 (Fig. 11.3) depicts a cross-section of the masonry wall prestressed to a standard exterior

foundation beam. The lower prestress anchorage consisted of a short length of prestressing

tendon hooked around the foundation reinforcement and terminating with a coupler located at

floor level. This enabled construction of the masonry wall followed by installation of the

tendons by simply screwing the threaded bars into the previously installed couplers. The hori-

zontal bond beam reinforcement consisted of a D16 (16 mm diameter) bar in each of the top two

block courses on alternate sides of the centrally located tendon. The tendon was enclosed within

a PVC duct in the fully grouted wall.

Fig. 11.3 shows details 3 and 4 for situations when the prestressed wall was located on a founda-

tion beam providing pipe bridging or on a foundation retaining wall, respectively. In terms of

the wall and prestressing details, the only variation is the integration of the tendon anchorage

and foundation steel.

Figure 11.5:  Elevation of east wall showing steel layout
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11.2.4  Loading demand

Wind and seismic loading were determined using the New Zealand loadings code, NZS

4203:1992 [11-6], resulting in the consideration of loads at both the serviceability and ultimate

limit states. The structure was located in a low seismic zone and on a category B site indicating

intermediate soil type. The structural period was assumed to be less than 0.45 seconds, repre-

senting the period range of greatest seismic demand for this soil site. A structural ductility of 2

was assumed in design. As discussed in chapter 9, the classic definition of ductility no longer

applies for unbonded post-tensioned walls due to their rocking behaviour and large displace-

ment capacity prior to tendon yielding. Based on the large displacement capacity observed for

walls tested in this study, it was determined that a ductility of 2 was a conservative estimate of

the readily achievable ductility level for this wall type.

Table 11.1 shows a summary of the calculated demand on the structure at the two limit states

and for the two directions of loading, where along and across refer to loading in the north-south

and east-west directions respectively. It is observed that loading due to earthquake governed in

all but one case.

11.2.5  Prestress losses

The research findings presented in chapter 3 demonstrated that considerable prestress losses can

be expected for post-tensioned concrete masonry walls. Although creep and shrinkage testing

was conducted on regular masonry units, the materials used in the mortarless blocks and grout

were similar to those used in the creep and shrinkage study, and therefore the research findings

could be applied to this design.

The tendons were 12 mm diameter threaded steel reinforcing bars, having a yield stress fpy of

500 MPa and an ultimate rupture stress fpu of 575 MPa. These bars had stress-strain characteris-

tics resembling those of mild reinforcing steel, having a distinct yield plateau. This differed

Table 11.1:  Design loads
Limit state Direction Demand Loading type

Serviceability Across 22 Wind
Along 11 Earthquake

Ultimate Across 70 Earthquake
Along 70 Earthquake

kN
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from the typical high tensile steel stress-strain curve shown in Fig. 5.6, for the Dywidag bars

used in the testing reported in chapters 5 and 6. As will be demonstrated, the 12 mm, 500 MPa

bar provided sufficient strength for a structure of this size. This tendon type was therefore

chosen for economic reasons, and it was ensured that tendon yielding would not occur under

design level loading.

NZS 4230 stipulates the maximum stress allowed in the prestressing steel immediately after

prestress transfer to be the lesser of 0.82fpy or 0.70fpu. Due to the stress-strain characteristics of

mild reinforcing steel, it was important to ensure that the tendons remained in the elastic range

during loading at all limit states. Given that relatively small wall displacements and tendon

elongations were expected at the ultimate limit, and that prestress losses were expected to be

significant, the maximum allowable initial tendon stress was specified, providing an initial

stress fpi of 403 MPa (0.70fpu). Prestress losses due to steel relaxation were assumed to be small

compared with those due to creep and shrinkage of the fully grouted masonry and were there-

fore ignored.

Based on the recommendations presented in section 3.4.4, a creep coefficient of 3.0 and

maximum shrinkage strain of 1000 µε were assumed in calculating losses. The loss in prestress

due to creep and shrinkage was calculated using Eqns 3.3 and 3.4, where Em was taken as

15 GPa as stipulated in NZS 4230, and the masonry stress fmi was calculated for the shortest

wall panel representing the worst case, giving a value of 0.30 MPa. The resulting effective

tendon stress after losses fse was found to equal 191 MPa or 21.6 kN (0.38fpy). The significance

of prestress losses is clearly evident, with losses resulting in a reduction in tendon stress of 53%.

The high shrinkage strain that can be expected due to fully grouting the masonry, and the rela-

tively low tendon yield stress due to the steel type chosen, contributed to this level of antici-

pated prestress loss.

11.2.6  Bracing capacity

The bracing capacity of the house was determined following the notion of the bracing approach

outlined in NZS 4229. Each of the exterior masonry walls formed a bracing line, as shown in

Fig. 11.1, where lines in the north-south and east-west directions are denoted with numbers and

letters respectively. The capacity of a bracing line was found assuming individual bracing

panels where the height of each cantilever was measured from the base of the wall to the bottom
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of the bond beam. The elevation of line 2 is illustrated in Fig. 11.6 and shows the bracing panels

depicted hatched.

The bracing capacity of the structure was checked at both the serviceability and ultimate limit

states to ensure that it exceeded the demand listed in Table 11.1. Limit states for PCM walls

were described in chapter 8, and have been reproduced in Fig. 11.7 for completeness. It was

decided to design the structure allowing no wall uplift at the serviceability limit, therefore calcu-

lating wall strength at first cracking. At ultimate limit state loading, the walls were assumed to

have reached the nominal strength limit, with capacity calculated assuming a rectangular stress

block as shown in Fig. 11.7(b), where α and f'm were taken from NZS 4230 and equalled 0.85

and 12 MPa respectively.

NZS 4230 provides an expression for calculating tendon stress fps at nominal wall strength. At

the time of house design, the study described in chapter 8 had not been conducted, and therefore

the accuracy of the code expression when applied to PCM walls was unknown. Consequently, a

conservative approach was adopted in this design where it was assumed that this increase equals

zero, and therefore the tendon stress at the nominal limit state was assumed to equal the effec-

tive stress after losses, fse. The resulting bracing capacities of the four exterior walls are listed in

Table 11.2 and are seen to exceed the base shear demand. The two values shown for each wall

Figure 11.6:  Bracing panels in wall line 2 (east wall)

(a) Serviceability (b) Ultimate

Figure 11.7:  Design limit states

mαf'm2f
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line at the ultimate limit state are a consequence of the non-symmetric distribution of tendons,

resulting in differing wall strengths in the two directions of loading. Strength reduction factors φ

of 1.0 and 0.85 have been applied to the capacity values calculated at the serviceability and ulti-

mate limit states respectively.

11.2.7  Other design checks and considerations

A check of the shear capacity of the longest wall in each direction of loading demonstrated that

additional horizontal shear reinforcement was not required. The reinforced concrete foundation

beam was checked for shear at the ultimate limit state, which assumes wall rocking and there-

fore a leverarm between the tendon anchorage and the centre of the compression stress block.

The standard exterior foundation beam design was shown to provide sufficient shear strength

for the given loads.

Sliding between the walls and foundation was checked, recognising that the normal force

comprises of a component due to wall and roof self-weight and the prestressing force in the

tendons. A conservative value of 0.7 was taken for the coefficient of static friction µs following

the recommendations of Paulay and Priestley [11-7] and assuming that the masonry was placed

on a smooth concrete floor. The sliding resistance was shown to be considerably greater than the

calculated base shear.

Table 11.2:  Bracing capacity

Limit state Direction Bracing line Capacity Demand
Serviceability Across A 19.0

B 9.9
28.9 > 22

Along 1 34.6
2 24.7

59.3 > 11
Ultimate Across A 46.9 / 48.7

B 25.0 / 25.0
71.9 / 73.7 > 70

Along 1 92.8 / 81.7
2 63.1 / 61.3

155.9 / 143.0 > 70
kN kN

Base shear
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Corrosion protection of the tendons was not specified as it was decided that the tendons would

be sufficiently separated from the environment, enclosed within the plastic duct inside fully

grouted masonry. The bottom anchorage was fully enclosed in the foundation beam and the top

anchorage was located within the roof space.

11.3  CONSTRUCTION

Although complicated by the required pipe bridging and foundation retaining, construction of

the raft floor was conducted following standard New Zealand practices. A photo showing the

integration of a bottom tendon anchorage in the standard exterior beam is shown in Fig. 11.8(a).

Fig. 11.8(b) shows the first course of blocks for the PCM walls being laid using traditional

methods, with a tendon coupler shown protruding from the floor. Above this masonry course,

wall erection speed was greatly enhanced through the use of mortarless blocks. The tendons

were installed after the walls had reached their full height and following the installation of the

mild reinforcing steel around the openings and in the bond beam. Washouts were provided in

the first course of masonry at each tendon location to assist when screwing the tendons into the

couplers, as illustrated in Fig. 11.8(c). PVC ducting was then installed to ensure the tendon

remained unbonded. A temporary top tendon anchorage was installed, enabling a small

prestressing force to be applied to the tendon using a spanner. This small force was estimated to

be only a few kilonewtons, and helped provide additional stability to the mortarless block walls

prior to grouting.

The walls were prestressed one week after grouting using simple stressing equipment,

consisting of a small hollow core jack and jacking chair, and a hand pump, as shown in Figs

11.8(d) and (e) respectively. The tendons were stressed to the desired level (403 MPa or

0.70fpu), which was determined using the calibrated pressure gauge seen in Fig. 11.8(e). A load

cell and digital meter were also used for verification, though it is noted that the use of a load cell

is redundant provided the pressure gauge is reliable. Upon reaching the desired level of

prestress, the top anchorage nut was hand tightened through access in the jacking chair, and the

stressing equipment removed.

It is difficult to make a direct cost comparison with traditional reinforced concrete masonry

construction in New Zealand due to the nature of this project. Most of the product and labour

provided for the construction of the floor and walls was donated. This project has demonstrated
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(a) Tendon anchorage in external beam (b) Laying the first course of blocks

            

(c) Washout showing bottom anchorage (d) Post-tensioning equipment setup

(e) Hand pump and pressure gauge

Figure 11.8:  Construction photos
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that a post-tensioned wall system can be simply integrated into existing floor and foundation

design with minimal effort. The use of mortarless blocks significantly enhanced the speed of

wall construction, and therefore shows considerable promise for the future. The reduction in

wall steel quantities was minimal due to the need to provide shrinkage control around all open-

ings. If future research can demonstrate the ability of fibre reinforced grout to provide shrinkage

control, then steel quantities could be significantly reduced with a corresponding time and

labour saving. Post-tensioning of the walls is a relatively simple procedure using readily avail-

able equipment and requiring moderately skilled labour.

11.4  CONCLUSIONS

A consortium of designers and product manufacturers has led to the construction of the first

post-tensioned concrete masonry house in New Zealand. An account of the design and detailing

of the house has been presented. The house was constructed using generic materials and repre-

sents one of the first applications of mortarless blocks in New Zealand. This structure was

designed to satisfy New Zealand seismic loading requirements, and required a specific design as

the use of mortarless blocks is currently outside the scope of the masonry standard. Integration

of the prestressing tendons resulted in minimal changes to the design of the floor and roof,

demonstrating that the use of PCM does not require a large departure from traditional masonry

practices. Speed of construction was considerably enhanced with the use of mortarless masonry

blocks.
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SUMMARY 
This report provides the detailed account of a series of shake table tests conducted at North 

Carolina State University on the seismic performance of post-tensioned concrete masonry 

walls.  The study was part of a research collaboration with the University of Auckland, New 

Zealand.  Seven full-scale single storey walls were tested, four of which were rectangular and 

the remaining three contained a door opening, window opening or a shrinkage control joint.  

Details were consistent with current design and construction practises in New Zealand.  The 

study was concluded by testing a simple single storey structure, containing five walls, seven 

prestressing tendons, two door openings, four window openings and two control joints.  This 

final test served to demonstrate the performance of the previously tested single elements when 

incorporated in a structure. 

The shake table tests demonstrated the desirable seismic characteristics that post-tensioned 

concrete masonry walls exhibit, such as rocking behaviour leading to large drift capacity and 

minimal residual displacements.  Two rectangular walls and the wall containing the control 

joint were subjected to ground accelerations nearing the shake table’s capacity and all three 

walls sustained negligible damage.  The remaining walls sustained damage that was typically 

confined to toe crushing and to cracking in the bond beam or under the window openings.  

Toe crushing is easily repairable as demonstrated by the repair and subsequent testing of 

wall 4.  Testing of the simple structure verified the outcomes and results from the single wall 

tests and demonstrated individual panel rocking in an integrated structure. 
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Chapter 1 

INTRODUCTION 
This report provides test details and results of the testing program conducted at North 

Carolina State University, investigating the dynamic performance of post-tensioned concrete 

masonry (PCM) walls.  The testing was a result of ongoing work by researchers at the 

University of Auckland, New Zealand and at North Carolina State University, USA, on the 

seismic performance of post-tensioned concrete masonry walls. 

Post-tensioned concrete masonry walls exhibit improved earthquake response due to their 

ability to undergo large drifts with minimal residual displacement.  Their rocking behaviour 

ensures that damage sustained is confined to certain areas of the wall.  The topic of PCM 

walls has been studied in depth for a number of years, for example see Laursen and 

Ingham1,2,3, but to date no dynamic testing has been conducted on such walls.  The motivation 

behind this research was to investigate the simulated seismic response of a PCM wall system 

that has been developed for use in residential construction. 

The walls reported herein contained design features specific to their application for residential 

housing.  All walls contained steel fibre reinforced grout and were partially grout filled when 

wall dimensions allowed.  The amount of reinforcing steel inserted in the walls was reduced 

from the minimum required in New Zealand design standards4, thereby attempting to reduce 

the construction costs and improve the feasibility of this structural wall system. 

A total of seven in-plane wall tests are reported in this document, four of which are 

rectangular panels of differing dimensions, and three walls that contain special residential 

features, namely a window opening, a door frame and a shrinkage control joint.  A simple 

square PCM structure consisting of five walls, two door and 4 window openings, and two 

control joints was also tested, with the detailed results reported here. 
                                                
1 Laursen, P. T. (2002) “Seismic Analysis and Performance of Post-Tensioned Concrete Masonry Walls”, 
Doctoral Thesis, University of Auckland, 281pp. 
2 Laursen, P. T., Ingham, J. M. (2004) “Structural Testing of Large-Scale Post-Tensioned Concrete Masonry 
Walls” ASCE Journal of Structural Engineering, ISSN 0733-9445, 130, 10, 1-9. 
3 Laursen, P. T., and Ingham, J. M. (2004) “Structural Testing of Enhanced Post-Tensioned Concrete Masonry 
Walls” ACI Structural Journal, 101, 6, Nov-Dec, 1-11. 
4 NZS 4229:1999, (1999) “Concrete Masonry Buildings Not Requiring Specific Engineering Design”, Standards 
Association of New Zealand (SANZ), Wellington. 
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Chapter 2 

TEST SETUP AND PROCEDURE 

2.0 Introduction

The following section details the test setup and testing procedure used in the study.  Since 

testing was conducted in the United States of America, the imperial measurement system was 

used for test setup.  This resulted in some seemingly unusual dimensions for test setup when 

reported using SI metric units.  To avoid confusion all test setup and wall construction 

measurements have been reported in metric with their imperial equivalent displayed in 

brackets.  All test results and analyses are displayed in metric units only.  A conversion table 

is included in Appendix A. 

2.1 Shake Table Properties 

Fig.  2.1 shows the uni-directional shake table located in the Constructed Facilities Laboratory 

at North Carolina State University.  The table has a vertical capacity of 23 tonne (50 kip), can 

provide a horizontal acceleration of 1G to this mass, and has a stroke of ±127 mm (±5 in.).  

The square table surface has side lengths of 2438 mm (96 in.) and contains 16 mm (  in.) 

threaded rod inserts at 203 mm (8 in.) centres.  An MTS controller, using Teststar software, 

controls the table. 

Figure 2.1 – Shake table at NC State University 
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2.2 Test Setup 

2.2.1 Wall Bases 

Three wall bases were designed and constructed to ensure they could be reused for the 

duration of the study.  Two bases with dimensions of 2438 mm (96 in.) by 1219 mm (48 in.) 

were designed for testing straight wall sections and one 2438 mm (96 in.) by 2438 mm 

(96 in.) base was designed for testing L and T section walls.  All bases were 457 mm (18 in.) 

high and heavily reinforced with bars having a diameter of 25 mm (1 in.).  Post-tensioning 

anchor locations, at 305 mm (12 in.) centres, were rebated in the underside of the bases by 

casting in place hollow steel boxes.  A number of ties were installed above all anchor 

locations, providing a considerable amount of confinement.  PVC ducts were installed to 

provide a sufficient number of locations to tie the bases down to the shake table.  Figs  2.2 and 

 2.3 show the formwork immediately prior to casting of the base units. 

Figure 2.2 – Formwork for bases 



Test Setup and Procedure 

- 5 - 

Figure 2.3 – Steel reinforcing cage for one of two smaller bases 

2.2.2 Mass Blocks 

To enable the amount of mass applied to the top of each wall to be changed during testing 

without restressing the wall and to enable the same mass blocks to be used for all wall 

configurations, a 10 piece mass block set was designed and constructed.  Fig.  2.4(a) shows a 

drawing of the mass block design, which was composed of two 914 mm (36 in.) long blocks 

that were stressed to the wall.  These were either connected together, or used separately, as 

shown in the figure, for smaller walls or walls containing openings.  Each of these blocks had 

a mass of 453 kg (1001 lb), which was approximately equal to the seismic mass contribution 

from a heavy residential roof with a tributary area of 9 square metres.  Midway through a test 

additional mass was added if required, as shown in Fig.  2.4(b), where the top and bottom 

blocks had a mass of 247 kg (545 lb) and 230 kg (508 lb) respectively.  Fig.  2.5 shows the 

formwork prior to casting the mass blocks. 

Figure 2.4 – Drawing showing mass block design 
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Figure 2.5 – Formwork for mass block bases 

2.2.3 Wall Setup 

The walls were constructed by qualified masons on their bases on the laboratory floor.  

Fig.  2.6 shows Wall 7 during construction.  The bases were then lifted onto the table surface 

using an overhead crane.  A sheet of fibre insulation board was installed between the table top 

and the base, which was squeezed flat as the base was tightened down to the table by means 

of a hand wrench.  This tie down method worked extremely well as no movement between the 

base and the table surface was detected for any of the wall tests.  The mass block bases were 

then seated on the wall top using a layer of Sika repair mortar between the two surfaces.  

Tightening of the post-tension tendon, and the embedded bolts if installed, secured the mass 

blocks to the walls.  The large support frames were then positioned over the walls, as can be 

seen in Fig.  2.7, providing restraint against out-of-plane movement without restricting in-

plane movement, due to the system of rollers that can be seen in Fig.  2.8. 

Prior to testing the walls were post-tensioned, using a hollow core jack and hand pump, while 

reading the output from the load cell.  When the desired prestress level was achieved, the nut 

was tightened and the jack removed, leaving only a plate, nut and load cell at the top 

anchorage. 
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Figure 2.6 – Construction of wall 7 

Figure 2.7 – Setting up wall on table 
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Figure 2.8 – Out-of-plane support system 

2.2.4 Instrumentation 

Instrumentation was attached to the wall by means of 5 mm (No.10) and 6 mm (¼ in.) 

threaded rod that was glued into the blocks.  Overall wall and table displacements were 

measured by instruments mounted on independent frames, so that readings were not 

influenced by table shaking.  The following instruments were used during experimental 

testing to record different aspects of wall performance. 

Linear Motion Position Sensor (Linear Potentiometer) 

Two different models of Duncan linear position sensors were used depending on the amount 

of stroke required.  The 600 series sensors, having a stroke of either 51 mm (2 in.) or 152 mm 

(6 in.), were used where gaps were expected to open and a 10V excitation resulted in a 

resolution of 0.005 mm.  The instrument came spring loaded, but this could be removed if the 

additional force was deemed inappropriate. 

The 9600 series sensors came permanently spring loaded and either 13 mm (0.5 in.), 25 mm 

(1.0 in.) or 38 mm (1.5 in.) strokes were available, with a 10V excitation giving a resolution 

of 0.001 mm.  It was discovered after the first wall test that these instruments could not 

provide sufficiently accurate readings as they were unable to respond at the frequency 

demanded by the system, therefore their use was suspended for future tests. 
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Linear Motion Transducer (String Potentiometer) 

A range of Patriot string potentiometers were used depending on the stroke requirements.  The 

design was common for all string pots used, where the extension of the cable rotates a spring-

loaded shaft, coupled to the sensing circuits.  The constant force spring provided a torque 

having a magnitude of approximately 3 N (25 ozf), for cable retraction and a 10V excitation 

resulted in a resolution of 0.04 mm. 

Acceleration Transducer (Accelerometer) 

TML AR-F 5G (49 m/s2) accelerometers were used for measuring table and top of wall 

accelerations.  The instrument had an operation frequency range of 0 – 130 Hz, and an 

excitation of 2V, provided a resolution of 0.14 m/s2.

Inclinometer 

An inclinometer was used for the first wall tested, however it was discovered that it could not 

respond at the natural frequency of the wall system.  The use of this instrument was 

subsequently aborted. 

Load Cell 

Interface 245 kN (55 kip) flat load cells were used to measure the compression force, between 

two plates, provided by the post-tensioning tendon passing through the central hole.  A 10V 

excitation provided a resolution of 0.03 kN. 

Shake table displacements were measured by utilising the built-in feedback LVDT in the 3-

stage servo-valve.  An independent 635 mm (25”) string pot was also used to verify this 

measurement. 

The instrumentation layout used differed for each wall and is shown in the corresponding test 

result sections.  An attempt was made to capture the three predominant displacement 

components, namely rocking, sliding and shear.  Fig.  2.9 provides an example instrumentation 

layout, and shows how each instrument was provided with a designation, as explained in 

Table  2.1.  Fig.  2.9 is drawn looking at the front of the wall to remain consistent with the 

other drawings and most photos contained herein.  Instrumentation was installed on the back 

of the wall to enable clear crack marking and photography. 
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Figure 2.9 – Example wall instrumentation layout 

Table 2.1 – Instrumentation designators 

Designator Type of Disp. Measuring Type of instrument 

R Rocking uplift Linear Pot. (600 series) 
S Sliding between surfaces Linear Pot. (9600) / String Pot. 

H Shear in masonry wall Linear Pot. (600 series) 

T Strain in masonry Linear Pot. (600/9600 series) 

G Gap opening/masonry cracking Linear Pot. (600 series) 

ACC Acceleration 5G accelerometer 

DISP Overall displacement String Pot. 

LCPR Prestress force 222 kN Load Cell 

INCL Inclination as wall rocks Inclinometer 

A TCS data acquisition system was used to record the channels at a sampling rate of 200 

scans per channel per second.  This was deemed sufficient to enable an accurate trace of 

performance yet did not result in a significantly large number of points when recording for 

durations of up to 60 seconds. 
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2.3 Testing Matrix 

Table  2.2 shows details of the wall specimens tested.  The single walls tested in-plane were 

given the designator ‘Wall’ along with a number in the order in which the specimen was built 

and tested.  The simple structure was tested initially in one direction (Struct. 1) and then 

rotated ninety degrees and retested (Struct. 2).  The wall type refers to the specific feature the 

wall contained, where ‘rect.’, ‘ctrl jt’, ‘wind.’ and ‘struct.’ refer to rectangular, control joint, 

window and structure respectively.  The column entitled ‘Grout’ indicates whether the wall 

was partially or fully grouted and the following column shows how many tendons were 

installed in each wall.  The final two columns show how many different prestress levels were 

used throughout the testing of each wall specimen and the total number of earthquakes that 

each specimen was subjected to. 

Table 2.2  – Wall testing matrix 

Wall
Num. Length Height Type Grout Num. 

Tendons 
Prestress 

Levels
Num. 

EQ run 

Wall 1 1829 (72) 2438 (96) Rect. Partial 1 1 17 

Wall 2 2235 (88) 2438 (96) Door Full 2 1 11 

Wall 3 610 (24) 2438 (96) Rect. Full 1 2 7 

Wall 4 813 (32) 2438 (96) Rect. Full 1 1 13 

Wall 5 1829 (72) 2438 (96) Ctrl Jt Partial 2 2 14 

Wall 6 1016 (40) 2438 (96) Rect. Partial 1 5 22 

Wall 7 2235 (88) 2438 (96) Wind. Partial 2 2 16 

Struct. 1 2032 (80) 2438 (96) Struct. Partial 7 5 46 

Struct. 2 2032 (80) 2438 (96) Struct. Partial 7 2 28 

 mm (in.) mm (in.)      
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2.4 Material Properties 

This section contains data on the materials used, that were common for all tests reported 

herein.  Any data specific to a particular wall test is contained within the appropriate chapter. 

2.4.1 Post-Tension Steel 

The post-tensioning tendons used throughout this testing series were Dywidag threadbar with 

a nominal diameter of 15 mm, an effective cross-sectional area of 177 mm2, a specified tensile 

rupture strength of 195 kN (fpu = 1100 MPa) and a yield strength of 163 kN (fpy = 900 MPa).  

These specifications were verified by testing three specimens cut from the batch used for 

testing.  A rupture stress of 1119 MPa with a standard deviation of 5 MPa was found, and the 

stress-strain curve obtained from one of these tests is shown in Fig.  2.10. 
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Figure 2.10 – Stress-strain curve for 15 mm Dywidag threadbar 

2.4.2 Mild Reinforcing Steel 

Three batches of reinforcing bars were used during wall construction.   Table 2.3 shows the 

yield stress, fy, and the ultimate stress, fu, obtained by testing a sample from each batch.  A706 

steel was ordered for all batches, but in the case of batch 3 G60 steel was delivered.  ASTM 

A706 requires grade A706 reinforcing steel to have a minimum yield stress of 420 MPa, a 

maximum yield stress of 540 MPa, a minimal ultimate stress of 550 MPa, and the ultimate 

stress must be at least 1.25 times the actual yield stress.  As batch 3 satisfied these criteria, the 

steel was used for construction of the simple structure. 
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Table 2.3 – Mild reinforcing steel strength 

Batch Walls Steel 
Grade fy fu

1 1, 2, 3, 4 A706 479 666 
2 5, 6, 7 A706 441 600 

3 Structure G60 450 714 

   MPa MPa 

2.4.3 Grout Mix 

Grout used in all walls was batched at the laboratory using a mechanical mixer.  Table  2.4 

shows the proportions used for the mix, and the resulting grout and prism strengths are 

discussed in the appropriate wall test chapters.  The mix was designed with the aim of 

achieving a 28 day grout strength of 30 MPa.  The gravel had a maximum particle diameter of 

15 mm and the sand had an approximate finess modulus of 3.  Dramix ZL 30/50 zinc-plated 

steel fibres were used which had a length of 28 mm and hooked ends.  Sika Grout Aid was 

added to the mix for all walls except Wall 1, providing a slow controlled expansion prior to 

grout hardening. 

Table 2.4 – Grout mix design 

 Wt/vol. grout (kg/m3)

Cement 497 
Sand 872 

Gravel 1031 

Water 372 

Steel Fibres 30 

Sika Grout Aid 5 

2.4.4 Concrete Masonry Units 

Fig.  2.11 shows the two types of regular six inch concrete masonry units that were used, 

providing a wall width of 143 mm.  The units had a density of approximately 1600 kg/m3.

Blocks that were located in wall bond beams required part of the web to be removed to enable 

the positioning of horizontal steel.  In some cases, blocks required cutting to satisfy the design 

wall dimensions dictated by the size of the shake table. 
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Figure 2.11 – A half and full 6 in. block 

2.4.5 Mortar

S-type trade mortar was used in construction.  ASTM C91 requires S-type mortar to have a 28 

day mortar cube compressive strength equal to or greater than 14.5 MPa 

2.4.6 Concrete Masonry Prisms 

Three masonry prisms were built during each wall construction and tested on or about the day 

of testing or on the 28th day, whichever came first.  Fig.  2.12 shows a prism during testing 

with the results discussed in the appropriate test chapters. 

Figure 2.12 – Testing of a masonry prism 
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2.5 Testing Procedure 

Each specimen was subjected to a number of earthquake records, with differing characteristics 

and intensities.  By changing the earthquake record, the time scale and the seismic mass 

applied to the wall it was hoped that each additional run would result in a greater wall lateral 

displacement.  The order in which the records were applied was based upon approximate 

analysis using the displacement spectra for each earthquake record, and the predicted force-

displacement response of each wall. 

At the completion of each earthquake record, the wall was inspected and any new cracks were 

identified with a coloured marker and labelled appropriately.  Written notes were also taken 

after each inspection and a commentary of these can be found in each of the test result 

chapters.  Where descriptions of damage are reported, ‘left’ indicates the left hand side when 

viewed from the front of the wall which contained no instrumentation, i.e. the side most often 

photographed. 

Each earthquake run was numbered sequentially and a table is provided in the beginning of 

each chapter outlining the scale factors applied to the input record, the mass installed on the 

wall and the key peak test values from the measured test results. 

2.5.1 Dynamic Scaling 

All walls reported herein were constructed as full-scale replicas of masonry walls typical in 

residential dwellings.  Due to limitations of the shake table, in particular the stroke, some 

earthquake records needed scaling to ensure the displacements did not exceed the table’s 

capacity.  Because of this, dynamic scaling and the effect on results is discussed here. 

When referring to dynamic scale factors, the variable scale factor is always the model or test 

variable divided by the prototype or original variable.  For example a length scale of 0.5 

implies the displacement record contained values with a magnitude of half of those in the 

original earthquake displacement record.  There are two types of scale factors, basic quantities 

and derived quantities.  Basic quantities consist of mass, ms, length, Ls and stress, fs. and from 

these we can derive the force scale, stiffness scale, moment scale, time scale, velocity scale 

and acceleration scale.  Force is stress multiplied by area, and since area is a length squared, 

the force scale, Fs, can be derived as shown in Eq.  2.1.  Since the stress scale is usually 

required to be 1.0, the force scale can be simplified further.  The stiffness scale, Ks, can be 
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derived by dividing force scale by length scale and is shown in Eq.  2.2.  Eq.  2.3 shows the 

bending moment scale, Ms, is simply the force scale multiplied by the length scale.  From the 

equation for the period of a single degree of freedom oscillator, the time scale, Ts, can be 

deduced, and is shown in Eq.  2.4 as a function of mass and stiffness.  The velocity scale, Vs, is 

derived by dividing the length scale by the time scale, and similarly acceleration, as, is the 

velocity scale divided by time, as shown expressed in basic units in Eq.  2.5 and Eq.  2.6 

respectively. 

F f L Ls s s s= =2 2 1fas s = Eq.  2.1 
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Given a particular acceleration trace whose corresponding displacement trace contains values 

that are too large for the table, a time scale needs to be applied to shorten the time step.  A 

smaller displacement with a smaller time step gives the same value of acceleration, as 

demonstrated by the relationship shown in Eq.  2.7.  In this equation do, to, dt and tt refer to the 

maximum displacement and time step for the original record and test record respectively. 
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For example if an original earthquake record had a maximum displacement of 450 mm, and a 

maximum displacement of 127 mm is desired (see section  2.1 for shake table properties), then 

Eq.  2.7 gives a time scale of 0.527.  Inserting this value into Eq.  2.4, with a mass scale of 1, 

gives a length scale of 3.6. 



Test Setup and Procedure 

- 17 - 

All wall tests contained within this report were built full-scale, and therefore had a length 

scale (Ls), mass scale (ms) and stress scale (fs) of 1.  In the cases where the earthquake record 

required scaling, the procedure resulted in a length scale other than 1.  There are two ways to 

view the test results given these different length scales.  The first is to say that the test results 

give the response of a prototype wall of different dimensions to the model, due to the length 

scale, when given an original record.  This is not appropriate since all walls were designed 

and built with a length scale of 1.  Therefore the appropriate approach is to recognise that 

scaling of the earthquake records results in a new record which has different properties, and 

therefore the test does not demonstrate the response of the specimen to the known earthquake 

but to a new earthquake record. 

2.5.2 Suite of Earthquake Records 

A number of earthquake records were analysed to determine the most appropriate for use on 

the shake table.  It was deemed desirable to select some records that did not require scaling 

for the given shake table characteristics, meaning that the peak displacement could not exceed 

127 mm (5”) in either direction, resulting in a length scale of 1 (see section  2.5.1).  Time-

history analysis showed that these records would not displace the specimens to the desired 

levels of drift in all cases and therefore additional ground acceleration records were selected 

and scaled accordingly. 

The complete suite of earthquake records used during testing can be found in this section.  

Figs  2.13 through  2.30 show the acceleration and displacement traces and the acceleration and 

displacement spectra for each original (unscaled) record.  The displacement records were 

obtained by double integration of acceleration records with a baseline adjustment made after 

each integration.  A fifth order polynomial was applied to each end of the record to provide a 

1 second tail in and tail off period, to ensure the records started and finished at a displacement 

level of zero.  The spectra were created following common practises using a damping value of 

5%.  Most records have been cropped at a point in time where it was deemed that the level of 

ground acceleration was no longer significant. 

Each earthquake record was given a designation to easily identify the scaling that had been 

applied, which was composed of the earthquake name, the amount that the acceleration trace 

was scaled by and the time scale applied.  For example ‘El Centro – A1.2 – T0.76’ indicates 

that the El Centro acceleration record was scaled by 1.2 times and a time scale of 0.76 was 

required to ensure the maximum displacement did not exceed the table stroke.  The 
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acceleration scale is not the same as that discussed in section  2.5.1, which is a scaling factor 

resulting from scaling time.  In this case the acceleration scale is simply a magnification of the 

original record, creating a new record with the same shape. 

The El Centro NS record was chosen due to its familiarity amongst the earthquake 

engineering fraternity.  Since the maximum displacement is only 109 mm, the record could be 

run on the table without scaling, and the small peak acceleration provided an opportunity to 

increase the intensity of the earthquake by scaling the accelerations.  This earthquake 

occurred on May 18, 1940 in the Imperial Valley in Southern California, causing considerable 

structural damage and some loss of life. 

The Sylmar hospital recording of the Jan 17, 1994 Northridge, California earthquake required 

scaling in order to be used on the table but was again chosen because of its familiarity and due 

to the nature of the displacement trace.  Unlike many of the other records that contain a 

number of reversals, this record contains one very significant velocity pulse in the negative 

direction, towards the beginning of the run. 

The Llollelo earthquake was selected as it contained large accelerations over a long period of 

time and could be run on the table without scaling.  This was the longest of all earthquake 

records selected and contained a number of quick displacement reversals throughout much of 

the record.  This earthquake took place in Chile on March 3, 1985 and was one of a number of 

earthquakes that have caused considerable damage to the area over time. 

The Tabas event occurred in eastern Iran on September 16, 1978, and the original record has a 

very large peak ground acceleration of 828 mm.  Though this record required a small time 

scale to ensure it could be run on the table, it contains large accelerations over a period of 

time and many acceleration reversals.  It was therefore deemed worthwhile to run this 

significant event through the structure. 

Both the Nahanni event (23 December, 1985 in the Northwest Territories of Canada) and the 

Mammoth record (from the Mammoth Lakes area of California on May 27, 1980), did not 

require scaling for use on the shake table.  Both records have large peak accelerations, though 

the high level of intensity is only for a short period of time.  It was decided to add them to the 

suite of records to be used to find the low level response of the walls. 
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Figure 2.13 – El Centro acceleration trace 
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Figure 2.14 – El Centro displacement trace 
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Figure 2.15 – El Centro acceleration and displacement spectra (5% damped) 
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Figure 2.16 – Northridge Sylmar acceleration trace 
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Figure 2.17 – Northridge Sylmar displacement trace 
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Figure 2.18 – Northridge Sylmar acceleration and displacement spectra (5% damped) 
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Figure 2.19 – Llollelo acceleration trace 
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Figure 2.20 – Llollelo displacement trace 
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Figure 2.21 – Llollelo acceleration and displacement spectra (5% damped) 
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Figure 2.22 – Tabas acceleration trace 
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Figure 2.23 – Tabas displacement trace 
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Figure 2.24 – Tabas acceleration and displacement spectra (5% damped) 
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Figure 2.25 – Nahanni acceleration trace 
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Figure 2.26 – Nahanni displacement trace 
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Figure 2.27 – Nahanni acceleration and displacement spectra (5% damped) 
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Figure 2.28 – Mammoth acceleration trace 
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Figure 2.29 – Mammoth displacement trace 
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Figure 2.30 – Mammoth acceleration and displacement spectra (5% damped) 
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2.6 Data Reduction 

This section explains how the data was analysed and reduced into the form that is presented 

herein.  The MATLAB software package was used extensively for this process due to its 

capacity to handle large data matrices.  The data file was exported from the TCS data 

acquisition software in an ASCII format and imported into MATLAB, where it was 

immediately cropped to only include the time span of the event and approximately 1 second 

either side.  Since the instrumentation was not zeroed before every run, the data was then 

adjusted to remove any initial zero offset that may have been present before the run.  The 

relative top of wall displacement was found by subtracting the displacement of the table 

surface from the displacement trace recorded at the top of the wall. 

For each specimen a table of results is presented in the corresponding chapter.  These tables 

show, for each earthquake record run, the maximum relative top of wall displacement and 

corresponding drift, and the tendon forces (i) before the test, (ii) the maximum recorded and 

(iii) the residual.  When a subsequent run caused new damage or resulted in displacements 

significantly greater than the previous maximum, additional information is provided.  This is 

in the form of a written description and charts, and may also include photographs in some 

cases.

Acceleration spectra are included to provide a comparison of intensity between the supplied 

ground excitation and commonly used design spectra.  The 5% damped acceleration spectra 

was generated using the acceleration time history recorded from an accelerometer fixed to the 

table surface, thereby presenting the actually acceleration history that the specimen was 

subjected to.  This is compared against both the elastic design spectra from the IBC5 for San 

Jose, California, an area with one of the highest demands in the United States, and for flexible 

soil in a high seismic area in New Zealand6.  The approximate structural period range for each 

specimen is depicted by broken vertical lines. 

                                                
5 IBC, “International Building Code”, International Code Council, 2000. 
6 NZS 4203:1992, “General Structural Design and Design Loadings for Buildings”, Standards Association of 

New Zealand (SANZ), 1992, Wellington. 
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2.6.1 Force-Displacement Response 

For all walls tested, an accelerometer was installed on the table surface and wall top to capture 

the acceleration histories.  Due to the sensitivity of the accelerometers, it was deemed 

necessary to filter the acceleration trace using a 50 Hz lowpass Butterworth filter to remove 

the noise originating from the system, for example electrical noise from the surrounds and 

mechanical noise from the table.  The cut off frequency was set high enough to ensure that it 

did not alter the properties of the test results, such as maximum values, but did provide a 

cleaner looking trace. 

The force-displacement response for the specimens was derived using the equation of motion 

for a single degree of freedom system subjected to an external force, which is shown in Eq. 

 2.8, where m, c and k are the seismic mass, damping coefficient and stiffness respectively and 
••

u ,
•
u , u  and 

••

gu  are the relative wall acceleration, relative wall velocity, relative wall 

displacement and ground acceleration respectively. 

•••••
−=++ gumkuucum Eq.  2.8 

It can be shown that the base shear is equal to the seismic mass multiplied by the absolute 

acceleration, measured at the wall top, plus the damping term, as shown in Eq.  2.9. 

))((
•••••

++−= ucuumku g
Eq.  2.9 

Recognising that velocity at peak displacement must be zero, the force at peak displacement is 

simply the seismic mass multiplied by the total acceleration at the centre of mass.  The 

acceleration at this height was found by linear interpolation between the measured table 

acceleration and the acceleration recorded at the wall top.  Plotting the force at both the peak 

positive and negative displacements for each cycle provides the force displacement response 

for the wall. 

In all cases base sliding was subtracted from the top of wall displacements prior to plotting, 

and this was seen to be small compared with the top of wall displacements for all dynamic 

tests.  In the case of Wall 2 and Wall 7, the top of wall displacements were found by 

averaging the values recorded at each end of the wall.  The base shear was found by dividing 
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the wall in two and summing the two forces calculated using the acceleration values recorded 

by ACC2 and ACC3. 

The analytical strength prediction for each wall was shown for comparison on all force-

displacement plots.  Refer to section  2.7 for an explanation of how these curves were derived. 

2.7 Force-Displacement Prediction for Rectangular Walls 

This section outlines the method used for predicting the flexural response of the rectangular 

walls tested in this study.  This method was developed by Laursen and Ingham at the 

University of Auckland7, with only the equations for calculating the flexural response of 

unconfined walls presented here. 

Fig.  2.31 shows a rectangular wall subjected to a lateral force, assumed to be acting at the top 

of the wall or at some effective height he.  The axial force N is due to dead and live loads, P is 

the prestressing force (initial force after anchor lock-off or force after all long term losses), 

and V is the applied lateral force due to lateral actions.  It is assumed that moment M only 

arises from lateral forces V, i.e. permanent loads and prestressing do not introduce permanent 

moment in the wall. 

It is assumed for the flexural calculations that plane sections remain plane, i.e. a linear strain 

distribution across the wall length.  This assumption enables analytical calculation of strength, 

stiffness and displacement, and implies distributed cracking up the wall height.  From 

laboratory wall tests it was observed that PCM wall flexural response was primarily due to 

rocking where a crack opened at the base, and that distributed flexural cracking did not 

develop.  This type of rocking behaviour is a feature of prestressing with unbonded tendons.  

Despite this discrepancy between theory and observation, it appears that the assumption of 

plane section response and distributed wall cracks provides sufficiently accurate design rules. 

The force-displacement curve for each wall was derived by calculating the expected wall 

strength and the corresponding displacement at the numerous limit states defined in the 

following sections. 

                                                
7 Laursen, P. T., and Ingham, J. M., (1999) “Design of Prestressed Concrete Masonry Walls”, Journal of the 

Structural Engineering Society of New Zealand, 12, 2, 21-39. 
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Figure 2.31 – Definition of wall 

2.7.1 First Cracking 

The moment corresponding to first cracking Mcr may be evaluated by Eq.  2.10.  The formula 

is based on the flexural state at which one wall end decompresses and the other end 

compresses to a stress of twice the average masonry stress fm:
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where bw is the wall thickness, lw is the wall length, Vcr is the applied force at the top of the 

wall corresponding to the 1st cracking moment Mcr and he is the effective wall height.  The 

deflection of the top of the wall dcr at Vcr should be based on the concrete masonry wall 

elastic properties and consists of a component due to shear deformation dcr,sh and a component 

due to flexure dcr,fl:
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where Poisson's ratio may be taken as ν = 0.2.  It should be noted that the shear deformation 

component dcr,sh can be of significant magnitude for squat walls under serviceability loads, 

whereas for the ultimate limit state it becomes increasingly insignificant. 

2.7.2 Maximum Serviceability Moment 

Typically at this serviceability limit state, the applied lateral force has surpassed that 

necessary to initiate cracking at the base of the wall.  The serviceability moment is limited by 

Me which occurs when the stress in the extreme compression fibre at the base of the wall has 

reached kf'm, as shown in Fig.  2.32.  For prestressed concrete, k (symbol adopted in this 

report) is set out in Table 16.1 of NZS 3101:19958, with k typically ranging between 0.45 and 

0.55, dependent on load category.  

Figure 2.32 – Maximum serviceability moment 

By adopting k = 0.55, it may be shown that the maximum serviceability moment can be 

calculated as:  
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where Ve is the corresponding lateral force. The corresponding curvature at the wall base, φe,

is:

                                                
8 NZS 3101:1995, “Concrete Structures Standard”, Standards Association of New Zealand (SANZ), 1995, 

Wellington. 
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Figure 2.33 – Curvature distribution at maximum serviceability moment 

Fig.  2.33 shows the variation of moment and curvature along the height of the wall at the 

maximum serviceability moment, assuming plane section response.  The curvature varies 

from φe at the base to φcr at the height, hcr, at which the 1st cracking occurs. Between the 

heights hcr and he the curvature varies linearly between φcr and zero. It can be shown that the 

curvature varies linearly with the non-dimensional crack length, γ, as defined in Fig.  2.32.  

Eq.  2.15 defines the non-dimensional crack length at the base of the wall at the maximum 

serviceability moment, again assuming k = 0.55: 
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and Eq.  2.16 defines the resulting cracked wall height. 
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The total displacement de of the top of the wall can then be calculated by integration along the 

wall height with the following result: 
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which may be approximated assuming k = 0.55 as: 
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In Eq.  2.18 and Eq.  2.20, de,fl and de,sh represent the flexural and shear deformations 

respectively.  At this flexural state, it is assumed that the relatively small deformations of the 

wall do not result in significant tendon force increase or migration of the tendon force 

eccentricity.  

2.7.3 Nominal Strength 

At the ultimate limit state, an equivalent rectangular stress block is assumed with a stress of 

0.85f'm (  = 0.85) and an extreme fibre strain of mu = 0.0025.  The corresponding moment Mn

and lateral force Vf can be evaluated by simple equilibrium, as shown in Fig.  2.34, with the 

following equation: 
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where a is the length of the equivalent ultimate compression block given by: 
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In these equations, ∆P accounts for the increase in tendon force that arises from the flexural 

deformation and et accounts for the associated tendon force eccentricity.  Both ∆P and et may 

initially be assumed to equal zero for simple use.  A better estimate of the nominal strength 

may be obtained from Eq.  2.21 and Eq.  2.22, when taking into account the tendon force 

increase ∆P and the associated tendon force eccentricity et.

It is observed from Fig.  2.34 that there is moment reversal near the top of the wall due to et

which results in reversal of curvature.  This effect is not taken into account below when 

calculating wall deformations because it has a negligible effect on the predicted wall 

behaviour at nominal flexural strength. 

Figure 2.34 – Wall equilibrium at nominal flexural strength 

The total lateral displacement, dn, is given by the sum of the flexural displacement, dn,fl, and 

shear displacement, dn,sh, corresponding to Mn, and may be evaluated using Eq.  2.23: 

shnflnn ddd ,, +=   where Eq.  2.23 

wm

2
em

n
2
nfln lE

hf8560381302d
′

+−= )...(, Eq.  2.24 

f
wwm

e
shn V

blE5
h112d )(

,
+= Eq.  2.25 



Test Setup and Procedure 

- 33 - 

wwm
n blf

NPP
′

++= Eq.  2.26 

Eq.  2.24 was developed using numerical integration and curve fitting, and is thus of an 

approximate nature, and is valid for axial load ratios, ξn, of 0.05 to 0.25.  The extreme fibre 

strain was taken as mu = 0.003 for unconfined concrete masonry. 

The total tendon force increase ∆P at mu of 0.003 is difficult to evaluate for pre-stressed walls 

with unbonded tendons because the tendon stress increase depends on the deformation of the 

entire wall between points of anchorage.  However, the force increase (or decrease) in each 

tendon in the wall cross section may be evaluated based on the estimated wall end elongation, 

ue, (tension end) and shortening (compression end), us, assuming a linear variation of vertical 

deformation across the wall top as shown in Fig.  2.35.  The following equations were 

established for unconfined concrete masonry: 

m

em
n

2
ne E

hf8350372014u
′

+−= )...(

m

em
n

2
ns E

hf0730122363u
′

−−= )...(

Eq.  2.27 

In these equations, elongation is positive and shortening is negative.  It is clear that the tendon 

force increase due to vertical deformation will increase the axial load ratio.  Iteration using 

Eq.  2.27 is therefore needed to find P = Pj such that the calculated axial force ratio at 

nominal flexural strength, ξn, injected in the equations on the right hand side in fact 

corresponds to the calculated tendon force increase on the left hand side of the equations. 

The effective total tendon force eccentricity relative to the wall centre line can be evaluated 

by: 
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Figure 2.35 – Wall deformation at nominal flexural strength 

Pj and ∆Pj are the initial tendon force and tendon force increase of the j’th tendon, and yj is the 

horizontal location of the j’th tendon with respect to the wall centre line taken as positive 

towards the tension end of the wall.  The tendon vertical extension, uj, is defined in Fig.  2.35 

and Lj is the tendon length (approximately the height of the wall hw, which is significantly 

longer than he for multi-storey building).  Apsj is the area of the j’th tendon and Eps is the 

elastic modulus of the prestressing steel. It must be ensured that Pj+∆Pj does not exceed the 

tendon yield strength. 

Iteration process for calculation of Mn and dn:

1. calculate ξn using Eq.  2.26 using ∆P = 0. 

2. calculate ue and us using Eq.  2.27. 

3. calculate P = Pj using Eq.  2.28. 

4. calculate ξn using Eq.  2.26 using ∆P from (3). 

5. repeat steps (2) to (4) until convergence of ξn.

6. calculate Mn using Eq.  2.21 and dn using Eq.  2.23. 

2.7.4 Yield Strength 

Contrary to reinforced concrete walls, the yield strength for unbonded prestressed walls is 

typically found at displacements beyond the displacement at nominal flexural strength.  

Structural testing has consistently shown that the behaviour of unbonded prestressed walls 

loaded beyond the nominal strength is dominated by rocking as illustrated in Fig.  2.36.  Even 

for walls without specially placed confinement plates, experimental observations consistently 
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demonstrate that the wall is able to support compression strains far beyond 0.003.  In 

Fig.  2.36, the wall has rocked over by a displacement, dty, corresponding to a rotation θ.  At 

this state, it is assumed that the extreme tendon at the tension side of the wall yields, resulting 

in a tendon strain increase of: 

ps

pspy
py E

ff )( −
= Eq.  2.29 

where Eps the modulus of elasticity for the tendon steel, and fps is taken as the tendon stress in 

the extreme tendon at nominal strength.  If a wall is displaced laterally beyond dty, some 

reduction of prestress should be anticipated upon unloading.  Notably, this does not mean that 

wall strength is permanently reduced because the tendons can be fully activated by subsequent 

loading excursions.  The wall rotation θ can be related to the wall displacement increase at 

first tendon yield dty and the tendon strain increase ∆εpy in the following way: 
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Figure 2.36 – Wall rocking response 

where a= c, and it is assumed = 0.85 for unconfined masonry.  In this equation, ete is the 

eccentricity of the extreme tendon at the wall tension side with respect to the compressive end 

of the wall.  The length of the compression zone, c, is calculated at the nominal strength based 

on Eq.  2.22, thus assuming that the wall rocks about an axis at the distance, c, from the 

extreme compression fibre in the wall.  As dty is considered as the displacement increment 

beyond dn, the stress state in the extreme tendon should rigorously be taken as fps, however 
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using fse (initial tendon stress in unloaded state) instead of fps in Eq.  2.30 generally results in 

little error. 

Given θ, the force increase in the individual tendons can be calculated as: 
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tyjy PP = Eq.  2.32 

where etj is the location of the j'th tendon with respect to the compression end of the wall, Apsj

is the area of the j'th tendon and ∆Py is the total tendon force increase above that at Mn.  Note 

that Eq.  2.31 assumes linear variation of the tendon force increase with respect to the lateral 

location of the tendons. The resulting moment increase Mty is then given by: 
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where n is the total number of tendons along the length of the wall and the compression zone 

length at first yield may be calculated as: 
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Finally the yield moment My and displacement dy can be evaluated as: 
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2.7.5 Flexural Overstrength 

The maximum credible strength of an unbonded prestressed wall may be evaluated by 

assuming that all tendons have reached their yield strength.  Consequently, the flexural 

overstrength, Mo, may be evaluated as: 
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where ao is the length of the equivalent ultimate compression block and Py is the total tendon 

force when all tendons are yielding given by: 
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At this state, it is assumed that the tendon closest to the flexural compression zone has 

reached it’s yield stress.  The resulting displacement can then be evaluated using the 

following equation which is similar to Eq.  2.30: 
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In this equation etc is the distance from the compression end of the wall to the closest tendon 

and fps is the tendon stress in the same tendon at nominal strength.  It is noted that Eq.  2.39 is 

not appropriate if the closest tendon is located within the flexural compression zone, i.e. 

etc < c, and that if the tendon closest to the compression zone is near to the location of the 

flexural neutral axis, unrealistically large values of do are calculated.  When all tendons are 

located near the wall centreline, the wall yield strength coincides with the wall overstrength.  

It can be argued for conservatism that the tendon yield stress, fpy, in Eq.  2.38 should be 

replaced with the tendon ultimate strength, fpu, in order to establish the maximum credible 

wall flexural strength. It is, however, unnecessary to modify Eq.  2.39 accordingly because the 

tendon strain at ultimate strength is of the order of 5% and therefore not attainable in reality 

for walls of any geometry. 
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2.8 Force-Displacement Prediction for Walls with Openings 

An approximate force-displacement response was predicted for walls 2 and 7 using SAP2000 

8 non-linear, a finite element analysis software package.  The walls were modelled as a portal 

frame, consisting of three frame elements and using centre-line dimensions as shown in 

Fig.  2.37.  The bond beam was modelled using actual material properties and dimensions.  It 

was assumed that the cracked moment of inertia for the bond beam was 0.5 times the gross 

moment of inertia, and that the post-yield stiffness was 5% of the initial stiffness. 

Figure 2.37 – SAP2000 model 

Individual wall panels were modelled by vertical frame elements using the analytical 

prediction method outlined in section  2.7.  The additional axial force on each panel, generated 

as a result of lateral loading on the portal frame, was estimated and included when calculating 

panel strength.  The resulting force-displacement curve, of each panel, was approximated with 

a bi-linear curve, providing a ‘yield’ point and second slope stiffness that was used to define 

the hinge properties. 

The vertical frame elements in the model were given appropriate dimensions to provide the 

required initial stiffness.  In the case of the window opening, two frame elements were used to 

model the different properties of the wall (i) below the opening and (ii) for the 600 mm wide 

panel, as shown in Fig.  2.37.  Before entering a more complicated model, a simple model 

consisting of one vertical frame element with a hinge at the base, was analysed to ensure that 

the desired bi-linear curve was obtained. 
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Hinges were assigned at the base of each wall panel, at the top of the panel below the bond 

beam and at each end of the bond beam above the opening, and are depicted in Fig.  2.37 as 

hollow circles.  These locations matched the locations of observed wall damage during testing 

of walls 2 and 7.  A non-linear pushover analysis was subsequently conducted in both 

directions due to the non-symmetric geometry of both walls.  The axial force in the vertical 

members, due to lateral loading, was compared to the initial assumption and the analysis 

repeated if this was found to differ considerably.  The resulting curves are shown on the 

appropriate force-displacement graphs in chapters  4 and  9. 

This method provided an approximate prediction for the following reasons: 

• The bi-linear curve was only an approximation of the predicted force-displacement 

response of an individual wall panel. 

• As a portal frame is loaded laterally, the axial loaded in the vertical members changes.  

In this model only one level of axial load was used, which represented approximately 

70-80% of the maximum load recorded in the members.  This had the effect of 

overestimating predicted strength at low levels of displacement and underestimating 

strength at higher displacement levels.  However, since the axial force in each vertical 

member is of opposite sign, using an ‘average’ axial load value leads to only a small 

error.

• No attempt was made to model the strength degradation due to the onset of significant 

wall damage. 
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Chapter 3 

WALL 1 

3.0 Introduction

Testing of Wall 1 is described in this chapter.  This was the first post-tensioned concrete 

masonry wall in this study to be tested in-plane on a shake table, and to the best of the 

authors’ knowledge, the first worldwide.  The test served to demonstrate the improved 

seismic performance of partially grouted post-tensioned concrete masonry walls when 

subjected to ground excitations.  The wall contained a minimal amount of reinforcing steel 

and included steel fibres in the grouted cores. 

3.1 Wall Geometry and Specifications 

Wall dimensions are shown in Fig.  3.1, indicating a length of 1829 mm (72 in.) and a height 

of 2438 mm (96 in.).  The wall was constructed with 6 in. concrete masonry units (nominal 

thickness of 152 mm), which resulted in an effective wall thickness of 143 mm.  Horizontal 

reinforcement consisted of a D16 (No.5) bar embedded in each of the top two courses of 

blocks during construction, to form a 406 mm (16 in.) deep bond beam.  These bars were 

placed on alternate sides of the vertical post-tensioning tendon, centrally located within the 

wall panel, with 6 mm (¼ in.) bond beam stirrups spaced at 610 mm (24 in.) centres.  The 

prestressing tendon was incorporated at the location shown in Fig.  3.1 and remained 

unbonded inside the plastic duct.  The total unbonded length of the prestressing tendon was 

3000 mm, accounting for the foundation beam, mass block and the height of the post-tension 

load cell. 

Self-weight of the wall panel was calculated as 8.7 kN.  It was decided to apply a total 

prestressing force of approximately 75 kN by stressing the prestressing bar to approximately 

0.46fpy.

Two bolts were inserted into the wall top immediately after grouting to provide additional 

connections to the mass block.  These were short lengths of 19 mm (¾ in.) diameter threaded 

rod.
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× ×

Figure 3.1 – Wall 1 geometry 

3.2 Material Properties 

For this wall Sika Grout Aid was not included in the grout mix due to non-availability of the 

product on the day of grouting. 

3.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Two masonry prisms were tested in compression in order to establish masonry crushing 

strengths, f’m, of 18.2 MPa and 19.0 MPa, giving an average f’m of 18.6 MPa.  A third prism 

tested was deemed to fail prematurely due to a fault with the test setup. 

Grout and mortar compressive strength 

Three test cylinders of each material were tested to establish the 28 day strength.  A grout 

strength of 30.0 MPa with a standard deviation of 2.1 MPa was found.  The mortar had a 

compressive strength of 13.4 MPa and a standard deviation of 0.6 MPa. 
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3.3 Strength Prediction 

Nominal flexural strength was calculated as outline in section  2.7 and the results are shown in 

Table  3.1.  The axial force ratio (
m

m

f
f
'

) is the ratio between the compressive stress at the wall 

base due to wall self-weight, additional mass and prestress, and the compressive strength of 

the masonry. 

Table 3.1 – Strength prediction for wall 1 

Run No. 
Self-Wt 

N
Add. Mass 

madd

Prestress 
P

Axial Force 
Ratio

Nom. Strength 
Vf

1 – 8 8.7 960 75 0.029 38 

9 – 17 8.7 2880 75 0.034 44 

 kN kg kN  kN 

3.4 Test Matrix 

Table  3.2 shows details of the earthquake records that were applied to this wall and the 

amount of additional seismic mass that was installed on the wall top.  Characteristics of each 

earthquake record and an explanation of the applied scaling can be found in section  2.5. 

3.5 Test Observations 

This section contains a commentary of wall performance for each applied earthquake record, 

with the key results outline in  Table 3.3. 

3.5.1 Prior to Test 

Prestressing force was applied on the day of testing, which began 128 days and concluded 131 

days after grouting.  Prior to testing the wall was inspected and no cracks were identified.  

Instrumentation was installed as shown in Figs  3.2 and  3.3 and the wall, ready for testing, is 

illustrated in Fig.  3.4. 
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Table 3.2 – Test matrix for wall 1 

EQ Run # EQ
Record 

Add. 
Mass

Prestress 
Force Acc. Scale Time 

Scale 

1 El Centro 960 75 1 1 

2 El Centro 960 75 2.5 0.63 

3 Mammoth 960 75 1 1 

4 Llollelo 960 75 1 1 

5 Nahanni 960 75 1 1 

6 Llollelo 960 75 1.4 0.91 

7 Sylmar 960 75 1 0.60 

8 Tabas 960 75 1 0.38 

9 El Centro 2880 75 1 1 

10 Mammoth 2880 75 1 1 

11 Llollelo 2880 75 1 1 

12 El Centro 2880 75 2.5 0.63 

13 Tabas 2880 75 1 0.38 

14 Nahanni 2880 75 1 1 

15 Llollelo 2880 75 1.4 0.91 

16 Sylmar 2880 75 1 0.60 

17 Tabas 2880 75 2.3 0.25 

  kg kN   

Figure 3.2 – Instrumentation layout for wall 1 
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Figure 3.3 – Instrumentation layout for wall 1 

Figure 3.4 – Wall 1 ready for testing (additional mass = 960 kg) 
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3.5.2 Test Results Summary 

 Table 3.3 contains a summary of wall performance for all seventeen applied earthquake 

records.  An asterisk indicates those runs for which additional test data is presented in the 

form of graphs in the following commentary.  The cumulative start time is the time at which 

each record began and was computed by summing the duration of all the previously applied 

earthquake records. 

Table 3.3 –Test results for wall 1 

 EQ 
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

Max.
Drift 

Tendon 
Force 
Prior 

Max.
Tendon 
Force 

Residual 
Tendon 
Force 

 1 0 4.8 -5.0 0.21 74.4 87.4 75.5 

 2 34 4.4 -4.9 0.20 75.2 87.0 75.5 

 3 58 4.4 -5.2 0.21 75.5 86.8 76.2 

 4 85 5.2 -6.5 0.27 76.1 91.8 77.1 

 5 150 5.3 -5.0 0.22 76.9 90.5 77.3 

 6 174 6.1 -6.6 0.27 77.2 95.3 77.5 

 7 234 4.8 -5.6 0.23 77.3 91.7 77.3 

* 8 250 6.9 -4.7 0.29 77.2 91.2 77.5 

 9 266 4.9 -4.2 0.20 76.7 86.3 76.2 

 10 301 6.9 -5.9 0.29 76.1 92.7 76.1 

 11 328 12.4 -9.9 0.52 76.0 109.5 76.0 

 12 393 11.2 -6.5 0.47 75.8 107.3 76.4 

 13 417 9.8 -7.5 0.41 76.4 102.6 76.5 

 14 434 10.6 -9.7 0.44 76.4 108.0 76.5 

 15 458 14.5 -13.3 0.60 76.4 118.0 76.5 

 16 518 18.0 -23.7 0.98 76.4 149.3 74.0 

* 17 534 23.8 -27.1 1.12 73.9 153.8 72.1 

  sec mm mm % kN kN kN 

3.5.3 Test Commentary and Graphs 

Run 1 : El Centro – A1.0 – T1.0 

The base crack was seen to fully develop during the ground excitation, and rigid body rocking 

was easily observed.  Clouds of dust were omitted from under the toe region at each end. 

Run 2 : El Centro – A2.5 – T0.63 

No new observations were made. 
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Run 3 : Mammoth – A1.0 – T1.0 

No new observations were made.  Once again clouds of dust were emitted from under the toe 

regions. 

Run 4 : Llollelo – A1.0 – T1.0 

No wall cracking had been observed to date, but the wall had begun to rotate in plan about a 

point 400 mm from the right wall end.  The wall had out-of-plane residual displacements after 

the run of 8 mm and 2 mm for the left and right ends respectively. 

Run 5 : Nahanni – A1.0 – T1.0 

The wall continued to rotate and the left end had now moved 10 mm from its original 

position.  This can be seen in Fig.  3.5. 

Figure 3.5 – Run 5, residual out-of-plane sliding 

Run 6 : Llollelo – A1.4 – T0.91 

The wall continued to rotate in plan to a maximum out-of-plane residual displacement of 

12 mm.  There were no signs of wall cracking or masonry degradation. 

Run 7 : Sylmar – A1 – T0.60 

No new observations were made during this run. 
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Run 8 : Tabas – A1.0 – T0.38 

At the end of this run the wall had residual out-of-plane displacements of 12 mm and 2 mm at 

the left and right ends respectively.  A fine crack, with a length of approximately 160 mm, 

was noticed between the mortar joint and the bottom corner left end masonry block.  This was 

deemed structurally insignificant and can be seen in Fig.  3.6.  This run concluded testing 

using the original magnitude of seismic mass, therefore the test setup was changed and the 

amount of mass tripled.  Figs  3.7 through  3.11 show wall performance for the final run, at this 

mass level. 

Figure 3.6 – Run 8, cracking end of run 
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Figure 3.7 – Run 8, acceleration spectra 
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Figure 3.8 – Run 8, wall displacement history 
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Figure 3.9 – Run 8, prestress history 
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Figure 3.10 – Run 8, uplift of left hand wall end 
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Figure 3.11 – Run 8, force-displacement peaks 

Run 9 : El Centro – A1.0 – T1.0 

The additional mass blocks were now installed, as shown in Figs  3.12 and  3.13.  This was the 

first run of the second stage of testing.  The increased rocking period, due to the increased 

seismic mass, was evident during the run, and no additional masonry cracking was recorded. 

Figure 3.12 – Run 9, wall with additional mass installed 
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Figure 3.13 – Run 9, close-up of installed mass blocks 

Run 10 : Mammoth – A1.0 – T1.0 

No new observations were made. 

Run 11 : Llollelo – A1.0 – T1.0 

It was noted at the end of this run that the two lower wall corner blocks were wearing as a 

result of the number of rocking cycles endured.  The wearing of the mortar layer on which the 

first course of blocks sits, had no effect structurally and can be seen on the left end of the wall 

in Fig.  3.14. 

Figure 3.14 – Run 11, wearing of toe 
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Run 12 : El Centro – A2.5 – T0.63 

The wall had residual displacements of 10 mm and 2 mm at the two ends, due to rotation in 

plan.

Run 13 : Tabas – A1.0 – T0.38 

No new observations were made. 

Run 14 : Nahanni – A1.0 – T1.0 

No new observations were made. 

Run 15 : Llollelo – A1.4 – T0.91 

The photo shown in Fig.  3.15 was taken at the end of testing and shows the first sign of 

masonry spalling, which was deemed structurally insignificant. 

Figure 3.15 – Run 15, spalling of masonry 

Run 16 : Sylmar – A1.0 – T0.60 

No new observations were made. 

Run 17 : Tabas – A2.3 – T0.25 

During this run, a critical component of the shake table was damaged.  There were no new 

observations made, with regard to wall damage and performance during the run, and although 

the wall had not sustained any structural damage after being subjected to 17 earthquake 

records, testing was stopped and the wall discarded, due to the need to continue the testing 

program.
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Fig.  3.16 highlights the large demand provided by this earthquake over the period range of the 

wall.  The wall exceeded 1% drift in both directions as shown in Fig.  3.17.  Fig.  3.18 

demonstrates that the tendon remained within the elastic range and the wall uplift measured at 

the left hand wall end is shown in Fig.  3.19.  The peak force-displacement response is 

presented in Fig.  3.20 showing an overestimate of both initial stiffness and post-rocking 

strength.  This is most likely the result of gradual wall softening over the sixteen previously 

applied earthquake records 
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Figure 3.16 – Run 17, acceleration spectra 
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Figure 3.17 – Run 17, wall displacement history 
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Figure 3.18 – Run 17, prestress history 
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Figure 3.19 – Run 17, uplift of left hand wall end 
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Figure 3.20 – Run 17, force-displacement peaks 
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3.6 Test Summary 

Wall 1 was subjected to seventeen earthquake records before testing ceased due to a 

mechanical failure on the shake table.  Fig.  3.21 shows the only wall damage being a fine 

crack in the vertical mortar joint in the lower left toe region. 

Figure 3.21 – Crack pattern for wall 1 

3.6.1 Runs 1 through 8 (madd. = 960 kg) 

Wall performance for the first 8 earthquake records was similar, resulting in peak wall 

displacements that generally increased from 4.8 mm for run 1, up to 6.9 mm for run 8.  The 

wall completed a total of approximately 1900 cycles, and the only visible damage was a fine 

vertical crack that occurred during run 8.  The structure had a period of between 0.08 sec. and 

0.1 sec. for this level of drift, and the tendon force reached a maximum level of 58% of 

tendon yield, indicating no prestress loss due to tendon yielding. 

Fig  3.22 shows the recorded acceleration history of the table during all 8 runs.  An attempt 

was made to select and scale the records appropriately so that each subsequent record resulted 

in the specimen being subjected to larger ground excitations.  This was not achieved as the 

figure shows.  Accurate tuning of the table is required to ensure that the shake table provides 
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an acceleration history closely resembling that desired.  The level of tuning required differs 

not only when the mass changes, but also as the specimen stiffness changes.  Originally the 

table was tuned too high, resulting in very responsive movement and higher accelerations than 

desired.  As the specimen was not damaged, the only undesired result was that the wall was 

subjected to eight similar earthquakes, resulting in similar wall displacements as shown in 

Fig.  3.23. 

0 50 100 150 200 250
-20

-10

0

10

20

Time (sec)

Ta
bl

e 
A

cc
el

er
at

io
n 

(m
/s2 )

-2

-1.5

-1

-0.5

0

0.5

1

1.5

2

Ta
bl

e 
A

cc
el

er
at

io
n 

(g
)

Figure 3.22 – Overall table acceleration history (runs 1-8) 
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Figure 3.23 – Overall top of wall displacement history (runs 1-8) 

The wall base sliding history for all runs is shown in Fig.  3.24, indicating that the cumulative 

sliding was approximately 2 mm, with the largest percentage occurring during the seventh run 

(T = 234 – 250 sec.).  Sliding tended to occur due to a gradual migration of the wall as it 

rocked back and forth. 
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Figure 3.24 – Overall wall sliding history (runs 1-8) 

Fig.  3.25 shows the peak force-displacement response recorded for runs 1 through 8, 

indicating an accurate match with prediction. 
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Figure 3.25 – Force-displacement peaks (runs 1-8) 

3.6.2 Runs 9 through 17 (madd. = 2880 kg) 

The nine earthquake records applied, with the higher level of seismic mass installed, resulted 

in the wall rocking approximately 1800 times with peak displacements generally increasing 

from 4.9 mm for run 9, up to 27.1 mm for run 17, as depicted in Fig.  3.26.  The maximum 

structural period calculated was 0.24 seconds.  The peak tendon force reached 94% of the 

tendon yield force and a small drop in residual prestress force was noticed, as shown in 

Fig.  3.27, indicating that the tendon may have begun to yield or perhaps the increase in axial 



Wall 1 

- 58 - 

load resulted in slight masonry or mortar crushing and a small reduction of strain in the 

tendon.
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Figure 3.26 – Overall top of wall displacement history (runs 9-17) 
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Figure 3.27 – Overall tendon prestress history (runs 9-17) 

Fig.  3.28 shows that the table was tuned more appropriately for this series of earthquakes, but 

was still too responsive, resulting in a number of very high peak accelerations.  These 

occurred over a very short time period, and therefore did not provide significant energy to the 

structure. 
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Figure 3.28 – Overall table acceleration history (runs 9-17) 

Wall sliding is shown in Fig.  3.29, which illustrates that wall sliding remained within the band 

of -2 mm to 5 mm. 
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Figure 3.29 – Overall wall sliding history (runs 9-17) 

The force-displacement response, derived from the peaks of the second set of applied 

earthquakes, is presented in Fig.  3.30 and is again compared with the analytical prediction 

model.  Wall performance was seen to generally fit the prediction curve, though it is 

recognized that the lack of points and large scatter, at drifts beyond 0.5% in both directions, 

make it difficult to form such a conclusion over this range.  The overestimation of strength in 

the negative direction could have been the result of softening and wear of the lower right toe 

region resulting in less tendon force increase than the model predicted, and hence less wall 

strength. 
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Figure 3.30 – Force-displacement peaks (runs 9-17) 

3.6.3 Components of Deformation 

Fig.  3.31 shows the rocking profiles measured along the length of the wall, captured at the 

peak positive displacement for each earthquake record and clearly shows a linear profile 

indicating rocking behaviour.  The four lowest points at the 0 wall position should be ignored 

due to inaccuracies with the instrument for these runs. 
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Figure 3.31 – Wall rocking profiles (all runs) 
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Fig.  3.32 shows the components of overall top of wall displacement, captured at the peak 

positive displacement of each run.  The figure indicates that rocking was the predominant 

component of displacement, with a small amount of sliding and negligible shear deformation.  

The line labelled ‘total’ refers to the sum of the three components, rocking, sliding and shear, 

and shows that when compared with the overall displacement forms a relatively good match, 

indicating that the recording of the displacement components was reasonably accurate and 

that the fourth component, flexure, that was not measured, was only a small component, as 

expected. 
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Figure 3.32 – Panel deformation components 

3.6.4 Test Outcomes 

This wall test was deemed successful and although it was disappointing that the wall could 

not be tested to failure, considerable data was gathered and the wall demonstrated that it could 

withstand a larger earthquake, while supporting more seismic mass, than would be expected 

in a residential structure. 

One area of wall performance that was overlooked was the tendency of the wall to migrate 

out-of-plane, by rotating in plan.  Initially the out-of-plane restraint rollers were located 

approximately 10 mm from the steel angle, on which they bore, so that they would not 

interfere with wall rocking, yet provide restrain if required.  This allowed the wall to migrate 

sideways, until it was supported by a roller, at which point it could not move any further, 

hence the maximum recorded out-of-plane residual displacement of 12 mm at one end.  

Although this was not seen as a significant problem, the initial gap was reduced before the 
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second set of earthquakes, ensuring that the allowed out-of-plane movement was only a small 

component of the in-plane displacements. 

A better understanding of shake table tuning was gained from this wall test.  It is hoped that 

more accurate tuning values will ensure that future table accelerations more closely resemble 

that which is desired. 

Analysis of the test results indicated that the inclinometer and the 9600 series linear 

potentiometers gave inaccurate readings and were not appropriate for this level of dynamic 

testing. 

The shake table test results closely matched the analytical prediction derived by Laursen and 

Ingham.  These equations had previously only been verified by several series of cyclic tests 

conducted at the University of Auckland, New Zealand1.
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Chapter 4 

WALL 2 

4.0 Introduction

Testing of Wall 2 is described in this chapter.  The test aimed to demonstrate the effect of a 

door opening in a post-tensioned concrete masonry wall and was the first wall tested that 

contained an opening.  The wall was fully grouted due to the short length of the two panels 

framing the opening, necessary because of the length of the shake table.  The door frame was 

constructed as per NZS 4229 with regard to the standard detailing of the lintel.  Steel fibre 

reinforced grout was used with no additional vertical reinforcement. 

4.1 Wall Geometry and Specifications 

Wall dimensions are shown in Fig.  4.1, indicating a length of 2235 mm (88 in.) and a height 

of 2438 mm (96 in.).  The wall was constructed with 6 in. concrete masonry units (nominal 

thickness of 152 mm), which resulted in an effective wall thickness of 143 mm.  Horizontal 

reinforcement consisted of a D16 (No.5) bar embedded in each of the top two courses of 

blocks during construction, to form a 406 mm (16 in.) deep bond beam.  These bars were 

placed on alternate sides of the vertical post-tensioning tendon, centrally located within each 

wall panel, with 6 mm (¼ in.) bond beam stirrups spaced at 610 mm (24 in.) centres within 

the panels and at 165 mm (6 ½ in.) in the lintel.  The prestressing tendons were incorporated 

at the locations shown in Fig.  4.1 and remained unbonded inside the plastic duct.  Cutting of 

some concrete block webs was required to enable the positioning of the tendon in the right 

hand panel, due to the dimensions of this panel and the desire to locate the tendon in the 

centre.  The total unbonded length of the prestressing tendon was 3000 mm, accounting for 

the foundation beam, mass block and the height of the post-tension load cell. 

Self-weight of the wall was calculated as 10.6 kN.  It was decided to apply a prestressing 

force of approximately 75 kN per tendon by stressing each prestressing bar to approximately 

0.46fpy.
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The mass block bases were installed on the wall in two pieces above each panel, ensuring that 

their stiffness did not influence the performance of the bond beam.  Due to the success of the 

connection between the mass blocks and wall in the first test, it was decided to omit the 

additional bolts and instead rely on the strength of the fibre grout when the system was 

stressed.

Figure 4.1 – Wall 2 geometry 

4.2 Material Properties 

4.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Two masonry prisms were tested in compression, 35 days after grouting, in order to establish 

masonry crushing strengths, f’m, of 25.8 MPa and 27.9 MPa, giving an average of 26.9 MPa. 
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4.3 Strength Prediction 

The wall force-displacement prediction was calculated according to section  2.8 using the 

properties outlined in Table  4.1, and is presented in the appropriate figures in this chapter.  

The axial force ratio (
m

m

f
f
'

) is the ratio between the compressive stress at the wall base due to 

wall self-weight, additional mass and prestress, and the compressive strength of the masonry. 

Table 4.1 – Properties for strength prediction of wall 2 

Run No. 
Self-Wt 

N
Add. Mass 

madd

Prestress 
P

Axial Force 
Ratio

     

1 – 11 10.6 2880 75 0.035 

 kN kg kN  

4.4 Test Matrix 

 Table 4.2 shows details of the earthquake records that were applied to this wall and the 

amount of additional seismic mass that was installed on the wall top.  Characteristics of each 

earthquake record and an explanation of the applied scaling can be found in section  2.5. 

4.5 Test Observations 

This section contains a commentary of wall performance for each executed earthquake record, 

with the key results outlined in  Table 4.3. 

4.5.1 Prior to Test 

Prestressing force was applied on the day of testing, which occurred 70 days after grouting.  

Prior to testing the wall was inspected and no cracks were identified.  Instrumentation was 

installed as shown in Fig.  4.2 and the wall ready for testing is illustrated in Fig.  4.3. 
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Table 4.2 – Test matrix for wall 2 

EQ Run # EQ
Record 

Add. 
Mass

Prestress 
Force Acc. Scale Time 

Scale 

1 El Centro 2880 75 0.25 1 

2 El Centro 2880 75 0.50 1 

3 El Centro 2880 75 0.75 1 

4 Tabas 2880 75 0.5 0.38 

5 El Centro 2880 75 1 1 

6 Mammoth 2880 75 1 1 

7 Tabas 2880 75 1 0.38 

8 Llollelo 2880 75 1 1 

9 Sylmar 2880 75 1 0.60 

10 Nahanni 2880 75 1 1 

11 Llollelo 2880 75 1.4 0.91 

  kg kN   

Figure 4.2 – Instrumentation layout for wall 2 
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Figure 4.3 – Wall 2 ready for testing 

4.5.2 Test Results Summary 

 Table 4.3 contains a summary of wall performance for all eleven applied earthquake records.  

An asterisk indicates those runs for which additional test data is presented in the form of 

graphs in the following commentary.  The cumulative start time is the time at which each 

record began and was computed by summing the duration of all the previously applied 

earthquake records. 
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Table 4.3 – Test results for wall 2 

 EQ 
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

Max.
Drift 

Tendon 
Force 
Prior 

Max.
Tendon 
Force 

Residual 
Tendon 
Force 

      PR1 PR2 PR1 PR2 PR1 PR2 

 1 0 6.0 -5.0 0.25 76.8 76.4 83.7 81.1 78.1 76.3 

 2 35 7.1 -6.2 0.29 78.0 76.3 84.5 81.6 79.6 76.6 

 3 70 5.6 -6.0 0.25 79.5 76.6 83.4 80.6 79.5 76.6 

 4 105 3.7 -2.7 0.15 79.4 76.6 80.8 77.4 79.4 76.6 

 5 121 6.3 -5.5 0.26 79.4 76.6 84.0 80.6 79.5 76.7 

 6 156 6.2 -6.1 0.25 79.4 76.6 83.7 81.0 79.7 76.9 

 7 183 9.8 -7.8 0.40 79.6 76.8 89.5 84.0 79.6 77.1 

 8 199 14.9 -15.5 0.63 79.6 77.1 101.3 99.2 80.2 78.5 

* 9 263 17.6 -29.0 1.19 80.0 78.3 113.0 124.4 80.9 79.6 

 10 279 23.3 -32.3 1.32 80.8 79.5 117.4 126.7 81.5 80.7 

* 11 303 35.9 -32.9 1.47 81.4 80.6 128.8 116.1 81.1 77.4 

  sec mm mm % kN kN kN 

4.5.3 Test Commentary and Graphs 

Run 1 : El Centro – A0.25 – T1.0 

During this earthquake the base crack of both panels fully developed and first cracking of the 

bond beam was observed.  Cracking of the lintel allowed each wall panel to rock, resulting in 

two toe regions being loaded in compression as the wall displaced.  The bond beam cracking 

consisted of a fine vertical crack extending the total height of the beam on the right hand side 

of the door opening, and a crack 200 mm long beginning from the top left corner of the 

opening. 

Run 2 : El Centro – A0.5 – T1.0 

The crack located at the left hand end of the lintel had now propagated the full depth of the 

beam.

Run 3 : El Centro – A0.75 – T1.0 

No new observations were made. 
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Run 4 : Tabas – A0.5 – T0.38 

The level of shake table tuning was reduced slightly prior to this run, resulting in a less 

responsive table and an acceleration history more closely resembling that desired.  No new 

observations were made. 

Run 5 : El Centro – A1.0 – T1.0 

No new observations were made. 

Run 6 : Mammoth – A1.0 – T1.0 

No new observations were made. 

Run 7 : Tabas – A1.0 – T0.38 

Two additional fine cracks were observed in the bond beam after this run. 

Run 8 : Llollelo – A1.0 – T1.0 

Further cracking in the bond beam was recorded at the end of this run.  Horizontal cracks, at 

mid-height of the bottom course of bond beam blocks, began to propagate into the piers on 

both sides.  The previously mentioned cracking increased in length but not in width.  A 

vertical crack was marked on the right hand wall end toe with a length of approximately 

230 mm.  The entire wall had translated 4 mm horizontally in the out-of-plane direction. 

Run 9 : Sylmar – A1.0 – T0.60 

Shake table tuning levels were found to be appropriate for this earthquake which produced a 

maximum wall displacement twice that of the previous run.  The acceleration spectrum is 

shown in Fig.  4.4 indicating spectral accelerations were higher than design spectra across this 

wall’s structural period range.  Fig.  4.5 shows that although the wall exceeded 1% drift in the 

negative direction, the prestress was sufficient to ensure the wall returned to its original 

vertical position.  The peak force-displacement response is presented in Fig.  4.6 and shows 

that the wall had lost considerable stiffness during prior earthquake records. 

The previously mentioned horizontal cracking continued to propagate into the panels, 

particularly on the left hand wall side.  The wall continued to migrate on the foundation and 

had now translated horizontally up to a maximum of 9 mm from the beginning of testing. 
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Figure 4.4 – Run 9, acceleration spectra 
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Figure 4.5 – Run 9, wall displacement history 
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Figure 4.6 – Run 9, force-displacement peaks 
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Run 10 : Nahanni – A1.0 – T1.0 

Vertical cracking was observed over the bottom block course on three of the four panel ends.  

Bond beam cracking, as depicted in Fig.  4.7, continued to propagate and had a maximum 

crack width of 2 mm.   

Figure 4.7 – Run 10, bond beam cracking at top of 600 mm panel 

Run 11 : Llollelo – A1.4 – T0.91 

Considerable wall damage was sustained during this earthquake, as shown in Fig.  4.8, with 

Fig.  4.10 showing spectral accelerations considerably greater than design values.  Vertical 

cracking, toe crushing and masonry face shell popping was observed at the lower corners of 

both wall panels, with an example illustrated in Fig  4.9.  Further bond beam cracking was 

observed and some masonry face shell was lost from above the opening.  A 200 mm length of 

mortar was dislodged from the bond beam leaving an 8 mm wide crack, otherwise the 

maximum crack width in the bond beam was approximately 3 mm.  Fig.  4.11 shows that a 

residual displacement of 6 mm was recorded at the end of the earthquake.  There was no loss 

in prestress in the right hand tendon and a small loss of 2 kN in the left hand tendon, as 

indicated by Figs  4.12 and  4.13 respectively.  Fig.  4.14 shows the loss in wall stiffness.  At 

the conclusion of testing the wall had a residual sliding displacement of 12 mm in the out-of-

plane direction.  Testing ceased due to extensive wall damage and loss of strength as a result 

of toe crushing. 
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Figure 4.8 – Wall 2 at end of testing 

Figure 4.9 – Toe damage at end of testing 
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Figure 4.10 – Run 11, acceleration spectra 
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Figure 4.11 – Run 11, wall displacement history 

0 10 20 30 40 50 60
75

85

95

105

115

125

135

Time (sec)

P
re

st
re

ss
 (k

N
)

50

55

60

65

70

75

80

Fr
ac

tio
n 

of
 Y

ie
ld

 (%
)

Figure 4.12 – Run 11, LCPR1 prestress history  
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Figure 4.13 – Run 11, LCPR2 prestress history  
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Figure 4.14 – Run 11, force-displacement peaks 

4.6 Test Summary 

Wall 2 was subjected to eleven earthquake records before toe crushing and splitting resulted 

in significant strength loss and testing ceased.  Fig.  4.15 shows wall cracking at the end of 

testing, which consisted of horizontal and vertical cracking in the bond beam and damage to 

the two wall panel toe regions.  Initially the table was over-tuned resulting in the first three 

earthquake records that were executed, subjecting the wall to greater accelerations than 

desired.  Table tuning was adjusted prior to the fourth run (T = 105 sec.) and as Fig.  4.16 

shows, accelerations generally increased thereafter. 



Wall 2 

- 75 - 

The wall displacement history, with sliding subtracted, is shown in Fig.  4.17.  This graph 

indicates that wall displacements generally increased throughout testing and reached a 

maximum of approximately 1.5% drift in both the positive and negative direction during the 

final run. 

Figure 4.15 – Crack pattern for wall 2 

0 50 100 150 200 250 300 350
-20

-15

-10

-5

0

5

10

15

20

Time (sec)

Ta
bl

e 
A

cc
el

er
at

io
n 

(m
/s2 )

-2

-1.5

-1

-0.5

0

0.5

1

1.5

2
Ta

bl
e 

A
cc

el
er

at
io

n 
(g

)

Figure 4.16 – Overall table acceleration history  
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Figure 4.17 – Overall top of wall displacement history  

Figs  4.18 and  4.19 show the wall base sliding history measured at the bottom of the 800 mm 

and 600 mm panels respectively, and when compared with Fig.  4.17 indicate that sliding was 

a minor component of overall wall displacement.  Figs  4.20 through  4.23 show the opening 

and closing histories of the main vertical cracks in the bond beam.  G1 through G4 refer to the 

gauge designations (refer Fig.  4.2 for gauge location) and had a gauge length of 150 mm.  

These graphs show that prior to run 9 (T = 263 sec.) the cracks closed upon unloading and 

that crack widths were insignificant.  Crack widths increased during the final three runs 

(T = 263 – 363 sec.), and had residual widths of approximately 3 mm at the conclusion of 

testing.  Fig.  4.24 shows the force-displacement points taken at the peak of each positive and 

negative cycle across all eleven runs.  Initial stiffness and maximum wall strength were 

accurately predicted by the model up to drift levels of approximately 0.5%.  The scatter of 

points is a result of cumulative wall damage leading to wall softening. 
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Figure 4.18 – Overall wall sliding history (S3 – 800 mm panel) 
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Figure 4.19 – Overall wall sliding history (S4 – 600 mm panel) 
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Figure 4.20 – Overall bond beam gap opening history (G1) 
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Figure 4.21 – Overall bond beam gap opening history (G2) 
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Figure 4.22 – Overall bond beam gap opening history (G3) 
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Figure 4.23 – Overall bond beam gap opening history (G4) 
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Figure 4.24 – Force-displacement peaks 
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4.6.1 Test Outcomes 

Failure occurred when the wall was subjected to an earthquake record with an acceleration 

spectrum greater than both the IBC (San Jose) and NZS 4203 design spectra, while supporting 

a seismic mass greater than that expected in a residential environment. 

The wall reached drifts of approximately 1.5% in both directions before failure occurred due 

to toe crushing.  This is a desirable failure mode due to the ease of repair.  Residual bond 

beam crack widths reached a maximum of approximately 3 mm, excluding the loss of the 

mortar joint, and would be deemed relatively minor after an earthquake of this magnitude. 

In-plane residual sliding was found to be a small component of the total wall displacement.  

However the residual sliding perpendicular to the axis of loading (i.e. out-of-plane if viewed 

in plan) reached a maximum of 12 mm at the conclusion of testing.  This was a translation 

rather than a rotation and therefore would have negligible effect on the recording of wall 

performance. 

Upon inspection of the block cores in the four wall panel toe regions, at conclusion of testing, 

it was discovered that a large amount of mortar had been dropped inside the wall during 

construction.  Since the mortar had a lower compressive strength compared with the grout 

used, wall performance was subsequently affected as toe crushing occurred earlier.  For future 

wall tests, access holes were provided in critical grouted cores and all mortar was cleaned 

from the cores prior to grouting. 

The shake table was over-tuned initially but this was adjusted and the table performed 

satisfactorily for the remaining runs. 
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Chapter 5 

WALL 3 

5.0 Introduction

Testing of Wall 3 is described in this chapter.  This wall test was the result of removing the 

damaged lintel and repairing the two remaining rectangular panels left after the testing of 

Wall 2.  The two wall panels were tested simultaneously.  Test results for the 600 mm long 

wall are contained in this chapter and results for the 800 mm long wall, known as Wall 4, are 

contained in chapter  6 of this report. 

5.1 Wall Geometry and Specifications 

Wall dimensions are shown in Fig.  5.1, indicating a length of 610 mm (24 in.) and a height of 

2438 mm (96 in.).  Additional specifications can be found in section  4.1. 

Self-weight of the wall was calculated as 4.1 kN.  It was decided to apply a total prestressing 

force of approximately 75 kN by stressing the prestressing bar to approximately 0.46fpy.  Part 

way through testing, the level of prestress was increased to a value of 115 kN or 

approximately 0.71fpy, in an attempt to reduce wall displacements. 

The mass block base and four additional masses, representing an additional seismic mass of 

1440 kg, were installed on the wall top for the previous test and since the connection 

performed satisfactorily, no changes were made prior to this test. 

5.2 Material Properties 

5.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Masonry prism strength data for this wall can be found in section  4.2 where material 

properties for Wall 2 are reported. 
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Grout and mortar compressive strength 

Two cylinders of repair grout were crushed on the day of wall testing, being 10 days after the 

wall was repaired, and an average compressive strength of 22.8 MPa was found. 

Figure 5.1 – Wall 3 geometry 

5.3 Strength Prediction 

Nominal flexural strength was calculated as outlined in section  2.7, and the results are shown 

in Table  5.1.  The axial force ratio (
m

m

f
f
'

) is the ratio between the compressive stress at the 

wall base due to wall self-weight, additional mass and prestress, and the compressive strength 

of the masonry. 
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Table 5.1 – Strength prediction for wall 3 

Run No. 
Self-Wt 

N
Add. Mass 

madd

Prestress 
P

Axial Force 
Ratio

Nom. Strength 
Vf

1 – 4 4.1 1440 75 0.049 12 

5 – 7 4.1 1440 115 0.070 16 

 kN kg kN  kN 

5.4 Test Matrix 

 Table 5.2 shows details of the earthquake records that were applied to this wall and the 

amount of additional seismic mass that was installed on the wall top.  Characteristics of each 

earthquake record and an explanation of the applied scaling can be found in section  2.5. 

Table 5.2 – Test matrix for wall 3 

EQ Run # EQ
Record 

Add. 
Mass

Prestress 
Force Acc. Scale Time 

Scale 

1 Pulse 1440 75 – – 

2 El Centro 1440 75 0.25 1 

3 El Centro 1440 75 0.50 1 

4 El Centro 1440 75 0.75 1 

5 El Centro 1440 115 0.75 1 

6 Tabas 1440 115 0.5 0.38 

7 El Centro 1440 115 1 1 

  kg kN   

5.5 Test Observations 

This section contains a commentary of wall performance for each executed earthquake record, 

with the key results outlined in  Table 5.3. 

5.5.1 Repair of Damaged Wall 

At the conclusion of testing Wall 2, the lintel was removed and the crushed lower left corner 

cleaned of any loose grout and masonry.  The corner was then enclosed by timber formwork 

and filled with Sika Repair®224, a synthetic fibre reinforced, high strength repair mortar, 

which had a specified 28 day compression strength of 69 MPa.  The mortar was placed in the 

wall cavity and vibrated using a rod.  The repair mortar took longer to harden than initially 
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anticipated and extrapolation of the compressive strength obtained at day 10 out to 28 days 

indicated a lower compressive strength than specified.  It was deemed that this was a result of 

incorrect application for this product, which is intended to be applied in thinner layers.  The 

obtained strength of 22.8 MPa was approximately equal to the strength of the masonry that it 

replaced, according to the masonry prism strengths obtained for Wall 2.  Therefore it was felt 

that use of this material did not significantly affect wall performance. 

It was decided to form a base crack in the new repair concrete, as there was concern that the 

repair mortar may form a stronger bond between itself and the base than itself and the 

masonry wall, affecting the desired rocking behaviour.  This was accomplished using a thin 

trowel and the proceeding testing showed that this was successful. 

Prior to repair the wall was not de-stressed, and therefore the repair was conducted with the 

wall in the prestressed state.  This resulted in the lower left wall corner not having an initial 

masonry compression strain due to the prestress force.  In a residential situation it may not be 

desirable, or even possible, to de-stress a wall prior to post-earthquake repair work as this 

significantly reduces the wall’s strength.  Therefore this situation resembled a possible 

scenario when this technology is used in residential construction in the future.  Fig.  5.2 shows 

the corner cleaned out immediately prior to the installation of formwork. 

Figure 5.2 – Wall 3 ready for application of repair mortar 



Wall 3 

- 85 - 

5.5.2 Prior to Test 

Prestressing force was applied 10 days prior to testing, which occurred 70 days after grouting 

and 10 days after the repair was conducted.  Prior to testing the wall was inspected and all 

cracks from previous testing were marked with a different coloured marker.  Instrumentation 

was installed as illustrated in Fig.  5.3 and the wall after repair is shown in Fig.  5.4. 

Figure 5.3 – Instrumentation layout for wall 3 

Figure 5.4 – Wall 3 after repair 
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5.5.3 Test Results Summary 

 Table 5.3 contains a summary of wall performance for all seven earthquake records that were 

applied to the wall.  An asterisk indicates those runs for which additional test data is presented 

in the form of graphs in the following commentary.  The cumulative start time is the time at 

which each record began and was computed by summing the duration of all the previously 

applied earthquake records. 

Table 5.3 – Test results for wall 3 

 EQ 
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

Max.
Drift 

Tendon 
Force 
Prior 

Max.
Tendon 
Force 

Residual 
Tendon 
Force 

* 1 0 4.9 -6.4 0.26 74.2 74.9 74.2 

 2 7 5.8 -6.6 0.27 74.2 75.2 74.2 

 3 41 12.3 -13.2 0.54 74.2 77.5 73.8 

* 4 76 22.9 -16.8 0.94 73.7 81.6 72.7 

 5 110 16.6 -11.3 0.68 115.1 119.1 114.5 

 6 146 16.6 -14.7 0.68 113.6 118.1 113.2 

 7 162 16.9 -14.1 0.69 113.1 117.3 112.3 

  sec mm mm % kN kN kN 

5.5.4 Test Commentary and Graphs 

Run 1 : Pulse 

The purpose of this run was to capture the free vibration decay of the wall before the wall 

began rocking.  Using manual control, the shake table was displaced rapidly and stopped, and 

the wall displacement decay captured.  There was no cracking of the wall during this pulse.  

The wall displacement history showing the free vibration decay is presented in Fig.  5.5. 
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Figure 5.5 – Run 1, wall displacement history 
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Run 2 : El Centro – A0.25 – T1.0 

The base crack fully developed during this run and fine cracking of the interface between the 

repair grout and masonry was observed as shown in Fig.  5.6. 

Figure 5.6 – Run 2, toe cracking 

Run 3 : El Centro – A0.50 – T1.0 

The previously mentioned cracking, at the interface between the repair concrete and the 

masonry, continued to propagate. 

Run 4 : El Centro – A0.75 – T1.0 

Fig.  5.7 indicates that this earthquake record was relatively small, particularly over the 

structural period range of this wall, yet Fig  5.8 shows the wall reached a drift of 

approximately 1%.  Additional fine cracking was observed in the repair grout and is 

illustrated in Fig.  5.9.  Following this run the level of prestress was increased to 115 kN, or 

approximately 0.71fpy, in an attempt to reduce wall displacements. 
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Figure 5.7 – Run 4, acceleration spectra 
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Figure 5.8 – Run 4, wall displacement history 

Figure 5.9 – Run 4, toe cracking 

Run 5 : El Centro – A0.75 – T1.0 

The previous earthquake record was re-run to enable easy comparison between the two runs 

for the two different prestress levels.  During this run the previously mentioned cracking 

continued to propagate and the wall began to rotate in-plan, with a residual out-of-plane 

sliding displacement of 10 mm at the left hand end.  The maximum recorded wall 

displacement was 16.6 mm compared with a maximum displacement of 22.9 mm prior to 

prestress increase. 
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Run 6 : Tabas – A0.5 – T0.38 

There was a small increase in crack lengths in the repair grout and the wall had further rotated 

in-plan to a maximum of 14 mm at the left hand end. 

Run 7 : El Centro – A1.0 – T1.0 

During this run cracking between the masonry and repair grout continued to propagate to a 

point where it was felt that the entire interface had cracked although the wall toe remained in 

place.  The wall continued to rotate in-plan and ended the run with residual out-of-plane 

sliding displacements of 0 mm and 12 mm for the right and left hand ends respectively.  It 

was decided to cease testing at the conclusion of run 8, as it was felt that the lower left corner 

could disengage from the wall in subsequent runs creating a potentially dangerous situation.  

Figs  5.10 and  5.11 show the final crack patterns on each side of the wall. 

Figure 5.10 – Crack pattern at end of test 

Figure 5.11 – Crack pattern at end of test 
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5.6 Test Summary 

Wall 3 was subjected to seven earthquake records before testing ceased due to toe damage as 

depicted in Fig.  5.12.  Figs  5.13 and  5.14 show the force-displacement peaks for all wall 

cycles at each prestress level.  It is apparent that the wall did not exhibit the strength or 

stiffness expected and that the typical bi-linear response of a rocking wall was not obtained.  

The increase in prestress had no effect on wall strength in the positive direction, which could 

be a result of toe damage sustained during run 4, the run immediately prior to restressing.  In 

this case the increase in lateral strength expected from a higher level of prestress was offset by 

the migration of the neutral axis due to toe damage. 

Figure 5.12 – Crack pattern for wall 3 

The wall uplift history for all earthquake runs, recorded at the left hand wall end, is shown in 

Fig.  5.15.  The maximum recorded negative deformation was approximately 1.5 mm, 

equating to a compressive strain of 0.012.  These high readings were due to the gap that was 

created between the repair grout and base during repair, meaning that as the wall rocked over, 

this gap had to close before the wall toe began loading in compression.  Crushing of the base 

mortar joint under the lower right wall corner had not been repaired after testing of Wall 2, as 

this damage was deemed minor at the time.  The resulting curved wall bottom meant that as 
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the wall rocked, the tendon force increase was not as high as would be expected for a 

rectangular wall. 

Due to the relatively short wall length, the wall had a tendency to rotate when viewed in-plan.  

Part of the reason to cease testing was due to the cumulative rotation, which at the end of 

testing amounted to 12 mm or 2% of the wall length. 

-20 -15 -10 -5 0 5 10 15 20
-20

-15

-10

-5

0

5

10

15

20

Displacement (mm)

B
as

e 
S

he
ar

 (k
N

)

Test Data
Laursen et al.

-0.75 -0.5 -0.25 0 0.25 0.5 0.75

-25

0

25

Drift (%)

M
om

en
t (

kN
.m

)
Figure 5.13 – Force-displacement peaks (P = 75 kN) 
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Figure 5.15 – Overall wall uplift history (left hand end – R6) 

5.6.1 Test Outcomes 

Due to the method of repair and the difficulties encountered when testing a short wall panel, 

where the out-of-plane supports are less effective at minimising rotation, little can be gained 

from the test results of Wall 3.  Care should be taken in sourcing the most appropriate product 

when repairing walls of this type.  It is recommended that the wall be destressed prior to 

repair, and if bond between the repair material and foundation is not desired, a bond breaker 

such as a piece of polythene would be more suitable than forming a gap.  If this procedure is 

conducted, then upon restressing the entire wall footprint will be prestressed. 
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Chapter 6 

WALL 4 

6.0 Introduction

Testing of Wall 4 is described in this chapter.  This wall test was the result of removing the 

damaged lintel and repairing the two remaining rectangular panels left after the testing of 

Wall 2.  Simultaneous testing of a 600 mm long and 800 mm long panel resulted, with the test 

data for the former wall panel contained in chapter  5 and the results for the 800 mm long wall 

panel contained in this chapter. 

6.1 Wall Geometry and Specifications 

Wall dimensions are shown in Fig.  6.1, indicating a length of 813 mm (32 in.) and a height of 

2438 mm (96 in.).  Additional specifications can be found in section  4.1. 

Self-weight of the wall was calculated as 5.5 kN.  It was decided to apply a total prestressing 

force of approximately 75 kN by stressing the prestressing bar to approximately 0.46fpy.

The mass block base and four additional masses, representing an additional seismic mass of 

1440 kg, were installed on the wall top for the previous test, and since the connection 

performed satisfactorily, no changes were made prior to this test. 

6.2 Material Properties 

6.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Masonry prism strength data for this wall can be found in section  4.2 where material 

properties for Wall 2 are reported. 

Grout and mortar compressive strength 

Two cylinders of the repair grout were crushed on the day of wall testing, being 10 days after 

the wall was repaired, and an average compressive strength of 22.8 MPa was found. 



Wall 4 

- 94 - 

Figure 6.1 – Wall 4 geometry 

6.3 Strength Prediction 

Nominal flexural strength was calculated as outlined in section  2.7 and the results are shown 

in Table  6.1.  The axial force ratio (
m

m

f
f
'

) is the ratio between the compressive stress at the 

wall base due to wall self-weight, additional mass and prestress, and the compressive strength 

of the masonry. 

Table 6.1 – Strength prediction for wall 4 

Run No. 
Self-Wt 

N
Add. Mass 

madd

Prestress 
P

Axial Force 
Ratio

Nom. Strength 
Vf

1 – 14 5.5 1440 75 0.037 16 

 kN kg kN  kN 
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6.4 Test Matrix 

 Table 6.2 shows details of the earthquake records that were applied to this wall and the 

amount of additional seismic mass that was installed on the wall top.  Characteristics of each 

earthquake record and an explanation of the scaling applied can be found in section  2.5. 

Table 6.2 – Test matrix for wall 4 

EQ Run # EQ
Record 

Add. 
Mass

Prestress 
Force Acc. Scale Time 

Scale 

1 Pulse 1440 75 - - 
2 El Centro 1440 75 0.25 1 

3 El Centro 1440 75 0.50 1 

4 El Centro 1440 75 0.75 1 

5 El Centro 1440 75 0.75 1 

6 Tabas 1440 75 0.5 0.38 

7 El Centro 1440 75 1 1 

8 El Centro 1440 75 1 1 

9 Mammoth 1440 75 1 1 

10 Tabas 1440 75 1 0.38 

11 FVD 1440 75 - - 

12 Sylmar 1440 75 1 0.60 

13 El Centro 1440 75 1 1 

  kg kN   

6.5 Test Observations 

This section contains a commentary of wall performance for each applied earthquake record, 

with the key results outlined in  Table 6.3. 

6.5.1 Repair of Damaged Wall 

This wall was repaired at the same time as the repair of Wall 3 was conducted, using the same 

procedure and materials.  For this wall both lower corners had to be repaired as can be seen in 

Fig.  6.2.  Full details of the process can be found in section  5.5.1.  Unlike the repair of Wall 3, 

no crack was formed between the repair grout and the base, but again the wall remained 

stressed during repair resulting in zero compression strain in the wall corners prior to 

excitation. 
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Figure 6.2 – Wall 4 after repair 

6.5.2 Prior to Test 

Prestressing force was applied 10 days prior to testing, which occurred 70 days after grouting 

and 10 days after the repair was conducted.  Prior to testing the wall was inspected and all 

cracks that occurred during the previous test were marked with a different coloured marker.  

Instrumentation was installed as illustrated in Fig  6.3. 

Figure 6.3 – Instrumentation layout for wall 4 
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6.5.3 Test Results Summary 

 Table 6.3 contains a summary of wall performance for all thirteen earthquake records that 

were applied to the wall.  An asterisk indicates those runs for which additional test data is 

presented in the form of graphs in the following commentary.  The cumulative start time is the 

time at which each record began and was computed by summing the duration of all the 

previously applied earthquake records. 

Table 6.3 – Test results for wall 4 

 EQ 
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

Max.
Drift 

Tendon 
Force 
Prior 

Max.
Tendon 
Force 

Residual 
Tendon 
Force 

 1 0 2.2 -2.0 0.09 78.3 78.7 78.3 
 2 7 2.9 -2.7 0.12 78.3 78.9 78.3 

 3 41 3.3 -3.3 0.13 78.3 79.6 78.5 

 4 76 3.6 -3.6 0.15 78.4 79.6 78.4 

 5 110 4.5 -4.2 0.19 78.4 80.6 78.3 

 6 146 6.3 -5.5 0.26 78.0 82.2 77.7 

 7 162 4.5 -3.5 0.19 77.7 79.5 77.5 

 8 197 3.7 -5.1 0.21 76.8 79.0 76.7 

 9 232 8.2 -8.9 0.37 76.6 85.1 76.6 

 10 258 23.1 -12.4 0.95 76.5 99.5 76.6 

* 11 274 27.1 -24.2 1.11 77.0 104.2 76.7 

* 12 281 33.8 46.8 1.92 76.6 125.4 76.7 

 13 298 35.9 -44.7 1.83 76.6 111.0 76.3 

  sec mm mm % kN kN kN 

6.5.4 Test Commentary and Graphs 

Run 1 : Pulse 

The wall sustained no damage during this pulse. 

Run 2 : El Centro – A0.25 – T1.0 

A fine crack developed in the lower right wall corner between the repair grout and existing 

masonry.  A base crack was seen to have developed along the wall length. 

Run 3 : El Centro – A0.50 – T1.0 

No new observations were made. 
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Run 4 : El Centro – A0.75 – T1.0 

A small amount of concrete spalling was observed at the wall centre. 

Run 5 : El Centro – A0.75 – T1.0 

This was the second application of the same record due to the increase in prestress force for 

Wall 3.  The results from this run highlight the wall characteristics that can be expected to 

change due to a wall being subjected to a number of earthquake records.  In this case the two 

displacement records for run 4 and run 5 were identical, providing the same peak ground 

accelerations, however the peak wall displacement increased from 3.6 mm to 4.5 mm and 

there was a slight shift in the time at which this occurred.  This would indicate that although 

no significant structural damage occurred during run 4, the wall did soften and this resulted in 

a change in wall structural properties. 

Wall inspection at the conclusion of this earthquake found no indication of additional damage 

to the masonry. 

Run 6 : Tabas – A0.5 – T0.38 

The previously mentioned interface cracking propagated further. 

Run 7 : El Centro – A1.0 – T1.0 

The fine crack between the repair grout and masonry was now fully developed and can be 

seen in Fig.  6.4.  The wall had slide 2 mm in the out-of-plane direction. 

Figure 6.4 – Run 7, wall cracking 
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Run 8 : El Centro – A1.0 – T1.0 

This earthquake record was identical to that applied in run 7.  Between runs 7 and 8, Wall 3 

was removed from the table.  Although this procedure should have had no effect on wall 

performance, it was decided to reapply this record in case of any discrepancy.  A slight 

increase in maximum top of wall displacement, from 4.5 mm to 5.1 mm was recorded, which 

was a result of slight wall softening.  No additional damage was observed at the conclusion of 

run 8. 

Run 9 : Mammoth – A1.0 – T1.0 

No new observations were made. 

Run 10 : Tabas – A1.0 – T0.38 

The wall began to rotate, when viewed in plan, during this run and had residual displacements 

of 1 mm and 4 mm at the two wall ends.  Upon inspection of the lower wall corners, 

additional fine cracking of the repair grout was observed. 

Run 11 : FVD 

As the previous earthquake had resulted in a significant peak wall displacement, it was 

decided to capture the free vibration decay of the wall beginning from a rocking position.  

Attempts to excite the wall to approximately 1% drift using a sine wave and finding the 

natural frequency proved unsuccessful.  The easiest option was to reapply the previous Tabas 

record and hold the table displacement at the approximate time of peak wall displacement 

such that the decay could be captured.  Fig.  6.5 shows the free vibration decay curve for the 

wall.  Some minor crack propagation occurred during this event. 
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Figure 6.5 – Run 11, wall displacement history 
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Run 12 : Sylmar – A1.0 – T0.60 

Major vertical cracking of the right hand toe region occurred during this run and can be seen 

in Fig.  6.6.  This powerful earthquake record, as indicated by Fig.  6.7, resulted in a wall drift 

of 1.9% and no residual displacements as shown in Fig.  6.8.  Fig.  6.9 shows that the tendon 

remained elastic and that there was no reduction in prestress force.  The peak force-

displacement response is shown in Fig.  6.10, indicating a significant drop in wall strength 

after the first two cycles. 

Figure 6.6 – Run 12, toe cracking 
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Figure 6.7 – Run 12, acceleration spectra 
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Figure 6.8 – Run 12, wall displacement history 
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Figure 6.9 – Run 12, prestress history 
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Figure 6.10 – Run 12, force-displacement response 
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Run 13 : El Centro – A1.0 – T1.0 

Although considerable wall damage occurred during run 12, it was believed that reasonable 

wall strength remained.  It was decided that applying a larger record could be dangerous 

considering the damage sustained thus far.  Instead, the El Centro record was reapplied to 

capture the current strength of the wall and provide a comparison to the results from run 8. 

There was little additional damage to the wall as a result of this run.  The wall had lost a 

considerable amount of stiffness between runs 8 and 13, resulting in a peak wall displacement 

increase from 5.1 mm to 44.7 mm.  Testing ceased and photos of the final crack patterns can 

be seen in Figs  6.11 and  6.12. 

Figure 6.11 – Toe cracking at end of testing (lower left wall corner) 
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Figure 6.12 – Toe cracking at end of testing (lower right wall corner) 

6.6 Test Summary 

The complete recorded table acceleration history is shown in Fig.  6.13, which indicates that 

table accelerations generally increased for each subsequent record, suggesting that the level of 

shake table tuning was appropriate for this test.  Wall 4 was subjected to twelve earthquake 

records before significant toe crushing occurred as shown in Fig.  6.14 
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Figure 6.13 – Overall table acceleration history 
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Figure 6.14 – Crack pattern for wall 4 

Fig.  6.15 shows the wall displacement history for all runs, indicating that displacements were 

relatively consistent for the first eight runs (T = 0 – 232 sec.), before increasing significantly 

reaching a maximum of 46.8 mm during run 12 (T = 281 – 298 sec.).  The final earthquake 

record, a full scale version of El Centro, produced a maximum displacement of 44.7 mm.  

When the same record was run previously (run 8, T = 197 – 232 sec.) a maximum 

displacement of 5.1 mm was recorded.  This demonstrates the considerable toe crushing, and 

hence migration of neutral axis towards the wall centre and subsequent wall softening, that 

occurred during run 12. 
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Figure 6.15 – Overall top of wall displacement history 
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Wall sliding history is presented in Fig.  6.16, showing that wall sliding was negligible for all 

applied earthquake records, when compared with wall displacements. 
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Figure 6.16 – Overall wall sliding history 

Fig.  6.17 shows the force-displacement response taken at the peak of each positive and 

negative cycle across all thirteen applied earthquakes.  Up to a displacement level of 

approximately 20 mm in both directions, wall strength was slightly less than predicted as a 

result of wear in the toe regions leading to less prestress force increase as the wall rocked.  

Runs 11 and 12 resulted in considerable toe cracking and crushing, reducing wall strength and 

stiffness, which is depicted in Fig.  6.17 as the second cluster of points at a lower force level. 
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Figure 6.17 – Force-displacement peaks 
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6.6.1 Test Outcomes 

The wall was easily repaired and it is assumed that initial wall strength and stiffness was 

reinstated due to the accurate match with prediction, as shown in Fig.  6.17.  This comparison 

further validates the cyclic tests conducted by Laursen and Ingham. 

Wall failure consisted of repair grout splitting and crushing, and occurred at a high 

displacement level of 46.8 mm or a drift level of 1.9%.  Wall strength subsequently reduced 

40-50% due to the damage sustained. 

The level of shake table tuning was deemed appropriate for the properties of Wall 4 and all 

instrumentation worked as expected. 
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Chapter 7 

WALL 5 

7.0 Introduction

Testing of Wall 5 is described in this chapter, and served to demonstrate the performance of a 

shrinkage control joint.  The wall consisted of two panels, being a 1000 mm long partially 

grouted panel and a fully grouted panel 800 mm long.  Bond beam reinforcing steel was 

installed as per NZS 4229 with two D16 (No.5) bars spanning the control joint, unbonded on 

one end to allow movement from masonry shrinkage.  The grout contained steel fibres with 

no additional vertical mild reinforcement installed in the wall. 

7.1 Wall Geometry and Specifications 

Wall dimensions are shown in Fig.  7.1, indicating a length of 1829 mm (72 in.) and a height 

of 2438 mm (96 in.).  The wall was constructed with 6 in. concrete masonry units (nominal 

thickness of 152 mm), which resulted in an effective wall thickness of 143 mm.  Horizontal 

reinforcement consisted of a D16 (No.5) bar embedded in each of the top two courses of 

blocks during construction, to form a 406 mm (16 in.) deep bond beam.  The reinforcement 

did not cross the shrinkage control joint.  These bars were placed on alternate sides of the 

vertical post-tensioning tendons that were centrally located within the wall panel, with 6 mm 

(¼ in.) bond beam stirrups spaced at 610 mm (24 in.) centres.  Two 813 mm (32 in.) long D16 

(No.5) bars were installed across the control joint.  One half of each bar was greased and 

coated with a plastic sleeve to ensure that they remained unbonded within one wall panel.  

The prestressing tendons were incorporated at the locations shown in Fig.  7.1 and remained 

unbonded inside plastic ducts.  Cutting of some concrete block webs was required to enable 

the positioning of the tendon in the left hand panel, due to the dimensions of this panel and 

the desire to locate the tendon at the panel centre.  The total unbonded length of the 

prestressing tendon was 3000 mm, accounting for the foundation beam, mass block and the 

height of the post-tension load cell. 

Self-weight of the wall panels was calculated as 5.5 kN and 5.6 kN for the 800 mm long and 

1000 mm long panels respectively.  It was decided to apply a prestressing force of 
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approximately 75 kN to each bar by stressing the prestressing bars to approximately 0.46fpy.

Following run 10 the prestress level was reduced to approximately 38 kN or 0.23fpy in an 

attempt to reduce wall strength and increase displacements. 

The mass block bases were installed on the wall in two pieces above each panel, ensuring that 

their stiffness did not influence the control joint performance.  A gap of approximately 20 mm 

was provided between the two sets of blocks to ensure that contact did not occur at this level. 

Figure 7.1 – Wall 5 geometry 
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7.2 Material Properties 

7.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Three masonry prisms were tested in compression, 36 days after grouting, in order to establish 

an average masonry crushing strength, f’m, of 20.8 MPa with a standard deviation of 1.3 MPa. 

Grout and mortar compressive strength 

Three mortar and three grout test cylinders were tested after 36 days, providing an average 

compressive strength for the mortar of 12.1 MPa with a standard deviation of 1.2 MPa.  The 

grout reached an average compressive strength of 10.1 MPa with a standard deviation of 

0.7 MPa. 

7.3 Strength Prediction 

Nominal flexural strength was calculated for each panel as outlined in section  2.7 and the 

results are shown in  Table 7.1.  It was assumed that the bars crossing the control joint were 

sufficiently greased such that the connection provided no additional wall strength.  The axial 

force ratio (
m

m

f
f
'

) is the ratio between the compressive stress at the wall base due to wall self-

weight, additional mass and prestress, and the compressive strength of the masonry. 

Table 7.1 – Strength prediction for wall 5 

Run No. 
Self-Wt 

N
Add. Mass 

madd

Prestress 
P

Axial Force 
Ratio

Nom. Strength 
Vf

 1000 800 each panel 1000 800 1000 800 1000 800 

1 – 10 5.6 5.5 1440 75 75 0.04 0.04 21 16 

11 – 14 5.6 5.5 1440 38 38 0.02 0.02 14 11 

 kN kg kN  kN 
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7.4 Test Matrix 

 Table 7.2 shows details of the earthquake records applied to this wall and the amount of 

additional seismic mass that was installed on the panel tops.  Characteristics of each 

earthquake record and an explanation of the applied scaling can be found in section  2.5. 

Table 7.2 – Test matrix for wall 5 

EQ Run # EQ
Record 

Add. 
Mass

Prestress 
Force Acc. Scale Time 

Scale 

1 El Centro 2880 75 0.25 1 

2 El Centro 2880 75 0.50 1 

3 El Centro 2880 75 0.75 1 

4 Tabas 2880 75 0.5 0.38 

5 El Centro 2880 75 1 1 

6 Mammoth 2880 75 1 1 

7 Tabas 2880 75 1 0.38 

8 Sylmar 2880 75 1 0.60 

9 Llollelo 2880 75 1 1 

10 El Centro 2880 75 2.5 0.63 

11 El Centro 2880 38 0.75 1 

12 Tabas 2880 38 1 0.38 
13 Sylmar 2880 38 1 0.60 

14 El Centro 2880 38 2.5 0.63 

  kg kN   

7.5 Test Observations 

This section contains a commentary of wall performance for each applied earthquake record, 

with the key results outlined in  Table 7.3. 

7.5.1 Prior to Test 

Prestressing force was applied 15 days prior to testing, which occurred 62 days after grouting.  

Prior to testing the wall was inspected and no cracks were identified.  Instrumentation was 

installed as shown in Fig  7.2 and the wall ready for testing is illustrated in Fig.  7.3. 
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Figure 7.2 – Instrumentation layout for wall 5 

Figure 7.3 – Wall 5 ready for testing 
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7.5.2 Test Results Summary 

 Table 7.3 contains a summary of performance for both wall panels for all fourteen applied 

earthquake records.  An asterisk indicates those runs for which additional test data is 

presented in the form of graphs in the following commentary.  The cumulative start time is the 

time at which each record began and was computed by summing the duration of all the 

previously applied earthquake records. 

Table 7.3 – Test results for wall 5 

 EQ 
Run 

#

Cum. 
Start 
Time 

Max. Pos. 
Disp. 

Max. Neg. 
Disp. 

Max.
Drift 

Tendon 
Force 
Prior 

Max.
Tendon 
Force 

Residual 
Tendon 
Force 

   1000 800 1000 800  1000 800 1000 800 1000 800 

 1 0 0.8 1.1 -1.0 -0.8 0.05 77.6 73.4 77.7 73.5 77.6 73.4 
 2 35 2.8 6.1 -3.0 -4.5 0.25 77.7 73.4 79.9 80.0 77.7 74.5 

 3 71 2.3 5.4 -1.7 -4.2 0.22 77.7 74.5 78.7 78.8 77.7 74.8 

 4 106 2.4 6.7 -2.8 -4.9 0.28 77.7 74.7 80.1 81.2 77.7 74.8 

 5 122 1.7 4.2 -2.4 -4.6 0.19 77.7 74.8 78.5 78.1 77.7 74.9 

 6 157 2.4 4.3 -2.4 -4.4 0.18 77.7 74.8 79.9 78.6 77.7 74.9 

 7 184 3.9 9.1 -4.3 -7.3 0.37 77.7 74.8 82.9 85.0 77.8 75.0 

* 8 200 5.7 10.2 -15.1 -17.9 0.73 77.7 75.0 102.7 100.1 77.6 75.0 

 9 216 3.9 7.9 -5.5 -8.5 0.35 77.5 74.9 84.6 84.2 77.5 75.3 

 10 281 3.1 6.6 -4.3 -6.6 0.27 77.4 75.2 81.8 81.8 77.5 75.4 

 11 305 1.4 4.4 -1.9 -4.2 0.18 39.4 38.6 40.3 42.4 39.4 38.7 

 12 339 11.5 14.5 -7.9 -9.9 0.60 39.3 38.6 62.5 58.5 39.1 38.5 

* 13 355 19.8 19.8 -30.6 -31.3 1.28 39.0 38.4 96.8 86.1 39.7 38.0 

* 14 371 12.2 18.1 -8.9 -9.8 0.74 39.6 37.9 63.4 63.3 40.4 38.7 

  sec mm mm % kN kN kN 

7.5.3 Test Commentary and Graphs 

Run 1 : El Centro – A0.25 – T1.0 

No wall damage was noted and neither panel was observed rocking during this earthquake. 

Run 2 : El Centro – A0.50 – T1.0 

Both wall panels were observed rocking, with the base crack fully developed for the 800 mm 

panel.
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Run 3 : El Centro – A0.75 – T1.0 

The base crack was now fully developed for the 1000 mm long panel. 

Run 4 : Tabas – A0.50 – T0.38 

No new observations were made. 

Run 5 : El Centro – A1.0 – T1.0 

No new observations were made. 

Run 6 : Mammoth – A1.0 – T1.0 

No new observations were made. 

Run 7 : Tabas – A1.0 – T0.38 

No new observations were made. 

Run 8 : Sylmar – A1.0 – T0.60 

No new observations were made.  Fig.  7.4 shows the acceleration spectra generated from this 

run and the displacement history for each panel is depicted in Fig.  7.5. 

Period (sec)

S
pe

ct
ra

l A
cc

el
er

at
io

n 
(g

)

0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1
0

0.5

1

1.5

2

2.5

3

3.5
Applied Record
IBC Design Spectra (San Jose)
NZS 4203 Elastic Design Spectra

Period Range

Figure 7.4 – Run 8, acceleration spectra 
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Figure 7.5 – Run 8, wall displacement history 

Run 9 : Llollelo – A1.0 – T1.0 

No new observations were made. 

Run 10 : El Centro – A2.5 – T0.63 

Run 10 concluded the suite of earthquake records available, with no new observations made.  

The prestress level for both wall panels was now halved in an attempt to increase 

displacements. 

Run 11 : El Centro – A0.75 – T1.0 

No new observations were made. 

Run 12 : Tabas – A1.0 – T0.38 

Fine cracking of the base mortar joint around the control joint was observed. 

Run 13 : Sylmar – A1.0 – T0.60 

Minor spalling at the location of a washout in the 1000 mm panel was noted.  A crack had 

begun to propagate along the base mortar joint of the 1000 mm panel in the lower left toe 

region.  Fig.  7.6 shows the displacement history for each panel recorded during run 13.  Gap 

opening between the two panels, measured at the wall top, is presented in Fig.  7.7.  The initial 

gap was estimated at 3.5 mm.  The broken line serves to highlight the point at which the gap 

had closed and impact occurred. 



Wall 5 

- 115 - 

0 2 4 6 8 10 12 14 16

-30

-20

-10

0

10

20

30

Time (sec)

D
is

pl
ac

em
en

t (
m

m
)

800 mm panel
1000 mm panel

-1

-0.5

0

0.5

1

D
rif

t (
%

)

Figure 7.6 – Run 13, wall displacement history 
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Figure 7.7 – Run 13, gap opening at wall top 

Run 14 : El Centro – A2.5 – T0.63 

No additional wall damage was observed during this earthquake.  Figs  7.8 through  7.11 

highlight one of several instances of one panel impacting the other.  Fig.  7.8 shows the 

displacement history for both panels, with the area of interest circled.  It can be seen that the 

1000 mm panel had reached the maximum negative displacement for this cycle and had begun 

returning to zero, when it was impacted by the 800 mm panel and subsequently pushed further 

in the negative direction.  What appears to be a slight time lag between the two curves is a 

result of the small gap between the two panels that needed to be closed before impact occurs, 

as illustrated in Fig.  7.9.  Figs.  7.10 and  7.11 show the wall accelerations for the 1000 mm and 

800 mm panel respectively over the time range of interest.  The impact appears as a spike in 

acceleration in the negative direction for the 1000 mm wall and as a positive spike for the 

800 mm wall. 
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Figure 7.8 – Run 14, wall displacement history 
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Figure 7.9 – Run 14, gap opening at wall top 
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Figure 7.10 – Run 14, 1000 mm panel acceleration history 
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Figure 7.11 – Run 14, 800 mm panel acceleration history 

All available earthquake records had now been applied to this wall and the prestress level had 

been lowered.  Although the wall had not lost any noticeable strength or stiffness, testing 

ceased due to an inability to provide a stronger record.  The wall is shown at the end of testing 

in Figs  7.12 and  7.13. 

Figure 7.12 – Wall 5 toe region at end of testing 
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Figure 7.13 – Wall 5 at end of testing 

7.6 Test Summary 

Wall 5 was subjected to ten earthquake records before the prestress level was halved and a 

further four records reapplied.  Fig.  7.14 shows that the only damage sustained was a fine 

crack in the base mortar joint, in the lower left corner of the 1000 mm panel.  The complete 

acceleration history recorded on the table surface is shown in Fig.  7.15, which indicates that 

the level of table tuning was set too low for the first record (T = 0 – 35 sec) and then slightly 

too high for the next two records (T = 35 – 106 sec).  From T = 106 sec. onwards, the tuning 

level was appropriate and the earthquake intensity generally increased up to T = 305 sec., 

when the prestress level was reduced and the four previously executed records were reapplied. 

Figs  7.16 and  7.17 show the wall displacement history for the 1000 mm and 800 mm panel 

respectively.  The axes scales have been set equal to enable comparison between the two 

panels.  It is apparent that for cycles where large displacements were reached, the 

displacement of each panel was approximately equal, but that for the majority of cycles the 

displacements of the 1000 mm panel were considerably less than for the 800 mm panel. 
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Fig.  7.18 shows a comparison of the measured and calculated gap opening between the two 

panels for the duration of run 13.  The measured values were found by interpolating between 

gauges designated as G1 and G4 in Fig.  7.2, and the calculated values were found by 

subtracting the wall displacements of the 800 mm panel (DISP5) from the displacements of 

the 1000 mm panel (DISP4).  The dashed line represents a perfect match.  The figure shows 

that wall displacements and gap opening were accurately measured. 

Figure 7.14 – Crack pattern for wall 5 
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Figure 7.15 – Overall table acceleration history 
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Figure 7.16 – Overall top of wall displacement history (1000 mm panel) 
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Figure 7.17 – Overall top of wall displacement history (800 mm panel) 

-8 -6 -4 -2 0 2 4 6 8
-8

-6

-4

-2

0

2

4

6

8

Measured Gap Opening (mm)

D
is

p.
 8

00
 - 

D
is

p.
 1

00
0 

(m
m

)

Figure 7.18 – Comparison of measured against calculated gap opening 
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Figs  7.19 and  7.20 show the sliding history of each panel and indicate that sliding was a 

negligible component of displacement for this wall test. 
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Figure 7.19 – Overall wall sliding history (S3 – 1000 mm panel) 
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Figure 7.20 – Overall wall sliding history (S4 – 800 mm panel) 

Figs  7.21 through  7.24 show the force-displacement response of each wall panel at the two 

different levels of initial prestress.  Figs  7.21 and  7.22 show that the response of the 1000 mm 

panel closely matched the prediction for low levels of response.  It is difficult to make a 

comparison with prediction at higher levels of displacement due to a lack of data points.  The 

level of scatter is greater than would be expected for a rectangular wall test, which is a result 

of wall impacts that create spikes in wall accelerations and hence spikes in the base shear 

forces.
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Figure 7.21 – Force-displacement peaks (1000 mm panel) P = 75 kN 
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Figure 7.22 – Force-displacement peaks (1000 mm panel) P = 38 kN 

The response of the 800 mm panel at both prestress levels indicates that the wall had greater 

lateral strength than predicted for both directions of rocking.  The strength increase in the 

positive direction was believed to be a result of friction generated around the bars that crossed 

the control joint.  The bars were installed horizontally and were free to move in this direction, 

as would be the case if the wall shrunk.  As the wall panels rocked over, the bars dragged 

against their sleeves and generated resisting friction forces.  The strength increase in the 

negative direction was a result of the resistance provided when this panel impacted the 

1000 mm panel. 
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Figure 7.23 – Force-displacement peaks (800 mm panel) P = 75 kN 
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Figure 7.24 – Force-displacement peaks (800 mm panel) P = 38 kN 

7.6.1 Test Outcomes 

The wall was initially subjected to ten earthquake records before the prestress level was 

reduced and four records reapplied, resulting in greater displacements for the latter earthquake 

records.  Damage sustained during testing was negligible and no apparent loss in wall strength 

was observed. 

The control joint detail allowed each panel to rock and displace to different levels.  Contact 

between the two panels occurred on numerous occasions and resulted in an increase in panel 

base shear. 
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Chapter 8 

WALL 6 

8.0 Introduction

Upon completion of testing Wall 5, the 800 mm long panel was removed and the remaining 

1000 mm long partially grouted panel was retested as Wall 6.  This panel was not damaged 

during the testing of Wall 5, suggesting that the previous testing had no effect on the results 

presented in this chapter.  This chapter provides test results for the last of four rectangular 

walls tested in this study. 

8.1 Wall Geometry and Specifications 

Wall dimensions are shown in Fig.  8.1, indicating a length of 1016 mm (40 in.) and a height 

of 2438 mm (96 in.).  The wall was constructed with 6 in. concrete masonry units (nominal 

thickness of 152 mm), which resulted in an effective wall thickness of 143 mm.  Horizontal 

reinforcement consisted of a D16 (No.5) bar embedded in each of the top two courses of 

blocks during construction, to form a 406 mm (16 in.) deep bond beam.  These bars were 

placed on alternate sides of the vertical post-tensioning tendon, centrally located within the 

wall panel, with 6 mm (¼ in.) bond beam stirrups spaced at 610 mm (24 in.) centres within 

the panel.  The prestressing tendon was incorporated at the location shown in Fig.  8.1 and 

remained unbonded inside the plastic duct.  The total unbonded length of the prestressing 

tendon was 3000 mm, accounting for the foundation beam, mass block and the height of the 

post-tension load cell. 

Self-weight of the wall was calculated as 5.6 kN.  Initially a prestressing force of 

approximately 75 kN was applied by stressing the prestressing bar to approximately 0.46fpy.

After subjecting the wall to the suite of earthquake records, the wall was restressed to 110 kN 

(0.67 fpy) and four of the earthquake records were reapplied.  These four records were 

repeated again at a third prestress level of 95 kN (0.58 fpy).  The wall was then subjected to 

the Sylmar earthquake record with prestress levels of 75 kN, 85 kN, 95 kN and 105 kN.  This 

testing regime provided data on the effect of prestress level on wall performance. 
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The mass block base and four additional masses, representing an additional seismic mass of 

1440 kg, were installed on the wall top. 

Figure 8.1 – Wall 6 geometry 

8.2 Material Properties 

8.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Masonry prism strength data for this wall can be found in section  7.2 where material 

properties for Wall 5 are reported. 

Grout and mortar compressive strength 

Grout and mortar compressive strength data can be found in section  7.2 where material 

properties for Wall 5 are reported. 
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8.3 Strength Prediction 

Nominal flexural strength was calculated as outlined in section  2.7 and the results are shown 

in Table  8.1.  The axial force ratio (
m

m

f
f
'

) is the ratio between the compressive stress at the 

wall base due to wall self-weight, additional mass and prestress, and the compressive strength 

of the masonry. 

Table 8.1 – Strength prediction for wall 6 

Run No. 
Self-Wt 

N
Add. Mass 

madd

Prestress 
P

Axial Force 
Ratio

Nom. Strength 
Vf

1 – 11, 21 5.6 1440 75 0.040 21 

12 – 15 5.6 1440 110 0.055 27 

16 – 19 5.6 1440 95 0.048 24 

20 5.6 1440 85 0.044 23 

22 5.6 1440 105 0.052 26 

 kN kg kN  kN 

8.4 Test Matrix 

 Table 8.2 shows details of the earthquake records that were applied to this wall and the 

amount of additional seismic mass that was installed on the wall top.  Characteristics of each 

earthquake record and an explanation of the applied scaling can be found in section  2.5. 
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Table 8.2 – Test matrix for wall 6 

EQ Run # EQ
Record 

Add. 
Mass

Prestress 
Force Acc. Scale Time 

Scale 

1 El Centro 1440 75 0.25 1 

2 El Centro 1440 75 0.50 1 

3 El Centro 1440 75 0.75 1 

4 Tabas 1440 75 0.5 0.38 

5 El Centro 1440 75 1 1 

6 Mammoth 1440 75 1 1 

7 Tabas 1440 75 1 0.38 

8 Sylmar 1440 75 1 0.60 

9 FVD 1440 75 - - 

10 Llollelo 1440 75 1 1 

11 El Centro 1440 75 2.5 0.63 

12 El Centro 1440 110 0.75 1 

13 El Centro 1440 110 1 1 

14 Tabas 1440 110 1 0.38 

15 Sylmar 1440 110 1 0.60 

16 El Centro 1440 95 1 1 

17 Tabas 1440 95 1 0.38 

18 Sylmar 1440 95 1 0.60 

19 Sylmar 1440 95 1 0.60 

20 Sylmar 1440 85 1 0.60 

21 Sylmar 1440 75 1 0.60 

22 Sylmar 1440 105 1 0.60 

  kg kN   

8.5 Test Observations 

This section contains a commentary of wall performance for each executed earthquake record, 

with the key results outlined in  Table 8.3. 

8.5.1 Prior to Test 

The initial prestressing force was applied 17 days prior to testing, which occurred 64 days 

after grouting.  Prior to testing the wall was inspected and a crack was marked in the mortar 
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joint under the left hand toe.  A small amount of spalling around a washout was also marked, 

but both were structurally insignificant.  Instrumentation was installed as shown in Fig.  8.2 

and the wall ready for testing is illustrated in Fig.  8.3.  

Figure 8.2 – Instrumentation layout for wall 6 

Figure 8.3 – Wall 6 ready for testing 
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8.5.2 Test Results Summary 

 Table 8.3 contains a summary of wall performance for all twenty two earthquake records that 

were applied to the wall.  An asterisk indicates those runs for which additional test data is 

presented in the form of graphs in the following commentary.  The cumulative start time is the 

time at which each record began and was computed by summing the duration of all the 

previously applied earthquake records. 

Table 8.3 – Test results for wall 6 

 EQ 
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

Max.
Drift 

Tendon
Force 
Prior 

Max.
Tendon 
Force 

Residual 
Tendon 
Force 

 1 0 1.4 -1.3 0.06 75.8 76.0 75.8 
 2 34 3.8 -5.4 0.22 75.7 82.9 75.8 

 3 68 3.5 -4.6 0.19 75.8 81.3 76.0 

 4 103 3.6 -4.5 0.19 75.9 82.5 76.0 

 5 118 3.4 -4.3 0.18 75.9 81.0 76.1 

 6 152 3.0 -3.5 0.14 76.0 80.5 75.9 

* 7 179 8.1 -8.0 0.33 75.8 89.0 75.8 

* 8 194 20.7 -23.9 0.99 75.7 118.9 75.7 

* 9 210 35.9 -30.4 1.48 75.6 137.9 75.5 

 10 216 9.4 -9.1 0.39 75.3 90.9 76.0 

 11 281 3.7 -3.1 0.15 75.9 80.1 76.0 

 12 305 4.6 -5.1 0.21 110.0 115.3 110.9 

 13 339 4.4 -3.9 0.18 110.8 114.8 111.0 

 14 374 6.6 -6.0 0.27 110.9 120.6 111.1 

 15 390 3.4 -4.4 0.18 111.0 115.6 111.3 

 16 406 4.6 -4.5 0.19 93.1 99.4 94.0 

 17 441 5.0 -5.0 0.21 93.9 100.9 94.1 

 18 457 3.9 -3.8 0.16 93.9 99.3 94.0 

 19 473 5.9 -9.1 0.38 93.6 107.4 93.5 

 20 489 7.5 -14.2 0.59 85.0 110.8 84.8 

 21 505 22.6 -23.1 0.96 74.6 117.9 74.3 

 22 521 3.8 -3.7 0.16 102.8 106.2 102.7 

  sec mm mm % kN kN kN 
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8.5.3 Test Commentary and Graphs 

Run 1 : El Centro – A0.25 – T1.0 

No wall damage was recorded for this earthquake. 

Run 2 : El Centro – A0.50 – T1.0 

Fine cracking of the base mortar joint was observed at both wall ends. 

Run 3 : El Centro – A0.75 – T1.0 

The previously mentioned cracking extended further within the mortar joint. 

Run 4 : Tabas – A0.50 – T0.38 

No new observations were made. 

Run 5 : El Centro – A1.0 – T1.0 

The wall began to rotate in plan with a residual displacement of 2 mm at the right hand end. 

Run 6 : Mammoth – A1.0 – T1.0 

No new observations were made. 

Run 7 : Tabas – A1.0 – T0.38 

No new observations were made.  The force-displacement response of the wall is depicted in 

Fig.  8.4, showing low level wall behaviour up to a drift level of approximately 0.25% and an 

accurate match with prediction. 
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Figure 8.4 – Run 7, force-displacement peaks 
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Run 8 : Sylmar – A1.0 – T0.60 

This earthquake record produced large wall displacements but no additional damage was 

recorded.  Figs  8.5 through  8.7 show the recorded wall performance. 
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Figure 8.5 – Run 8, acceleration spectra 
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Figure 8.6 – Run 8, wall displacement history 
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Figure 8.7 – Run 8, uplift of left hand wall end 
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Run 9 : FVD 

The free vibration decay of Wall 6 was generated by applying the Sylmar record (run 8) to the 

wall, then stopping the input command during the cycle to the largest negative wall 

displacement.  The decay curve was subsequently captured and is shown in Fig.  8.8.  A fine 

200 mm long crack was observed in the mortar joint in the lower right hand wall corner.  

Fig.  8.9 shows the peak force-displacement response for the wall. 
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Figure 8.8 – Run 9, wall displacement history 
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Figure 8.9 – Run 9, force-displacement peaks 

Run 10 : Llollelo – A1.0 – T1.0 

The wall continued to rotate when viewed in plan.  The residual displacement in the out-of-

plane direction now measured 6 mm. 
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Run 11 : El Centro – A2.5 – T0.63 

No new observations were made. 

Run 12 : El Centro – A0.75 – T1.0 

Since all available earthquake records had been applied to the wall, the level of prestress was 

increased to investigate the effect of different prestress levels on wall displacements.  No 

additional wall damage was recorded. 

Run 13 : El Centro – A1.0 – T1.0 

The wall continued to rotate when viewed in plan and now had residual displacements of 

8 mm and 10 mm at the left and right hand ends respectively. 

Run 14 : Tabas – A1.0 – T0.38 

No new observations were made. 

Run 15 : Sylmar – A1.0 – T0.60 

No new observations were made. 

Run 16 : El Centro – A1.0 – T1.0 

The prestress level was now reduced to a new level and the wall subjected again to the four 

previously applied earthquake records.  No new observations were made. 

Run 17 : Tabas – A1.0 – T0.38 

The wall continued to rotate in plan with a maximum residual displacement of 14 mm at the 

right had wall end. 

Run 18 : Sylmar – A1.0 – T0.60 

No new observations were made. 

Run 19 : Sylmar – A1.0 – T0.60 

At this point it was decided to use only the Sylmar record, changing the prestress level each 

time the record was applied, thereby providing the most accurate comparison of prestress 

level on displacements.  The prestress level remained unchanged from run 18 at 94 kN, and 

no wall damage was observed.  A maximum wall displacement of -9.1 mm was recorded. 
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Run 20 : Sylmar – A1.0 – T0.60 

The prestress level was reduced to 85 kN and a maximum displacement of -14.2 mm was 

recorded.  No new observations were made. 

Run 21 : Sylmar – A1.0 – T0.60 

The prestress level was reduced to 75 kN and a maximum displacement of -23.1 mm was 

recorded.  No new observations were made. 

Run 22 : Sylmar – A1.0 – T0.60 

The prestress level was increased to 103 kN and a maximum displacement of -3.7 mm was 

recorded.  Residual displacements, due to wall rotation in plan, had magnitudes of 9 mm and 

12 mm for the left and right wall ends respectively. 

All available earthquake records had been applied and a range of prestress levels used, 

resulting in negligible wall damage and minimal loss in wall strength or stiffness.  Testing 

ended after twenty-two records had been applied to the wall.  Figs  8.10 and  8.11 show the 

wall condition at the end of testing. 

Figure 8.10 – Wall 6 at end of testing 
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Figure 8.11 – Wall 6 left hand toe region at end of testing 

8.6 Test Summary 

Wall 6 was subjected to twenty-two earthquake records with Fig.  8.12 showing the complete 

recorded table acceleration history.  Minimal wall damage occurred during testing, with 

Fig.  8.13 showing a fine mortar crack and minor toe crushing.  The wall damage sustained 

was deemed to have had a minimal effect on wall structural performance.  Fig.  8.14 shows the 

complete wall displacement history for this test, indicating that the peak displacement 

occurred during run 9 (T = 210-216 sec).  The wall prestress force history is depicted in 

Fig.  8.15, where the steps show a change in the initial prestress level.  The data confirms that 

the tendon remained elastic throughout testing. 
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Figure 8.12 – Overall table acceleration history 
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Figure 8.13 – Crack pattern for wall 6 
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Figure 8.14 – Overall top of wall displacement history 
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Figure 8.15 – Overall prestress history 

Wall sliding is presented in Fig.  8.16, showing that the wall slid up to 7 mm in the negative 

direction over the course of testing.  This movement was the result of gradual migration of the 

wall rather than a large displacement during one particular earthquake record, as is 

demonstrated by the gradual slope of the line.  Fig.  8.17 shows the force-displacement points 

taken at the peak of each positive and negative cycle across all runs with an initial prestress 

level of approximately 75 kN.  The data points provide a close match with prediction and 

suggest that the wall maintained strength and stiffness throughout this series of earthquakes. 
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Figure 8.16 – Overall wall sliding history 
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Figure 8.17 – Force-displacement peaks (initial prestress = 75 kN) 

8.6.1 Test Outcomes 

Wall 6 was subjected to twenty-two earthquake records, reaching a peak displacement of 

35.9 mm or 1.5% drift.  As negligible wall damage occurred, the wall retained strength and 

stiffness throughout testing. 

An investigation into the effect of initial prestress level on wall displacements was conducted 

and it was found that when subjecting the wall to the Sylmar earthquake record, an increase in 

initial prestress from 75 kN to 103 kN resulted in a reduction in wall displacements from 

23.1 mm to 3.7 mm. 

Wall performance was found to closely match the analytical prediction of Laursen and 

Ingham. 

The successful wall test was concluded due to the completion of all available earthquake 

records.
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Chapter 9 

WALL 7 

9.0 Introduction

Wall 7 was the second wall tested that incorporated an opening.  This wall contained a 

window opening and a control joint located below the lower right corner of the window, with 

all other wall details consistent with the details of Wall 2 (refer chapter  4).  Wall 7 was built 

at the same time as Wall 5 using materials from the same batch. 

9.1 Wall Geometry and Specifications 

Wall dimensions are shown in Fig.  9.1, indicating a length of 2235 mm (88 in.) and a height 

of 2438 mm (96 in.).  The wall was constructed with 6 in. concrete masonry units (nominal 

thickness of 152 mm), which resulted in an effective wall thickness of 143 mm.  Horizontal 

reinforcement consisted of a D16 (No.5) bar embedded in each of the top two courses of 

blocks during construction, to form a 406 mm (16 in.) deep bond beam.  The bars were placed 

on alternate sides of the vertical post-tensioning tendons, that were centrally located within 

each wall panel, with 6 mm (¼ in.) bond beam stirrups spaced at 610 mm (24 in.) centres 

within the panels and at 165 mm (6 ½ in.) in the lintel.  The prestressing tendons were 

incorporated at the locations shown in Fig.  9.1 and remained unbonded inside the plastic duct.  

Cutting of some concrete block webs was required to enable the positioning of the tendon in 

the right hand panel, due to the dimensions of this panel and the desire to locate the tendon at 

the panel centre.  The total unbonded length of the prestressing tendon was 3000 mm, 

accounting for the foundation beam, mass block and the height of the post-tension load cell. 

Self-weight of the wall was calculated as 11.7 kN.  It was decided to apply a total prestressing 

force of approximately 75 kN by stressing the prestressing bar to approximately 0.46fpy.

Following run 13 the prestress level was reduced to approximately 45 kN or 0.28fpy in an 

attempt to reduce wall strength and increase displacements. 

The mass block bases were installed on the wall in two pieces above each panel, ensuring that 

their stiffness did not influence the performance of the bond beam. 
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Figure 9.1 – Wall 7 geometry 

9.2 Material Properties 

9.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Masonry prism strength data for this wall can be found in section  7.2 where material 

properties for Wall 5 are reported. 

Grout and mortar compressive strength 

Grout and mortar compressive strength data can be found in section  7.2 where material 

properties for Wall 5 are reported. 
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9.3 Strength Prediction 

The wall force-displacement prediction was calculated according to section  2.8 using the 

properties outlined in Table  9.1, and is presented in the appropriate figures in this chapter.  

The axial force ratio (
m

m

f
f
'

) is the ratio between the compressive stress at the wall base due to 

wall self-weight, additional mass and prestress, and the compressive strength of the masonry. 

Table 9.1 – Properties for strength prediction of wall 7 

Run No. 
Self-Wt 

N
Add. Mass 

madd

Prestress 
P

Axial Force 
Ratio

     

1 – 13 11.7 2880 75 0.036 

14 – 16 11.7 2880 45 0.025 

 kN kg kN  

9.4 Test Matrix 

 Table 9.2 shows details of the earthquake records that were applied to this wall and the 

amount of additional seismic mass that was installed on the wall top.  Characteristics of each 

earthquake record and an explanation of the scaling applied can be found in section  2.5. 

9.5 Test Observations 

This section contains a commentary of wall performance for each executed earthquake record, 

with the key results outlined in  Table 9.3. 

9.5.1 Prior to Test 

Prestressing force was applied on the day of testing, which occurred 78 days after grouting.  

Prior to testing the wall was inspected and no cracks were identified.  Instrumentation was 

installed as shown in Figs  9.2 and  9.3.  A strain gauge was installed on each of the tendons 

(STR1 and STR2) as a trial to determine if the prestress force could be accurately measured 

by this gauge.  The use of strain gauges was proposed for testing of the simple structure (refer 

Chapter 10 for further details).  The wall, ready for testing, is illustrated in Fig.  9.4. 



Wall 7 

- 144 - 

Table 9.2 – Test matrix for wall 7 

EQ Run # EQ
Record 

Add. 
Mass

Prestress 
Force Acc. Scale Time 

Scale 

1 El Centro 2880 75 0.25 0.5 

2 El Centro 2880 75 0.25 0.5 

3 El Centro 2880 75 0.25 1 

4 El Centro 2880 75 0.50 1 

5 El Centro 2880 75 0.75 1 

6 Tabas 2880 75 0.5 0.38 

7 El Centro 2880 75 1 1 

8 Mammoth 2880 75 1 1 

9 Tabas 2880 75 1 0.38 

10 Llollelo 2880 75 1 1 

11 Sylmar 2880 75 1 0.60 

12 Nahanni 2880 75 1 1 

13 Llollelo 2880 75 1.4 0.91 

14 Sylmar 2880 45 1 0.60 

15 Tabas 2880 45 1 0.38 

16 Llollelo 2880 45 1.4 0.91 

  kg kN   

Figure 9.2 – Instrumentation layout for wall 7 
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Figure 9.3 – Wall 7 instrumentation 

Figure 9.4 – Wall 7 ready for testing 
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9.5.2 Test Results Summary 

 Table 9.3 contains a summary of wall performance for all sixteen applied earthquake records.  

An asterisk indicates those runs for which additional test data is presented in the form of 

graphs in the following commentary.  The cumulative start time is the time at which each 

record began and was computed by summing the duration of all the previously applied 

earthquake records. 

Table 9.3 – Test results for wall 7 

 EQ 
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

Max.
Drift 

Tendon 
Force 
Prior 

Max.
Tendon 
Force 

Residual 
Tendon 
Force 

      PR1 PR2 PR1 PR2 PR1 PR2 

 1 0 6.3 -4.5 0.26 73.6 76.1 80.7 79.7 73.9 76.2 

 2 17 0.6 -0.8 0.03 73.8 76.1 73.9 76.3 73.8 76.1 

 3 84 0.5 -1.9 0.08 73.8 76.1 73.9 76.3 73.8 76.1 

 4 118 1.3 -1.7 0.07 73.7 76.1 74.1 76.5 73.8 76.1 

 5 153 1.6 -1.8 0.08 73.7 76.1 74.2 76.4 73.7 76.1 

 6 188 1.7 -2.0 0.08 73.7 76.1 74.5 76.7 73.7 76.1 

 7 204 1.4 -2.3 0.09 73.7 76.1 74.6 76.6 73.7 76.1 

 8 238 2.0 -2.9 0.12 73.7 76.1 74.6 77.0 73.7 76.0 

 9 264 5.4 -4.4 0.22 73.6 76.0 79.1 79.9 73.9 76.1 

 10 280 6.8 -5.2 0.28 73.8 76.0 82.1 81.0 73.8 76.2 

 11 346 5.0 -5.5 0.22 73.7 76.2 79.7 79.4 73.8 76.1 

 12 362 5.4 -4.5 0.22 73.8 76.1 79.9 79.6 73.8 76.2 

 13 386 9.2 -7.0 0.38 73.7 76.2 88.2 85.2 74.0 76.3 

 14 446 7.7 -13.3 0.54 43.6 44.4 57.8 75.1 44.5 45.2 

 15 461 10.2 -7.0 0.42 44.4 45.1 60.5 53.2 44.9 44.9 

* 16 477 33.2 -23.7 1.36 44.8 44.8 112.1 97.2 48.5 50.5 

  sec mm mm % kN kN kN 
9.5.3 Test Commentary and Graphs 

Run 1 : El Centro – A0.25 – T0.5 

As the table began shaking it became apparent that the level of tuning was set too high and 

that the wall was subjected to a record of greater intensity than that desired.  The table was 

stopped quarter way through the record and the wall inspected.  A base crack had formed 

along the full length of both panels, indicating the onset of rocking.  Fine cracking, with a 

length of 200 mm, had extended vertically into the bond beam from the top two corners of the 

opening. 
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Run 2 : El Centro – A0.25 – T0.5 

The table tuning values were adjusted and the previously applied earthquake record repeated.  

Wall displacements reduced and no new observations were made. 

Run 3 : El Centro – A0.25 – T1.0 

No new observations made. 

Run 4 : El Centro – A0.50 – T1.0 

No new observations made. 

Run 5 : El Centro – A0.75 – T1.0 

No new observations made. 

Run 6 : Tabas – A0.50 – T0.38 

No new observations made. 

Run 7 : El Centro – A1.0 – T1.0 

No new observations made. 

Run 8 : Mammoth – A1.0 – T1.0 

No new observations made. 

Run 9 : Tabas – A1.0 – T0.38 

Two additional fine vertical cracks were marked in the bond beam. 

Run 10 : Llollelo – A1.0 – T1.0 

The previously mentioned cracking propagated further. 

Run 11 : Sylmar – A1.0 – T0.60 

A fine crack was found in the bottom mortar joint next to the control joint. 

Run 12 : Nahanni – A1.0 – T1.0 

No new observations were made. 
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Run 13 : Llollelo – A1.4 – T0.91 

Additional fine cracking of the bond beam occurred during this run with Fig.  9.5 showing the 

hairline cracking thus far.  As all available earthquake records had now been applied, the 

prestress level was reduced in an attempt to increase displacements. 

Figure 9.5 – Run 13, lintel cracking 

Run 14 : Sylmar – A1.0 – T0.60 

Further propagation of the bond beam cracking occurred, but was deemed insignificant. 

Run 15 : Tabas – A1.0 – T0.38 

No new observations were made. 

Run 16 : Llollelo – A1.4 – T0.91 

Operator intervention stopped the table 75% through the earthquake record, due to the sudden 

onset of wall damage and the increase in wall displacements.  Fig.  9.6 shows acceleration 

spectral values greater than code levels over the period range for this wall.  The wall 

displacement history is presented in Fig.  9.7 and shows that drifts of at least 1% were 

achieved in both directions.  Fig.  9.8 shows cracking below the opening that occurred during 

run 16.  Early in the record a horizontal crack formed between the first two courses of blocks 

and slowly propagated to the left.  The vertical cracking appeared during one excursion in the 

negative direction immediately prior to termination of the applied earthquake.  Figs  9.9 

through  9.11 show wall damage at the conclusion of testing. 
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Figure 9.6 – Run 16, acceleration spectra 
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Figure 9.7 – Run 16, wall displacement history 

Figure 9.8 – Run 16, cracking below window 
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Figure 9.9 – Bond beam cracking at end of testing 

Figure 9.10 – Bond beam cracking above opening at end of testing 

Figure 9.11 – Minor spalling in toe region at end of testing 
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9.6 Test Summary 

Wall 7 was subjected to sixteen earthquake records with rapid onset of wall damage occurring 

during the final earthquake and testing subsequently ceased.  Fig.  9.12 depicts the final crack 

pattern for this wall.  The table acceleration history for the entire test is shown in Fig.  9.13 

and highlights the effect of setting tuning values too high for the first record (T = 0 – 17 sec.). 

Figure 9.12 – Crack pattern for wall 7 
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Figure 9.13 – Overall table acceleration history 
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The overall wall displacement history is presented in Fig.  9.14 and shows, with the exception 

of the first record, that wall displacements generally increased throughout testing, achieving 

drifts during the final record (T = 477 – 522 sec.) of 1.36% and 0.97% in the positive and 

negative directions respectively.  Figs  9.15 and  9.16 show the wall sliding history measured at 

the bottom of each wall panel and indicate that residual sliding at the end of testing was 

negligible.  Figs  9.17 through  9.20 show bond beam crack opening with a maximum value of 

3 mm measured by instruments G2 and G3.  The measured residual crack widths at the end of 

testing were 0.8 mm, 0.8 mm, 0.3 mm and -0.6 mm for instruments G1 through G4 

respectively.  Crack widths of this size are deemed relatively minor in terms of repair. 
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Figure 9.14 – Overall top of wall displacement history 
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Figure 9.15 – Overall wall sliding history (S3) 
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Figure 9.16 – Overall wall sliding history (S4) 
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Figure 9.17 – Overall bond beam gap opening history (G1) 
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Figure 9.18 – Overall bond beam gap opening history (G2) 
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Figure 9.19 – Overall bond beam gap opening history (G3) 
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Figure 9.20 – Overall bond beam gap opening history (G4) 

Figs  9.21 and  9.22 show a comparison between the prestress force increase measured by the 

load cells and the strain gauges for tendons 1 and 2 respectively.  The broken line indicates a 

perfect match.  It can be seen that an accurate match was achieved for tendon 1 but some 

accuracy was lost at the top end of the force increase for tendon 2.  Overall a sufficient level 

of accuracy was achieved. 

The peak force-displacement response for the wall at the two prestress levels is presented in 

Figs  9.23 and  9.24.  The wall exhibited greater strength and stiffness in the negative direction 

as a result of the asymmetric geometry of the wall.  Fig.  9.23 shows that the prediction model 

over estimated wall strength and stiffness for the higher prestress level.  At the lower prestress 

level, Fig.  9.24, the model accurately predicted the response in both directions up to a drift of 

approximately 0.5% when the onset of cracking below the opening began. 
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Figure 9.21 – Comparison of measurements of prestress increase (LCPR1-STR1) 
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Figure 9.22 – Comparison of measurements of prestress increase (LCPR2-STR2) 
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Figure 9.23 – Force-displacement peaks (initial prestress = 75 kN) 
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Figure 9.24 – Force-displacement peaks (initial prestress = 45 kN) 

9.6.1 Test Outcomes 

The wall was subjected to sixteen earthquake records before testing ceased due to the wall 

damage sustained.  Cracking in the bond beam was relatively minor, with more significant 

cracking observed below the window opening.  The wall achieved drifts of at least 1% in both 

directions.

Strain gauges were found to accurately measure the prestressing tendon force. 
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Chapter 10 

STRUCTURE (ORIENTATION 1) 

10.0 Introduction

A simple structure was the final specimen to be built and tested as part of this study 

considering the dynamic performance of post-tensioned concrete masonry walls.  The 

structure contained five walls, seven prestressing tendons, two control joints and two door and 

four window openings.  The objective of this test was to investigate the performance of 

corners, while gaining additional data on features already tested, for example control joints 

and openings, when they are incorporated into a structure.  Initially the structure had a timber 

diaphragm roof, with the mass blocks fixed to the diaphragm, and three series of earthquakes 

were applied (series 1 through 3).  Due to the small displacements recorded, the roof was 

removed and the blocks attached directly to the masonry wall tops, and two additional series 

of earthquakes were applied (series 4 and 5).  At the conclusion of series 5, the structure was 

rotated 90 degrees and then subjected to two further series of earthquakes, namely series 6 

and 7.  Orientation 1 refers to all series prior to rotation of the structure (series 1 through 5) 

and the results of this testing are presented in this chapter.  Results for series 6 and 7, referred 

to as orientation 2, are reported in chapter  11. 

10.1 Wall Geometry and Specifications 

Structure dimensions are shown in Fig.  10.1, indicating plan square dimensions of 2032 mm 

(80 in.) and a height of 2438 mm (96 in.).  The structure was constructed with 6 in. concrete 

masonry units (nominal thickness of 152 mm), which resulted in an effective wall thickness 

of 143 mm.  The grouted cells are depicted as the hatched area in the figure and control joints 

are shown as thicker lines.  The aim was to grout all cells in the bond beam, all cells that 

surround an opening, at the structure’s corners and on either side of a control joint.  This was 

mostly achieved, except at the top left and top right corners when looking at the plan layout in 

Fig.  10.1, and at the left hand side of the door opening as shown in wall line A.  Difficulties 

arose in these areas due to congestion of reinforcing steel in the bond beam restricting the 
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Figure 10.1 – Structure geometry 
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flow of the steel fibre reinforced grout.  After all efforts to fully grout the cells from the wall 

top had been exhausted, small holes were cut in some blocks and grout was poured in through 

the holes forming a grout plug of between 1 to 4 block heights. 

Horizontal reinforcement consisted of a D16 (No.5) bar embedded in each of the top two 

courses of blocks during construction, to form a 406 mm (16 in.) deep bond beam around the 

entire structure.  The bars were placed on alternate sides of the vertical post-tensioning 

tendons, with 6 mm (¼ in.) bond beam stirrups spaced at 610 mm (24 in.) centres within the 

panels and at 165 mm (6 ½ in.) in the lintels.  In the case of the control joint in wall line 2, the 

horizontal reinforcing bars were extended through the joint 406 mm (16 in.) and the ends 

greased and coated in a plastic sleeve to ensure that they remained unbonded within one wall 

panel.  Where lapping of bars was required, the steel layout was designed such that this 

occurred within a wall panel, thereby ensuring that the strength of the lintels was not 

increased. 

The prestressing tendons, numbered 1 through 7, were incorporated at the locations shown in 

Fig.  10.1, depicted as a black dot in plan view or as a clear space within a hatched cell in the 

elevations.  The location of the tendons was governed by the restrictions imposed by the 

anchoring locations in the existing footing, which was not designed specifically for this 

specimen.  As no duct was available for tendon 1, a 250 mm deep hole was drilled and an 

expansion shell anchor (spreader anchor) from the Dywidag form-tie range was installed.  As 

the tendon was stressed, the anchor expanded and locked into the surrounding concrete.  This 

represented a possible scenario in residential construction, if perhaps an anchorage was 

missed or incorrectly positioned when constructing the floor slab, and served as a valuable 

test of the hardware for this application.  The tendons remained unbonded inside plastic ducts 

and some cutting of concrete block webs was required to enable the positioning of the right 

hand tendon in wall line C and of the middle tendon in wall line 1. 

Fig.  10.2(a) shows the timber diaphragm that was installed for series 1 through 3.  The timber 

frame was bolted down to the wall top and a 16 mm (5/8 in.) thick plywood deck was nailed 

on top.  The mass blocks were installed in the configuration shown in Fig.  10.2(b) and 

secured to the timber diaphragm using threaded rod.  Fig.  10.3 shows the integration of the 

top plate with a tendon anchorage. 
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Figure 10.2 – Timber roof design and mass block layout (series 1 through 3) 

Figure 10.3 – Integration of tendon anchorage and top plate 

Fig.  10.4 shows the mass block configuration after the removal of the timber diaphragm for 

test series 4 and 5.  The need to configure the mass blocks in this way was not considered 

during the design and construction of the structure.  The only available means of holding the 

mass blocks down was to use the prestressing tendons as shown in the figure.  This resulted in 

the potential for mass block rocking on the wall top.  A mortar layer was provided between 

the blocks and the wall top to ensure a flat seating surface and to lift the block clear of the 

lintel in cases where the block was overhanging. 

The total unbonded length of the prestressing tendons ranged between 2800 mm and 

3600 mm depending upon the configuration of the mass blocks and whether a load cell was 

installed on the tendon.  Self-weight of the masonry walls was calculated as 34 kN. 
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Figure 10.4 – Mass block layout (series 4 and 5) 

10.2 Material Properties 

10.2.1 Concrete Masonry Crushing Strength 

Material testing of masonry prisms 

Three masonry prisms were tested in compression, 69 days after grouting, in order to establish 

an average masonry crushing strength, f’m, of 21.0 MPa with a standard deviation of 1.2 MPa. 

Grout and mortar compressive strength 

Three grout test cylinders were tested after 31 days, providing an average compressive 

strength of 12.3 MPa with a standard deviation of 1.0 MPa. 

10.3 Test Matrix 

Tables  10.1 and  10.2 show details of the earthquake records that were applied to the structure 

in series 1 through 3 and series 4 and 5 respectively.  The prestress force was the target force 

when stressing the tendons.  Characteristics of each earthquake record and an explanation of 

the scaling applied can be found in section  2.5. 
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Table 10.1 – Test matrix for structure (series 1 through 3) 

EQ Run # EQ
Record 

Prestress 
Force Acc. Scale Time 

Scale 

1-1 El Centro 75 0.25 2 

1-2 El Centro 75 0.25 1 

1-3 El Centro 75 0.50 1 

1-4 El Centro 75 0.75 1 

1-5 Tabas 75 0.5 0.38 

1-6 El Centro 75 1 1 

1-7 Mammoth 75 1 1 

1-8 Tabas 75 1 0.38 

1-9 Sylmar 75 1 0.60 

1-10 Llollelo 75 1 1 

2-1 El Centro 45 0.25 1 

2-2 El Centro 45 0.50 1 

2-3 El Centro 45 0.75 1 

2-4 Tabas 45 0.5 0.38 

2-5 El Centro 45 1 1 

2-6 Mammoth 45 1 1 

2-7 Tabas 45 1 0.38 

2-8 Sylmar 45 1 0.60 

2-9 Llollelo 45 1 1 

2-10 El Centro 45 2.5 0.63 

2-11 Llollelo 45 1.4 0.91 

3-1 El Centro 25 0.25 1 

3-2 El Centro 25 0.75 1 

3-3 El Centro 25 1 1 

3-4 Tabas 25 1 0.38 

  kN   
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Table 10.2 – Test matrix for structure (series 4 and 5) 

EQ Run # EQ
Record 

Prestress 
Force Acc. Scale Time 

Scale 

4-1 El Centro 65 0.25 1 

4-2 El Centro 65 0.25 1 

4-3 El Centro 65 0.50 1 

4-4 El Centro 65 0.75 1 

4-5 El Centro 65 1 1 

4-6 Mammoth 65 1 1 

4-7 Tabas 65 1 0.38 

4-8 Tabas 65 1 0.38 

4-9 Sylmar 65 1 0.60 

4-10 Llollelo 65 1 1 

4-11 El Centro 65 2.5 0.63 

4-12 Llollelo 65 1.4 0.91 

5-1 El Centro 35 0.25 1 

5-2 El Centro 35 0.50 1 

5-3 El Centro 35 0.75 1 

5-4 El Centro 35 1 1 

5-5 Tabas 35 1 0.38 

5-6 Sylmar 35 1 0.60 

5-7 Llollelo 35 1 1 

5-8 Llollelo 35 1.4 0.91 

5-9 Sylmar 35 1.235 0.54 

  kN   

10.4 Test Observations 

This section contains a commentary of structure performance for each series of executed 

earthquake records. 

10.4.1 Prior to Test 

Prestressing force was applied on the day prior to testing using the same procedure as for the 

previous walls reported herein, except the addition of the timber diaphragm required the use 

of a 250 mm long steel jacking chair.  This enabled the stressing equipment to be installed 

above the timber as shown on the left in Fig.  10.5.  The chair was constructed from 50.8 mm 
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× 50.8 mm (2 in. × 2 in.) steel rectangular hollow section with a cut-out to provide access to 

the nut, and can be seen in more detail on the right in Fig.  10.5. 

It was discovered on the day of testing that the prestress force in tendon 1, the tendon having a 

drilled-in anchor at the base, had reduced by approximately 40%.  The tendon was restressed 

to the desired level and this force was maintained throughout series 1.  The reduction in force 

was most likely a result of additional anchor pull-in and seating under initial load. 

Figure 10.5 – Stressing of tendon 

Prior to testing the structure was inspected and 7 cracks were observed and marked.  All 

cracks were located in lintels between a mortar joint and a masonry unit and were the result of 

shrinkage.  The cracks were fine and only noticeable upon close inspection. 

Instrumentation was installed as shown in Fig.  10.6.  The shake table has been omitted from 

the drawing for clarity.  DISP1 and DISP2 represent the table displacement measured by the 

actuator LVDT and a string pot respectively.  Only the in-plane walls were instrumented as 

shown in the figure.  Accelerometers were installed on the table surface and at the wall top in 

lines A and C.  Gauges with a designation beginning with PR represent the tendon force 

measured by strain gauges installed at the top and bottom of each bar.  The bottom gauge was 

located at the wall base and the top gauge was located 300 mm down from the wall top.  A 
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load cell was installed on each tendon during initial stressing to enable the calibration of each 

gauge.  The tendon prestress force was found by averaging the two strain readings and 

multiplying by the calibration coefficient. 

PI gauges, which measure the elongation or shortening between two points, were installed in 

the wall toe regions in an attempt to measure masonry strain, and are shown on Fig.  10.6 with 

the designation P1 through P3. 

Fig.  10.7 shows the structure ready for testing in the first orientation.  The test period had a 

duration of 9 days and commenced 48 days after grouting. 

Figure 10.6 – Instrumentation layout for structure – orientation 1 
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Figure 10.7 – Structure (orientation 1) ready for testing 

10.4.2 Structure Displacement Summary – series 1 through 3 

 Table 10.3 contains a summary of structure performance for all applied earthquake records in 

series 1 through 3.  The top of wall displacements were the maximum recorded and were 

typically recorded on wall line A due to the non-symmetric stiffness of the structure. 

Table 10.3 – Test results for structure (series 1 through 3) 

EQ
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

EQ
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

EQ
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

1-1 0 1.0 -1.6 2-1 0 1.0 -1.5 3-1 0 1.6 -1.4 

1-2 18 1.3 -1.0 2-2 34 1.6 -1.6 3-2 35 2.3 -1.6 

1-3 52 1.4 -1.2 2-3 70 1.9 -1.4 3-3 70 2.5 -1.8 

1-4 87 1.8 -1.2 2-4 105 1.3 -2.0 3-4 105 3.2 -3.2 

1-5 122 1.8 -1.6 2-5 122 1.9 -1.8     

1-6 139 1.9 -1.6 2-6 157 1.8 -1.6     

1-7 173 1.6 -1.6 2-7 184 2.6 -3.0     

1-8 200 2.8 -2.6 2-8 200 1.8 -4.2     

1-9 216 2.3 -3.9 2-9 216 2.6 -2.6     

1-10 233 2.9 -2.5 2-10 281 2.5 -2.5     

    2-11 305 3.1 -3.4     

 sec mm mm  sec mm mm  sec mm mm 
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10.4.3 Commentary – series 1 

The initial tendon prestress force for the seven tendons ranged between 70 kN and 82 kN for 

this series.  Although the time scale was incorrectly applied to the shake table displacement 

command for run 1-1, resulting in accelerations greater than desired, no structure damage was 

observed.  The only cracking observed during this series occurred during runs 1-9 and 1-10 

when a small number of fine cracks appeared in the bond beam in wall lines A, B, C and 2.  

The cracks had a maximum length of 200 mm. 

10.4.4 Commentary – series 2 

Due to the small structural displacements recorded during series 1, the prestress level was 

reduced and the suite of earthquake records reapplied.  The initial tendon prestress force for 

this series ranged between 35 kN and 47 kN.  The first signs of a base crack forming were 

recorded after run 2-7 with the appearance of a crack approximately 200 mm long on each 

end of wall line A.  No other wall cracking was observed during this series. 

10.4.5 Commentary – series 3 

The tendon prestress force was further reduced in an attempt to increase displacements.  

Tendon 4 was destressed completely and tightened by hand to stop the tendon from moving 

inside the duct.  A force of 5 kN was measured in the bar.  The remaining tendon prestress 

levels were reduced to between 20 kN and 30 kN.  Four earthquake records were applied with 

no additional wall cracking observed.  The increase in structural displacements from series 2 

was negligible and it became apparent that the timber diaphragm was isolating the additional 

mass from the structure, similar to the effect of conventional base isolation, and that the test 

setup needed changing if larger displacements were to be achieved. 
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10.4.6 Structure Displacement Summary – series 4 and 5 

 Table 10.4 contains a summary of structure performance for all applied earthquake records in 

series 4 and 5. 

Table 10.4 – Test results for structure (series 4 and 5) 

EQ
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

EQ
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

4-1 0 4.1 -4.6 5-1 0 1.3 -1.0 
4-2 14 1.4 -1.0 5-2 36 1.7 -2.1 

4-3 50 1.3 -1.6 5-3 70 2.4 -1.9 

4-4 84 2.0 -1.6 5-4 105 2.2 -2.5 

4-5 119 2.0 -2.6 5-5 139 4.0 -5.7 

4-6 155 2.1 -2.1 5-6 155 4.3 -8.9 

4-7 183 2.8 -2.5 5-7 171 4.4 -6.6 

4-8 199 3.3 -3.0 5-8 235 7.7 -8.9 

4-9 215 3.1 -4.6 5-9 295 4.5 -12.2 

4-10 232 4.5 -6.5     

4-11 297 3.7 -3.7     

4-12 322 5.0 -6.7     

 sec mm mm  sec mm mm 

10.4.7 Commentary – series 4 

At the conclusion of series 3, the timber diaphragm was removed and the mass blocks 

configured as shown previously in Fig.  10.4.  Fig.  10.8 shows the wall ready for testing with 

the changed setup.  Additional load cells were installed on tendons 3, 6 and 7 due to suspected 

damage to the strain gauges caused by the multiple stressing operations and reconfiguring of 

the mass blocks.  The additional load cells provided a means of verification or in some cases 

more accurate data.  The level of prestress in the seven tendons ranged between 56 kN and 

67 kN at the beginning of this series. 
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Figure 10.8 – Structure (series 4 and 5) ready for testing 

Changing the test setup altered the seismic properties of the structure, and it quickly became 

apparent during run 4-1 that the table tuning was set too high.  The applied earthquake was 

aborted midway through and the tuning was reduced.  Upon inspection of the structure it was 

discovered that a base crack had formed around approximately 60% of the wall base, 

indicating the onset of rocking behaviour.  Additional minor fine cracking in the bond beam 

above openings was marked. 

Cracking below the window opening, in wall line C, first became noticeable in run 4-5 and 

continued to propagate during runs 4-10 and 4-12, resulting in the final crack pattern for this 

series as shown in Fig.  10.9.  Additional fine bond beam cracking was observed and was 

mostly confined to the area above the openings in wall lines A and B.  Fine vertical cracks 

began appearing in the mortar joints immediately below where the mass blocks were installed 

on the structure’s top corners. 

Fig.  10.10 shows the force-displacement response of the structure captured at the peak 

positive and negative displacement of each cycle throughout the series.  The displacement 

was found by averaging the displacement of wall lines A, B and C.  To calculate the base 

shear, the structure was divided into three areas, such that the tributary mass of each wall line 

could be computed.  Accelerometers designated as ACC2 and ACC3 (refer Fig.  10.6) 
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measured the acceleration at the top of wall lines A and C.  The acceleration of wall line B 

was found by linear interpolation.  The base shear for the structure, at each peak 

displacement, was found by multiplying the mass and acceleration for each wall line and 

summing the three results. 

As all available earthquake records had now been applied, the level of prestress was reduced 

in an attempt to increase displacements. 

Figure 10.9 – Series 4, cracking below opening (wall line C) 
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Figure 10.10 – Series 4, force-displacement peaks 
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10.4.8 Commentary – series 5 

No additional wall damage was observed for the first four applied earthquakes.  Subsequent 

earthquakes resulted in the formation of a base crack around the entire structure and minor 

propagation of the bond beam cracking.  Run 5-9 was aborted midway through its duration 

due to the sudden loss of masonry face shells at the top wall corner of wall lines A and 2, as 

shown in Fig.  10.11.  This was a result of the significant earthquake record applied, leading to 

mass block rocking and an increase in masonry strain directly under the mass block.  This 

concluded testing in orientation 1. 

Figure 10.11 – Loss of masonry face shell (corner of wall line A and 2) 

The acceleration spectrum for the final earthquake applied, run 5-9, is presented as Fig.  10.12, 

and shows spectral accelerations considerably larger than design code levels over the period 

range of this structure.  Fig.  10.13 shows the average top of wall displacement measured 

along wall lines A and C.  The displacements were in phase and the difference in peak 

displacements, approximately 40% for the peak negative cycle, highlights the non-symmetric 

stiffness of the structure.  The displacement history of wall line B was between the two lines 

shown, and was omitted for clarity. 

Wall uplift measured at the left hand end of wall lines A (gauge R4) and C (gauge R8) is 

shown in Figs  10.14 and  10.15 respectively.  The peak uplift occurred at the same point in 
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time and indicates that the entire length of wall line 1 had lifted off the base at this instant in 

time. 
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Figure 10.12 – Run 5-9, acceleration spectra 
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Figure 10.13 – Run 5-9, wall line A and C displacement history 
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Figure 10.14 – Run 5-9, wall uplift (R4) 
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Figure 10.15 – Run 5-9, wall uplift (R8) 

10.4.9 Summary – series 5 

The complete table acceleration history for this series is presented in Fig.  10.16 and shows a 

general increase in table accelerations throughout the nine applied earthquakes.  The average 

structure displacement history for series 5, found by averaging the displacement of wall lines 

A, B and C, is shown in Fig.  10.17 and indicates a maximum achieved average structural drift 

of approximately 0.4%. 
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Figure 10.16 – Overall table acceleration history – series 5 
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Figure 10.17 – Overall structure displacement history – series 5 

 Table 10.5 provides a summary of the tendon force history for series 5.  The force in each 

tendon, except tendon 2 and tendon 6, was reduced after series 4 to between 36 kN and 39 kN.  

Tendons 2 and 6 were destressed and tightened by hand, to stop the tendon moving in the 

duct, resulting in prestressing forces of 2 kN and 3 kN respectively.  The tendons remained 

well within their elastic range and except for tendon 7, there was no loss of residual prestress 

force.  The reduction in force in tendon 7 was a result of masonry face shell loss around the 

top tendon anchorage during the final earthquake, leading to a reduction in tendon strain. 

Table 10.5 – Summary of tendon force history (series 5) 

 Prestress Force 
Tendon # Beginning Maximum End 

1 38.6 56.6 39.3 
2 2.3 24.9 3.5 

3 38.3 52.5 39.0 

4 35.8 45.8 37.8 

5 36.5 43.8 38.5 

6 2.9 8.3 2.8 

7 37.7 46.0 20.7 

 kN kN kN 

Sliding was negligible in this orientation, with the maximum recorded value across series 5 of 

0.5 mm, making up a small component of total wall displacements. 
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The maximum recorded bond beam gap opening for series 5 was 0.7 mm, with a maximum 

residual gap size of 0.1 mm.  This verifies the observation of fine cracking in the bond beam, 

with Fig.  10.18 showing the area of most significant cracking.  The masonry around the crack 

had worn due to repeated opening and closing, but the crack had closed upon unloading. 

Figure 10.18 – Cracking of bond beam (wall line A) 

The peak force-displacement response of the structure at this level of prestress is shown in 

Fig.  10.19, and when compared with Fig.  10.10, shows a reduction in stiffness as a result of 

the reduction in prestress force. 
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Figure 10.19 – Series 5, force-displacement peaks 
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10.5 Test Summary 

The structure was initially subjected to twenty-five earthquake records before the timber roof 

diaphragm was removed and the mass blocks reconfigured.  An additional twenty-one records 

were then applied, with an increase in structural displacements recorded.  Testing in this 

orientation ceased due to wall damage as a result of the test setup.  The crack pattern at the 

end of testing in orientation 1 (at the completion of series 5) is shown below.  Figs  10.20 and 

 10.21 show the crack pattern on the outside and inside faces of the walls respectively.  Wall 

cracking, with the exception of the face shells that were dislodged, was deemed minor due to 

the fine nature of the cracking.  A base crack was observed around the entire structure, 

indicating rocking behaviour.  Cracking in the bond beam above openings and below the 

window opening enabled wall rocking, as demonstrated by the single wall tests reported 

previously herein. 

Figure 10.20 – Crack pattern for structure – orientation 1 (outside) 
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Figure 10.21 – Crack pattern for structure – orientation 1 (inside) 

Fig.  10.22 shows a comparison between the acceleration spectra for runs 2-8 and 5-6, 

computed from the acceleration trace recorded on the table surface during these earthquakes.  

The structure had similar levels of prestress and the same Sylmar record was applied each 

time.  The difference was the removal of the timber diaphragm roof and reconfiguration of the 

mass blocks.  The figure shows that the acceleration spectra were near identical yet an 

increase in peak negative displacement from -4.2 mm to -8.9 mm was recorded on wall line 

A.  This highlights the ability of a timber diaphragm to isolate seismic mass. 

PI gauges installed in the toe regions on wall lines A and B (designated as P1 through P3 on 

Fig.  10.6) were found to provide inaccurate readings at the sampling rate (200 scans/sec.) 

used during testing. 
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Figure 10.22 – Comparison of acceleration spectra for runs 2-8 and 5-6 

10.5.1 Test Outcomes 

Series 1 through 3 highlighted the ability of a timber diaphragm to isolate seismic mass and 

hence reduce wall displacements.  After the removal of the timber roof and reconfiguration of 

the mass blocks, wall rocking was observed and a maximum drift of 0.5% was recorded on 

wall line A.  The non-symmetric stiffness of the structure was demonstrated by the difference 

in wall displacements measured along wall lines A and C. 

Testing ceased due to masonry face shell loss as a result of mass block rocking on the wall 

top, a deficiency of the test setup.  The final crack pattern consisted of fine cracking in the 

bond beam above the openings and below the window opening. 

The PI gauges used were found to be inappropriate for this sampling rate. 
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Chapter 11 

STRUCTURE (ORIENTATION 2) 

11.0 Introduction

This chapter contains the results that were obtained when the simple structure was tested in 

orientation 2.  Upon completion of series 1 through 5 (refer chapter  10), the concrete footing 

was lifted from the shake table and the entire structure was rotated 90 degrees.  The mass 

blocks and all instrumentation were reconfigured as outlined in this chapter, and two series of 

earthquake records were applied, namely series 6 and 7. 

11.1 Wall Geometry and Specifications 

A full account of specimen geometry and construction is contained in section  10.1, with 

dimensions shown in Fig.  10.1.  Wall lines 1 and 2 were now the in-plane walls due to the 90 

degree rotation of the structure after series 5.  Fig.  11.1 shows the mass block configuration 

for this orientation.  This was a more desirable configuration than that used in series 4 and 5, 

with similarities to the tried and proven method used in the single wall tests reported herein.  

The blocks were located over a wall panel and fixed with the existing prestressing tendons.  

As with series 4 and 5, a mortar layer was placed between the blocks and the wall top and this 

ensured that the blocks did not come in contact with the lintels of wall line 1.  Fig.  11.2 shows 

the structure ready for testing in the second orientation. 

11.2 Material Properties 

11.2.1 Concrete Masonry Crushing Strength 

Concrete masonry strength data can be found in section  10.2.1 where material properties for 

the simple structure are reported. 
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Figure 11.1 – Mass block layout (series 6 and 7) 

Figure 11.2 – Structure (orientation 2) ready for testing 

11.3 Test Matrix 

Table  11.1 show details of the earthquake records that were applied to the structure in series 6 

and 7.  The prestress force was the target force when stressing the tendons.  Characteristics of 

each earthquake record and an explanation of the scaling applied can be found in section  2.5. 
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Table 11.1 – Test matrix for structure (series 6 and 7) 

EQ Run # EQ
Record 

Prestress 
Force Acc. Scale Time 

Scale 

6-1 El Centro 65 0.25 1 

6-2 El Centro 65 0.50 1 

6-3 El Centro 65 0.75 1 

6-4 Tabas 65 0.5 0.38 

6-5 El Centro 65 1 1 

6-6 Mammoth 65 1 1 

6-7 Tabas 65 1 0.38 

6-8 Tabas 65 1 0.38 

6-9 Sylmar 65 1 0.60 

6-10 Llollelo 65 1 1 

6-11 Nahanni 65 1 1 

6-12 El Centro 65 2.5 0.63 

6-13 Llollelo 65 1.4 0.91 

6-14 Sylmar 65 1.108 0.57 

6-15 Sylmar 65 1.235 0.54 

7-1 El Centro 35 0.25 1 

7-2 El Centro 35 0.50 1 

7-3 Tabas 35 0.5 0.38 

7-4 Tabas 35 1 0.38 

7-5 Sylmar 35 1 0.60 

7-6 Llollelo 35 1 1 

7-7 Nahanni 35 1 1 

7-8 Llollelo 35 1.4 0.91 

7-9 Sylmar 35 1.108 0.57 

7-10 Sylmar 35 1.235 0.54 

7-11 Llollelo 35 1.4 0.91 

7-12 Tabas 35 0.5 0.38 

7-13 Sylmar 35 1 0.60 

  kN   
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11.4 Test Observations 

This section contains a commentary of structure performance for each series of executed 

earthquake records. 

11.4.1 Prior to Test 

Wall damage sustained during series 1 through 5 was marked accordingly and reported in the 

previous chapter of this report.  With the exception of the damaged top wall corner, all 

cracking from the previous series of tests was deemed minor and expected to have little 

influence on the structural performance in this orientation.  The area under the top anchorage 

of tendon 7, where the masonry had been damaged, was repaired with a high strength repair 

mortar, sufficient such that the anchorage was properly seated.  As a precaution, this tendon 

was prestressed using a wrench, resulting in a low level of tendon force.  A different coloured 

marker was used to highlight cracks found during series 6 and 7 testing. 

Instrumentation was installed as shown in Fig.  11.3.  The shake table has been omitted from 

the drawing for clarity.  Only the in-plane walls were instrumented as shown in the figure.  

Accelerometers were installed on the table surface and at the wall top in lines 1 and 2.  Load 

cells were now installed at the top anchorages of tendons 1, 3 and 7 with an additional load 

cell at the bottom anchorage of tendon 3. 

Testing had a duration of 2 days and commenced 61 days after grouting. 

Figure 11.3 – Instrumentation layout for structure – orientation 2 
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11.4.2 Structure Displacement Summary – series 6 and 7 

 Table 11.2 contains a summary of structure performance for all applied earthquake records in 

series 6 and 7.  The top of wall displacements were the maximum positive and negative 

recorded and were typically recorded by gauge DISP3, due to the reduced stiffness of this 

corner of the structure as a result of the small prestress force in tendon 7. 

Table 11.2 – Test results for structure (series 6 and 7) 

EQ
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

EQ
Run 

#

Cum. 
Start 
Time 

Max.
Pos. 
Disp. 

Max.
Neg.
Disp. 

6-1 0 0.7 -1.4 7-1 0 1.7 -1.6 

6-2 36 1.3 -2.0 7-2 34 2.1 -2.2 

6-3 70 1.5 -2.4 7-3 68 2.9 -3.4 

6-4 104 1.7 -2.8 7-4 83 4.8 -6.2 

6-5 119 2.2 -2.6 7-5 99 4.4 -10.3 

6-6 154 1.7 -3.0 7-6 116 5.4 -7.5 

6-7 182 2.6 -3.5 7-7 180 6.8 -7.3 

6-8 198 3.4 -4.2 7-8 202 9.6 -10.6 

6-9 214 3.1 -7.0 7-9 261 5.3 -13.0 

6-10 230 4.0 -8.1 7-10 276 4.4 -15.3 

6-11 295 4.2 -5.8 7-11 291 12.9 -19.8 

6-12 320 3.4 -6.0 7-12 350 4.6 -2.9 

6-13 344 5.6 -9.0 7-13 366 8.9 -20.5 

6-14 403 2.9 -10.5     

6-15 418 3.2 -11.0     

 sec mm mm  sec mm mm 

11.4.3 Commentary – series 6 

At the beginning of this series, the level of prestress ranged from 62 kN to 68 kN with the 

exception of tendon 7, having a force of 8 kN.  New cracking was first observed during run 6-

9, with more significant cracking recorded during run 6-10.  This consisted of cracking below 

the window openings and in the bond beam on wall line 1.  This cracking propagated further 

during run 6-13.  Cracking in wall line 2 was also observed after run 6-13 and was located in 

the bond beam above the opening, and below the opening in the corner with wall line A, as 

depicted in Fig.  11.4.  This resulted in wall rocking and gap opening at the height of the 

horizontal cracking, instead of at the wall base.  Crack widths increased during the last two 
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earthquakes in the series, but although easily visible, wall cracking was relatively 

insignificant at the conclusion of this series. 

Figure 11.4 – Run 6-13, cracking corner wall lines A and 2 

The shake table was operating near its maximum dynamic capability during run 6-13, yet 

structural displacements remained below 0.5% drift.  The prestress level was subsequently 

reduced in an attempt to increase displacements.  Fig.  11.5 shows the acceleration spectra for 

the last earthquake applied in this series. 
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Figure 11.5 – Run 6-15, acceleration spectra 

11.4.4 Summary – series 6 

The complete table acceleration history for series 6 is presented in Fig.  11.6, showing that 

accelerations generally increasing throughout the series. 
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The structure displacement history, found by averaging the displacement measured at the four 

top corners of the structure, is given in Fig.  11.7 and shows that displacements reached a 

maximum drift of 0.3% during the final earthquake. 
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Figure 11.6 – Overall table acceleration history – series 6 
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Figure 11.7 – Overall structure displacement history – series 6 

A summary of the prestress force history for the seven tendons is provided in Table  11.3 and 

indicates that the level of prestress was maintained throughout this series. 

Gauges R1 through R8 measured small values of uplift, with the maximum value of 1.6 mm 

measured by R2.  Upon the onset of cracking, on the corner of wall lines A and 2 during run 

6-13, R8 ceased to record uplift as this section of wall was now rocking about the horizontal 

crack located higher in the wall. 
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Table 11.3 – Summary of tendon force history (series 6) 

 Prestress Force 
Tendon # Beginning Maximum End 

1 62.0 63.3 61.3 

2 63.6 66.6 61.4 

3 67.5 71.3 66.6 

4 62.7 63.4 61.3 

5 62.7 70.1 61.5 

6 67.8 74.0 66.4 

7 8.2 11.1 7.8 

 kN kN kN 

The level of sliding was negligible, with a maximum cumulative value of 1.2 mm recorded by 

gauge S3.  Bond beam gap opening, measured by gauges 1 through 4, was also negligible 

with a maximum valve of 0.7 mm recorded, which closed to 0.3 mm upon unloading. 

Recordings from gauges G5 and G6 indicate that the control joints enabled differential 

movements between the panels, with a maximum gap opening in wall line 2 of 5.6 mm.  Gap 

opening in control joint 1 was considerably less (maximum of 0.6 mm) due to the geometry of 

the wall. 

The peak force-displacement response, generated from all test data in series 6, is presented in 

Fig.  11.8. 
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Figure 11.8 – Series 6, force-displacement peaks 
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11.4.5 Commentary – series 7 

The prestress force in tendons 1 through 6 was reduced to between 30 kN and 40 kN before 

the commencement of series 7.  Prior to run 7-1, gauges with the designation G1 and G2 were 

moved to a new location to record the opening of a more significant bond beam crack.  R8 

was moved to a new location prior to run 7-9.  Fig.  11.9 shows the new instrumentation 

layout. 

Figure 11.9 – Instrumentation layout for structure – orientation 2 (series 7) 

Runs 7-1 through 7-5 saw no additional cracking from that reported at the end of series 6.  

The following three earthquakes resulted in an increase in cracking under the openings in wall 

line 1, minor lengthening of the previously reported bond beam cracking and further cracking 

in the lower wall corner at the intersection of wall lines A and 2. 

At the conclusion of run 7-10, all available earthquake records had been applied to the 

structure and the shake table had been operated near its maximum dynamic capabilities.  The 

structure had not lost significant strength or stiffness and although a number of wall cracks 

were well developed, crack widths remained fine.  In an attempt to achieve greater structural 

damage, the scaled Llollelo earthquake was reapplied with a higher setting of shake table 

tuning.  This resulted in a significantly stronger ground motion and greater wall damage.  

Fig.  11.10 shows spectral accelerations considerably larger than design code levels.  Cracking 

below the openings in wall line 1 lengthened and crack widths increased up to approximately 

4 mm as shown in Figs  11.11 and  11.12.  Wall damage below the larger opening, viewed 

from inside the structure, is illustrated in Fig.  11.13. 
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Figure 11.10 – Run 7-11, acceleration spectra 

Figure 11.11 – Run 7-11, cracking below openings in wall line 1 

Figure 11.12 – Run 7-11, close-up of wide crack, bottom right corner of wall line 1 
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Figure 11.13 – Run 7-11, cracking of wall line 1 viewed from inside 

Due to the cracking below the opening shown in Fig  11.11, and the control joint in wall line 

2, wall line A was only attached to the remaining structure by the bond beam in wall line 1.  

This resulted in wall line A having a residual sliding displacement of approximately 8 mm at 

the conclusion of run 7-11. 

Additional bond beam cracking was recorded during run 7-11, but remained relatively minor.  

Fig.  11.14 shows the further development of cracking at the corner of wall lines A and 2. 

Figure 11.14 – Run 7-11, cracking at corner of wall lines A and 2 
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The final two earthquakes executed in this series, run 7-12 and 7-13, were applied in an 

attempt to evaluate structure damage by comparing performance to that achieved during 

previous earthquakes.  Comparing the maximum displacements for runs 7-5 and 7-13 (refer 

Table  11.2), an increase from -10.3 mm to -20.5 mm was recorded.  Taking the average of the 

four displacements measured at each corner of the structure, a 100% increase in displacement 

was also calculated.  As a result of the lost in structural stiffness, due to damage sustained 

throughout series 6 and 7, testing of the structure was concluded. 

11.4.6 Summary – series 7 

Fig.  11.15 shows the complete table acceleration history for series 7, with accelerations 

generally increasing up to run 7-12 (T = 350 sec.) when the two previously executed records 

were reapplied.  The structure displacement history is presented in Fig.  11.16, and shows 

gradually increasing displacements reaching a maximum drift of 0.7% during the final 

earthquake. 

A summary of tendon force history throughout series 7 is provided in Table  11.4, indicating 

no loss in prestress.  A comparison of the force measured by the top and bottom load cells 

installed on tendon 3 is presented in Fig.  11.17.  The points represent the forces captured at 

the peak of every cycle throughout series 7, and indicate a constant force down the length of 

the tendon. 
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Figure 11.15 – Overall table acceleration history – series 7 
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Figure 11.16 – Overall structure displacement history – series 7 

Table 11.4 – Summary of tendon force history (series 7) 

 Prestress Force 
Tendon # Beginning Maximum End 

1 33.0 52.4 37.6 
2 38.8 66.0 38.8 

3 33.2 60.7 37.6 

4 29.7 38.4 29.7 

5 31.7 69.3 33.3 

6 40.2 65.7 42.5 

7 7.6 16.9 6.2 

 kN kN kN 

30 35 40 45 50 55 60 65
30

35

40

45

50

55

60

65

Bottom Load Cell (kN)

To
p 

Lo
ad

 C
el

l (
kN

)

Figure 11.17 – Comparison of prestress level in tendon 3 
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Rocking of the various wall components was observed during this series, with gauges R1 

through R7 all recording wall uplift.  The maximum recorded uplift was 6.5 mm measured by 

gauge R2 during run 7-13.  Fig.  11.18 shows minor toe crushing around the control joint in 

wall line 2, indicating the rocking behaviour of these two wall panels. 

Figure 11.18 – Control joint wall line 2 at end of test 

Initially R8 measured no uplift due to the horizontal crack that had formed above, at the 

corner of wall lines A and 2.  Upon moving the gauge prior to run 7-9, uplift was again 

recorded, indicating that all uplift was now occurring at this location.  R10 measured the uplift 

between the concrete footing and the shake table throughout this series.  A maximum value of 

0.3 mm was recorded, indicating that differential movement between these two components 

could be ignored. 

Sliding of all wall lines, except A as mentioned in the commentary, was negligible throughout 

series 7, with a maximum cumulative sliding displacement of 3 mm recorded. 

Opening of vertical bond beam cracks, measured by gauges G1 through G4, was negligible 

with G1 recording the maximum value of 1.0 mm, which closed upon unloading. 

The control joint in wall line 2 performed similar to wall 5, but the effect of the impacting 

walls was not as distinct as that shown in section  7.5.3 of this report, as the joint was not an 

isolated detail and instead part of a bigger structure.  Gauge G5 recorded the gap opening at 
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the top of the wall, with values exceeding 14 mm during run 7-11.  The maximum gap 

opening recorded by gauge G6 on wall line 1 was less than 2 mm. 

Figs  11.19 and  11.20 show the peak force-displacement response for the structure captured 

during runs 7-1 through 7-10 and for the entire series, respectively.  The difference between 

the two graphs highlights the loss in structural stiffness resulting from wall damage that 

occurred during run 7-11.  This loss in stiffness led to the decision to conclude testing. 
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Figure 11.19 – Runs 7-1 through 7-10, force-displacement peaks 
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Figure 11.20 – Series 7, force-displacement peaks 
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11.5 Test Summary 

The structure was subjected to two series of tests in orientation 2, comprising a total of 

twenty-eight earthquake records.  Testing ceased due to the combination of no larger ground 

accelerations available and a loss in structure stiffness.  Crack patterns at the end of testing, 

observed on the outside and inside faces of the walls, are presented in Figs  11.21 and  11.22 

respectively.  The darker lines show cracking that formed during series 6 and 7.  Significant 

crack opening was observed on wall line 1, particularly under the larger window opening.  

Cracking on the corner of wall lines A and 2 resulted in a change in the point of wall uplift.  

Only a minor increase in bond beam cracking was observed during these final two series. 

Figure 11.21 – Crack pattern for structure – orientation 2 (outside) 
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Figure 11.22 – Crack pattern for structure – orientation 2 (inside) 

11.5.1 Test Outcomes 

Series 6 and 7 concluded testing of the simple structure and demonstrated the performance of 

window openings and control joints.  The findings were similar to those reported in previous 

chapters for the single wall tests, with regards to the crack patterns under openings, fine 

cracking of the bond beam above the openings and the impacting of two wall panels. 

The influence of initial prestress level was demonstrated by the need to reduce the tendon 

force between the two series, in an attempt to increase wall displacements. 

Testing ceased due to a combination of no larger earthquake record available and the loss of 

structure stiffness, due mostly to the formation of significant wall cracking under the openings 

in wall line 1. 
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Chapter 12 

CONCLUSION 
It is concluded that this series of shake table tests has provided valuable information about the 

seismic performance of post-tensioned concrete masonry walls.  All walls demonstrated 

rocking behaviour, which is a desirable characteristic of this wall type.  A suite of earthquakes 

were selected that represented a variety of earthquake types and intensities.  In most cases the 

final record applied to a wall was a scaled-up version of an actual earthquake, and had 

spectral accelerations considerably larger than both IBC and NZS 4203:1992 design values.  

As this was the first major series of tests conducted on the shake table at North Carolina State 

University, familiarisation with the equipment was required, particularly with regard to table 

tuning.  Although this was not always set correctly, it did not negatively influence results and 

a much better understanding of table performance was gained over the course of testing. 

Rectangular Walls 

Testing of the rectangular panels (Walls 1, 3, 4, 5 and 6) demonstrated the desirable seismic 

characteristics these walls exhibit, due to their ability to undergo large drifts with minimal 

residual displacements.  Walls 1, 4 and 6 reached drifts levels of 1.1%, 1.9% and 1.5% 

respectively, with minimal residual displacements at the end of testing.  Testing of Walls 1 

and 6 ceased due to an inability of the shake table to generate larger accelerations, with no 

loss in wall strength measured.  Testing of wall 4 was concluded due to toe crushing after 

large drift levels were reached. 

Repair of the wall panels from wall 2, resulting in walls 3 and 4, demonstrated the ease with 

which post-tensioned walls can be repaired, due to wall damage being located at a small 

number of very specific locations.  The performance of wall 3 highlighted the importance of 

the repair technique employed.  Due to mistakes made in repairing this wall panel, little was 

gained from the data captured.  Conversely, wall 4 was repaired more appropriately, with wall 

strength and stiffness reinstated.  It is recommended that if possible, wall panels should be 

destressed prior to repair of their toe regions, and if bond is not desired between the repair 

material and the base, a bond breaker such as polythene should be employed. 
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Testing of wall 5, the wall containing a shrinkage control joint, demonstrated the effect of two 

panels impacting one another.  A maximum drift of 1.3% was recorded, and the joint 

performed as expected, allowing differential movement between the two panels and hence 

impacting.  No loss in wall strength was recorded and the test was concluded due to an 

inability to apply larger ground accelerations. 

The influence of initial prestress force on wall displacements was demonstrated during testing 

of the rectangular walls, with a need to reduce prestress levels to increase wall displacements.  

This was investigated in greater depth during testing of wall 6, where an increase in initial 

prestress from 75 kN to 103 kN, lead to a reduction in wall displacements from 23 mm to 

4 mm. 

No loss in prestress force was observed during testing of any rectangular wall, indicating that 

the tendon force remained within the elastic range.  In-plane sliding was a small component of 

wall displacement for the rectangular walls, with the predominate mode being rocking.  Wall 

migration, over the large number of rocking cycles each wall underwent, lead to residual 

sliding in the out-of-plane direction for all rectangular walls.  This had little effect on wall 

performance in the in-plane direction and would be difficult to mitigate without additional 

wall restraint, which could influence wall performance in the in-plane direction. 

Testing of the rectangular walls further verified the prediction model developed by Laursen 

and Ingham at the University of Auckland, New Zealand. 

Walls with Openings 

Testing of walls 2 and 7 demonstrated the effect of openings in post-tensioned wall panels.  In 

both cases cracking of the bond beam allowed rocking of the wall panels, leading to toe 

crushing in wall 2 and cracking below the opening in wall 7.  The walls reached drifts of 1.5% 

and 1.4% respectively with small residual displacements that were minimised by the self-

centring capabilities of the prestressing tendons.  Cracking in the bond beams remained 

minor, with the maximum residual crack width of approximately 3 mm being recorded on 

wall 2. 

SAP 2000 8 nonlinear was used to model the performance for walls 2 and 7, providing a 

satisfactory match. 
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Simple Structure 

Testing of the simple structure verified the previous observations made during testing of walls 

1 through 7.  Fine bond beam cracking and more significant cracking below the window 

openings allowed panel rocking.  The first three series of earthquakes applied to the structure 

highlighted the ability of a timber diaphragm to isolate the additional seismic mass and 

resulted in small wall displacements.  Attaching the mass blocks directly to the wall top lead 

to peak recorded structure displacements of 12 mm and 21 mm in orientation 1 and 2 

respectively.  Testing in orientation 1 ceased due to masonry face shell loss in a top wall 

corner, a result of the test setup.  Structure cracking, particularly below the window openings, 

lead to a reduction in stiffness and concluded testing in orientation 2. 

Future Testing 

The influence of openings requires further work to determine when a wall will rock as a 

whole or crack and rock as individual panels.  Additional single in-plane wall tests combining 

window and door openings could be conducted. 

Modelling the behaviour of two rocking panels impacting one another is a complicated 

dynamic problem and could warrant a more in depth study. 

Future testing could include extended investigation of the interaction between different post-

tensioned structural elements.  The performance of a two-storey structure with a concrete 

mid-floor would be one such example, and is a construction detail used in the New Zealand 

residential market. 
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APPENDIX B

B.1  US - METRIC CONVERSION

Table B.1:  US - metric conversion

1 inch 25.4 mm
1 foot 304.8 mm
1 lb 0.454 kg
1 lbf 4.448 N
1 kip 4.448 kN
1 foot/sec2 0.305 m/s2

1 ksi 6.895 MPa
No. 4 bar size 12.7 mm
No. 5 bar size 15.9 mm

0.0394 inch 1 mm
0.00328 foot 1 mm

2.20 lb 1 kg
0.225 lbf 1 N
0.225 kip 1 kN
3.281 foot/sec2 1 m/s2

145.0 psi 1 MPa
0.630 inch D16 bar size

US Units Metric Units



 


