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Abstract 

The 2010/2011 Canterbury earthquakes in New Zealand highlighted several concerns around 

the seismic performance of the support connections for precast concrete flooring systems. The 

objective of this research was to investigate the support connection detailing for these precast 

concrete flooring systems that had been identified as potentially vulnerable to earthquake 

induced non-ductile failure modes and that had not been previously tested. To achieve this 

objective, the performance of precast concrete flooring systems during the Canterbury 

earthquakes was reviewed and the observed damage was compared with failure modes 

identified previously. From this review, the support connections both for deep hollow-core 

precast concrete floors and for rib and timber infill precast concrete floors were identified as 

requiring further research to support seismic design and assessment guidelines. 

Deep hollow-core floors were identified because of the previously identified vulnerabilities of 

hollow-core precast concrete floor units to earthquake induced non-ductile failure modes as 

well as the supposition that these vulnerabilities may be exacerbated where deep hollow-core 

units are used. An experimental programme was initiated to investigate the seismic 

performance of deep hollow-core units with support connection detailing that is recommended 

by the New Zealand Concrete Structures Standard (NZS 3101:2006) and that was previously 

developed and verified for shallower depth units. The support connections incorporating this 

connection detailing performed adequately and prevented undesirable damage to the precast 

unit. As such, the test results confirmed that the detailing recommended in NZS 3101:2006 for 

HC units is sufficiently robust to accommodate damage well in excess of that which would be 

anticipated during a design-level earthquake. Furthermore, this testing indicated that 

improvements in performance can be anticipated where the supported width of the unit is 

increased in accordance with the proposed amendment 3 to NZS 3101:2006. 

Previous research also indicated that rib and timber infill floors are susceptible to undesirable 

failure modes when subjected to earthquake deformations and damage consistent with these 

failure modes was observed during the Canterbury earthquakes. An experimental programme 

was conducted to investigate the seismic performance of rib and timber infill floor support 

connections consistent with those within existing structures, those within structures currently 

constructed, and with detailing recommended following the Canterbury earthquakes. The rib 

and timber infill floor support connections in existing structures were found to be susceptible 
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to a potentially non-ductile loss of support failure and both increasing the rib seating length 

and connection weakening were identified as viable retrofitting techniques for precast concrete 

ribs susceptible to this failure mode. The rib and timber infill floor support connections 

recommended following the Canterbury earthquakes exhibited a markedly improved 

performance and were able to robustly accommodate damage well in excess of that which 

would be anticipated at the support during large earthquakes. Subsequently, a number of 

recommendations are provided for new construction based on the performed tests. In particular 

it is recommended that precast ribs should always be seated on top of a low-friction bearing 

strip, irrespective of all other support connection detailing. Additionally, it is recommended 

that grade 300 steel should be used as continuity reinforcement, rib stirrup cover should be 

minimised, and that the ends of the ribs should be armoured.  
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Chapter 1. Introduction 

1.1. Precast concrete flooring systems 

Precasting is a method used to manufacture concrete members whereby individual components 

are prefabricated and cured in moulds off-site prior to being transported to site and lifted into 

position. Reinforced concrete structures can contain precast concrete components in various 

forms, including structural frames and walls, floor units, and cladding panels. The use of 

precast construction has steadily increased in New Zealand since the 1960s and has become 

the dominant form of construction (Park 2002). The use of flooring systems incorporating 

individual precast, prestressed units acting compositely with a thin insitu topping is a common 

construction technique worldwide.  The use of precast floor systems has become particularly 

economical within the New Zealand construction market (Park 2002) when considering factors 

such as: 

• Increased ease and speed of construction;

• Reduced on-site formwork and therefore labour;

• Increased quality control;

• Ability to manufacture prestressed components, thereby enabling floor spans to be achieved

by an overall thinner floor;

• Reduction of wet trades on-site; and

• Availability of higher capacity cranes.

During the 1980s New Zealand construction boom, precast concrete flooring systems became 

dominant and were installed in almost all multi-storey buildings in place of more traditional 

cast-in-place concrete floors. Figure 1.1 shows the construction of two common New Zealand 

precast concrete flooring systems prior to the placement of the insitu topping concrete. In 

situations where a precast concrete floor is supported by reinforced concrete (RC) beams, the 

individual precast units are commonly seated on a precast beam ledge during construction 

while the remainder of the support beam is cast insitu with the topping. This construction 

practice simplifies the process of establishing continuity at the floor-to-beam interface and is 

also illustrated in Figure 1.1. 
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a) Hollow-core floor b) Rib and timber infill floor

Figure 1.1. Precast concrete flooring systems under construction 

For the most part, the precast concrete flooring systems in New Zealand have been comparable 

to those constructed in North America and consist of the following precast, prestressed units: 

• Hollow-core (commonly manufactured worldwide);

• Double-tee (commonly manufactured worldwide);

• Ribs and timber infill (common to New Zealand); and

• Flat slabs (commonly manufactured worldwide).

1.2. The role of floor connections 

It is one of the most basic requirements for a safe structure to maintain adequate vertical support 

to suspended flooring systems (Park 2002). It is therefore essential that the connections 

between the floor and the supporting structure (support connections) are sufficiently robust to 

be able to transfer gravitational loads as seismic or other demands are imposed on the floor. 

Where the structure is subjected to earthquake deformations, the floor support connections are 

required by the New Zealand Concrete Structures Standard (NZS 3101:2006) to be able to 

accommodate deformations equivalent to 1.5 times the imposed design inter-storey drift levels 

(Standards New Zealand 2006). 

Along with transferring gravitational actions, floors are designed to behave as a horizontal 

diaphragm to transfer seismic induced inertia and compatibility forces into the lateral load 

resisting elements. Figure 1.2 illustrates the behaviour of a simple floor diaphragm using a strut 

and tie model and shows how lateral inertia forces in the plane of the diaphragm are transmitted 

to the adjacent frames. In New Zealand and other highly seismic regions, it is particularly 

essential that the connections between the floor diaphragm and the lateral load resisting 

elements (diaphragm connections) are sufficiently robust to ensure that these diaphragm load 
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paths are maintained for the integrity of the diaphragm as the building deforms during large 

earthquakes. In the case of precast concrete flooring systems, the insitu topping concrete (often 

only 65 mm thick in New Zealand construction) is generally relied upon to connect the precast 

units together and to provide the required diaphragm action. As a result, a weak section is likely 

to form at the interface between the floor and the adjacent frame or wall elements, and these 

diaphragm connections are therefore vulnerable to damage as earthquake deformations are 

applied. Once damaged, the ability of the diaphragm connections to transfer seismic inertia 

forces is greatly diminished and the diaphragm becomes dependent on shear friction of the 

concrete at the damaged interface as well as dowel action of the continuity reinforcement, 

anchored either side of the interface (Matthews 2004). 

 
Figure 1.2. Strut and tie diaphragm model (Bull 2014) 

1.3. Precast concrete floors in existing structures 

Previous earthquake observations and research have shown that early applications of precast 

concrete floors contained variable support and diaphragm connections that were in some cases 

inadequate to accommodate earthquake deformation (Iverson and Hawkins 1994; Fleischman 

et al. 1998; Matthews 2004; Fenwick et al. 2010). Similarly to the concrete design standards 

for other countries during this time period, the 1982 version of the New Zealand Concrete 

Structures Standard (NZS 3101) contained comprehensive design provisions for the 

construction of cast in place structural systems, but had few specific design requirements for 

precast concrete systems (Standards New Zealand 1982). As a result, there was a general lack 

of specific design requirements provided for the connections of precast concrete flooring 

systems during the 1980s at a time where the installation of such systems had become 
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extremely common in New Zealand. A number of precast concrete floor support connection 

details utilised during this time period were established without a full understanding of the 

actions imposed at the connections and the subsequent behaviour of the system, particularly 

during earthquakes. In addition, testing to validate the design and seismic performance of these 

support connections was rarely conducted. At this time the robustness of the connection 

detailing of precast concrete flooring diaphragms was not widely considered to be critical and 

the design practice of the time was to assume that inelasticity would be concentrated at the base 

of the lateral load resisting frame or wall with the diaphragm translating rigidly with the 

diaphragm support structure (Lee and Kuchma 2008). As a result of these factors and due to 

the scale, complexity and extensive resources required, research on the seismic performance of 

floor diaphragms was not performed prior to the mid-1990s (Fenwick et al. 2011). 

1.4. Precast concrete floor connection detailing 

 
Figure 1.3. Hollow-core unit after Northridge earthquake (Norton et al. 1994) 

The 1994 Northridge earthquake in California raised concerns about the seismic performance 

of precast concrete flooring systems, which were observed to have performed poorly in some 

structures. Post-earthquake reconnaissance had shown that the floor damage sustained had 

increased the flexibility of the system and led to unexpected building behaviour (Lee and 

Kuchma 2008). Further to the effects of flexible floor diaphragms, inadequately detailed 

support connections resulted in precast hollow-core units collapsing after being pulled off their 

support beams, as shown in Figure 1.3 (Iverson and Hawkins 1994; Norton et al. 1994). Despite 

the inadequacies in design, the failures of precast concrete floors during the 1994 Northridge 

earthquake raised doubts regarding the structural integrity of floors in New Zealand that used 

precast concrete hollow-core units (PCFOG committee 2009). These concerns were furthered 

by research into the potential effects of axial elongation of reinforced concrete plastic hinges 

on the supports of the precast flooring system (Fenwick and Megget 1993; Restrepo-Posada et 
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al. 1993; Fenwick and Davidson 1995; Lau 2001). An extensive research programme was 

subsequently conducted at the University of Canterbury (UC) to develop a full understanding 

of the seismic behaviour of hollow-core floor diaphragms and to establish robust connection 

details (Bull and Matthews 2003; Lindsay 2004; Matthews 2004; MacPherson 2005; Jensen 

2006). The experimental programme highlighted deficiencies in existing precast concrete 

hollow-core floors that were constructed in the 1980s and 1990s, and provided recommended 

detailing for new buildings that had been proven to satisfy the required performance criteria. 

In general, both the support connections and diaphragm connections for hollow-core units in 

existing structures were inadequate, lacking the robustness required to accommodate the 

deformations imposed by the surrounding structure. Several recommendations from the 

research performed at UC were incorporated into the New Zealand Concrete Structures 

Standard as amendments in 2004 (Standards New Zealand 2004). In recent years more robust 

detailing has been adopted and construction techniques have become more unified in both New 

Zealand and in North America, resulting in significantly improved floor connections in new 

buildings (Wood et al. 2000; Standards New Zealand 2006; PCFOG committee 2009; 

Fleischman et al. 2013). However, it is recognised in the New Zealand Concrete Structures 

Standard that research into the seismic performance of hollow-core flooring systems is ongoing 

(Standards New Zealand 2006).  

1.5. Research motivation 

Despite an extensive amount of research in recent years having been directed towards achieving 

robust connections for precast concrete flooring systems, a number of areas of concern remain 

unaddressed. Following the Canterbury earthquakes, the seismic design of concrete 

diaphragms and in particular those containing precast concrete elements was identified by both 

the DHB Engineering Advisory Group (2012) and the Canterbury Earthquakes Royal 

Commission (2012) as a critical topic requiring further research. During the Canterbury 

earthquakes in New Zealand, damage in accordance with previously identified vulnerabilities 

was observed at the connections of some precast concrete floors and new failure modes were 

observed in others. The observed damage to precast floors following the earthquakes brought 

into question the robustness of precast floor connections, including many support connection 

details that had not previously been tested. 

While a vast amount of previous research has been performed in developing robust support 

details for precast hollow-core floors; little research has been directed towards the seismic 
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performance of the support connections for other precast concrete flooring systems. 

Uncertainties in the robustness of the connection details for several other precast concrete 

flooring systems stemmed from both the outcomes of the UC research as well as the 

observations made during the Canterbury earthquakes. These other flooring systems included 

deep hollow-core floors that have been more recently introduced to the market and prestressed 

ribs used in rib and timber infill floor systems. 

Since the development of the details commonly used during the 1980s and 1990s, seismic 

design standards and philosophies have changed considerably and increased awareness has 

been developed regarding the actions induced at the floor connections. The inadequate support 

connection details need to be identified such that retrofits in existing structures can be 

implemented and recommendations for the design of new structures can be incorporated into 

standards and guidelines. 

1.6. Research objectives and scope 

The main aim of this research was to investigate the seismic performance of the support 

connection detailing for different precast concrete flooring systems that have not been 

considered during previous research and testing. The following objectives were developed for 

this research: 

• Review the performance of precast concrete flooring systems during the Canterbury 

earthquake series and draw comparisons between the observed damage and failure 

mechanisms identified from previous research. 

• Evaluate the seismic performance of the hollow-core support connection detail currently 

prescribed in NZS 3101:2006 with 400 mm deep hollow-core units.  

• Evaluate the seismic performance of rib and timber infill support connections including 

detailing used in existing structures, detailing in currently produced units, and detailing 

recommended for new designs following the Canterbury Earthquakes. 

• Provide recommendations to the New Zealand Concrete Structures Standard Committee 

for future construction based on the evaluated performance of the connection details and 

identify retrofitting techniques required for support connections in existing structures that 

are found to be inadequate. 

The scope of this research was limited to the evaluation of precast concrete floor support 

connections, with the examination of the effect of connection behaviour and damage on the 
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diaphragm performance the topic of ongoing research by other researchers. In particular, the 

floor support connections were examined where the surrounding structure consisted of 

reinforced concrete frame elements, for which the seismic actions imposed on the connection 

as well as the vulnerabilities of the support are considered to be most vulnerable. 

1.7. Thesis outline 

In order to achieve the objectives outlined above, this thesis is organised into the following 

chapters: 

1.7.1. Chapter 2. Previously identified failure modes 

As determined through previous research into the seismic performance of precast concrete 

flooring systems, the actions induced at the floor connections during an earthquake are 

discussed and used to describe the previously identified non-ductile failure of inadequately 

detailed precast concrete floor connections. This previous research base is subsequently used 

to identify connection details requiring further investigation. 

1.7.2. Chapter 3. Performance during the 2010/2011 Canterbury earthquake series 

Observations made following the earthquakes are summarised for each type of precast concrete 

flooring system and these observations are compared to the damage that would have been 

anticipated from the previously identified failure modes. Recommendations made for best 

construction practice directly following the earthquakes are summarised and further emphasis 

is provided on areas requiring further research. 

1.7.3. Chapter 4. Deep hollow-core testing 

Following the development of robust hollow-core floor support connection detailing currently 

recommended by NZS 3101:2006, an experimental programme was performed to evaluate the 

seismic performance of the NZS detail with deep hollow-core units. A test setup was developed 

to subject the deep hollow-core floor support connections to simulated seismic loading and the 

results of the five tests performed are presented. In particular, emphasis is provided on the 

ability of the connection to prevent damage from being sustained away from the end of the 

precast unit and ensure the previously identified non-ductile failure modes are avoided. 

Comparisons are also drawn between the performances of the deep units and the previously 

tested shallower units. 
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1.7.4. Chapter 5. Rib and timber infill testing: Existing details 

The previously identified failure modes of precast concrete floors had raised concerns 

regarding the vulnerability of the support connection detailing of rib and timber floors in 

existing structures. These concerns were subsequently furthered through observations made 

during the Canterbury earthquakes series. As a result, the test setup used to evaluate deep 

hollow-core floors was adapted such that the seismic performance of existing rib and timber 

infill floor support connections could be investigated and the results of the three tests performed 

are presented. In particular, the failure mode of these connections was determined from the 

testing results and comparisons were made to the previously identified hollow-core floor failure 

modes. Lastly, retrofitting techniques for existing rib and timber infill floors were proposed. 

1.7.5. Chapter 6. Rib and timber infill testing: Recommended details 

In a continuation of the experimental programme addressing rib and timber infill floors, a 

further three tests were performed to investigate the seismic performance of recommended 

support connection detailing while an additional two tests were performed to investigate 

connection detailing consistent with current common construction. The concerns regarding the 

existing support connections for rib and timber infill floors had subsequently led to the 

development of connection detailing considered to be able to accommodate seismic 

deformations and this connection detailing was recommended following the Canterbury 

earthquakes. The failure mode for both connection types were contrasted to that observed 

during the testing of the existing support connections and recommendations were provided for 

future construction. In particular, an emphasis was placed upon the constructability of these 

support connections. 

1.7.6. Chapter 7. Insitu rib and timber infill testing 

Following on from the previous rib and timber infill experimental programme, an opportunity 

was presented to test the support connections of rib and timber infill floors insitu within an 

existing building constructed in 1990. The results of the three tests performed were presented 

and comparisons were drawn between the damage modes of these as-built support connections 

to those intended to replicate existing support connections during the previous experimental 

programme. Two of these three tests had enabled the evaluation of rib and timber infill floors 

supported by a reinforced concrete masonry wall, a support connection type considered to be 

difficult to be evaluated through conventional laboratory or field testing setups. Furthermore, 
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the deficiencies in the support connection detailing of this typical 1990 building were 

highlighted along with the implications of these deficiencies. 
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Chapter 2. Previously identified failure modes 

Providing adequate vertical support for the suspended flooring system is one of the most basic 

requirements for a safe structure (Park 2002). In designing a flooring system that contains 

potentially brittle precast concrete units around this requirement, it is essential to ensure that 

any damage sustained at the floor support connections is concentrated at the ends of the precast 

units such that damage to the units themselves is avoided and the floor support structure is still 

reliably able to support the floor. The precast unit-to-support interface should therefore be 

detailed as a fuse and designed to be sufficiently weak such the overstrength capacity of this 

interface will not transmit actions into the floor capable of damaging the precast units. As 

discussed in Chapter 1, a large amount of research has been performed throughout the last two 

decades on the seismic performance of precast concrete flooring systems, with this research 

mostly centred on hollow-core floors. Prior to this research, New Zealand precast concrete 

flooring systems had typically been constructed with the design philosophy that the precast 

units should be embedded into the support to prevent movement of the unit. This research 

highlighted the negative consequences of many connection detailing techniques that had 

formerly been standard practice and subsequently resulted in improved support connection 

detailing requirements for new structures. This chapter discusses the outcomes of that research 

and the mechanisms by which damage is induced at the connections of precast concrete 

flooring systems as a result of the deformation of the structure and the failure modes that have 

been identified as a result of this damage. Furthermore the implications of the outcomes of this 

previous research are used to identify critical topics for which further research was required. 

Initially however, the constituent precast concrete flooring systems in the New Zealand 

building stock are outlined. 

2.1. New Zealand precast concrete flooring systems 

2.1.1. Hollow-core floors 

Hollow-core floors consist of prestressed, precast concrete units containing circular or oval 

shaped voids in the longitudinal direction to reduce unit self-weight without a large reduction 

in strength and stiffness. Figure 2.1a shows a conventional hollow-core floor cross-section in 

which units are placed directly adjacent to one another while Figure 2.1b shows hollow-core 
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floor construction in which adjacent hollow-core units are spaced apart with timber infill strips 

to provide a more economical floor. All cross-sections shown in this section were taken from 

a) Hollow-core floor 

b) Spaced hollow-core floor 

Figure 2.1. Typical hollow-core floor cross section (taken from CCANZ (2004)) 

IB 76 published by the Cement & Concrete Association of New Zealand (CCANZ) (2004). 

The research reported herein consists solely of hollow-core units that are produced using the 

common dry-cast extrusion process with high strength, low slump concrete. This 

manufacturing process is common worldwide and has dominated New Zealand hollow-core 

production since the mid-1970s (Fenwick et al. 2010). The nature of hollow-core production 

using dry-cast systems means that the reinforcement consists solely of longitudinal prestressing 

strands as it is unfeasible to place transverse reinforcement in the webs during this 

manufacturing process and a brittle high strength unit is therefore produced (Buettner and 

Becker 1998; Hawkins and Ghosh 2006; Fenwick et al. 2010). Hollow-core production in New 

Zealand is comparable to that produced in other highly seismic regions and has most commonly 

consisted of 200 mm and 300 mm deep units. Larger 400 mm deep hollow-core units have 
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more recently come into practice in New Zealand while in the United States 15 in. (381 mm) 

and 16 in. (406 mm) deep units are also now commonly supplied with these larger units capable 

of spanning up to 18 m. 

2.1.2. Double-tee floors 

Double-tee flooring units contain two prestressed ribs adjoined by a thin flange that acts as a 

floor along with the composite topping concrete. Double-tee units are commonly manufactured 

2.4 m wide and range in depth from 200 mm to 600 mm, providing floor spans of up to 

approximately 19 m. A typical double-tee floor cross-section is shown in Figure 2.2. Double-

tee units can either be seated at the support directly on the web or by a flange outstand to reduce 

the overall floor depth (this method is known as ‘flange hung’). Flange supported double-tees 

are often preferred in New Zealand construction due to the reduced overall floor depth and 

therefore inter-storey heights along with improved geometry for shrinkage and thermal effects. 

Given the less direct load path of flange supported units, special detailing is required to transfer 

the support reaction through the web. Outside of New Zealand, precast single-tee and double-

tee floors are most frequently constructed in North America. However, unlike New Zealand 

construction, the precast tee flooring units are generally either web supported or contain dapped 

end supports. 

 
Figure 2.2. Typical double-tee floor cross section (taken from CCANZ (2004)) 

2.1.3. Rib and timber infill floors 

Rib and timber is a common form of precast concrete flooring system in New Zealand and 

consists of intermediary precast, prestressed ribs spaced with timber infill strips (typically at 

900 mm) that act as permanent formwork for the insitu concrete topping. Rib and timber infill 

floors are commonly specified in both residential and commercial buildings due to their 
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lightweight and versatile nature in comparison to other precast flooring systems such as double-

tee and hollow-core. The precast ribs are manufactured at a width of approximately 180 mm 

and typically range in depth from 100 mm to 350 mm. A typical rib and timber infill cross-

section is shown in Figure 2.3. The geometric properties therefore indicate that rib and timber 

floors behave in a similar manner to the more universally common double-tee units discussed 

above, differing from these units in that no flange is precast to span between the ribs. As a 

result, an overall thinner flange is generally constructed for the composite section and bonding 

of the precast unit to the topping, for composite action, is provided across the width of the ribs 

alone. While precast rib and timber infill is a flooring system unique to New Zealand, similar 

flooring types consisting of precast, prestressed ribs with alternative infill materials are 

common in other parts of the world.  

 
Figure 2.3. Typical rib and timber infill floor cross section (taken from CCANZ (2004)) 

2.1.4. Flat slab floors 

Flat slab floors consist of either 1.2 m or 2.4 m wide precast prestressed concrete slabs which 

typically range in depth between 75 mm and 150 mm. Some suppliers of precast concrete flat 

slab units manufacture a single unit depth of 75 mm and design the topping thickness to 

facilitate the load and span requirements of the specific floor design. Figure 2.4 shows a typical 

flat slab floor cross-section. While flat slab floors are able to accommodate spans of up to 8 m, 

flat slabs are typically an economical flooring system for spans of up to 6 m. 

 
Figure 2.4. Typical flat slab floor cross section (taken from CCANZ (2004)) 
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2.1.5. Flooring system applications 

The differing characteristics of the available systems typically results in different precast 

concrete floors being advantageous for construction projects of different natures. Figure 2.5 

shows a selection chart for commercial floors of typically manufactured New Zealand precast 

concrete flooring units. It should be noted that this selection chart does not cover all available 

section depths produced by New Zealand precasters and also that larger spans are typically 

achieved for residential applications for each flooring type (due to a reduction in design live 

loads). In general the low spans achieved by flat slab floors and, to a lesser extent, rib and 

timber infill floors result in them being best suited for residential applications while the larger 

spans achieved by hollow-core and double-tee units makes them typically better suited for 

commercial construction. In a situation where it is advantageous to have long spanning flooring 

system such as a car-parking building, the deepest hollow-core units (400 mm) or double-tee 

units (600 mm) are often specified.  

While most floors can be accommodated by a number of different precast floor unit types that 

satisfy the span requirements, several other constructability, architectural, and design factors 

typically determine the most appropriate floor system for a specific application. These factors 

include: 

• Overall depth of floor; 

• Transportation and craneage requirements; 

• Floor weight; 

• Propping requirements; 

• Accommodation of penetrations; 

• Accommodation of services; 

• Ability to fit irregular shapes; and 

• Provision for a ceiling. 
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Figure 2.5. Comparative selection chart for floor systems (taken from CCANZ (2004)) 

2.2. Earthquake induced deformations at floor connections 

In understanding the actions that are induced at the floor connections during an earthquake, it 

is important to acknowledge the global behaviour of the structure. Ductile multi-storey 

buildings are generally designed to undergo a ‘beam sway’ profile to accommodate 

displacement as they deform during an earthquake (Standards New Zealand 2006). Figure 2.6a 

shows a multi-storey building conforming to this profile and for this to be brought about the 

structure is required to be designed to a ‘weak column strong beam design’ philosophy. Plastic 

hinges are detailed to form at predetermined locations at the ends of the beams while column 

plastic hinging is designed to take place at the base of the first storey alone. Using a capacity 

design approach (Park 1986; Paulay and Priestley 1992; Park et al. 1997), columns are designed 

to withstand the flexural overstrength capacities of the beam plastic hinges at the beam-to-

column joints and ensure the beam sway profile is achieved such that the post-elastic behaviour 

of the structure can be predicted with confidence. Capacity design for structures was first 

recommended in the 1970s and was subsequently incorporated into the New Zealand Concrete 

Structures Standard (NZS 3101) in 1982 (Standards New Zealand 1982). Figure 2.6b illustrates 

why structures are designed to respond in this manner in comparison to a ‘column sway’ 

mechanism. A column sway mechanism involves plastic hinging at the tops of the first storey 
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columns prior to hinging at the ends of the beams under the applied loading. This mechanism 

subsequently results in a ‘soft storey displacement’ to accommodate the structural drift as all 

of the inelastic displacement is concentrated within the first storey. Figure 2.6 compares the 

level of rotation (and therefore damage) to accommodate deformation equivalent to a 

displacement ductility (µ) of 4 for both of these deformation mechanisms. In order to ensure 

the structure will undergo a beam sway mechanism and that the beams will yield prior to the 

columns, capacity designs principles must be followed and the columns must be designed to 

withstand the overstrength flexural capacity of the beams without yielding. This approach is 

required by NZS 3101:2006 (Standards New Zealand 2006). 

 
a) Beam sway mechanism 

 
b) Column sway mechanism 

Figure 2.6. Building response during an earthquake 

Large scale floor tests conducted at both the University of Canterbury (UC) and the University 

of Auckland highlighted several displacement incompatibilities that occur between the floor 

and the surrounding structure as a result of a ductile multi-storey building with reinforced 

concrete frames conforming to a beam sway profile when subjected to lateral loading (Lau 

2001; Matthews 2004). Ultimately, the magnitude of the deformation and severity of the 

damage imposed by these displacement incompatibilities is dependent on the type of flooring 

system being used, the robustness of the connection detailing, the level of ductility (and 

therefore displacement) the structure is designed to undergo, and the properties of the 

surrounding structure. Figure 2.7 illustrates an individual frame within a building conforming 

to the beam sway profile shown in Figure 2.6a. As the frame displaces laterally, the beams 

deform in double-curvature while the flooring units spanning parallel to the frame remain 
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approximately horizontal. The actions which have been identified as most damaging to the 

floor connections as a result of this behaviour are indicated in Figure 2.7 and consist of: 

• A relative rotation between the floor which remains approximately horizontal and the 

support beams on which the flooring units are seated on; 

• A pull-off deformation between the floor and its support beam due to the elongation of the 

plastic hinges that form in the beams spanning parallel to the flooring units; and 

• A vertical deformation as the (potentially brittle) flooring system is made to deform in the 

same curvature profile as the (ductile) beam parallel and directly adjacent to the unit. 

 
Figure 2.7. Frame-to-floor displacement incompatibilities (adapted from (Jensen 2006)) 

2.2.1. Rotational deformation  

The sway of the structure as it deforms laterally to accommodate deformation induces a relative 

rotation between the precast unit and the floor support structure. This rotational deformation 

can bring about a number of flexural dominated non-ductile failure modes as stresses are 

developed in the continuity reinforcement (which ties the floor into the support) and transmitted 

into the surrounding structure. Furthermore, prying stresses are developed in the supporting 

ledge and this can contribute to a loss of unit support if the ledge is made to spall.  Robust 

support connection detailing is required to avoid possible non-ductile failure modes at the end 

of the precast unit as a result of this deformation. Testing performed by Mathews (2004) had 

also shown that the torsional flexibility of the seating beam, which is related to the activation 

of the continuity reinforcement between the topping concrete and the beam, influences the 

extent of this rotational deformation along the width of the floor, as illustrated in Figure 2.8. In 

general, the precast flooring unit closest to the end of the beam will be subjected to the largest 

rotational deformations. However, as discovered in testing performed by Lindsay (2004), the 

eccentric loading of a precast floor unit on the support beam can potentially induce a greater 

rotational deformation at the floor support connection than the magnitude of the frame drift. 

During the test performed by Lindsay, no reinforcement was provided at the base of the unit 
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support connection, the activation of which would have limited the opening of the crack at the 

base of the connection. 

 
Figure 2.8. Effect of seating beam torsional flexibility on rotational deformation (Mathews 2004) 

2.2.2. Pull-off deformation 

A pull-off deformation takes place between the floor unit and the support due to the elongation 

of the frame beams running parallel to the unit when subjected to reverse cyclic loading. Beam 

elongation is a characteristic of ductile reinforced concrete beams that takes place as the 

structure conforms to a beam sway profile under lateral loading and plastic hinges form close 

to the ends of the beams. The result of this behaviour occurring in a beam oriented parallel to 

the span of a precast flooring unit is that the distance between the supports increases, reducing 

the width of beam on which the unit is supported. This damage mechanism can result in loss 

of diaphragm action as well as causing a precast unit to lose its support, especially when acting 

concurrently with rotational deformation. The effect of beam elongation on floors was 

highlighted during tests performed by Lau (2001) at the University of Auckland. Experimental  

 
Figure 2.9. Beam undergoing elongation (Matthews 2004) 
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evidence has indicated that a maximum characteristic value for beam elongation should be 

taken as 3.7% of the beam depth (Fenwick et al. 2010). 

 
a) Beam elongation due to positive rotation 

 
b) Beam elongation due to negative rotation 

Figure 2.10. Beam elongation due to applied moment (Jensen 2006) 

The elongation of the beam plastic hinges occurs as a result of the mechanism by which 

reinforced concrete beams resist bending moments in that tensile forces are resisted by the 

tensile reinforcement alone (Ts) while compressive forces are resisted by both compressive 

reinforcement (Cs) and concrete compression (Cc). The location of the neutral axis is generally 

such that the beam centreline has a net tensile strain (indicated in Figure 2.10) which creates 

an elongation at the beam centreline as the system undergoes rotation. Where yielding of the 

tensile reinforcement takes place as a result of this rotation followed by subsequent load 

reversal, the elongation induced in the reinforcement is not recovered due to the fact that both 

Cc and Cs contribute to the compressive force and so Cs will always be smaller than Ts, in turn 

resulting in a residual elongation. In addition to this feature of reinforced concrete beams, the 

result of the formation of flexural or shear cracks induced in the section and the dislodgement 

of aggregate is that these cracks are prevented from fully closing, further contributing to the 
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residual beam elongation taking place (Fenwick and Megget 1993). It should be noted that this 

elongation is reduced in the case of a uni-directional plastic hinge (Fenwick and Megget 1993). 

2.2.3. Vertical deformation 

A vertical deformation can be brought about between a precast concrete unit and its adjacent 

element due to incompatibilities in displacement. Figure 2.7 illustrates how this can take place 

between a precast flooring unit and a perimeter frame beam as the beam deforms in double 

curvature to accommodate the seismic displacements resulting in a large vertical movements 

which can potentially transfer high localised stresses into the adjacent flooring system 

dependent on the nature of the connection and the composition of the floor directly adjacent to 

the beam. Incompatibilities in displacement is most likely to affect torsionally stiff units such 

as hollow-core units, and units where the floor-to-beam connection is continuous and 

monolithic (Matthews 2004). Conversely, the flexible linking slabs characteristic of flooring 

systems such as double-tee and rib and timber infill are better suited to accommodate the 

localised deformation. 

2.2.4. Actions at connections of other lateral load resisting systems 

Previous research into the actions induced at the connections of precast concrete flooring 

systems largely focused on buildings containing ductile reinforced concrete frames. Where a 

precast concrete flooring system is used in conjunction with a different lateral load resisting 

system, the actions induced at the floor connections discussed above are generally less severe. 

The torsional stiffness of a reinforced concrete support beam will potentially result in severe 

rotational deformation being induced at the support connections of several precast units out 

from the longitudinal perimeter beam. The comparative flexibility of steel I-beams, however, 

ensures that the rotational deformation induced by the support beams is limited. In the case of 

buildings designed with reinforced concrete shear walls, the structure is generally designed to 

undergo much smaller lateral drifts, resulting in relatively low levels of rotational deformation 

induced at the floor-to-wall connection. Additionally, the elongation of reinforced concrete 

beam plastic hinges is a unique characteristic of the mechanism by which these members resist 

bending moments, as described in Section 2.2.2. The elongation of beam plastic hinges in steel 

moment resisting frames, in which the floor slab acts compositely with the steel beam, is 

significantly less than in reinforced concrete beams. In the absence of research performed on 

this specific aspect of the behaviour of these beams hinges, it has been suggested that the 

elongation of the composite beam plastic hinges should be taken as half that of an equivalently 
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deep reinforced concrete beam (Fenwick et al. 2010). However, where the precast units are 

either seated on or span adjacent to frames containing high deformation components, such as 

an eccentrically braced steel frame, the detailing of the floor will need to take into account the 

actions transmitted to the unit as a result of the deformation of the frame (Fenwick et al. 2010). 

2.3. Hollow-core floor connections 

Concerns about New Zealand hollow-core floors were first raised following the 1994 

Northridge earthquake in California (PCFOG committee 2009), as discussed in Chapter 1. 

Throughout the research that was subsequently conducted at UC, a number of potentially non-

ductile failure modes of hollow-core units were identified (Fenwick et al. 2010) and these are 

discussed in this section. While these failure modes were identified for hollow-core floors, a 

number of these modes are brought about as a result of the design philosophies with which 

precast concrete floors were formerly constructed in general and therefore can be applied to 

precast concrete floors as a whole. The failure modes discussed in this section include: 

• Loss of support failure; 

• Positive moment flexural failure; 

• Negative moment flexural failure; 

• Shear failure in negative moment regions; 

• Failure due to incompatible displacements; and 

• Torsional failure. 

2.3.1. Typical existing hollow-core connection details 

In considering the potential non-ductile failure modes identified for hollow-core floors in 

existing structures, it is important to recognise the support connection detailing that lead to the 

units becoming susceptible to these failure modes. This connection detailing makes up a large 

proportion of the existing New Zealand building stock and was common construction practice 

prior to amendment 3 to NZS 3101:1995 in 2004 (Standards New Zealand 2004). In this 

amendment, recommendations for improved connection detailing were provided following the 

research performed at UC (discussed in Section 1.4). The key features are indicated in Figure 

2.11 and include: 

• Variable unit seating lengths, for which no guidance was given on minimum lengths prior 

to NZS 3101:1995 and lengths as low as 20 mm due to units manufactured short of their 

desired length were not uncommon (Standards New Zealand 1982; Matthews 2004). 
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Furthermore, it was also common for units to purposely be manufactured short, seated at 

one end and have fixity provided at the other end that the unit fell short of the support beam 

ledge. NZS3101:1995 specified a minimum seating length of the smaller of 50 mm or 

span/180 for hollow-core units (Standards New Zealand 1995). 

• The unit being seated on a mortar bearing pad to provide a constant contact surface between 

the unit and the support beam ledge. The mortar seating pad further holds the end of the 

unit in place. 

• The unit being supported by cover concrete alone with no reinforcement placed to tie the 

support beam ledge back into the beam. 

• Dam plugs placed 75 mm into the unit cores to prevent concrete from flowing further into 

the unit as the topping and top half of the beam are cast insitu. Allowing the insitu concrete 

to partially flow into these cores establishes a degree of fixity at the support connection and 

prevents movement of the unit. 

• Continuity reinforcement that extends a variable distance into the topping, typically 

between 400 mm and 1500 mm (Woods 2008), and laps onto cold-drawn light reinforcing 

mesh. 

• Placement of the first hollow-core unit directly adjacent to the lateral load resisting system. 

• Continuity reinforcement typically not placed into the unit cores unless it was desirable to 

establish support fixity, or units were manufactured short. 

 
Figure 2.11. Typical existing hollow-core support connection detail (Jensen 2006) 

Where it was desired to achieve fixity at the support connection or units were delivered to site 

shorter than required and unable to provide an adequate seating length at both ends of the unit, 

it was previously common to reinforce cores with a ‘paperclip’ detail (New Zealand Concrete 

Society and New Zealand Society for Earthquake Engineering 1999). Figure 2.12 illustrates a 
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hollow-core support connection reinforced in this manner in which the top flange directly 

above two or more of the cells was broken out, reinforced with the paperclip detail and filled 

with concrete at the same time as the top half of the beam and topping were poured insitu. 

 
Figure 2.12. Typical existing paperclip hollow-core support connection detail (Jensen 2006) 

2.3.2. Loss of support failure 

The floor can undergo a loss of support failure resulting from an insufficient length of seating 

to accommodate the rotational and pull-off deformations induced at the support connection. 

The seating length specified is also commonly worsened by construction tolerances as well as 

the effects of creep and shrinkage during the life of the floor. Along with movement of the 

precast unit relative to the support due to the rotational and pull-off deformation mechanisms 

discussed above, the unit losing its seating on the support beam ledge may additionally be the 

result of a combination of support beam ledge spalling and the end of the unit remaining trapped 

in place as the unit is pulled away from the support. Damage to either the support beam ledge 

or to the hollow-core unit will act to negate the seating ledge provided and this is shown in 

Figure 2.13. Prying of the support beam ledge due to rotational deformation is likely to induce  

 
Figure 2.13. Unit loss of seating (Woods 2008) 
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spalling of the cover concrete for an adequately reinforced ledge or, alternatively, it had 

formerly been common to seat the precast unit on beam cover concrete alone which may result 

in spalling of the entire ledge. Furthermore, where the unit is seated at the location of a beam 

plastic hinge, it can be expected that the beam cover concrete will spall as a result of the 

formation of the hinge. 

The actions discussed above lead to a loss of seating of the precast unit on the support beam 

ledge and vertical support of the floor is subsequently provided by shear friction and aggregate 

interlock at the damaged failure plane. As further pull-off deformation is applied these force 

transfer mechanisms are lost while the continuity reinforcement bars spanning into the topping 

will generally have remained intact. Testing performed by Herlithy (1999) had shown that the 

continuity reinforcement in the insitu topping concrete cannot be relied upon to provide vertical 

support for the floor following a loss of seating on the support beam ledge and it is well 

accepted that these continuity reinforcement bars are susceptible to either being pulled out of 

the topping concrete or causing the topping concrete to delaminate from the hollow-core unit 

where special reinforcing is not provided to prevent this delamination from occurring (New 

Zealand Concrete Society and New Zealand Society for Earthquake Engineering 1999; 

Fenwick et al. 2010). While the bond between the insitu topping and the precast unit is not 

designed to hold the unit in tension, it is also likely that this bond has been lost previously due 

to the strain penetration within the continuity reinforcement bars causing the topping concrete 

encasing the bars to crack and slide relative to the unit (Herlithy 1999). Figure 2.14a illustrates 

a hollow-core unit undergoing a loss of support failure as a result of the topping becoming 

delaminated from the unit following a loss of unit seating. Figure 2.14b shows this failure mode 

as it was observed in a test performed by Jensen (2006). During this test the unit had lost 

bearing on the support ledge due to a combination of support ledge and unit spalling. However, 

it should be noted that an understrength support beam for this test (measured to be 

approximately 21 MPa while these are typically produced at strengths in excess of 40 MPa) 

would have increased the tendency for the support beam ledge to spall and this spalling 

contributed to the failure of the unit.  
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Failure mode schematic (Jensen 2006) 

 
Failure mode observed in testing (Jensen 2006) 

Figure 2.14. Loss of support with delamination failure mode 

In a situation where the topping does not delaminate from the unit, collapse of the floor will 

alternatively be brought about upon fracture of the continuity reinforcement bars crossing the 

unit-to-beam interface. It has been found that in situations where the topping has not 

delaminated from the unit, this has typically been the result of relatively low strain penetrations 

of the continuity reinforcement and it can therefore be expected that these bars will not be able 

to undergo large extensions before fracturing (Jensen 2006). Furthermore, in situations where 

the top flange of the hollow-core unit has been broken out and insitu concrete has been poured 

into the cores (such as in the case of the paperclip detail discussed above), the insitu concrete 

within the cores interlocks with the unit and the topping will be less likely to delaminate. 

Similarly to Figure 2.14, Figure 2.15a illustrates a hollow-core unit undergoing a loss of 

support failure as a result of the fracture of the continuity reinforcement following the loss of 

unit seating and Figure 2.15b shows this failure mode as it was observed in testing (Jensen 

2006). The lack of delamination of the topping concrete during this test was likely due to a 

larger insitu topping strength which would have had a stronger bond to the unit. It was also 

noted that a significantly stronger (unreinforced) support beam ledge still spalled due to the 
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prying of the unit and a larger seating length resulted in the spalling of a longer length of this 

stronger support beam ledge. 

Figure 2.15. Loss of support failure mode 

2.3.3. Positive moment flexural failure 

Hollow-core units can undergo a non-ductile positive moment flexural failure where the fixity 

established at the support connection imposes sufficient demand on the floor that a flexural 

crack forms at the unit soffit outside of the support beam ledge. This fixity is established as a 

result of both plugging the ends of the unit with concrete and seating the unit on a mortar pad, 

as illustrated in Figure 2.11, which prevent the unit from moving. The subsequent failure mode 

is illustrated in Figure 2.16a while Figure 2.16b shows a hollow-core unit undergoing this 

failure mode during testing performed by Bull and Mathews (2003). As cracking is initiated at 

the unit soffit close to the support, the prestressing strands have not developed to any significant 

extent and the load required to crack the hollow-core unit is therefore dependent on the concrete 

tensile strength of the unit alone. Cracking at this location will generally be initiated at low 

levels of rotation (less than 0.5%) and additional deformation will become concentrated at this 

weak section. As additional deformation is applied, the unit subsequently fails in shear, 

 

a) Failure mode schematic (Jensen 2006) 

 
b) Failure mode observed in testing (Jensen 2006) 
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characterised by diagonal cracking though the hollow-core webs. Similarly to the loss of 

support failure discussed above, the vertical reaction force for the unit is subsequently 

transferred to the continuity reinforcement in the insitu topping concrete following the loss of 

bearing of the unit, leading to collapse of the floor. Testing performed by Jensen (2006) had 

also shown that the shear frictional resistance to the unit soffit provided by seating the hollow-

core unit directly on a bare concrete support beam ledge without the placement of a mortar pad 

can also induce positive bending moments capable of cracking the unit. The high strength of 

the hollow-core during this test however, prevented the unit from sustaining flexural cracking 

despite actions having been imposed in excess of those that had brought about a positive 

moment flexural failure during testing performed by Bull and Mathews (2003). Both testing 

programmes had incorporated 300 mm deep hollow-core units and comparisons between the 

two programmes indicate that the mode of failure of the hollow-core unit is largely governed 

by the strength of the hollow-core unit itself, more specifically the modulus of rupture. 

Although hollow-core units are typically designed with a nominal strength of 45 MPa, it is not 

uncommon for units with strengths in excess of 80 MPa to be manufactured. 

 
a) Failure mode schematic (Jensen 2006) 

 
 

b) Failure mode observed in testing (Bull 
and Matthews 2003) 

Figure 2.16. Positive moment failure mode 

2.3.4. Negative moment flexural failure 

A non-ductile negative moment flexural failure can occur at a section in the floor where the 

imposed demand due to the fixity at the support exceeds the capacity of the section. The 

location in the floor at which the continuity reinforcement terminates, which is anchored into 

the topping concrete and ties the floor into the support structure, is accompanied by a sharp 

drop in negative moment capacity. A weak section will therefore form at this location if the 

continuity reinforcement has terminated too close to the support such that negative moments 
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are still sufficiently high in this region. In existing structures, the anchorage of the continuity 

reinforcement into the topping is highly variable with these bars commonly terminating 

between 400 mm and 1500 mm out from the support (Woods 2008). Furthermore, prior to 

amendment 3 to NZS 3101:1995 in 2004, the topping had commonly been designed such that 

the continuity reinforcement lapped onto light reinforcing mesh. The lightly reinforced nature 

of this topping reinforcement means that the tensile strength of the concrete can be expected to 

exceed that of the mesh and so additional cracks are prevented from forming. All of the applied 

deformation will therefore be sustained at this single location and, as cold-drawn mesh is only 

capable of undergoing low levels of strain prior to fracturing, the topping reinforcement will 

fracture at relatively low levels of applied deformation and a negative moment failure of the 

floor will ensue. Figure 2.17a illustrates this negative moment flexural failure mode and Figure 

2.17b shows this failure mode as it was observed in testing performed by Woods (2008). 

 
a) Failure mode schematic (Woods 2008) 

 
b) Failure mode observed in testing 

(Woods 2008) 

Figure 2.17. Negative moment failure mode 

Negative moment failures have been observed during several hollow-core unit tests as a part 

of the research conducted at UC and the typical details that were found to potentially induce 

this failure mode are illustrated in Figure 2.18. Comparisons in tests performed by Liew (2004) 

and Bull and Mathews (2003), both of which contained support connection detailing 

incorporating broken out cells filled with concrete reinforced with the paperclip detail, showed 

that where this detail was used to provide fixity at the support connection, the amount of 

reinforcement used can impact the failure mode. Liew (2004) had concluded that over 

reinforcing the cell cores could be detrimental to the performance of the floor as this enhances 

the negative moment capacity at the support. Research performed by Ho (2001) and Woods 

(2008) had also shown that the susceptibility of the connection to a negative moment flexural 

failure can be influenced by vertical seismic ground motions. 
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Prior to this research, the International Federation for Structural Concrete (FIB) had published 

a guide to hollow-core floor connection detailing practices and this guide specifically notes 

that where restraint is provided to the hollow-core unit at the support, all critical sections near 

the supports should be analysed. This includes checking the negative flexural capacity at any 

potential weak sections away from the end of the unit (FIB 2000). 

 
a) Typical exisiting pinned detail 

 
b) Typical exisiting fixed detail 

Figure 2.18. Connection details susceptible to negative moment failures (Woods 2008) 

2.3.5. Shear failure in negative moment regions 

The shear strength of concrete units that do not contain transverse web reinforcement, such as 

hollow-core units, is governed by the web shear cracking capacity of the unit in regions of low 

flexure. Hollow-core floors in New Zealand are generally designed as simply supported 

members and the high shear region close to the supports is therefore considered to be governed 

by the web shear cracking capacity of such members. However, the continuity reinforcement 

placed in the topping induces axial tension and negative moments into the region near the 

supports. Where flexural cracks form as a result of these actions, the shear capacity of the floor 

becomes governed by the comparatively lower flexure shear capacity and the design shear 

strength may therefore overestimate the shear capacity of the floor. Fenwick et al. (2004) and 

FIB (2000) have both shown that the shear strength may be exceeded close to the support due 

to the presence of the continuity reinforcement. Figure 2.19 illustrates a hollow-core unit 

undergoing the postulated flexure-shear failure under negative moments as a result of the 

formation of flexural cracks. The formation of these negative moment flexural cracks relies on 

the absence of prestressing strands at the top of the unit, generally the case for units produced 

in New Zealand. The presence of prestressing strands at the base of the unit, however, restricts 

flexural cracks from forming under positive moments. NZS 3101:2006 now includes 
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requirements for the design shear capacity of precast floor units in negative moment zones, 

following amendment 2 to the standard in 2008 (Standards New Zealand 2006). 

 
Figure 2.19. Postulated flexure-shear failure mode (Woods 2008) 

2.3.6. Failure due to displacement incompatibilities 

Large localised stresses may be induced in the hollow-core unit webs due to the actions 

imposed on the unit from the movement of the surrounding structure. Section 2.2.3 outlines the 

displacement incompatibility that arises as a result of a perimeter beam deforming in double 

curvature adjacent to the hollow-core units spanning parallel to the beam. If the first hollow-

core unit is positioned sufficiently close to the frame, this vertical deformation of the frame can 

lead to cracking of the webs and subsequent failure of the comparatively less robust hollow-

core unit. This displacement incompatibility is illustrated in Figure 2.20a and had contributed 

to the failure of the first hollow-core unit during testing performed by Mathews (2004) as 

shown in Figure 2.20b. In this test the first hollow-core unit had been placed directly adjacent 

to the perimeter beam spanning parallel to the units, consistent with traditional construction 

practice. Subsequent tests showed improved performance with distributed cracks forming to 

accommodate this deformation when a sufficiently flexible linking slab is positioned between 

the first hollow-core unit and the perimeter frame (Lindsay 2004; MacPherson 2005). Figure 

2.21 illustrates how this flexible strip deforms to prevent large localised stresses from being 

transmitted to the unit. An amendment to NZS 3101 in 2004 now requires the use of linking 

slabs where precast units span adjacent to the frame (Standards New Zealand 2004). However, 

these slabs would not have been implemented in older structures built prior to this amendment. 

Consequently, the likelihood and danger of the first hollow-core unit failing in this manner 

needs to be assessed in planning the retrofit of existing hollow-core floors (PCFOG committee 

2009). 
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a) Failure mode schematic (Woods 2008) 

 
b) Failure observed in testing (Matthews 2004) 

Figure 2.20. Failure due to incompatible displacements 

 
Figure 2.21. Behaviour of linking slabs (Woods 2008) 

2.3.7. Torsional failure 

Hollow-core units act like a box section when subjected to twisting deformations and their 

torsionally stiff nature means the twisting the unit is able to withstand without cracking is 
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limited. Situations in which the unit may be required to undergo a twisting deformation 

includes where the supporting element type is different at either end of the unit (such as a wall 

at one end and a beam at the other), as a result of which the supports undergo a different level 

of in plane rotation due to the sway of the structure. The lack of transverse reinforcement within 

the soffit or webs of the unit means that the performance of the unit in torsion is limited to the 

actions that can be resisted before cracking develops. This cracking is considered to develop at 

0.001 radians per metre for 300 mm deep hollow-core units and 0.002 radians per metre for 

200 mm deep units (PCFOG committee 2009). Following the onset of torsional cracking, the 

resistance to twisting reduces rapidly along with the flexural and shear strengths of the unit 

(Broo et al. 2005). Testing performed by Broo et al. (2005) had shown that cracks form in the 

hollow-core units prior to maximum torsional strength being reached, following which, failure 

of the unit subsequently occurs where the applied twist is approximately 2 to 3 times that which 

initiated torsional cracking. 

2.3.8. Current New Zealand hollow-core design requirements 

In order to satisfy deformation requirements with sufficient robustness to prevent the failure 

modes described above and to ensure that damage is confined to the precast unit-to-beam 

interface, NZS 3101:2006 provides prescriptive requirements for support detailing for hollow-

core floor units (Standards New Zealand 2006). The NZS connection detailing is shown in 

Figure 2.22 for an internal beam and Figure 2.23 illustrates the philosophy with which the 

support connection should be designed so as to ensure the critical section forms at the end of 

the precast unit. The critical aspects of the connection include: 

• Placing a low-friction bearing strip at a location that is both underneath the unit and at a 

distance back from the edge of the ledge. This is intended to help prevent beam spalling 

and enable the unit to slide rather than becoming entrapped in the support.  

• Minimum required supported width of span/180 or 75 mm to prevent the unit from being 

pulled off its ledge. The span/180 supported width criterion is generally the governing 

criterion for deep units (where spans in excess of 13.5 m are provided). This support 

requirement is also illustrated in Figure 2.24.  

• Detailing requirements for the support beam ledge to ensure that it is adequately tied back 

into the beam to help guard against spalling. Support ledges should be designed in a similar 

way to corbels (Standards New Zealand 2006; Fenwick et al. 2010), while earlier hollow-
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core seating practices had often involved the floor unit being seated on cover concrete alone 

(PCFOG committee 2009). 

• Detailing of continuity reinforcement, such that bars extend from the support structure and 

into the insitu topping over the maximum negative moment regions, preventing a weak 

section from forming at the termination of these bars and inducing a negative moment 

flexural failure.  

• Breaking out the flange directly above two of the four hollow-core voids, placing a plain 

round 16 mm grade 300 MPa bar at the base of each void such that the bar extends from 

the support structure into the hollow-core precast concrete unit for a distance of 800 mm or 

3 times the depth of the unit, and filling the voids with concrete. The additional continuity 

reinforcement introduces redundancy to the support connection and the acts to prevent the 

hollow-core unit from losing support following the formation of positive moment cracking. 

• Design checks to determine the shear strength of the floor in the negative moment region 

close to the support. 

• Construction of a flexible linking slab (see Figure 2.25) of width at least 600 mm to reduce 

forces induced in hollow-core unit webs due to relative vertical movement of adjacent 

structural elements. 

 
Figure 2.22. Recommended hollow-core support connection detailing (taken from NZS 3101:2006 

(Standards New Zealand 2006)) 
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Figure 2.23. Hollow-core capacity design actions (taken from NZS 3101:2006 (Standards New Zealand 

2006)) 

 
Figure 2.24. Required bearing length for precast concrete flooring units (taken from NZS 3101:2006 

(Standards New Zealand 2006)) 

 
Figure 2.25. Hollow-core linking slab detailing (taken from NZS 3101:2006 (Standards New Zealand 

2006)) 

A more recent proposed draft amendment 3 to NZS 3101:2006 in 2014 also provides more 

conservative guidelines for the required seating lengths for precast concrete hollow-core units 

than those shown in Figure 2.24. The NZS 3101 minimum requirements are still considered 

suitable for a structure required to undergo design lateral drifts not exceeding 0.6% while the 

following factors need to be considered for structures required to undergo higher drift levels. 
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Sample values are given, that collectively provide a required seating length of approximately 

125 mm (Cook et al. 2014): 

• Bearing length: 10 mm 

• Ledge spalling (or cover loss): 40 mm 

• Beam elongation (at beam centre line): 32.4 mm 

• Support rotation pull-off: 6.3 mm 

• Precast unit spalling: 20 mm 

• Tolerances (including shrinkage): 15 mm 

2.3.9. Experimental performance of NZS 3101 connection detail with 300 hollow-core 

units 

The NZS recommended support connection detailing for hollow-core units was first tested by 

MacPherson (2005). This testing incorporated the commonly used 300 mm deep hollow-core 

units (300HC) and had followed previous testing that had highlighted the deficiencies of 

connections in existing New Zealand buildings (Matthews 2004). Both a sub-assembly test and 

a full-scale super-assembly test were performed (see Appendix A) during which it was found 

that when subjected to simulated seismic loading to ±5% lateral drift, the connection behaved 

as intended and sustained only minor levels of damage to the precast unit and support beam. 

Damage was confined to the intended critical section at the unit-to-beam interface, preventing 

the unit from losing support through the application of this loading.  

2.3.10. Ramifications for deep hollow-core units 

Despite this new connection detailing resulting in an improved seismic performance for 

hollow-core units, the previous testing did not extend to 400 mm deep hollow-core units 

(400HC), a cross-section of which is shown in Figure 2.26. In current practice long-span 

400HC units are mostly used in low-rise structures such as car park buildings. These low-rise 

structures are typically designed for low levels of ductility where the 400HC support 

connections may not need to accommodate the same magnitude of displacement and rotation 

when compared to the previously tested shallower depth units. However there were several 

reasons why it is important for 400HC units to be tested with combined seismic and 

gravitational loading. These reasons include: 

• Uncertainty regarding the shear capacity of deep hollow-core units. Previous research has 

shown that deep, unreinforced concrete members can have a lower shear capacity than that 
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calculated using conventional analysis (Hawkins and Ghosh 2006), furthering the concern 

around the shear capacity of hollow-core units in the vicinity of the support.  

• 400HC units contain relatively slender webs due to the increased unit depth and therefore 

void height. The stability of these webs may affect the seismic performance of the 400HC 

unit.  

• The increased depth of the 400HC unit, support beams, and adjacent frame beams, leads to 

greater pull-off displacements due to the relative rotation and elongation demands 

discussed previously.  

 
Figure 2.26. Typical 400HC cross-section (taken from Stresscrete ‘Hollowcore floors’ publication (2016)) 

2.3.11. Experimental performance of 400HC units in shear 

As a result of uncertainty around the shear strength of deep, unreinforced concrete members, 

many standards (including NZS 3101:2006 and ACI 318-14) require minimum shear 

reinforcement to be provided in reinforced concrete members when the design shear stress 

exceeds one half of the design shear strength (Standards New Zealand 2006; American 

Concrete Institute 2014). Units with an overall depth (including the insitu topping) of less than 

400 mm are currently exempt from this requirement by NZS 3101:2006 and units with a total 

untopped depth of not greater than 12.5 in. (318 mm) are exempt by ACI 318-14. Furthermore, 

units where experimental testing has demonstrated that ultimate shear and flexural strength can 

be developed without shear reinforcement are also exempt in both standards. A series of tests 

were previously performed to determine the shear capacity of 400HC units using the FIP 

standard shear testing procedure (Federation Internationale de la Precontrainte (FIP) 1992) and 

to investigate whether the restriction on the design shear strength of 400HC is required 

(Gunawardena 2011; Kumar 2011). Six tests were performed using different prestressing 

strand configurations, covering the various configurations of 400HC units likely to be 

manufactured. In all tests the shear strength of the units exceeded the design strength by factors 

ranging between 1.03 and 2.02, indicating that full shear strength was able to be developed but 

with a large degree of variance. 
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2.3.12. North American hollow-core support connections 

The Precast/Prestressed Concrete Institute (PCI) produced a manual entitled ‘Manual for the 

design of hollow-core slabs’ that provides a number of utilised support connections capable of 

transferring diaphragm shear (Buettner and Becker 1998). These support connections generally 

involve the establishment of continuity in grouted keyways between adjacent hollow-core units 

as well as continuity reinforcement welded to steel plates embedded in the support beam for 

several connection types. Figure 2.27 shows four details from the second edition of this manual 

(published in 1998). The four listed details are those which involve the units being supported 

by a reinforced concrete beam with some form of continuity reinforcement detailed at the 

connection. As indicated in Figure 2.27 and unlike New Zealand standard practice, continuity 

is rarely established in the form of a structural topping. Several additional support connection  

  

 
 

Figure 2.27. PCI recommended hollow-core support details (Buettner and Becker 1998) 
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details are provided by the manual for use in situations where diaphragm shear can be assumed 

to be accommodated by unit shear friction, inapplicable for use in highly seismic regions. All 

of these support connections consist of the hollow-core unit being placed on top of a bearing 

strip, consistent with ACI-14 requirements (American Concrete Institute 2014). Furthermore, 

the first edition of this manual (Buettner and Becker 1985) had also required the units to be 

seated on top of a bearing strip, unlike New Zealand practice prior to the 2004 amendment to 

NZS 3101:1995 as discussed in Section 2.3.1. For long spanning precast hollow-core units, 

ACI 318-14 contains the same minimum supported width of span/180 as NZS 3101:2006 but 

with a reduced absolute minimum of 50 mm (2 in.) for unit spans lower than 9 m. This nominal 

supported width prescribed by ACI had often been followed by New Zealand engineers prior 

to the introduction of supported width requirements in the 1995 version of NZS 3101. 

2.3.13. European hollow-core support connections 

European precast concrete floor connections are similar to North American practices in that it 

is rarely recommended for continuity to be established in the form of a structural topping. 

European hollow-core floors also generally tend to rely on comparatively larger support ledges 

than in New Zealand construction. The International Federation for Structural Concrete (FIB) 

produced a guide for the design of hollow-core floors entitled ‘Special design considerations 

for prestressed hollow-core floors’ (FIB 2000). Similarly to current NZS 3101 requirements 

(see Figure 2.23) the guide requires that the connections are detailed so as to ensure the 

structural integrity of the floor is maintained with respect to the actions transmitted into the 

floor. Several design examples from the guide are shown in Figure 2.28. 

A major difference in the manufacturing of European hollow-core units is that the units 

generally contain strands in the top flange. This is uncommon for New Zealand manufactured 

units. Top strands increase negative moment capacity and therefore reduce the need for 

negative moment reinforcement in the insitu topping and help to ensure a negative moment 

failure is prevented. In the absence of a structural topping, negative moment continuity 

reinforcement is placed at the location of broken out flanges such that these are at the 

approximate height of the top strands. As no reliance is placed on negative moment 

reinforcement in a structural topping there is therefore no danger of this topping from 

delaminating from the unit which has factored into a number of failure modes described in this 

section. Furthermore, the presence of these top strands increases the shear capacity of the unit 
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as described in Section 2.3.5 and the prestress eccentricity is decreased, therefore reducing 

deflections as a result of prestress and creep.  

It is recommended by FIB that positive moment reinforcement is placed in broken out cores at 

the approximate level of the bottom strands within the unit. This practice is comparable to the 

current recommendations provided by NZS 3101:2006 and prevents positive moment failure 

in the region where the strands are not developed to a significant extent. Continuity is 

recommended to be provided by a minimum of two cores (or one core and one longitudinal 

joint between adjacent hollow-core units) with grouted tie bars (in situations where the unit 

bears directly onto the support), one bar spanning 0.2-0.25 times the span of the unit and the 

other bars spanning 1.2-1.5 m into the unit. 

 

  
Figure 2.28. FIB hollow-core support connection design examples (FIB 2000) 

2.3.14. Ramifications for other precast concrete flooring systems 

While the failure modes discussed in this section were previously identified for hollow-core 

floors, it needs to be noted that a substantial amount of testing has been performed on this 

flooring system in comparison to other types of precast concrete floors. It is considered that 

several of the failure modes that have been identified during hollow-core testing are generic to 

New Zealand precast concrete floors and are the result of the design philosophies with which 

these floors were constructed during the 1980s and 1990s. Many connection details typical of 

this time period were established without a full understanding of the actions induced at the 

supports under earthquake loading. Additionally, structural actions not associated with 

earthquakes which induce movement of the precast unit relative to the support such as creep, 
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shrinkage, and temperature changes, may not have fully been accounted for by these support 

connections. The connection detailing features typical of precast concrete floors in existing 

New Zealand structures that are considered to bring about these failure modes include: 

• Inadequate seating lengths, potentially leading to a loss of support failure. Furthermore, an 

inadequately detailed support ledge is considered to be more vulnerable to spalling where 

a ribbed flooring unit, such as a precast rib or a web supported double-tee unit, is prying on 

the ledge due to induced rotational deformation. 

• Embedding precast concrete floor units into the surrounding structure at the time that the 

support beam and topping concrete are poured insitu such that movement of the unit is 

prevented. It had previously been common to cast insitu concrete around the ends of precast 

ribs (Fenwick et al. 2011) and the support fixity established as a result can potentially 

induce a positive moment failure similar to that of hollow-core units. Furthermore, the 

requirement to seat precast units on top of low-friction bearing strips currently only exists 

for hollow-core floors (Standards New Zealand 2006). It should be noted that it is 

becomingly increasingly common for New Zealand engineers and precasters to specify 

other precast flooring units such as ribs or double-tee units to be seated on top of low-

friction bearing strips. 

• Continuity reinforcement inadequately anchored into the insitu topping. Other precast 

concrete flooring systems are considered to be similarly susceptible to the negative moment 

flexural failure identified for hollow-core floors due to the development of a weak section 

at the termination of the continuity reinforcement if this is sufficiently close to the support. 

However, where a diagonal crack forms through a precast rib or the web of a double-tee 

unit, the placement of stirrups within these units will generally ensure that a vertical tie is 

provided across that crack. The capacity of the vertical tie may be insufficient to provide 

vertical support for the floor however. 

Failure modes influenced by the out of plane stiffness of hollow-core units (and other box 

sections) are not as applicable to other New Zealand precast concrete flooring systems 

however. Existing precast concrete floors containing ribbed units (double-tee or precast ribs) 

essentially contain a flexible linking slab as a part of the construction of the floor to connect 

the floor to the lateral load resisting system. As a result these flooring systems are likely to be 

less susceptible to a failure due to incompatible displacements.  
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2.4. Connections for other precast concrete flooring systems 

As discussed above, the outcomes of the UC hollow-core research had increased concern 

regarding the support connection detailing of other precast concrete flooring systems. Specific 

concerns have most notably been raised regarding the existing support connection detailing of 

both flange hung double-tee, and rib and timber infill floors. As noted in Section 2.1, both of 

these flooring systems are not known to be commonly constructed in highly seismic regions 

outside of New Zealand. 

2.4.1. Failure of flange hung double-tee floors 

As a result of the less direct load path of flange supported double-tee units, which contain a 

flange outstand to support the unit on the beam (as discussed in Section 2.1.2), special detailing 

is required to transfer the support reaction through the web. Furthermore, and independent of 

the particular hanger being used, cracking can also develop within the flange of flange hung 

double-tee units, typically as a result of construction imperfections (Hare et al. 2009). If the 

unit is supported on an uneven ledge then this detail can cause the reaction forces to concentrate 

on the flange some distance away from the web. Diagonal cracking is then likely to follow as 

the flange attempts to transmit the shear forces to the web, damaging the flange and lowering 

its strength. 

Floors containing flange hung double-tee units in the existing New Zealand building stock were 

commonly constructed with the ‘loop bar’ reinforcement detail (shown in Figure 2.29a) since 

the conception of the detail in the early 1970s up until 2008. However, analytical investigations 

into the load transfer mechanism of this detail resulted in it coming under scrutiny as it violated 

essential requirements for establishing a strut-and-tie model (Hare et al. 2009). This violation 

of the strut and tie model, the only viable design method for this flange hung support detail, is 

illustrated in Figure 2.29b. In 2008-2009, the Structural Engineering Society of New Zealand 

(SESOC) formalised concerns regarding the performance of loop bar hangers when subjected 

to both vertical loads and earthquake actions (Hare et al. 2009) and subsequently it is no longer 

considered appropriate for design. Hare et al. (2009) identified a number of failure modes 

unique to a flange hung member containing the loop bar detail, including: 

• Flexural failure of the flange cantilever with or without separation of the precast unit and 

insitu topping; 

• Shear failure of the flange cantilever; 
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• Diagonal tension failure of the flange above the web; 

• Bond failure of the horizontal bar; 

• Separation of the flange from the web; and 

• Cover concrete spalling behind the loop bar detail. 

 
a) Loop bar detail 

 
b) Strut and tie analysis 

 

Figure 2.29. Formerly used loop bar detail for flange hung double-tee units (Hare et al. 2009) 

Testing performed following the formalisation of these concerns has indicated that the loop bar 

hanger may be capable of providing a robust support connection (Beattie 2009), provided the 

detail is amended to comply with detailing and strut-and-tie model requirements of the NZS 

3101 (Standards New Zealand 2006). Alternatively, compliance of the loop bar detail with NZS 

3101 could be brought about through load testing. The extensive nature of the testing 

programme that would be required to verify the loop bar detail however, which would need to 

be carried out in accordance with the requirements of the New Zealand Structural Design 

Actions Standard (NZS 1170.0) to be deemed reliable (Standards New Zealand 2002a), means 

that this is widely considered to be impractical. Additionally, while the loop bar detail had 

previously been considered to be an economical and practical design solution, these advantages 

are less likely for new structures due to increasing support width requirements (Cook et al. 

2014) and a version of the loop bar detail in excess of 100 mm is unlikely to be suitable (Hare 

et al. 2009). Furthermore, the prevalence of several alternative hanger types for flange hung 

double-tee units have been recognised as appropriate for construction. These alternative 

hangers consist of a length of steel plate or steel rectangular hollow section (RHS) protruding 

from the top of the double-tee unit web and anchored back into the web by deformed 

reinforcing bars welded to the plate or RHS. Currently the Cazaly hanger is the standard detail 

utilised in the manufacturing of flange hung double-tee units by several New Zealand precast 

double-tee unit manufacturers while research has also verified the performance of both the 
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Zeus hanger (Allington 2009) and the L-plate hanger (Fowler 2012). As a result of these 

factors, research into the performance of the loop bar detail would most likely be centred on 

the performance and retrofit requirements of existing buildings containing this detail. 

2.4.2. Failure of rib and timber infill floors 

Support connections used for rib and timber infill floors constructed during the 1980s and 

1990s generally consisted of the ends of the ribs being embedded into the support beam. The 

insitu concrete around the end of the rib prevents movement and thereby provides some degree 

of fixity to the support connection. This practice of embedding the unit into the support is 

similar to typical existing hollow-core construction practices (see Section 2.3.1) and was 

carried out so as to prevent movement of the rib due to creep, shrinkage or any other effects in 

the floor and to minimise deflections and vibrations. The fixity established at the end of the rib 

increases the magnitude of actions imposed on the rib and may lead to vertical flexural cracking 

away from the support which may compromise the vertical load carrying capacity of the floor 

(Fenwick et al. 2011). Figure 2.30 illustrates this postulated non-ductile failure mode of precast 

ribs installed in this manner when subjected to combined seismic induced pull-off and 

rotational deformations. At this section the prestressing strands have not developed 

significantly and so a single crack forms, which compromises the shear strength of the rib. The 

performance of the rib unit is dependent on the presence of stirrups in the end region and their 

placement is generally consistent with standard practice. The vulnerability of the floor as a 

result of these cracks is further increased by the effects of beam elongation, resulting in the 

loss of shear transfer via aggregate interlock as the crack width increases to approximately 1-

2 mm. Shear transfer through dowel action of the rib prestressing strands is also lost as the 

crack width approaches the diameter of the strand, as the lowly developed strand will pull out 

of the entrapped rib stem (Fenwick et al. 2011). The construction practices which have been 

identified to increase the resistance to movement for the rib and potentially cause this rib 

damage consist of: 

• Casting the ends of the ribs into the supporting beam, effectively preventing the end of the 

rib from being able to slide without sustaining damage. Typically the concrete supporting 

beam is cast insitu above the level of the base of the precast ribs, with the insitu concrete 

surrounding the sides and end of the supported rib stem. 
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• Haunching the first timber infill down to the front of the support ledge, further over-

strengthening this region and causing the weak section to develop further along the rib and 

away from the supporting ledge. 

• Seating the ribs on a mortar pad, preventing the base of the rib from being able to slide 

similarly to hollow-core units discussed above. 

 
Figure 2.30. Rib with positive moments induced (after Fenwick et al. (2011)) 

2.5. Diaphragm connections 

2.5.1. Behaviour of diaphragm connections 

The effect of beam elongation can cause cracks to form in the insitu topping concrete that 

potentially compromise the integrity of the diaphragm. Furthermore, non-ductile mesh in the 

topping concrete is prone to fracture prior to the formation of secondary cracking and it is noted 

that non-ductile mesh is no longer permitted for current designs (Standards New Zealand 

2006). Past testing has also shown that differential movement can cause cracks to form at the 

inherently weak interface between a precast floor and its support structure (Lau 2001; Lindsay 

2004; Matthews 2004; MacPherson 2005). It is important that wide cracks in the diaphragm 

are prevented to ensure the validity of the strut-and-tie model typically used to design the floor 

diaphragm. Three separate diaphragm damage modes have previously been identified as a 

result of the effects of beam elongation. These damage modes were respectively termed ‘Mode 

1’, ‘Mode 2’, and ‘Mode 3’ and are illustrated in Figure 2.31. Mode 1 and Mode 2 were 

identified by Bull (2003) while Mode 3 combined with Mode 2 was observed in testing 

performed by Mathews (2004). During this test the column, which was located at the mid-span 

of the precast units and was not adequately tied into the floor, buckled as a result of the 

elongation of the perimeter frame beams. Behaviour consistent with Mode 1 has not been 

observed in previous large scale floor diaphragm tests. 

 



Chapter 2. Previously identified failure modes 

46 
 

 
a) Beam plastic hinge rotates 

 
b) Entire beam rotates 

 
c) Interior column pushes out 

Figure 2.31. Frame-to-floor interface behaviour due to beam elongation (Jensen 2006) 

The floor diaphragm is required to both ensure that seismic inertia forces are able to be 

distributed to the lateral load resisting system as well as provide adequate restraint to the 

columns which are now required to be adequately tied into the floor (as required by NZS 

3101:2006 (Standards New Zealand 2006)). Where large cracks open up at the frame-to-floor 

interface, this region is unable to transfer diaphragm shear forces. Therefore, in order for the 

integrity of the diaphragm to be retained, it is important that the diaphragm connection detailing 

ensures that the frame deforms in a manner representative of Mode 1 and such that the lateral 

load resisting system separates from the floor diaphragm over a minimal length. In addition to 

retaining the integrity of the diaphragm this damage mode would also ensure that the actions 

induced at the floor support connections, discussed throughout this chapter, are limited to 

taking place at the corners of the floor diaphragm. Fenwick et al. (2010) shows how the length 

of the wide crack can be assessed from the out-of-plane flexural strength of the beam (My) and 
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lateral force provided by the continuity reinforcement per unit length (f) which restrains the 

beam. 

  
Figure 2.32. Diaphragm strut and tie design (Bull 2014) 

Prior to the identification of the effects of beam elongation on the behaviour of floor 

diaphragms, strut and tie designs of floor diaphragms had generally worked on the assumption 

that the corner column would behave as a node and the beam reinforcement would provide the 

required diaphragm tie reinforcement. For this assumption to be valid, the floor would be 

required to transfer a compression strut to the corner column and this strut action would be 

unlikely to be achieved as a result of the damage sustained at the frame-to-floor interface shown 

in Figure 2.31. In incorporating the effects of beam elongation on the integrity of the 

diaphragm, Bull (2003) suggested that the node of the strut and tie design should be shifted 

away from the plastic hinge zone and such that additional reinforcement placed within the floor 

slab could provide the diaphragm tension tie as illustrated in Figure 2.32. 

2.5.2. Seismic design of precast diaphragm mechanical connectors 

While New Zealand precast concrete flooring systems contain diaphragm reinforcement placed 

within a structural topping that acts compositely with the precast unit, the construction of 

precast concrete floor diaphragms without a structural topping (untopped) is common in a 

number of regions of moderate to high seismicity such as those within the United States, as 

noted in Section 2.3.12. For these flooring systems, diaphragm load paths are established 

through the precast units either in the absence of or, commonly in regions of high seismicity, 

in addition to a structural topping. The diaphragm forces are transferred across the joints 

between adjacent precast units by mechanical connectors, including both web and chord 

connectors, embedded into the units with face plates located at the edge of the units. Figure 

2.33 illustrates typical welded connector details alongside a typical diaphragm schematic and 
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indicates how these diaphragms are reinforced to transfer shear and flexure forces between 

individual units. 

 
Figure 2.33. Pretopped diaphragm connections (taken from (Fleischman et al. 2013)) 

The performance of precast concrete parking structures during 1994 Northridge earthquake had 

revealed that the floor diaphragms were susceptible to damage (Wood et al. 2000) and this led 

to a comprehensive investigation of the behaviour of precast concrete floor diaphragms in the 

United States. The research programme, entitled ‘Development of a Seismic Design 

Methodology’, was initiated as a multi-University collaboration (Fleischman et al. 2005) and 

included investigations into the response of the diaphragm connectors, to which the response 

of the diaphragm as a whole is sensitive (Fleischman et al. 1998). Research was performed to 

identify and classify the deformation capacity of both existing and newly developed diaphragm 

connectors. The test results indicated that few existing diaphragm connectors were capable of 

undergoing large levels of deformation (Cao and Naito 2009; Naito et al. 2009) and new 

connectors were developed accordingly. The new connectors that were developed included a 

‘ductile dry chord connector’ (Cao and Naito 2007), that incorporated the face plate anchorage 

reinforcement debonded in the vicinity of the face plate, and a ‘ductile ladder mesh’ as shear 

reinforcement (Naito et al. 2007). Additionally, Ren and Naito (2013) established a database 

summarising the performance of both currently manufactured connectors as well as those 

present in existing structures such that the performance of the connectors can be reliably 

incorporated into both the design of new diaphragms and the assessment of those in existing 

structures. 
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2.6. Summary and considerations for further research 

As determined from previously conducted research, a number of factors need to be considered 

to ensure robust connection detailing is provided for precast concrete flooring systems and a 

number of areas require further research. The following considerations have been drawn from 

the previous research base: 

• Floor connections are susceptible to becoming damaged due to the actions imposed as a 

result of the sway of the structure during an earthquake. These actions include a pull-off 

deformation due to the elongation of the adjacent frame beams and a relative rotation 

between the precast unit and its support structure. This damage is typically most severe 

where the flooring system is used in conjunction with ductile reinforced concrete frames. 

• The support connection detailing of precast concrete flooring systems is required to ensure 

that this deformation is restricted to being sustained at the floor-to-support interface such 

that adequate vertical support for the floor is retained. A capacity design approach should 

therefore be adopted so as to ensure that the actions transmitted into the floor from the 

support connection are insufficient to damage the precast unit and such that alternative non-

ductile failure modes are prevented from developing. This approach should be adopted for 

both the design of the precast concrete floor support connections for new structures as well 

as for the retrofit of existing structures. 

• Research investigating the support connection detailing commonly used in existing hollow-

core floors has found that these details commonly perform poorly. This poor performance 

is both the result of connection detailing features such as insufficient unit support lengths 

or inadequately reinforced support ledges as well as the actions transmitted into the floor 

by the fixity established at the support connection. The design philosophy with which 

existing precast concrete floors were typically constructed was to embed the precast unit 

into the support structure so as to prevent movement of the unit and limit deflections and 

vibrations of the floor. The behaviour of the support connections for precast concrete floors 

constructed in this manner are often unpredictable and the excess fixity established at the 

support connection imposes severe demand on the precast unit which may lead to a number 

of non-ductile failure modes. 

• Following extensive research performed on hollow-core floors, robust support connections 

have subsequently been developed and experimentally validated to accommodate the 

actions imposed in highly seismic regions. This hollow-core support connection detail is 

currently recommended in NZS 3101:2006. However, although this support connection 
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detail has been verified for use with shallow depth hollow-core units, the connection detail 

has not been verified for use with deep hollow-core units for which there are specific 

concerns in the behaviour of the support connections. The recent popularity of deep hollow-

core floors in New Zealand and other highly seismic regions and the potential variations in 

performance of the support connections for these units in comparison to shallower depth 

units means that testing should be conducted to verify their seismic performance. 

• The performance of hollow-core floors during previous research has brought about 

concerns regarding support connection practices for precast rib and timber infill floors. 

Research is required to be performed to investigate the behaviour of the precast rib support 

connections when subjected to earthquake deformations. In particular, the support 

connections for precast rib and timber infill floors in existing buildings should be assessed 

and recommendations should be provided for new construction. 

• Concerns raised following analytical investigations into the seismic performance of flange 

hung double-tee support connections incorporating the loop bar detail have brought about 

the need for alternative support hangers to be used for new construction. To prove the 

viability of the loop bar detail for use in new buildings and to determine the vulnerability 

of floors containing this detail in existing structures, an extensive verification process needs 

to be carried out. Due to the prevalence of other flange hung double-tee hangers in recent 

years, an investigation into the performance of this detail was not included in this research. 

• Previous research into the seismic performance of precast concrete diaphragm connections 

has highlighted the need for further research to be conducted in this area. The diaphragm 

connections need to be designed so as to ensure the extent of wide cracks that form around 

the perimeter of the floor due the effects of beam elongation are minimised and the integrity 

of the diaphragm is retained. Furthermore, the diaphragm connections behaving in this 

manner will also restrict the number of unit support connections within the diaphragm 

subjected to severe earthquake demands. Research into the behaviour of precast concrete 

floor diaphragms is currently ongoing at the University of Canterbury. 
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Chapter 3. Performance during the 2010/2011 Canterbury 

earthquake series 

In 2010 and 2011 a series of major earthquakes occurred in the Canterbury region of New 

Zealand, in close proximity to the city of Christchurch.  This earthquake series tested the built 

infrastructure to beyond the design level seismic loading and caused significant damage to both 

traditional and modern reinforced concrete buildings.  As discussed in Chapter 1 and Chapter 

2, there has been a significant amount of research conducted in New Zealand to investigate the 

seismic performance of precast concrete floor systems, with the identified possible 

vulnerabilities of traditional construction methods resulting in significant changes to recent 

concrete design standards (Standards New Zealand 2006).  The Canterbury earthquakes had 

therefore provided a unique opportunity to examine the seismic behaviour of precast concrete 

floor systems by comparing the expected level of performance against the observed damage 

from post-earthquake reconnaissance activities. A short summary of the Canterbury earthquake 

sequence is presented in this chapter, following which, field observations from post-earthquake 

reconnaissance activates are compared against the expected seismic performance and failure 

mechanisms discussed in Chapter 2. From these comparisons between expected and observed 

performance, recommendations made following the earthquakes for future improvements to 

design and construction practice are described. 

3.1. Canterbury Earthquake Sequence 

The first event in the Canterbury earthquake sequence took place on 4 Sept 2010 and is 

commonly referred to as the Darfield earthquake. The Sept 4 earthquake had a moment 

magnitude of 7.1 with an epicentre located approximately 37 km west of Christchurch (Gledhill 

et al. 2010). Although the Darfield earthquake caused significant ground shaking, little 

structural damage was observed in reinforced concrete structures in Christchurch. A series of 

aftershocks followed the Sept 2010 earthquake, with the most damaging occurring on 22 Feb 

2011. The 22 Feb earthquake had a moment magnitude of 6.3 and was centred just 10 km from 

the Christchurch CBD at a depth of 5 km, resulting in a maximum peak ground acceleration 

(PGA) of 2.21g (Bradley and Cubrinovski 2011). Furthermore, the recorded ground motions 

from four sites near the Christchurch CBD indicate that the derived elastic response spectra for 

the 22 Feb earthquake were approximately double that of a 500 year design basis earthquake 
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and in excess of that for a 2500 year maximum considered earthquake for some buildings. 

However, the duration of strong shaking during the 22 Feb earthquake was approximately 7 

seconds, and it can therefore be considered that the buildings in the Christchurch CBD were 

subjected to short duration ground motions of strong intensity. 

The 22 Feb earthquake severely damaged a large proportion of reinforced concrete structures 

in the Christchurch CBD (Kam et al. 2011). Substantial damage was observed in both modern 

ductile buildings and in older buildings, highlighting the need for research to understand the 

observed failures in order to revise building seismic design standards. 

3.2. Observed performance in Christchurch 

Due to improvements in both the robustness of precast unit connection details and diaphragm 

design occurring within the last decade, few buildings in Christchurch were constructed to 

current best-practice. Floors with precast units typically contained non-ductile mesh in the 

topping and had insufficient seating widths. Hollow-core units often used connection details 

that lacked robustness, similar to those tested by Mathews (2004) and described in Section 

2.3.1, and double-tee units were extensively constructed with the now disallowed loop bar 

support detail.  Overall, the damage observed following the Canterbury earthquakes both 

confirmed some previously identified failure modes and raised new concerns.  However, 

precast flooring units generally performed adequately, with mostly minor damage to the precast 

units and more severe damage being attributable to displacement incompatibilities within the 

structure. Cases were observed where problems were caused by older support details, the 

formation of flexural cracks, ledge damage, and unit corner cracking. A summary of the 

findings from reconnaissance activities is presented for the overall diaphragm performance, in 

addition to findings for each type of precast floor system used in New Zealand. 

3.2.1. Diaphragm Performance 

As reported previously by Kam et al. (2011), cracks were observed in floor diaphragms of 

several multi-storey buildings where beam hinging and elongation had occurred. Figure 3.1 

shows an example of severe damage to the floor diaphragm where wide cracks were observed 

in the cast-in-place toppings of several floors. In this building the columns were insufficiently 

tied into the floor diaphragm and the cracks observed along the line of the exterior beams were 

similar to those previously seen during large-scale testing of traditional precast floor details 

(Matthews 2004) and illustrated in Figure 2.31. In many cases wide cracks led to the fracture 
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of non-ductile mesh used in the topping concrete, as shown in Figure 3.1c. This severe damage 

compromised the function of the floor diaphragm and the support of the precast double tee 

units, as shown in Figure 3.1d. 

  
a) Cracking around exterior column 

  
b) Cracking due to beam elongation  

 
c) Mesh fracture in topping  

 
d) Cracks in precast floor unit at support 

Figure 3.1. Damage to the floor diaphragms of a multi-storey building with precast floor units (Credit: 
Rod Fulford) 

As can be seen in Figure 3.2, cracks were observed in the topping at almost all of the joints 

between the precast flat slab units in another building. Although this loss of continuity in the 

topping does not threaten the vertical stability of the floor diaphragm, an increase in the 

flexibility and noticeable sagging of the floor diaphragm was observed. 

It should be noted that severe damage to floor diaphragms was limited to only a few buildings 

and that many low-rise and multi-storey buildings were observed to have no significant damage 

to the floor despite obvious deficiencies in traditional construction practice. It is possible that 

the short duration of the earthquakes contributed to the lack of damage in some buildings. 
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a) Cracking at joints between precast units  

 
b) Cracking at joints between precast units 

Figure 3.2. Cracks in floor diaphragms comprised of flat slab precast floor units (Credit: Rod Fulford 
and John Marshall) 

3.2.2. Performance of hollow-core units 

Despite previous research highlighting serious deficiencies in the seismic performance of 

traditional hollow-core floor systems, few cases of severe damage were reported.  It is likely 

that the short duration of the shaking during the major earthquakes, and in particular for the 22 

Feb 2011 event, contributed to this lack of damage. The beam elongation that occurs in ductile 

multi-storey buildings would be more severe following an earthquake of longer duration, which 

would increase the likelihood of severe damage due to the identified deficiencies of traditional 

hollow-core floors.  It should not be assumed that the lack of observed damage implies that the 

potential issues with hollow-core floors do not exist, and best-practice recommendations for 

hollow-core floors (PCFOG committee 2009; Fenwick et al. 2010) should always be followed. 

The following issues were observed in hollow-core units following the earthquakes: 

• Positive moment cracking; 

• Corner cracks in spaced units; 

• Displacement incompatibilities; and 

• Minor spalling of support ledges. 

A single storey carpark structure with spaced hollow-core floor units that suffered minor 

damage during the 4 Sept 2010 earthquake and was severely damaged during the 22 Feb 2011 

earthquake is shown in Figure 3.3. As shown in Figure 3.3b cracks were observed in two 

hollow-core units oriented parallel to the beam support following the 4 Sept 2010 earthquake. 

On-site load tests confirmed that these cracks did not compromise the vertical load carrying 

capacity of the floor.  During the 22 Feb 2011 earthquake the connection between the floor 
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diaphragm and the shear walls failed, causing the ramp to act as a strut to resist the lateral 

forces generated in the structure.  As a consequence of this unintended strut action, the hollow-

core units in the ramp structure were badly damaged, as shown in Figure 3.3d. However the 

ramp structure would have suffered damage irrespective of the type of floor construction due 

to inadequate design and detailing. Because this structure was only single storey and responded 

with a column-sway mechanism during the earthquakes, beam elongation and large rotations 

between the hollow-core and support beam did not occur, and so no significant damage 

occurred to hollow-core units in other sections of the floor. 

 
a) Overview of the structure 

 
b) Cracking at unit end following 4 Sept 

2010 

 
c) Damaged ramp structure following 22 Feb 

2011 

 
d) Damaged units in the ramp structure 

following 22 Feb 2011 

Figure 3.3. Single storey parking structure with hollow-core units (Credit: Rick Henry and John 
Marshall) 

In spaced hollow-core floors, cracking was noted at the corners of the units at the support, as 

shown in Figure 3.4. These corner cracks occurred in several different buildings with spaced 

hollow-core units and were possibly induced by torsional rotation of the hollow-core unit.  The 

corner cracks did not appear in hollow-core units that were placed directly adjacent to one 

another.  
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a) Cracks in the unit corners 

 
b) Cracks in corner and parallel to unit edge 

Figure 3.4. Examples of cracking on corners of spaced hollow-core units (Credit: John Marshall) 

 
a) Longitudinal cracks at unit support 

 
b) Longitudinal cracks along entire unit 

Figure 3.5. Longitudinal cracks in hollow-core units (Credit: Rod Fulford and John Marshall) 

Another observed damage pattern was longitudinal splitting cracks in hollow-core units, as 

shown in Figure 3.5. These longitudinal cracks were observed in two buildings where the 

hollow-core units spanned perpendicular to moment resisting frames and flexural cracks at the 

ends of the beams elongated the floor diaphragm. This behaviour was only observed in older 

buildings where no bearing strip was placed at the hollow-core support, and so the hollow-core 

units tended to crack directly adjacent to the location of the beam flexural cracks. It is expected 

that the effect of this displacement incompatibility would be minimised if currently 

recommended hollow-core seating details were used. 

More recently hollow-core units with depths of 400 mm (400HC) have been manufactured and 

installed in several buildings in Christchurch. Observations indicated that no significant 
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damage was noted to the 400HC units. However, the location and design of these low-rise 

parking structures that used 400HC meant that the likely magnitude of lateral displacements 

developed during the earthquakes was small. 

3.2.3. Performance of double-tee units 

Double-tee floor units in Christchurch incorporated several support details, including being 

web-supported, having dapped end supports, and being flange-supported. The majority of the 

flange-supported double-tees in Christchurch would have been constructed using the loop-bar 

support detail. In general, no serious failure of the double-tee units or supports were noted. 

Figure 3.6 shows existing cracks in the flange-supported double-tees that propagate from the 

support parallel to the web and then at 45 degrees across the flange. As mentioned in Section 

2.4.1, this type of cracking is common in flange-supported double-tees and does not 

compromise the vertical load carrying capacity of the floor. 

 
a) Cracks at 45 degrees in the flange 

 
b) Cracks parallel to the web and at 45 

degrees across the flange 

Figure 3.6. Existing cracks in flange-supported double-tee units (Credit: Rick Henry and John Marshall) 

The earthquakes appear to have exacerbated existing cracks in flange-supported double-tees.  

As shown in Figure 3.7a, a possible existing crack has widened and some spalling has occurred, 

in this case possibly due to vertical movement at the joint between the two wall panels that the 

double-tee is seated on. A retrofit strategy to prevent loss-of-support of flange-supported 

double-tees is shown in Figure 3.7b. 
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a) Cracking in flange 

 
b) Retrofit technique to prevent loss of support 

Figure 3.7. Flange-supported double-tee units (Credit: Rod Fulford) 

Minor damage was observed to older double-tee units with dapped end supports.  As shown in 

Figure 3.8, unprotected dapped end supports exhibited some spalling of the beam edge and 

vertical cracking in the double-tee web.  In contrast, armoured dapped end supports with steel 

angles on the beam edge and on the underside of the double-tee web performed well with no 

damage observed, as shown in Figure 3.8c. 

 
a) Spalling at unprotected 

support 

 
b) Cracking at 
unprotected support 

 
c) Undamaged 

protected support 

Figure 3.8. Dapped end support of double-tee units (Credit: John Marshall) 

3.2.4. Performance of rib and timber infill floors 

In general rib-and-timber infill floors performed well during the earthquakes, with the ability 

of the flexible infill strips to accommodate movement and distribute cracks reducing the 

potential for damage.  However, one commonly observed damage characteristic was the 

formation of positive flexural cracks, shown in Figure 3.9, at the ends of the prestressed ribs. 

This damage is consistent with the previously identified failure mode of ribs that was discussed 

in Section 2.4.2, and almost identical to the diagram previously shown in Figure 2.30.  
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Additionally, more severe flexural damage to ribs that are cast into an insitu beam is shown in 

Figure 3.10. 

 
a) Side view of cracked rib 

 
b) Underside of cracked rib 

Figure 3.9. Flexural cracking at rib support (Credit: John Marshall) 

 
a) Rib with exposed pre-stressing strands 

into damaged support beam 

 
b) Severely spalled rib supporting beam 

Figure 3.10. Damage to cast-in-place rib support (Smith and England 2012) 

3.2.5. Performance of flat-slab units 

Floors with flat-slab units also performed well during the Canterbury earthquakes, with only 

minor damage observed. As explained earlier, cracks in the cast-in-place topping were 

observed at the joints between flat-slab units, as shown in Figure 3.11a.  Additionally, in the 

same building cracks were observed in the corners of the precast flat-slab units, in particular at 

locations close to the corner of the building, as shown in Figure 3.11b. 
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a) Cracking in topping between units 

 
b) Cracking in the corner of precast unit 

Figure 3.11. Cracking in flat-slab units (Credit: John Marshall) 

3.3. Recommendations following the earthquakes 

As indicated from the post-earthquake field observations, severe damage in several floors was 

attributed to previously identified issues in the design of floor diaphragms.  Damage to precast 

floor units was typically minor but confirmed several of the previously identified failure modes 

discussed in Chapter 2.  However, the lack of damage does not rule out the possibility of more 

severe failure modes occurring during future earthquakes.  A summary of recommendations 

developed following the earthquakes is given for both the diaphragm design and support details 

for precast units. 

3.3.1. Recommendations for diaphragm design 

Many recommendations have been made by the New Zealand Structural Engineering Society 

(SESOC) (2011) and the Canterbury Earthquakes Royal Commission of Inquiry (CERC) 

(2012) following the Canterbury earthquake sequence. SESOC recommend that topping 

thicknesses should be increased to a minimum of 75 mm for the purposes of ensuring 

diaphragm robustness and that where compressive stresses exceed the 0.5f’c maximum limit 

for strut-and-tie modelling, confinement should be provided in accordance with NZS 

3101:2006. The presence of non-ductile mesh during the earthquakes caused inelastic 

displacements to remain in pre-existing locations, leading to large cracks which in many cases 

fractured the mesh (Structural Engineering Society New Zealand 2011). To ensure the 

robustness of the diaphragm, non-ductile mesh should not be used, although this detail is 

essentially already prohibited by NZS 3101:2006. 

The Canterbury Earthquakes Royal Commission have identified several areas where further 

information needs to be provided by the Concrete Structures Standard for the allocation of 
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imposed actions and the subsequent design and detailing of floor diaphragms (Canterbury 

Earthquakes Royal Commission 2012). These topics requiring further attention include: 

• Appropriate detailing requirements for collector beams; such that they are able to transfer 

diaphragm forces in an event significantly larger than that of the ultimate limit state; 

• The transfer of shear between lateral load resisting elements; 

• The resulting strains caused by elongation of beams; 

• The gravity loadings and subsequent accelerations induced in the floor; 

• The magnitude of local forces resulting from irregularly shaped structural elements; and 

• Information regarding the width and location of cracks forming at the interface between a 

floor unit and its supporting elements. The subsequent disruption that this crack will cause 

to the requirement for the diaphragm to transfer forces to the lateral load resisting elements 

should also be highlighted. 

Recent modifications to design practice have led to an increase in the robustness of modern 

structures. However older buildings lack this robustness and retrofitting may be necessary if 

the diaphragms in these structures are to perform to an adequate standard. Several cases where 

retrofit may be required are listed by CERC: 

• Linking slabs are now generally required for construction following their addition to 

NZS 3101. Retrofit of buildings constructed prior to the introduction of this requirement is 

essential to prevent differential displacements induced by severe unit web cracking. 

• Columns are required to be adequately tied into the floor in accordance with NZS 

3101:2006 clause 10.3.6. Columns inadequately tied can result in the formation of large 

cracks or alternatively a premature buckling failure, as discussed in Section 2.5.1. 

• Although no longer permitted, many existing buildings contain non-ductile mesh. In these 

situations retrofitting may be essential if it is critical for the building’s stability that the 

reinforcement is able to transfer diaphragm forces to the lateral load resisting elements. 

3.3.2. Recommendations for hollow-core units 

In general, hollow-core units performed well and current best practice as discussed in Section 

2.3.8 should continue to be followed. SESOC (2011) suggest that although introducing 

reinforced hollow-core webs to the New Zealand market would ideally improve the robustness 

of the member, hollow-core units are generally manufactured using a dry-cast extrusion process 

for which this is not a feasible solution. As previously mentioned, many revisions have been 
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made to NZS 3101 resulting from the University of Canterbury testing. As per NZS 3101:2006, 

the support detailing for hollow-core units must be able to accommodate 1.5 times the inter-

storey drift levels and this detail should ensure that a unit can remain seated during an event 

significantly larger than that of the ultimate limit state (Standards New Zealand 2006). The 

commentary to the standard provides recommended support details to prevent undesirable 

modes of hollow-core units, as discussed previously in Section 2.3.8. This design has continuity 

being established at the base of the hollow-core unit cells rather than at the top and bottom of 

the cell as had been given by the formerly used hairpin reinforcement, and should greatly 

reduce the likelihood of negative moment failure (Fenwick et al. 2010). 

3.3.3. Recommendations for double-tee units 

Both CERC (2012) and SESOC (2011) highlighted recommendations that double-tee units 

should also be supported on bearing strips (as per hollow-core units). This detail should help 

to avoid the development of flange cracking on uneven support ledges. Furthermore, frictional 

restraint developing where the floor is in contact with its supporting beam will be minimised 

(Canterbury Earthquakes Royal Commission 2012). As with hollow-core units, robust support 

details need to be provided for flange hung units to accommodate lateral drift requirements. 

Based on the observed damaged in Christchurch, the SESOC recommendation that web 

supported and dapped end supported double-tee units be armoured with steel angles appears to 

be logical and should help to avoid minor damage (Structural Engineering Society New 

Zealand 2011). 

3.3.4. Recommendations for rib and timber infill floors 

To minimise the effects of positive flexural cracking of ribs, precast ribs should also be 

supported on low-friction bearing strips and the practice of casting the ribs into surrounding 

members should be avoided (Fenwick et al. 2011). Neither of these recommendations is 

currently required by NZS 3101:2006. SESOC (2011) recommend that prestressed ribs should 

contain stirrups throughout the region near the supports over the strand transfer length and 

these should be closed loop stirrups at a maximum spacing of 150 mm.  Although the use of 

stirrups at the ends of the prestressed ribs is already consistent with current practice, alternative 

stirrups have commonly been used such as open or helix stirrups that, unlike closed loop 

stirrups, are not reliably able to transfer shear across a crack. Furthermore, the practice of 

haunching the final infill rib next to the supporting ledge (sloped to meet the top of the 

supporting beam) should be avoided and a vertical form should be used on the underside of the 
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infill timber (Structural Engineering Society New Zealand 2011). These recommendations are 

shown in Figure 3.12 and have also been proposed to the New Zealand Concrete Structures 

Standard, NZS 3101:2006 for use in buildings with significant lateral drift demands. 

 
Figure 3.12. SESOC (2011) recommended rib support detailing 

3.3.5. General recommendations for seating details  

In order to avoid past cases where units have been affected by the spalling of cover concrete, 

it is recommended that a 40 mm gap between the outer edge of the supporting structure and the 

outside of the low-friction bearing strip be used, assuming 30 mm cover concrete (Structural 

Engineering Society New Zealand 2011). A 15 mm chamfer at the outer end of the support 

beam should be used where hollow-core units, flange hung double tees, or ribs are used 

(Structural Engineering Society New Zealand 2011). 

3.4. Conclusions 

The following conclusions can be made regarding precast flooring systems and their 

performance during the Canterbury earthquakes: 

• Precast flooring units generally performed adequately throughout all of the major 

earthquakes. Despite a small number of buildings having severely damaged floor 

diaphragms, widespread damage was not observed and damage to precast units was 

typically minor and did not result in the collapse of floor diaphragms.  

• The lack of damage in some multi-storey buildings may be attributed to the short duration 

of the 22 Feb 2011 earthquake. 

• The observed damage mostly came as a result of the behaviour of the diaphragm as a whole, 

rather than the identified unit-specific failure modes discussed in Chapter 2. Displacement 

incompatibilities existed within several structures and damage was in particular caused by 

the effects of beam elongation. 
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• The use of current best-practice recommended details for the supports of precast floor units 

would have eliminated a large portion of the cases in which severe damage was observed. 

• As recommended by SESOC, it is required that a more robust and unified design method 

is developed for floor diaphragms and this method should be developed with equal 

consideration to all types of flooring system. 

• Despite only minor damage having been sustained by the individual precast units, the 

formation of positive moment cracks in several precast ribs advocates the need for the 

behaviour of precast rib and timber infill support connections to be evaluated. 
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Chapter 4. Deep hollow-core testing 

The susceptibility of hollow-core precast concrete floor connections to non-ductile failure 

modes when subjected to earthquake induced deformations has previously been highlighted by 

research performed at the University of Canterbury (UC), as discussed in Chapter 2. This 

research subsequently led to the development of robust support connection detailing for 

shallow hollow-core units that are incorporated in the New Zealand Concrete Structures 

Standard (NZS 3101:2006) (Standards New Zealand 2006) and described in Section 2.3.8. 

Larger 400 mm deep hollow-core units (400HC) have more recently been employed in practice 

in New Zealand, as discussed in Section 2.1.1, while in the United States, 15 in. (381 mm) and 

16 in. (406 mm) deep units are also commonly supplied. However, the seismic behaviour of 

support connections for 400HC units (a cross section of which is shown in Figure 4.1) has not 

previously been evaluated or tested. As described in Section 2.3.10, the vulnerabilities of 

hollow-core support connections may be exacerbated where deep units are used due to several 

factors, including: 

• Uncertainty regarding the shear capacity of deep hollow-core units. Experimental testing 

has however previously been performed to verify the shear performance of individual 

400HC units (without a structural topping) to address this concern as discussed in Section 

2.3.11. 

• The slenderness and therefore reduced stability of the 400HC webs. 

• An increased magnitude of deformations induced at the support. 

 
Figure 4.1. Typical 400HC cross section (Taken from Stresscrete ‘Hollowcore floors’ publication (2016)) 

This chapter discusses an experimental programme that was conducted to examine and validate 

the seismic performance of the NZS 3101:2006 hollow-core support connection detailing for 

400HC units as a result of these concerns. The NZS recommended detailing was considered to 
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be the most suitable to investigate as this detailing has been extensively validated with prior 

testing that simulated seismic actions (MacPherson 2005), as discussed in Section 2.3.9. 

4.1. Experimental investigation 

To investigate the seismic behaviour of the 400HC support connection and to determine the 

gravity load carrying capacity of the connection following an earthquake, a total of five units 

were subjected to simulated seismic loading (labelled HC1-HC5). A loading regime was 

established that included combinations of both earthquake induced elongation and rotation 

demands to be applied to the support connection up to ±4.5% lateral drift, and it was intended 

that the connection detailing and applied loading combinations were representative of those 

that would likely be encountered in a typical structure containing 400HC floor units. The 

prototype building was a low-rise car-parking structure with transverse frame spacings of 15 m 

and 900 mm deep reinforced concrete beams spanning parallel to the units resulting in unit 

spans of 14.4 m between adjacent seating beams, as illustrated in Figure 4.2. The perimeter 

frame of such a building was considered to contain an internal column along the length of the 

precast unit such that two plastic hinges would contribute to the pull-off effect observed at each 

end. Figure 4.2 shows the location of the test specimen within a typical building which 

consisted of the unit located adjacent to the perimeter frame where the most extensive damage 

due to pull-off and rotational deformations would be induced by the sway of the structure (see 

Section 2.2 and 2.5.1). The displacement incompatibility arising from the perimeter beam 

deforming in double curvature (as described in Section 2.2.3) is considered to be 

accommodated by the 600 mm wide link slab required for hollow-core floors (Standards New 

Zealand 2006). 

 
Figure 4.2. Prototype 400HC structure 
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4.1.1. Specimen design 

The test programme was developed to include connection detailing that would result in critical 

actions when considering the postulated failure mechanisms. The 400HC support detailing was 

designed in accordance with current New Zealand practice (Standards New Zealand 2006) and 

is shown in Figure 4.3. All reinforcement used was Grade 300 with a characteristic yield 

strength of 300 MPa. The main features of the connection design included: 

• Continuity reinforcement consisting of four deformed bars of either 12 mm (D12) or 

16 mm (D16) diameter extended 950 mm into the topping concrete at 300 mm spacings. 

The continuity reinforcement was lapped onto ductile mesh placed in the topping. 

• Two 16 mm round bars (R16) were placed at the base of two of the four voids, extending 

1200 mm into the void (to the back end of the bar hook) which was then filled with 

concrete, providing a degree of fixity when the connection is subjected to positive 

moments. 

• The unit was seated on top of a low-friction bearing strip and supported by a ledge of width 

of either 80 mm or 150 mm. 

 
Figure 4.3. Support connection detailing for test units HC1–HC3 

The five test variations are summarised in Table 4.1. Test unit HC1 acted as a benchmark 

specimen without additional gravitational loading applied, whereas additional gravitational 

load to simulate floor live load was applied during the testing of all other units (see Appendix 

B). Test units HC1, HC2 and HC3 incorporated detailing consistent with minimum 

requirements prescribed in NZS 3101 (80 mm seating and D12 continuity reinforcement).  

During the testing of unit HC3 the seismic loading protocol was only carried out to a lateral 

drift of ±2%, after which a vertical load was applied to investigate the residual gravity load-
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carrying capacity of the support connection. The support detailing for test units HC4 and HC5 

was altered to examine the effects of an overstrength connection. Test unit HC4 contained a 

greatly increased width of seating for the unit in accordance with the NZS 3101:2006 draft 

amendment 3 (see Section 2.3.8), and test unit HC5 had an increase in continuity 

reinforcement. The intention behind using overstrength detailing was to test whether the failure 

mode of the connection could be altered from a loss of support failure to a positive or negative 

flexural failure for test units HC4 and HC5 respectively. These failure modes were discussed 

previously in Section 2.3. 

Table 4.1. 400HC testing programme 

Test Applied Loading Simulated load 
case 

Continuity 
Reinforcement* Seating Width (mm) 

HC1 Seismic to ±4% N/A D12 80 

HC2 Seismic to ±4.5% G, ψE Q, Eu D12 80 

HC3 Seismic to ±2% followed 
by vertical load to failure G, ψE Q, Eu D12 80 

HC4 Seismic to ±4.5% G, ψE Q, Eu D12 150 

HC5 Seismic to ±1% G, ψE Q, Eu D16 80 

*Four deformed bars placed at 300 mm centre spacings 

4.1.2. Test setup 

The sub-assembly test setup that was used was similar to that developed during the UC research 

(Bull and Matthews 2003; Trowsdale 2004; MacPherson 2005), in that the test setup isolated 

the floor unit-to-beam connection over the width of a single 1200 mm wide precast unit and 

the seismic deformations induced from the surrounding structure were simulated at the 

connection. The test setup used a self-reacting frame that was previously developed for precast 

concrete floor tests performed by Fowler (2012) and a diagram of the sub-assembly test setup 

can be seen in Figure 4.4a while a diagram of the forces applied to the support connection can 

be seen in Figure 4.4b. The development of this sub-assembly testing procedure from previous 

test setups is described in detail in Appendix A. The frame consisted of two steel I-beams 

oriented parallel to the floor unit (front I-beam omitted from Figure 4.4a for clarity) with a 

90 mm diameter steel pin placed between the steel beams at one end of the frame, supporting 

the 1200 mm long reinforced concrete beam segment on which the hollow-core floor unit was 

seated. Rotational deformations of the support beam were achieved by pivoting the beam about 

this pin. The 4900 mm long hollow-core unit was seated on the support beam at one end and 

on a roller support that was positioned 600 mm in from the other end of the unit, the roller 
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Figure 4.4. Loading mechanism (with dimensions in mm) 

support ensuring that all applied pull-off load was transferred to the unit and support 

connection. Two hydraulic jacks were used to simulate the earthquake deformations on the 

sub-assembly. Relative rotation was achieved using a double acting jack that applied an 

eccentric load to rotate the support beam about the cast in steel pin, and the applied support 

beam rotation was assumed to be equal to the building inter-storey drift. Elongation actions 

were achieved using a second double acting jack to provide a tension force in the slab to 

simulate the growth of the adjacent beams in the building due to the development of beam 

plastic hinges. The elongation jack was located at the far end of the unit such that the applied 

load acted in-line with the pin, thus preventing additional bending moments from being 

developed in the support connection. Figure 4.5a shows a photo of the steel frame assembly 

used to contain the test unit and provide a self-reacting arrangement to prevent the need for a 

 

a) Test setup 

 

b) Force diagram 
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strong floor. The jacks used to apply the rotation and elongation deformations are shown in 

Figure 4.5b and Figure 4.5c respectively. 

During the testing of units HC2–HC5 additional gravitational load was applied to the top of 

the hollow-core unit to replicate the loading likely to be present at the support connection of a 

structure incorporating 400HC units. Figure 4.5a (and Figure 4.4b) show the placement of two 

3.8 t coils of prestressing strand on top of the specimen. The coils, with a combined weight of 

76 kN, were positioned such that a 68 kN reaction force was induced at the support connection 

(including that induced by the floor self-weight). This additional load simulated the reaction 

force induced at the support connection of the prototype structure being tested as accurately as 

was feasible. The prototype structure was considered to be subjected to the gravitational 

loading component of the seismic design load case, ‘G, ψE Q, Eu’, from the New Zealand 

Structural Design Actions Standard (Standards New Zealand 2002a), uniformly distributed 

over the surface of the floor (see Appendix B). 

 
a) Steel frame 

 
b) Rotation jack 

 
c) Elongation jack 

 
d) Vertical loading jack (test unit HC3) 

Figure 4.5. Test setup in steel frame assembly 

During the testing of unit HC3 a vertical load was applied to the top of the hollow-core after 

simulated seismic actions had been applied. This vertical load was applied by an additional 

400HC unit 
  

 
 

400HC unit 

Support 
beam Loading coils 

Insitu topping 

Displacement gauge 
Vertical jack 



Chapter 4. Deep hollow-core testing 

75 
 

double acting jack located above the unit, as shown in Figure 4.5d, and positioned such that 

the load was applied at a distance of 3 times the depth of the overall floor section from the edge 

of the support (1470 mm). The position of the vertical load relative to the support ledge was 

based on the distance used during FIP hollow-core loading tests (Federation Internationale de 

la Precontrainte (FIP) 1992) (2.5 times the depth of the floor) with the increased distance being 

the result of a combination of the intended susceptibility of the specimen to fail in shear rather 

than flexure, the unknown strength enhancement resulting from cutting out and filling the cores 

with concrete in the region close to the support (see Figure 4.3), and test rig limitations resulting 

from the position of the rotation jack (as indicated in Figure 4.4a). 

4.1.3. Seismic Loading Protocol 

A seismic loading protocol, shown in Figure 4.6a, was established and the connection was 

subjected to deformations simulating this loading protocol up to ±4.5% inter-storey drift with 

the progression of the applied loading designed to be consistent with loading applied during 

the UC testing (Lindsay 2004; Matthews 2004; MacPherson 2005; Jensen 2006) and promote 

compatibility in the results. To accurately simulate both support beam rotation and beam 

elongation at each drift step of the loading protocol, a relationship between the two 

deformations previously developed by Jensen (2006) was adapted to suit the prototype 400HC 

structure. The target deformations simulating the protocol drift levels are shown in Figure 4.6b 

and it was intended that elongations of up to 59 mm would be applied as the largest inter-storey 

drifts were simulated. The positive drift direction represented positive bending moments at the 

support connection. Several assumptions were made in estimating beam elongation from the 

applied inter-storey drifts and beam depth, based on observations from the UC large scale tests. 

These assumptions included the elastic and plastic lever arms being taken as percentages of the 

parallel beam depth, and the elongation of the internal hinge assumed to be 60% of the 

elongation of the external hinge at each drift step due to the restraint provided by the prestressed 

floor unit. Further elaboration of these assumptions is provided in 8.4.Appendix C. The 

maximum extent of elongation of the external hinge was equivalent to 4.1% of the beam depth. 

Experimental evidence indicated that a maximum characteristic value for beam elongation 

should be taken as 3.7% of the beam depth (Fenwick et al. 2010), indicating that the value used 

here was slightly conservative. Support rotation was considered to act about a location 400 mm 

below the top of the floor, slightly above the centreline of the 900 mm deep longitudinal 

perimeter beam as a result of the contribution of the floor. Furthermore, support rotation was 

conservatively taken to be equivalent to the drift in the structure and neglected the effects of 
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the torsional flexibility of the support beam that would act to reduce this rotation. This 

assumption of support beam rigidity is believed to be valid for precast units in the vicinity of 

the longitudinal beam. 

 
a) Loading protocol 

 
b) Simulated seismic deformations 

Figure 4.6. Applied deformations 

4.1.4. Instrumentation 

A number of sensors were used to measure the forces and deformations applied to the test 

specimens. Load cells were installed on all jacks to measure the applied loads while a series of 

displacement gauges measured any deformation occurring within the specimen. Figure 4.7 

shows the location of each displacement gauge, which included: 

• Gauges (1 – 3) that measured global displacement of the support beam and precast unit 

relative to external locations. These gauges were used to control the test through calculation 

of the applied rotation of the support beam, determined from gauges 1 and 2, and unit pull-

off. Unit pull-off was recorded through calculation of displacement of the far end of the 

precast unit, recorded by gauge 3, relative to the translated centre of the rotated beam 

(located 400 mm below the top of the floor), calculated from gauges 1 and 2. 

• Gauges (4 – 7) that measured interface deformation in the topping and between the unit and 

beam. Gauges 4 and 5 were positioned on top of the specimen either side of the insitu 

topping while gauges 6 and 7 spanned the interface on the side of the specimen as indicated 

in Figure 4.7. 

• Gauges (8 - 18) that measured deformation components in the floor unit and between the 

unit and topping. 

• Gauges (19 – 21) that were positioned on the underside of the floor unit and support beam 

and measured vertical displacements. 
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Figure 4.7. Displacement gauge locations with dimensions (in mm) 

4.1.5. Specimen construction and material properties 

Construction of the test units and setup was completed at a large precast concrete 

manufacturing facility. Standard 400HC units with a minimum specified concrete strength of 

45 MPa were cut to a length of 4900 mm to fit into the test rig. Slots were cut in the top of the 

unit above two of the four horizontal voids for the placement of the 16 mm round reinforcing 

bars. The lower half of the support beam was precast and placed in the test rig, after which the 

unit was seated on the beam and roller support. The connection reinforcement was then placed 

and the topping concrete and remainder of the support beam concrete was cast insitu, as is 

common practice for precast concrete buildings. A steel sleeve was cast into the support beam 

to allow for the placement of the rotational pin. Figure 4.8 shows the construction of the 

specimen prior to the casting of the insitu topping and Figure 4.9 shows the results from tensile 

testing of samples taken from the continuity reinforcement. It can be seen in Figure 4.9 that 

significant strain hardening was exhibited by each of the samples tested, with ultimate tensile  

 
Figure 4.8. Specimen construction 
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strengths ranging between 432–471 MPa for the Grade 300 bars.  

The concrete strengths measured for the support beam and topping for each of the test units are 

shown in Table 4.2. Due to onsite limitations 40 MPa concrete was used for the insitu topping 

for test unit HC1 as opposed to common practice where the topping concrete strength is 

generally approximately 30 MPa. As shown in Table 4.2, a topping strength of 43 MPa was 

measured at the time of testing unit HC1, well above the 30 MPa expected in practice. The 

concrete strength of the toppings for test units HC2 and HC4 were measured to be just 25 MPa 

and 20 MPa respectively at the time of testing and the influence of these topping strengths on 

the performance of the support connection is discussed in the results. 

 
Figure 4.9. Reinforcement tensile testing 

Table 4.2. 400HC component concrete strengths 

Concrete Unit Target Strength 
(MPa) 

Testing Day Average Measured 
Strength (MPa) 

HC1 - Support Beam 40 52 

HC1 - Topping Concrete 30 43 

HC2 – Support Beam 
HC2 – Topping Concrete 

40 
30 

42 
25 

HC3 – Support Beam 
HC3 – Topping Concrete 

40 
30 

39 
36 

HC4 – Support Beam 
HC4 – Topping Concrete 

40 
30 

43 
20 

HC5 – Support Beam 
HC5 – Topping Concrete 

40 
30 

42 
28 
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4.2. Experimental observations 

4.2.1. Test HC1 

Seismic loading was applied to test unit HC1 to achieve the target rotation and elongation at 

the support connection up to a maximum of ±4.0% lateral drift, with Figure 4.10 showing the 

observed behaviour of the support connection at various stages during the loading procedure. 

A single flexural crack formed at the base of the unit-to-beam interface during the first loading 

cycle at +0.38% drift, and the sudden loss in stiffness caused the drift to jump to +1.2%. 

Following this, the unit was loaded as per the loading protocol with deformations 

predominantly concentrated at the unit-to-beam interface, until all of the 4-D12 continuity bars 

in the topping fractured during the first cycle to -3.0% and at a topping crack width of 

approximately 20 mm. Following the loss of the continuity reinforcement, the unit was 

subjected to a single cycle to ±4.0% drift following which only 10 mm of seating was left 

remaining on the western side of the connection, as shown in Figure 4.10c. The low-friction 

bearing strip allowed the unit to move freely relative to the support beam and the support ledge 

was effectively undamaged with only minor spalling of the unit soffit observed at the end of 

the test, as shown in Figure 4.10d. However, it is important to note that no additional 

gravitational loads were applied during this test (see Table 4.1) and so the vertical forces at the  

 
a) -1.0% drift 

 
b) -3.5% drift 

 
c) Residual seating 

 
d) Unit spalling 

Figure 4.10. Test unit HC1 photos 
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400HC unit 
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unit Support   
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support were lower than what would be expected in a real building. 

4.2.2. Test HC2 

Seismic loading was applied to test unit HC2 to the full extent of the loading protocol up to 

two successive cycles to ±4.5% lateral drift, with the behaviour observed during the HC2 test 

shown in Figure 4.11. As with test unit HC1 the applied deformations were concentrated at a 

single flexural crack that formed at +0.2% lateral drift during the first cycle, but the formation 

of this crack did not result in a rapid increase in support beam rotation as had occurred during 

the testing of unit HC1, and loading was able to be continued as per the protocol. With the 

additional gravitational load increasing the support reaction with respect to that of test unit 

HC1 (see Table 4.1), cracks began to form at the edge of the support ledge during the first 

cycle to -2.0% lateral drift, as can be seen in Figure 4.11b, and the entire corner on the western 

side of the support beam spalled off during the second cycle to -3.0%. The damage sustained 

at the underside of the support connection is shown in Figure 4.11c with the spalled western 

side of the ledge shown on the right side of the image. Loading was continued until all of the 

4-D12 continuity bars in the topping fractured during the first cycle to -4.5% lateral drift and  

 
a) -0.5% drift 

 
b) -2.0% drift 

 
c) -4.5% drift 

 
d) -4.5% drift 

Figure 4.11. Test unit HC2 photos 
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at a topping crack width of approximately 47 mm. The unit was then subjected to a second 

cycle to ±4.5% lateral drift, after which almost no seating remained. The unit started to twist 

during the final cycles after significant ledge damage and partial loss of support occurred. 

Figure 4.11d illustrates the state of the unit following the second cycles to ±4.5% lateral drift 

where the eastern side of the unit had dropped 50 mm below the beam and the eastern side of 

the unit had risen up approximately 6 mm. It should also be noted that the most severe spalling 

occurred due to the prying action in the corner of the ledge, causing the full 80 mm ledge width 

to be lost at this location, although in a real structure the ledge would have run continuously 

beneath the adjacent units which would have reduced the tendency to spall the entire ledge. In 

other locations the width of seating ledge that spalled was between 20–30 mm. 

4.2.3. Test HC3 

The loading protocol was applied to the support connection of test unit HC3 until two 

successive cycles at ±2.0% lateral drift had been sustained, which was a drift that was 

equivalent to a displacement ductility of 4. As shown in Figure 4.12a, the observed state of test 

unit HC3 was similar to that of HC1 and HC2 after loading to the same drift (see Figure 4.10 

and Figure 4.11), with no visible damage to either the unit soffit or the support ledge. Following 

these seismic deformations additional vertical loading was applied to the hollow-core unit up 

to 650 kN, generating a vertical reaction force at the connection of 440 kN (see Appendix B), 

without causing failure of either the connection or the unit (see Figure 4.5d). Despite not being 

able to apply a larger vertical load, the residual capacity of the connection was deemed to be 

sufficient as the sustained vertical reaction at the connection was equivalent to a live load of 

approximately 45 kPa distributed along the length of the floor, well in excess of what the 

connection would feasibly be designed to support (Standards New Zealand 2002b). The only 

damage observed as a result of the vertical load was a thin crack which developed at the back 

of the seating ledge in the bottom portion of the support beam, as shown in Figure 4.12b. Once 

the crack had formed it propagated back into the support beam and did not represent any 

immediate threat of loss of support via ledge spalling. 
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a) -2.0% lateral drift 

 
b) Support after vertical load 

Figure 4.12. Test unit HC3 photos 

4.2.4. Test HC4 

Test unit HC4 was subjected to seismic loading to the full extent of the protocol, as was applied 

to test unit HC2. Unlike the previous tests, the initial ±0.5% cycles were completed without 

initiating any interface cracking which instead occurred at a lateral drift of +0.5%, during the 

first cycle to +1.0%. The fact that the first crack still formed at the unit-to-beam interface, as 

shown in Figure 4.13a, demonstrated that even with a greatly increased support length (larger 

than the length that would typically be anticipated in practice) the end of the 400HC unit was 

still prevented from becoming entrapped in the beam. Because the connection detailing did not 

result in a weak section forming away from the seating ledge, the unit was considered to not 

be susceptible to a positive moment failure. However, following the first cycle to +2% drift it 

was observed that a crack had formed on the western corner of the 400HC soffit, as shown in 

Figure 4.13b and Figure 4.13c. This crack formed approximately 25 mm from the end of the 

unit, indicating a minor level of entrapment. Following the formation of the soffit crack the 

subsequent cycles saw the corner of the unit begin to spall away. Loading was continued until 

cycles to ±4.5% had been carried out, with vertical support of the floor unit maintained through 

to the end of the test and the increased support width aiding performance. No support ledge 

spalling was observed throughout the test and fracture of the continuity bars only occurred 

when the elongation target was exceeded during the final cycle. 

400HC 
unit 

Support beam 
ledge 
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a) +1.0% drift 

 
b) +2.0% drift 

 
c) -2.0% drift 

Figure 4.13. Test unit HC4 photos 

4.2.5. Test HC5 

Loading was applied to test unit HC5 through to the completion of one cycle to ±1% lateral 

drift, with the loading protocol not being continued further due to the capacity of the test setup 

being insufficient to reach the ultimate negative flexural capacity of the connection. As shown 

in Figure 4.14, no insitu topping cracks formed away from the unit-to-beam interface at the 

increased level of loading. Table 4.2 shows a greater strength of insitu topping concrete when 

compared to that of some of the previous tests, with the greater topping strength making the 

connection less susceptible to additional cracking under negative moments. Despite the 

relatively small drift levels applied (equivalent to a structural ductility factor of 2) it was 

concluded from this test that negative bending moments of up to 155 kNm could be sustained 

by the connection without altering the failure mode, a load approximately equivalent to the 

estimated connection overstrength capacity of 160 kNm. The overstrength capacity was 

calculated by multiplying the nominal flexural capacity by an overstrength factor of 1.35, 

specified for Grade 300 reinforcement by NZS 3101:2006 (Standards New Zealand 2006), and 

the large flexural demands sustained by the connection were attributed to strain hardening in 

the continuity reinforcement, as tensile testing (see Figure 4.9) had indicated the reinforcement 

to have been capable of. 
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a) -0.5% drift 

 
b) +1.0% drift 

Figure 4.14. Test unit HC5 photos 

4.2.6. Interface cracking observations 

As intended by the connection design, deformation was solely concentrated at the floor unit-

to-beam interface for each of the five test units, preventing any damage to the brittle precast 

unit. The majority of the applied displacement was concentrated at this single crack location, 

resulting in high inelastic demand and eventual fracture of the continuity reinforcement. The 

fact that a single large crack was made to form meant that diaphragm action would be more 

easily compromised as the continuity reinforcement has little capability to transfer loads across 

such a large crack width. This, however, is the result of the connection detail performing as 

intended, and preventing any damage to the precast unit. 

The concentration of deformation at the unit-to-beam interface was observed in all tests despite 

the fact that there was a large degree of variance in the insitu topping strength (as demonstrated 

in Table 4.2), indicating that the flexural capacity of the uncracked section was sufficient to 

prevent additional primary cracks from forming. The different topping strengths therefore 

appeared to not have a significant impact on the performance of the support connection, 

although minor differences in crack patterns were observed as a result of these different 

strengths. Figure 4.11a and Figure 4.13a indicate that the lower insitu topping strengths for test 

units HC2 and HC4 resulted in the development of a more irregular crack across the unit-to-

beam interface. Furthermore, a narrow secondary crack had formed on the western side of the 

topping during the testing of unit HC2 (see Figure 4.11a), which was attributed to the reduced 

topping strength. In contrast, Figure 4.10a and Figure 4.12a show a straighter path of rupture 

through the stronger insitu toppings of tests units HC1 and HC3 respectively and no secondary 

cracks formed during the testing of either unit.  
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4.2.7. Key observations summary 

Table 4.3 provides a comparison of the key observations and measurements made for each test 

specimen in addition to the measured cracked and uncracked section capacities. The impact of 

the section capacities on the behaviour of the connection are discussed in detail in Section 

4.3.2. 

Table 4.3. 400HC key observations and measurements 

Test HC1 HC2 HC3 HC4 HC5 

Insitu topping strength (MPa) 43 25 36 20 30 

Positive 
moment 
cracking 

Drift (%) 0.38 0.19 0.18 0.50 0.20 

Moment (kNm) 130 88 119 74 70 

Cracked positive moment capacity (kNm) 53 49 50 44 N/A 

Uncracked negative capacity (kNm) 138 115 109 109 131 

Cracked negative capacity (kNm) 113 91 87 89 155 

Continuity 
reinforcement 
bar fracture 

Drift target -3.0% -4.5% 

N/A N/A N/A Drift at fracture (%) +0.5 -1.4% 

Deformation at bar level (mm) 20 47 

Maximum pull-off applied to rib base (mm) 45 60 24 80 4 

Support beam 
ledge spalling 

Drift cycle initiated 

N/A 

-2.0% 

N/A N/A N/A Length of support lost (mm) 25 

% of unit width affected 60 

400HC unit 
spalling 

Length of unit lost (mm) 40 30 
N/A N/A N/A 

% of unit width affected 20 10 

4.3. Measured response 

4.3.1. Applied deformations 

Figure 4.15 shows a plot of the measured elongation displacements achieved at each lateral 

drift cycle during the testing of units HC1 and HC2 alongside the established protocol shown 

by the dotted line. It can be seen that the targeted loading protocol was achieved with 

reasonable accuracy during the testing of unit HC2, despite manually controlled jacks being 

used. During the testing of unit HC1, the deformations applied were limited to a maximum of 

±4% lateral drift and 40 mm elongation and improvements to the setup had enabled the 

elongation targets to be accurately achieved in the following tests. The applied deformations 

are also not shown here for test units HC3, HC4 and HC5, during which deformations were 

applied following the loading protocol to the levels specified earlier in Table 4.1 with the 
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exception of test unit HC4, where the connection was subjected to a pull-off deformation of 80 

mm during the final cycle to -4.5%. These deformations conservatively simulated the damage 

in a highly ductile structure, in contrast to standard 400HC applications which generally consist 

of low-rise structures expected to be subjected to relatively low ductility demands. 

 
a) Test unit HC1 

 
b) Test unit HC2 

Figure 4.15. Applied deformations 

4.3.2. Moment rotation response 

Figure 4.16 shows the moment rotation response measured during each test as deformation was 

applied through the protocol. The initial uncracked positive and negative moment strength and 

stiffness of the connections are indicated in Figure 4.16 as the sharp peaks prior to flexural 

cracking at the unit-to-beam interface. The formation of the interface crack resulted in a 

significant drop in the section capacity for the subsequent cycles as tension was transferred 

from the concrete to the continuity reinforcement, highlighting the lightly reinforced nature of 

the connection. Key values of both the uncracked and cracked section capacities that led to this 

behaviour are summarised in Table 4.3. Figure 4.16a and Figure 4.16c show the result of the 

larger topping strengths for test units HC1 and HC3 respectively where the uncracked section 

capacity is much greater than that seen in Figure 4.16b and Figure 4.16d for test units HC2 and 

HC4 respectively. During the testing of units HC1 and HC3 it can also be seen from the moment 

rotation response that a large jump in drift accompanied the drop in positive flexural capacity 

on first cracking, as had been observed during the tests. Stability under negative moments was 

achieved and maintained for all tests during the cycles subsequent to cracking due to the 

presence of the continuity reinforcement in the topping and the R16 bars embedded in the base 

of the voids also ensured a stable response under positive moments through the duration of 

each test. This positive moment capacity is a unique feature of the hollow-core support 

detailing, with other precast concrete floor systems generally unable to accommodate 
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reinforcement at the base of the connection. The increased yield penetration of the round bars 

also meant that the fracture of this reinforcement was prevented and unit loss of support 

avoided. 

 
a) Test unit HC1 

 
b) Test unit HC2 

 
c) Test unit HC3 

 
d) Test unit HC4 

 
e) Test unit HC5 

Figure 4.16. Moment rotation response 

Test unit HC1 (Figure 4.16a) maintained a relatively stable response during reverse cyclic 

displacements to ±1% and ±2% drift. However, after the rupturing of the continuity 

reinforcement there was a large drop in the negative moment capacity and the positive and 

negative moment capacities were greatly decreased during cycles to ±3% and ±4% lateral drift. 

The moment capacity measured for test unit HC2 (Figure 4.16b) showed a more stable response 
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than that measured for test unit HC1 and strength was maintained through the application of 

large lateral drifts. The continuity reinforcement didn’t fracture until a later cycle during this 

test, likely attributable to the lower concrete strength as well as the fact that the D12 bars used 

for test units HC2, HC3 and HC4 had a high fracture strain, as indicated in Figure 4.9. The 

drop in section capacity for test unit HC2 was then observed where the continuity 

reinforcement fractured at -0.6% drift during the first cycle to -4.5%. During the testing of unit 

HC3 (Figure 4.16c) a sharp drop in section capacity occurred following first cracking whilst 

fracture of continuity reinforcement was prevented for the applied levels of deformation, to a 

maximum lateral drift of ±2%. The response of test unit HC4 (Figure 4.16d) was relatively 

similar to that of test unit HC2, except that first cracking was prevented during the initial cycles 

to ±0.5%. A low insitu topping strength resulted in an uncracked section capacity marginally 

greater than the cracked section capacity and continuity reinforcement rupture only occurred 

during the second cycle to -4.5% under elongation in excess of that prescribed by the protocol. 

Following cracking, the increased continuity reinforcement enabled test unit HC5 to sustain 

negative moments in excess of those applied during the previous four tests, as can be seen in 

Figure 4.16e. However, at -170 kNm the capacity of the test setup was reached and loading 

beyond ±1% lateral drift was unable to be applied. 

4.3.3. Interface cracking measurements 

The observations made during the tests and summarised in Section 4.2.7 had indicated that 

deformation was essentially constrained to take place at the unit-to-beam interface due to the 

lightly reinforced nature of the connection. Figure 4.17 shows measurements recorded by 

displacement gauge 7 (located 400 mm below the top of the floor as indicated in Figure 4.7 

and approximately at the assumed center of rotation of the beam) for test units HC2, HC3, HC4 

and HC5 where deformation at the unit-to-beam interface is plotted against the total elongation 

applied to the connection. Figure 4.17 confirms that the measured deformation was 

concentrated at the unit-to-beam interface with readings for seating pull-off being 

approximately equal to the applied elongation at the end of the unit. 

The displacement gauges attached to the side of the precast concrete floor unit also indicated 

that all the curvature demand was concentrated at the interface with no appreciable deformation 

measured to have taken place in the unit or topping away from the interface crack. The 

horizontal strain at the base of the unit was recorded by displacement gauge 12 and is shown 

for test unit HC2 in Figure 4.18 along with the expected tensile cracking strain. The minor 
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tensile strains measured by this gauge throughout the earlier cycles, when damage first 

becomes concentrated at the weakest section, illustrates the lack of curvature demand on the 

unit and further validates the performance of the connection. 

 
a) Test unit HC2 

 
b) Test unit HC3 

 
c) Test unit HC4 

 
d) Test unit HC5 

Figure 4.17. Measured seating pull-off 

 
Figure 4.18. Test unit HC2 average tensile strain 
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4.4. Comparison to shallower unit performance  

The tests have shown that a similar response is achieved by the connection detailing with 

400HC as had been found during the earlier testing of the shallower 300HC units performed 

by MacPherson (2005) that was discussed in Section 2.3.9. To provide a comparison to the 

observations made during this research, Figure 4.19 shows photos of the connection damage 

during both the full scale, super-assembly and sub-assembly tests performed with 300HC units, 

the test setups of which are described in Appendix A. The state of the connection shown in 

Figure 4.19a and Figure 4.19c indicates that deformation had also been concentrated at the 

unit-to-beam interface during the 300HC testing as the unit slid and rotated freely on the 

support ledge. Figure 4.19d also shows where a large degree of seat spalling had occurred 

during the super-assembly test such that the bearing strip became largely exposed, again to an 

extent consistent with the proposed draft amendment 3 to NZS 3101:2006. Figure 4.19b shows 

the moment rotation response measured during the sub-assembly test where the initial peak 

resulting from the strength of the uncracked section had ensured that deformation was  

 
a) Sub-assembly test interface damage 

 
b) Sub-assembly moment rotation response 

 
c) Super-assembly test interface damge 

 
d) Super-assembly test support spalling 

Figure 4.19. Performance of connection with 300HC floors (MacPherson 2005) 
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concentrated at the interface, followed by a stable response provided by the connection 

reinforcement until test completion. These results therefore showed consistency between the 

original 300HC tests that were used to develop the recommended connection detailing with the 

performance of the deeper 400HC units. 

4.5. Recommended support connection detailing 

The results of the five tests performed have shown that an adequate level of seismic 

performance for deeper hollow-core units can be achieved by using the detailing recommended 

in clause C18.6.7(c) of NZS 3101:2006. The connection detailing ensured that deformation 

was confined to the unit-to-beam interface and that vertical support of the floor was maintained 

through to large lateral drifts. However, although the 80 mm unit seating length used prevented 

collapse of the floor, there was almost no residual seating for the unit at the completion of 

testing. In the current NZS 3101 and ACI 318 requirements (Standards New Zealand 2006; 

American Concrete Institute 2014), an 80 mm length of seating is a typical minimum for deep 

hollow-core floors, with this seating being governed by the long spans these units are generally 

designed for. An increased level of seating can be expected to result in an improved 

performance of the support connection, as had been shown to be the case during the testing of 

unit HC4, and the level of seating recommended by the proposed draft amendment 3 to NZS 

3101:2006 is considered to be appropriate. With an increased seating length, the robustness of 

the connection can be expected to increase and reductions in seating resulting from construction 

tolerances and unit and ledge spalling can be accommodated. Furthermore, test unit HC4 

confirmed that a larger seating length did not result in greater prying, as had been speculated, 

and reduced spalling of the seating ledge was observed during the testing of this unit in 

comparison to that observed during the testing of unit HC2. The NZS 3101:2006 recommended 

seating length of 125 mm contains an adequately conservative allowance for ledge and unit 

spalling of 40 mm and 20 mm respectively. Observed ledge spalling during this research was 

generally approximately 20-30 mm along the width of the unit and only minor levels of spalling 

were observed at the back edge of the hollow-core unit. 

4.6. Conclusions 

An experimental testing programme was conducted to investigate the seismic performance of 

400HC floor units with the support connection detailing currently recommended by New 

Zealand standards. Simulated earthquake loading was applied to the test units following a pre-
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developed protocol combined with simulated gravitational loads and the following conclusions 

have been drawn from the results of the five tests that were conducted: 

• The support connections for the 400HC units were able to sustain loading to lateral drift 

levels in excess of 4.5% and elongations up to 60 mm, significantly greater than the 

deformations which would be anticipated in typical buildings using 400HC floors. The 

connection was able to provide vertical support despite the unit having almost no residual 

seating following the applied deformations. 

• The lightly reinforced nature of the support connection resulted in the concentration of 

damage to a single crack at the unit to support beam interface. Following the formation of 

this crack, the unit freely rotated relative to the support beam and slid on the bearing strip, 

preventing any flexural or shear damage to the brittle hollow-core unit. 

• Following damage to 2% lateral drift, the support connection was under no significant risk 

of losing vertical capacity and was able to accommodate imposed loading well in excess of 

that which it would be required to withstand, whilst only sustaining minor damage. 

• With no additional gravitational loading applied, no spalling of the support ledge occurred 

during the test. However, when additional gravitational loads were applied, the prying 

actions caused severe spalling of the corner of the support beam ledge at lateral drifts of 

3%, subsequently causing the unit to twist and drop down on one side, and spalling along 

the length of support of approximately 20-30 mm. The tests have therefore indicated that 

the proposed draft amendment 3 to NZS 3101:2006 gives a reasonable (but conservative) 

allowance for beam spalling of 40 mm. Furthermore, with an increased width of seating the 

prying action of the unit away from the edge of the ledge was found to greatly reduce this 

spalling.  

• Both an increased width of seating and an increased level of continuity reinforcement are 

unlikely to cause alternative failure modes to develop. As alluded to above, the performance 

of the 400HC support connection would in fact be expected to improve if a greater seating 

length was provided, in accordance with commonly constructed 400HC designs. 

• The tests have indicated that the connection detailing recommended in clause C18.6.7(c) 

of NZS 3101:2006 is appropriate for deep hollow-core units after displaying a similar 

performance to the previously tested shallower hollow-core units and preventing severe 

damage from being sustained by either the unit or the beam. However, this connection 

detailing should be used in conjunction with an increased width of seating, in accordance 
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with the proposed draft amendment 3 to the standard, which would require that this width 

be increased to approximately 125 mm in ductile structures. 
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Chapter 5. Rib and timber infill testing: Existing details  

Along with highlighting the deficiencies of hollow-core precast concrete floor construction, 

the research performed at the University of Canterbury (UC) (discussed in Chapter 2) had led 

to more generalised concerns regarding the principals about which precast concrete floors were 

designed in existing structures and the subsequent robustness of the support connection 

detailing (Matthews 2004).  These concerns included support connections for rib and timber 

infill precast concrete floors, but no testing was conducted to confirm these concerns. When 

damage is induced in a floor diaphragm that contains potentially brittle precast units, it is 

desirable for the applied deformation to be concentrated at the unit-to-beam interface with the 

support beam ledge designed to provide adequate vertical support for the floor and damage to 

the precast unit to be avoided. This design philosophy holds true for precast ribs despite the 

fact that they are comparatively less brittle to other precast units such as hollow-core. Support 

connections used for rib and timber infill (RT) floors constructed during the 1980s and 1990s 

generally consisted of the ends of the ribs being embedded into the support beam. The insitu 

concrete around the end of the rib prevents movement and thereby provides some degree of 

fixity to the support connection. As described in Section 2.4.2, this fixity at the end of the rib 

increases the magnitude of actions imposed on the rib and may lead to vertical flexural cracking 

away from the support which may compromise the vertical load carrying capacity of the floor 

(Fenwick et al. 2011). Figure 5.1 illustrates this postulated failure mode of precast ribs installed 

in this manner when subjected to combined seismic induced pull-off and rotational 

deformations. A flexural crack forms in the rib as a result of the applied positive moments and 

the pull-off deformation causes the crack width to increase, resulting in a loss of shear transfer 

via aggregate interlock of the concrete. 

 
Figure 5.1. Postulated rib positive moment failure (after: Fenwick et al. (2011)) 

 



Chapter 5. Rib and timber infill testing: Existing details 

96 
 

As described in Section 3.2.4, this behaviour was observed in several structures following the 

Canterbury earthquake sequence and more recently during the 2016 Kaikoura earthquake (New 

Zealand Society for Earthquake Engineering and Structural Engineering Society New Zealand 

2017) with ribs cracked as shown in Figure 5.2. To reiterate Section 2.4.2, the support 

connection practices common in existing structures which are considered to prevent movement 

and entrap the end of the rib consist of: 

• Casting the top of the supporting beam insitu such that the seated length of the rib is encased 

in the insitu concrete; 

• Haunching the first timber infill down to the front of the support beam ledge, further 

strengthening this region; and 

• Seating the ribs on a mortar pad with a high coefficient of friction. 

  
Figure 5.2. Observed positive moment cracking in ribs (credit: Des Bull [left] and John Marshall [right]) 

As a result of these concerns, an experimental programme has subsequently been performed to 

investigate the seismic performance of the support connection detailing for rib and timber infill 

floors. This chapter discusses the first phase of testing which considered detailing commonly 

found in existing buildings with the ribs embedded in the support as described above. 

5.1. Experimental Investigation 

To investigate the seismic behaviour of rib and timber infill support connections and to 

determine their gravity load carrying capacity following earthquake induced demands, a total 

of eight specimens were tested (labelled RT1-RT8), as summarised in Table 5.1. A loading 

regime was established that included combinations of both earthquake induced pull-off and 

rotation demands to be applied to the support connection, simulating frame deformations up to 

a magnitude of ±4.5% lateral drift. It was intended that the applied loading combinations were 

representative of those that would likely be encountered in a typical structure containing 175 
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mm deep precast concrete ribs. The 175 mm deep precast concrete ribs were selected for the 

testing programme on the basis that they were a commonly manufactured, mid-size rib depth 

that would therefore provide a suitable benchmark for the seismic performance of the precast 

rib support connections. The prototype building was an office structure with transverse frame 

spacings of 7 m, with 800 mm deep reinforced concrete beams spanning parallel to the precast 

ribs resulting in rib clear spans of 6.5 m between adjacent seating beams, as illustrated in Figure 

5.3. The perimeter frame of such a building was not considered to contain any internal columns 

along the length of the precast ribs such that a single plastic hinge would contribute to the pull-

off effect at each end. Figure 5.3 shows the location of the test specimen within a typical 

building which consisted of the ribs located adjacent to the perimeter frame where the most 

extensive damage due to pull-off and rotational deformations would be induced by the sway of 

the structure (see Section 2.2). The displacement incompatibility arising from the perimeter 

beam deforming in double curvature (as described in Section 2.2.3) is considered to be 

accommodated by the timber infill insitu topping slab adjacent to the beam, which is of a width 

generally in excess of the 600 mm wide link slab recommended for hollow-core floors 

(Standards New Zealand 2006; Fenwick et al. 2010). 

 
Figure 5.3. Prototype 175RT structure 

As summarised in Table 5.1, the entire RT test programme consisted of three phases of tests to 

comprehensively evaluate the seismic performance of rib and timber infill systems. The first 

phase of tests (RT1, RT2 and RT3) on existing connection details is described in this chapter, 

with the remaining tests on recommended and current connection detailing discussed in 

Chapter 6. The support connections of the three test specimens discussed here were designed 

to be representative of those installed in existing buildings built prior to the Canterbury 

earthquake sequence. 
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Table 5.1. Rib and timber infill support connection testing plan 

Test phase Test Rib 
Stirrups Loading 

Existing 

RT1 Open Seismic to ±4.5% 

RT2 Closed Seismic to ±4.5% 

RT3 Open Seismic then vertical load to 
failure  

Recommended 

RT4 Closed Seismic to ±4.5% 

RT5 Open Seismic to ±4.5% 

RT6 Helix Seismic to ±4.5% 

Current 
RT7 Helix Seismic to ±4.5% 

RT8 Helix Seismic to ±4.5% 
 

5.1.1. Design of test specimens containing existing support connections 

The intention behind the tests discussed here was to examine the vulnerability of the connection 

as it was progressively damaged under seismic loading, as well as potential serviceability 

advantages provided to the floor by holding the end of the ribs in place and increasing 

connection fixity. As such, the support connections for test specimens RT1 and RT3 were 

designed to be consistent with detailing found in existing structures, which was considered 

most likely to result in the postulated failure mode shown in Figure 5.1. On the other hand, 

support connection detailing considered to be more robust was adopted for test specimen RT2 

such that any advantages of holding the ends of the ribs in place could be properly examined. 

The differences in detailing consisted of the rib stirrup type and the topping mesh as explained 

below. The support detailing for tests RT1-RT3 is shown in Figure 5.4 and rib stirrup 

arrangements used for each test are shown in Figure 5.5, which shows a side view of the rib 

over a length of 1350 mm from the support connection along with a cross-section of the end of 

the rib. The main features of the connection design included: 

• The final 25 mm timber infill strip sloped on a 45 degree angle to meet the edge of the 

support beam ledge (see Figure 5.4). 

• Three (HD12) deformed bars of 12 mm diameter, with a characteristic yield strength of 500 

MPa (Grade 500), extended 1200 mm into the topping concrete at 400 mm spacings as 

continuity reinforcement. The HD12 continuity reinforcement was lapped onto either 665 

cold-drawn mesh (test specimens RT1 and RT3) or SE62 ductile mesh (test specimen RT2) 

placed in the 75 mm topping over the entire length of the rib. 

• The ribs seated on top of a mortar pad on top of a 75 mm wide support beam ledge. 
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• Rib stirrups specified as either open stirrups (RT1 and RT3) or closed stirrups (RT2) to 

provide shear transfer between rib and topping, as shown in Figure 5.5a and Figure 5.5b 

respectively. 

 
Figure 5.4. Support connection detailing (with dimensions in mm) 

 
a) Open stirrups – test specimens RT1 and RT3 

 
b) Closed stirrups – test specimen RT2 

Figure 5.5. Rib detailing (with dimensions in mm) 

In designing the specimens around this philosophy, test specimens RT1 and RT3 were 

developed to include detailing consistent with that found in existing structures and consisted 

of ribs containing open stirrups and topping reinforcement in the form of cold-drawn mesh. 

The detailing of test specimen RT2 was altered to incorporate ductile topping mesh in 

accordance with current NZS 3101 requirements (Standards New Zealand 2006) along with 
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ribs containing closed loop stirrups in accordance with current recommendations provided by 

the SESOC (2011). Closed loop stirrups are able to provide a viable load path for the transfer 

of shear forces through a cracked rib section but have historically been less common in use in 

comparison to open stirrups which are only able to be relied on to provide composite action 

between the rib and topping concrete. 

5.1.2. Test setup 

The sub-assembly test setup developed for the 400HC testing discussed in Chapter 4 was 

adapted to suit a 175RT floor and isolated the floor-to-beam connection over the width of a 

1250 mm section of floor incorporating two precast ribs positioned at 900 mm center spacings. 

Similar to the setup used during 400HC tests, the seismic deformations induced from the 

surrounding structure were simulated using the test setup shown in Figure 5.6. The frame 

consisted of two steel I-beams oriented parallel to the precast ribs (front I-beam removed from 

Figure 5.6 for clarity). A 90 mm diameter steel pin was placed between the steel beams at one 

end of the frame and passed through the 1250 mm long reinforced concrete support beam 

segment on which the ribs were seated. Rotational deformations of the support beam were 

achieved by pivoting the beam about this pin. The 4750 mm long precast ribs were seated on 

the support beam at one end and on roller supports that were positioned 450 mm in from the 

other end of the ribs, the roller supports ensuring that all applied pull-off load was transferred 

to the support connection. Two hydraulic jacks were used to simulate the earthquake 

deformations on the sub-assembly. Rotational deformation was achieved using a double acting 

jack that applied an eccentric load to rotate the support beam about the cast in steel pin, and 

the applied support beam rotation was conservatively assumed to be equal to the building inter-

storey drift (see Appendix C). The rotation jack was fastened to a steel rectangular hollow-

section (RHS) that was welded to a plate cast into the base of the support beam. Pull-off (or 

elongation) deformations were achieved using a second double acting jack to provide a tension 

force in the floor to simulate the axial elongation or growth of the plastic hinges in the adjacent 

beams running parallel to the ribs. The elongation jack was located at the far end of the unit 

such that the applied load acted in-line with the pin, thus preventing additional bending 

moments from being developed in the support connection. The elongation jack applied load 

through a steel square hollow-section (SHS) beam which was fastened to both precast ribs such 

that the load could be applied to the support connection directly through the ribs. Figure 5.7a 

shows a photo of the steel frame assembly used to contain the test specimen and provide a self-
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reacting arrangement to prevent the need for a strong floor and the jacks used to apply the 

rotational and pull-off deformations are shown in Figure 5.7b and Figure 5.7c respectively. 

 
Figure 5.6. Loading mechanism for RT tests (with dimensions in mm) 

During each test a gravitational load was applied to the top of the floor to replicate the imposed 

or live load acting on the floor to correctly represent the vertical actions imposed at the support 

connection of a structure incorporating 175 mm deep ribs. Figure 5.7a shows the placement of 

a 2.6 t coil of prestressing strand on top of the specimen. The coil, with a weight of 26 kN, was 

positioned such that a 19 kN reaction force was induced at the connection (including that 

induced by the floor self-weight). This reaction force was equivalent to that induced by the 

gravitational loading component of the seismic design load case, ‘G, ψE Q, Eu’, from the New 

Zealand Structural Design Actions Standard (Standards New Zealand 2002a), uniformly 

distributed over the floor surface for the prototype structure being tested (see Appendix B). 

To determine the residual vertical load capacity of the damaged connection during the testing 

of specimen RT3, a vertical load was applied to the top of the floor after simulated seismic 

actions had been applied to an extent that the connection was considered vulnerable to collapse. 

This vertical load was applied by an additional double acting jack located above the unit, as 

shown in Figure 5.7d, and positioned such that the load was applied at a distance of 2.5 times 

the depth of the overall floor section from the edge of the support (690 mm). The position of 

the vertical load relative to the support beam ledge was based on the distance used during FIP 

(1992) hollow-core loading tests. 
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a) Test specimen in steel frame 

 
b) Rotation jack 

 
c) Elongation jack 

 
d) Vertical loading jack (specimen RT3) 

Figure 5.7. RT test setup in steel frame assembly 

5.1.3. Seismic Loading Protocol 

A seismic loading protocol, as shown in Figure 5.8a, was established with the connection 

subjected to deformations simulating this loading protocol up to ±4.5% inter-storey drift, 

similarly to the 400HC testing. To develop a loading regime accurately simulating the 

deformations resulting from both support beam rotation and beam elongation at each drift step 

of the loading protocol, a relationship between the two deformations was developed to suit the 
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prototype structure containing 175 mm deep ribs. The development of the relationship between 

these two deformations for the structure in question is discussed in  and is based on assumptions 

made from previous investigations into correlations between inter-storey drift and beam 

elongation, most notably developed by Jensen (2006) as a part of the UC research. Furthermore, 

support rotation was conservatively taken to be equivalent to the drift in the structure and 

neglected the effects of the torsional flexibility of the support beam that would act to reduce 

this rotation. This assumption of support beam rigidity is believed to be valid for precast ribs 

in the vicinity of the longitudinal beam. The loading regime used to apply deformations 

simulating the loading protocol is shown in Figure 5.8b with the positive drift direction 

representing positive bending moments at the support connection and it was intended that pull-

off deformations of up to 33 mm would be applied during cycles to ±4.5% drift. The maximum 

extent of elongation was equivalent to 4.4% of the beam depth.  Experimental evidence 

indicated that a maximum characteristic value for beam elongation should be taken as 3.7% of 

the beam depth (Fenwick et al. 2010), indicating that the value used here was slightly 

conservative. 

 
a) Seismic loading protocol 

 
b) Seismic loading regime 

Figure 5.8. Simulated seismic loading for rib and timber infill tests 

5.1.4. Instrumentation 

A number of sensors were used to measure the forces and deformation applied to the test 

specimens. Load cells were installed on all jacks to measure the applied loads while a series of 

displacement gauges measured any deformation occurring within the specimen. Figure 5.9 

shows the location of each displacement gauge which included: 

• Gauges (1 - 3) that measured global displacement of the support beam and precast rib 

relative to external locations. These gauges were used to control the test through calculation 

of the applied rotation of the support beam, determined from gauges 1 and 2, and rib pull-
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off. Rib pull-off was recorded through calculation of displacement of the far end of the 

precast rib, recorded by gauge 3, relative to the translated centre of the rotated beam, 

calculated from gauges 1 and 2. 

• Gauges (4 - 7) that measured deformations in the topping in two locations at either side of 

the specimen. In each location a gauge (4 or 5) spanned the rib-to-beam interface while a 

second gauge (6 or 7) spanned the full extent of the haunched concrete, as indicated in 

Figure 5.9. 

• Gauges (8 - 11) that measured deformation at the top and base of the haunched insitu 

concrete. 

• Gauges (12 - 13) that were connected to the western rib in two locations as indicated in 

Figure 5.9 and measured cracking at the top and base of the rib in the region near the sloping 

timber infill strip. 

• Gauges (14 - 15) that were connected between the eastern rib and the surrounding structure 

as indicated in Figure 5.9 (gauge 14 was connected to the sloping timber infill strip) and 

measured displacement of the rib relative to the support beam. 

• Gauges (16 – 18) that were positioned on the underside of the western rib and support beam 

and measured vertical displacements.  

 
Figure 5.9. Displacement gauge locations with dimensions (in mm) 

5.1.5. Specimen construction and material properties 

Construction of the testing components and setup was completed at a large precast concrete 

manufacturing facility. The 175 mm deep ribs were produced with standard detailing (for the 

particular rib specified) at a shortened length of 4750 mm to fit into the test rig. The ribs were 

produced with a design mix of 45 MPa and each rib contained a 20 mm threaded reinforcing 

bar (RB20) cast into its far end, to fasten to the SHS through which pull-off deformation was 

applied (as discussed in Section 5.1.2). The lower portion of the support beam was precast and 



Chapter 5. Rib and timber infill testing: Existing details 

105 
 

placed in the test rig, consistent with common practice, after which the ribs were positioned on 

the beam and the connection reinforcement and infill strips were placed. The topping concrete 

and remainder of the support beam concrete was cast insitu with a steel sleeve cast into the 

support beam to allow for the placement of the rotational pin. Figure 5.10 shows the 

construction of test specimen RT1 prior to casting of the insitu concrete. 

  
Figure 5.10. Specimen construction 

Figure 5.11 shows the results from tensile testing of a representative sample taken from the 

continuity reinforcement. The fracture strain of the continuity reinforcing bars is approximately 

0.14, in excess of the 0.10 required by AS/NZS 4671 (2001) for Grade 500 reinforcement but 

lower than that typically achieved by Grade 300 bars which are required to undergo a minimum 

uniform elongation of 0.15. The effect of the lower ductility Grade 500 continuity 

reinforcement is discussed in the results section. 

 
Figure 5.11. Continuity reinforcement tensile testing 

The concrete strengths measured for the support beam, topping and ribs of test specimens RT1, 

RT2 and RT3 are shown in Table 5.2. A design mix of 35 MPa was used for the topping 

concrete to enable testing approximately ten days after casting at a target strength of 25–

30 MPa, a common design strength for insitu toppings. Standard design mixes of 45 MPa and 

40 MPa were used for the manufacturing of the precast ribs and the precast bottom half of the 
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support beams respectively with strengths generally measured to be in excess of these values 

(as is common in general construction practice). The implications of the variations between the 

measured and target strengths are discussed in the results. 

Table 5.2. Existing RT component concrete strengths 

Concrete Unit Target Strength (MPa) Measured Strength at Testing* (MPa) 

RT2 - Support Beam 
RT1 - Topping Concrete 

RT1 – Ribs 

40 
30 
45 

56 
21 

63 (28 day, tested day 27) 

RT2 - Support Beam 
RT2 - Topping Concrete 

RT2 – Ribs 

40 
30 
45 

55 
28 

63 (28 day, tested day 54) 

RT3 - Support Beam 
RT3 - Topping Concrete 

RT3 – Ribs 

40 
30 
45 

61 
30 

63 (28 day, tested day 127) 

*Actual strength on day of testing unless stated otherwise 

5.2. Experimental observations 

Observations made during the testing of each specimen are presented in this section as well as 

those subsequently made upon extraction and examination of the specimen following the test. 

An overall summary of the key observations made for each test specimen is also presented in 

Section 5.2.7. It should be noted that as the connection detail being tested consisted of the ends 

of the ribs being surrounded by insitu concrete, damage to the ribs themselves was unable to 

be observed during a large proportion of the test. Given that the extent of damage sustained by 

the ribs was the main indicator of the performance of the connection, the true behaviour of the 

specimen was unknown until damage of the ribs was able to be viewed late in the test or during 

forensic examination during deconstruction. To further clarify the behaviour of the specimens, 

the approximate location of the rib-to-beam interface is marked on several photos shown for 

each test. 

5.2.1. Test RT1 

The state of the connection of test specimen RT1 after the loading protocol had been carried 

out through to the completion of the first cycle to -1.0% drift is shown in Figure 5.12. During 

the first loading cycle to +0.5% drift a crack formed in the haunched section of the connection, 

initiating approximately halfway down the haunched profile and propagating at an inclined 

angle up to the top of the unit, as indicated by the red line in Figure 5.12a. During the 
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subsequent negative loading cycle a crack formed down the full height of the floor section at 

the approximate location of the rib-to-beam interface, indicted as the blue line in Figure 5.12a. 

Figure 5.12b shows the topping damage (as viewed from above the specimen) at this same 

stage in the test and it can be seen that the damage had become concentrated close to the rib-

to-beam interface at the location directly above the ribs but had propagated further away from 

the support and into the floor in the region between the ribs. This crack had propagated towards 

the end of the haunched section, where the thickness of the topping was smallest. During the 

first cycle to -0.5% drift, it can also be seen in Figure 5.12b that additional cracks had also 

formed in the topping further along the floor and beyond the haunched section. 

 
a) Connection deformation 

 
b) Topping deformation 

Figure 5.12. RT1 deformation at first cycle to -1.0% drift 

The lack of positive moment strength of the connection following the damage sustained caused 

problems in the control of the test deformation targets as the beam had become free to rotate 

under the combined weight of the floor and additional gravitational load.  This lack of restraint 

caused the beam to rotate to a +11% drift during the second cycle targeting a +1.0% drift. The 

lack of positive moment strength due to no reinforcement being present at the base of the rib 

connection meant that the damaged connection was now effectively behaving as a pin under 

positive rotational demands and, as such, this additional rotation had little influence on the 

subsequent behaviour of the connection with the beam freely rotating about the continuity 

reinforcement in the topping. Following this deformation, the damage sustained by the ribs was 

now visible on the western side of the connection, as shown in Figure 5.13. The fact that the 

end of the rib can be seen to be located approximately 20 mm out from the edge of the ledge 

while the relative displacement measured between the rib and the beam by gauge 15 (see Figure 

5.9) was approximately 30 mm at this stage in the test indicated that a large proportion of the 

rib (up to approximately 65 mm) had remained entrapped within the support beam as the rib 

was pulled away from the support connection. 
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Figure 5.13. RT1 rib damage following excessive rotational deformation (second cycle to +1.0% drift) 

Figure 5.14 shows the state of either side of the connection after the second cycle to -1.0% drift 

had been carried out. The increased deformation on the western side of the connection (see 

Figure 5.14a) had become concentrated at both of the crack locations outlined above (within 

the haunched section and at the rib-to-beam interface), causing the insitu concrete between 

these two cracks to become loose. On the eastern side of the connection however, it can be seen 

in Figure 5.14b that the increased deformation widened the crack in the haunched section, while 

neither the vertical crack at the interface nor the additional cracks further along the floor opened 

any wider. 

 
a) Western side of connection   

 
b) Eastern side of connection 

Figure 5.14. RT1 deformation at second cycle to -1.0% drift 

During loading to -1.0% drift it was also observed that a minor degree of spalling had occurred 

to the support beam ledge below the western rib (see Figure 5.15a) due to the prying applied 

by the rib. Observations made later in the test, following loading to -2.0% drift, indicated that 

this spalling had not increased and remained minor. No spalling was observed beneath the 

eastern rib (see Figure 5.15b) prior to failure of the specimen. The fact that the spalling beneath 

the ribs was minor meant that this would have had a negligible impact on the seating length of 

the rib and is typical of the fact that the large loss in rib length observed previously (see Figure 
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5.13) would have resulted in minimal prying stresses being developed on the edge of the ledge. 

The damage to the underside of the western rib was then able to be observed more clearly 

following loading to +2.0% drift (see Figure 5.16), further highlighting the fact that extensive 

damage had been sustained by the rib. Figure 5.17 shows the residual connection damage after 

cycles to a magnitude of +3.0% drift and it can be seen that the floor had dropped approximately 

5-10 mm relative to the beam, indicating that the ribs were no longer properly seated on the 

support beam ledge. 

 
a) Spalling beneath western rib at -1.0% drift 

    

b) Support beam ledge damage at -2.0% drift  

Figure 5.15. RT1 support beam ledge spalling 

 
Figure 5.16. RT1 rib damage at +2.0% drift 
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Figure 5.17. RT1 residual deformation following loading to +3.0% drift 

At a rotation of approximately -2% during the subsequent loading cycle to -3.0% drift, the 

deformation in the topping caused fracture of the continuity reinforcement.  The release of 

energy from the bar fracture resulted in complete failure of the support connection and collapse 

of the floor onto the catch frame. The crack width at the location of the HD12 continuity 

reinforcement was measured by gauge 8 (see Figure 5.9) to be 25 mm at the time of fracture 

of these bars. Figure 5.18a shows the state of the connection at the end of test with the level of 

exposure of the 12.5 mm prestressing strands now clearly indicating the extent of the rib  

   
a) Rib damage at failure 

 
b) Entrapped rib 

Figure 5.18. RT1 at failure (-3.0% drift) 
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damage in this region while Figure 5.18b shows the rib seating location on the eastern side with 

part of the rib having remained in place in its location of seating. 

5.2.2. Post-test analysis of specimen RT1 

Following the completion of testing, test specimen RT1 was removed from the testing frame 

so that the connection damage could be examined more closely. Figure 5.19 shows an overview 

of the damaged interface, both from the end of the specimen as well as from above with the 

view from above the specimen more clearly showing how the interface crack had propagated 

into the floor in the region between the ribs as discussed in Section 5.2.1. Furthermore, it can 

also be seen that the crack had formed through the topping directly above the western rib at a 

location consistent with that of the first rib stirrup (located approximately 60 mm from the end 

of the rib), indicating that this stirrup could influence the crack location and therefore 

implications of the deformation sustained. Damage had been sustained much more severely by 

the western rib, as had been observed towards the later stages of the test. The length of the 

prestressing strands exposed (see Figure 5.20a) provides the best indication of this loss in rib 

length (the strands terminating at the original end of the rib). The loss in length of the rib was 

relatively consistent up the full height and at the level of the prestressing strands a rib length 

of up to 50 mm had been lost as the rib became damaged, while an average length of 

approximately 50 mm (and an absolute maximum of 65 mm) was measured to have been lost 

at the base of the rib. The rib damage at the centre of the rib is also consistent with the 

approximate location of the first rib stirrup, with the stirrup providing some confinement to 

prevent the damage propagating further into the unit. The eastern rib had sustained much less 

damage during the test (see Figure 5.20b) while the centre of the rib appears to have remained 

relatively intact. Damage at the bottom inside corner of the eastern rib was more pronounced 

with approximately 50 mm length of rib lost in this region. 

     

Figure 5.19. RT1 floor damage overview 
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a) Western rib 

 
b) Eastern rib 

Figure 5.20. RT1 rib damage 

Figure 5.21a and Figure 5.21b show the condition of the support beam at the locations of the 

western and eastern rib seating respectively. Both rib support locations contained a part of the 

base of the rib that was entrapped in the seat as deformation was applied and cracking occurred 

through the rib. Only a small portion of the length of the western rib that was lost remained 

entrapped in place in the support (compare Figure 5.20a and Figure 5.21a) as opposed to the 

case of the eastern rib for which it appears the vast majority of the actual loss in length of this 

rib remained entrapped in the support (compare Figure 5.20b and Figure 5.21b). It is therefore 

apparent that a large amount of the severely damaged western rib had spalled, become loose 

and fallen out as the connection opened up during the test. The level of rib entrapment at the 

base of the eastern rib seating location appeared to be roughly equivalent to the length of the 

rib that was encased by the haunched concrete (this is better illustrated in Figure 5.18b), such 

that the level of seating left remaining after rupture of the connection could be considered to 

be approximately equivalent to the length of the seating not surrounded by insitu concrete 

(approximately 35 mm during these tests). Furthermore, it can also be seen in Figure 5.21b that 

significant spalling of the support beam ledge (approximately 20 mm) had been sustained 

beneath the outside of the eastern rib which had not been observed prior to the collapse of the 

floor. The localised prying on the edge of the support beam ledge as the floor collapsed would 
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have induced larger stresses on the ledge, possibly contributing to this spalling. The difference 

in the damage mode of the two ribs also indicates that spalling due to the prying from rotational 

deformations was sustained more so by the support beam ledge beneath the eastern rib and 

more so by the rib on the western side of the connection, highlighting the variable nature of 

this type of damage. 

 

a) Western rib seat 

 

b) Eastern rib seat 

Figure 5.21. RT1 support beam damage 

5.2.3. Test RT2 

Figure 5.22 shows the state of either side of the connection of test specimen RT2 after the 

loading protocol had been carried out to the completion of the initial cycles to ±1.0% drift. 

During the first cycle to +0.5% drift two cracks formed on the western side of the connection 

(as indicated by the red lines in Figure 5.22a), one at the rib-to-beam interface and one within 

the haunched section. A single crack formed on the eastern side of the connection, as shown 

by the red line in Figure 5.22b. The location of this crack indicates that deformation was 

sustained closer to the rib-to-beam interface during the testing of specimen RT2 than had been 

observed during the testing of specimen RT1 (compare Figure 5.22 with Figure 5.12). The 

subsequent negative loading cycles resulted in this crack propagating to the top of the floor 

surface, near the location of the rib-to-beam interface at the eastern side of the specimen. It can 

be seen in Figure 5.22b also that a more regular crack through the insitu topping had formed 

during the testing of specimen RT2 than had been observed for test specimen RT1 (see Figure 

5.12b), with this crack only propagating approximately 100 mm into the floor in the region 

between the ribs. Similarly to test specimen RT1, additional cracking was observed to form 

further away from the rib-to-beam interface during the first cycle to -0.5% drift also with these 

cracks remaining closed throughout the remainder of the test. 
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a) Western side of connection   

 
b) Eastern side of connection 

Figure 5.22. RT2 deformation at -1.0% drift 

 
a) Western side of connection    

 
b) Eastern side of connection 

 
c) Topping deformation 

Figure 5.23. RT2 deformation at -3.0% drift 

The deformation applied during the cycles to ±2.0% and ±3.0% drift resulted in the widening 

of the crack which formed in the haunched section, along with further damage to the additional 

crack on the western side of the connection. Deformation was applied in accordance with the 

loading protocol for the duration of this test and the rotation jack was carefully controlled to 

prevent the support beam rotating beyond the target drift levels. Figure 5.23 shows the state of 

the connection at -3.0% drift and it can be seen that the insitu concrete between the two crack 

 

Rib-to-beam 

interface 
Rib-to-beam 

interface 



Chapter 5. Rib and timber infill testing: Existing details 

115 
 

locations on the western side had become dislodged. The floor had also dropped on the western 

side of the connection relative to the support beam, indicating that the damage to the ribs was 

of sufficient length for the ribs to be pulled off the support beam ledge under the pull-off 

deformation applied. 

  
a) Western seat at -2.0% drift 

 
b) Eastern seat at -2.0% drift 

 
c) Western seat at +2.0% drift (second cycle) 

Figure 5.24. RT2 support beam ledge spalling 

Moderate spalling of the support beam ledge initiated beneath each rib during the first cycle to 

-2.0% drift, as shown in Figure 5.24a and Figure 5.24b. The damaged support beam ledge 

beneath the western rib fell off during the second cycle to +2.0% drift, shown in Figure 5.24c. 

The support beam ledge spalling resulted in a loss of seating of approximately 15 mm beneath 

the centre of the ribs while the ledge beneath the sides of the ribs remained undamaged 

throughout the duration of the test. It can also be seen in Figure 5.24 that cracking at the corners 

of the support beam ledge had taken place on either side of the connection, with this cracking 

being the result of the test setup geometry while the support beam ledge would normally run 

continuous beneath the floor. 
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Figure 5.25. RT2 at failure (-4.5% drift) 

Connection failure and collapse of the floor did not occur until the first cycle to -4.5% drift, 

and at a crack width at the location of the continuity reinforcement of 33 mm.  This exceeded 

test specimen RT1 which had failed during loading to -3.0% drift. Figure 5.25 shows the 

damage of the western rib and support beam ledge upon failure of the floor which do not appear 

to represent damage to the rib to the same extent as that observed upon failure of test specimen 

RT1 (see Figure 5.18). 

5.2.4. Post-test analysis of specimen RT2 

    

Figure 5.26. RT2 floor damage overview 

Following extraction from the testing frame, an overview of the support connection damage 

sustained by test specimen RT2 is shown in Figure 5.26 while Figure 5.27 shows the rib 

damage. Similarly to what was found for test specimen RT1, one of the ribs (eastern rib) 

sustained a large degree of damage over the full rib height while the other (western rib) 

sustained somewhat less severe damage, concentrated at the base of the rib alone. The loss in 

length of the eastern rib as the result of this damage was measured to be approximately 45 mm 

at the base rib base (consistent with the length of the rib surrounded by insitu concrete) and 

with a loss in rib length ranging between 25-40 mm at the centre of the rib, measured by the 
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length at which the prestressing strands were exposed. Furthermore the location of the damage, 

both in the rib and in the insitu topping, appeared to have been influenced by the location of 

the first rib stirrup (as had also been the case for test specimen RT1). Measurements of the 

inclined damage faces at the base of the ribs indicated that rupture occurred just below the base 

of the stirrup while none of the concrete confined within either rib was lost. 

 

 
a) Western rib 

 

 
b) Eastern rib 

Figure 5.27. RT2 rib damage 

Figure 5.28 shows the condition of the support beam at the rib seating locations following the 

test. As had been observed during the analysis of test specimen RT1, a portion of the lost rib 

length can be seen to have remained entrapped in the support beam. Approximately 20-40 mm 

of the base of the western rib remained in place within the support beam with this corresponding 

entrapped portion of the rib measured to be approximately consistent with the rib length lost 

(as shown in Figure 5.27a) and indicating that no additional spalling of the rib had taken place 

other than this entrapped portion. A much more substantial amount of the end of the eastern rib 

can be seen to have remained in place in the support (see Figure 5.28b), consistent with the 
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severity of the damage sustained by this rib. At the base of the seat approximately 25-50 mm 

of the rib was measured to still have remained in the support beam, indicating that little 

additional spalling had taken place other than the entrapped portion for this rib also. Support 

beam ledge spalling also occurred beneath the centre of both ribs as alluded to earlier, 

contributing to a maximum further loss in ledge support for the ribs of approximately 10-25 

mm but without contributing to a loss in seating at the sides of the ribs, where damage to the 

rib had been more severe. In the case of the eastern rib, the combined level of rib entrapment 

and support beam ledge spalling shown in Figure 5.28b indicates that a bearing length of only 

approximately 10-20 mm was left remaining to provide vertical support for the floor as soon 

as this damage had been sustained.  

 
a) Western rib seat 

 
b) Eastern rib seat 

Figure 5.28. RT2 support beam damage 

5.2.5. Test RT3 

Loading was applied to test specimen RT3 through the loading protocol until the completion 

of the second cycle to ±1% drift only (equivalent to a structural ductility of 2). Figure 5.29 

shows the damage that was sustained by the floor following this seismic loading portion of the 

test. Once the support beam had been re-centred to zero rotation, the residual pull-off 

deformation applied to the connection was measured to be approximately 8 mm. The state of 

the connection was similar to that observed at the same stage in the testing of specimens RT1 

and RT2 however; during this test the crack had formed closer to the rib-to-beam interface 

(compare Figure 5.29 to Figure 5.12 and Figure 5.22). It had been anticipated that the higher 

insitu concrete strength measured for test specimen RT3 in comparison to test specimens RT2 

and, most notably, RT1 (see Table 5.2) would have resulted in the damage being sustained 

further away from the rib-to-beam interface and where the depth of the insitu concrete has 

reduced. The differences in location of the damage was considered to be a result of the inherent  
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a) Western side of connection 

 
b) Eastern side of connection 

 
c) Topping deformation 

 
d) Western rib seat 

 
e) Eastern rib seat 

Figure 5.29. RT3 damage sustained following seismic loading to ±1% drift 

variability in the properties of the materials involved. From the observations discussed in 

Sections 5.2.2 and 5.2.4, the fact that deformation was sustained closer to the rib-to-beam 

interface also indicated that a lesser amount of the rib was likely to have remained entrapped 

in the support. Figure 5.29c shows the path of rupture through the insitu topping concrete and 

it can be seen that a mostly regular crack occurred, as opposed to that for test specimen RT1 

where the crack had propagated significantly into the floor in the region between the two ribs. 

Furthermore, and similarly to the previous tests, an additional crack formed approximately 200 

Rib-to-beam 
interface 

Rib-to-beam 
interface 
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mm further into the floor and beyond the end of the haunched insitu concrete with this crack 

remaining closed following its formation. Figure 5.29d and Figure 5.29e indicate that no 

spalling of the support beam ledge or rib damage had been observed to have taken place at this 

stage in the test. 

Vertical loading was then applied to the floor to determine the residual capacity of the support 

connection following the seismic damage sustained. Loading was applied to a maximum 

magnitude of 250 kN, which was insufficient to cause the connection to fail and further loading 

was not able to be applied with the test setup used. The 250 kN load would have induced a 

reaction at the 1.25 m wide connection of approximately 220 kN, equivalent to that of a live 

load of 48 kPa distributed over the 6.5 m floor span for the prototype structure being tested 

(see Appendix B) and it is considered that this load was withstood at a crack width 

approximately consistent with the maximum magnitude at which the structure would have been 

deemed possible to repair. Figure 5.30 shows the connection under the applied load and it can 

be seen that the connection has remained intact with no visible evidence of vertical deformation 

at the connection. 

  
Figure 5.30. RT3 connection damage following vertical loading to 250 kN (8 mm pull-off deformation) 

Following the initial vertical loading test, further pull-off deformation was then applied to the 

connection, whilst a zero rotation was maintained, such that the residual capacity of the 

connection could be determined after further damage had been sustained. The residual pull-off 

deformation was increased from 8 mm to approximately 16 mm such that the vertical load 

could be applied prior to the fracture of the continuity reinforcement, anticipated at a 

deformation of approximately 25 mm based on the previous test results. The vertical loading 

was again applied to the floor to a magnitude of 150 kN, equivalent to a live load of 

approximately 29 kPa, which was still unable to cause failure of the connection. Loading in 

excess of this 150 kN was now unable to be applied due to damage sustained by the vertical 

loading frame. The vertical load capacity of the connection was deemed to be in excess of what 
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it would be required to withstand whilst the continuity reinforcement remained intact and the 

ribs still had some residual seating. Figure 5.31 shows the state of the connection which still 

had not been measured to have deformed vertically relative to the floor as well as the state of 

the far end of the rib which had sustained minor cosmetic damage while bearing on the roller 

support under the applied loading. 

 
a) Connection damage 

 
b) Far roller support damage 

 

Figure 5.31. RT3 damage following vertical loading to 150 kN (16 mm pull-off deformation) 

 
Figure 5.32. RT3 support beam ledge spalling (at 20 mm pull-off deformation) 

After concluding that the floor was not going to fail under severe magnitudes of vertical 

loading, the pull-off deformation was further increased until fracture of the continuity 

reinforcement occurred at a crack width of approximately 26 mm (as measured by gauge 8), 

resulting in loss of support and collapse of the floor. Spalling beneath the ribs had not 

previously been observed throughout the test however, as the pull-off deformation was 

increased to a magnitude of approximately 20 mm, the increased prying stress applied by the 

ribs on the reduced length of seating led to moderate spalling beneath the eastern rib as shown 
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in Figure 5.32. Figure 5.33 also shows the state of the failed connection with part of the end of 

the rib remaining entrapped in its seating location. 

 
Figure 5.33. RT3 connection damage at failure (25 mm pull-off deformation) 

5.2.6. Post-test analysis of specimen RT3 

Figure 5.34 shows an overview of either side of the damaged interface following extraction of 

the floor from the testing rig. The location of the damage close to the rib-to-beam interface 

across a large width of the connection is characterised by the deep rupture interface (of almost 

the full depth of the 275 mm floor) at the seating beam with the damage occurring in this 

location despite the fact that a higher insitu topping concrete strength was achieved in this test 

in comparison to that of test specimens RT1 and RT2. Toward the centre of the span between 

the two ribs and at the base of the haunched insitu concrete, it can be seen that the ruptured 

face of the insitu concrete had propagated further into the floor. 

Figure 5.35 shows the damage sustained to both the eastern and western ribs, with the level of 

damage being somewhat less in comparison to that for the previous tests. The reduction in 

damage can be attributed to the location of damage sustained through the insitu concrete 

discussed above. Furthermore, the fact that less rotational deformation was applied throughout 

the latter testing cycles, leading to lesser prying stresses on the ends of the ribs, would have 

contributed to preventing any further rib damage as a result of spalling. Both the eastern and 

western ribs underwent a similar amount of damage that was much more pronounced at the 

base of the ribs, leading to a loss in length of approximately 40 mm. Damage to the centre of 

the ribs, at the locations of the prestressing strands, was typically minor with only 

approximately 5-10 mm being lost in this region with the damaged rib face sloping from this 

location to meet the base of the ribs. Damage to the sides of the ribs, where no stirrup 

confinement was provided, was also slightly more severe, with approximately 30 mm of the 

rib length lost in this region. As with the previous tests, it is likely that the location of the first 
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rib stirrup limited the extent of damage at the base of the rib, although these were unable to be 

viewed during this test. 

 
 

Figure 5.34. RT3 floor damage overview 

 

 
a) Western rib 

 

 
b) Eastern rib 

Figure 5.35. RT3 rib damage 
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Damage to the support beam at the seating locations for each rib is shown in Figure 5.36. The 

amount of rib remaining entrapped in the support was consistent with the corresponding 

damage of the rib shown in Figure 5.35. At the centre of either rib it appears that none of the 

precast rib concrete was left intact in the support while approximately 30-40 mm of the rib had 

remained fixed in place at the rib sides and base. The spalling sustained by the support beam 

ledge during the pull-off deformation applied prior to failure of the connection is shown, with 

moderate spalling having been sustained beneath the eastern rib while only very minor spalling 

(approximately 5-10 mm) had been sustained beneath the centre of the western rib. The spalling 

beneath the eastern rib took place beneath almost all of the rib width, reaching a magnitude of 

approximately 30 mm of the support beam ledge being lost beneath the centre of the rib. Similar 

to what was observed for test specimen RT2 (see Figure 5.28), the combination of rib 

entrapment and support beam ledge spalling had left a residual seating width of only 

approximately 20 mm beneath the centre of the rib. 

 
a) Western rib seat 

 
b) Eastern rib seat 

Figure 5.36. RT3 support beam damage 

5.2.7. Key observations summary 

Table 5.3 provides a comparison of the key observations and measurements made for each test 

specimen in addition to the measured cracked and uncracked section capacities. The impact of 

the section capacities on the behaviour of the connection are discussed in detail in Section 5.3.2 

and the measurements pertaining to vertical deformation of the floor are discussed in Section 

5.3.3. A summary of the crack patterns, both as they were observed from the sides of each 

specimen during the test as well as the damage sustained by the rib at that side of the connection 

are also illustrated in Figure 5.37. It should be noted that the line illustrating rib damage in 

Figure 5.37 represents typical damage rather than that observed to be the most severe across 
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the width of the rib; typically the largest loss in length of the ribs took place at the unconfined 

sides of the rib and, given that this only made up a small proportion of the width, it would be 

overly conservative to consider the rib to have sustained a loss in seating equivalent to the 

damage in this region. The implications of the typical levels of damage sustained by existing 

rib and timber infill support connection details are subsequently discussed further in 

Section 5.4. 

Table 5.3. Existing RT key observations and measurements 

Test RT1 RT2 RT3 

Insitu topping strength (MPa) 21 28 30 

Positive moment 
cracking 

Drift (%) 0.37 0.28 0.31 

Moment (kNm) 34 31 39 

Uncracked negative capacity (kNm) -69 -58 -67 

Cracked negative capacity (kNm) -45 -45 -43 

Vertical 
deformation 

Drift cycle initiated 2.0% 2.0% 
N/A 

Pull-off applied to rib base (mm) 20 20 

Specimen 
failure 

Maximum positive drift sustained +3.0% +4.5% +1.0% 

Maximum negative drift sustained -2.0% -3.0% -1.0% 

Cycle target / Drift at failure -3.0%- / 2.0% -4.5% / -0.5% N/A 

Deformation starter bar level (mm) 25 33 26 

 West 
rib 

East 
rib 

West 
rib 

East 
rib 

West 
rib 

East 
rib 

Support beam 
ledge spalling 

Drift cycle initiated (%) -1% -3% -2% -2% N/A N/A 

Length of seating lost (mm) 10 20 20 25 10 30 

% of rib width affected 20% 50% 70% 60% 30% 80% 

Rib entrapment 
Rib base (mm) 50 30 40 45 40 40 

Rib centre (mm) 40 10 20 35 20 20 
 

It is evident from both Table 5.3 and Figure 5.37 that all three test specimens sustained differing 

extents of rib damage while the severity of the damage also differed between the two ribs for 

each specimen. The reason behind this variance is due to the fact that the behaviour of the 

connection is dependent on several highly variable factors including: 

• The bond between the entrapped rib and the surrounding insitu concrete; 

• The frictional resistance provided by the mortar seating pad; and 

• The position and influence of the first rib stirrup. 
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a) RT1 western side 

 
b) RT1 eastern side 

 
c) RT2 western side 

 
d) RT2 eastern side 

 
e) RT3 western side 

 
f) RT3 eastern side 

Obscured rib outline 

Damage at surface - Positive moment 

Damage at surface - Negative moment 

Damage at rib 

Figure 5.37. Existing support connections crack map 

The western rib of test specimen RT1 sustained the most severe damage (see Figure 5.20a and 

Figure 5.37a), with approximately 50 mm of the base of the rib spalling along with damage at 

the centre of the rib which led to the prestressing strands becoming significantly exposed 

(indicative of the damage sustained in this region). All three tests resulted in approximately 30-

50 mm of the base of the rib becoming entrapped in the support and this is consistent with the 

interface crack forming near to the back face of the sloping timber infill (shown for each 

specimen in Figure 5.37), which was located approximately 40 mm from the end of the rib. It 

should therefore be considered that where precast ribs have been installed in this manner, rib 
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damage will occur at the location at the edge of the insitu concrete surrounding the rib, leaving 

a residual seating of approximately 25-35 mm after damage has been sustained at the 

connection. Damage to the centre of the ribs varied significantly between the test specimens 

and ranged between approximately 50 mm of the rib being lost in this region to the centre of 

the rib remaining relatively undamaged.  

Along with the damage to the ribs, spalling of the support beam ledge of approximately 10-

20 mm commonly occurred directly beneath a varying proportion of the base of the ribs. The 

most severe support beam ledge spalling generally took place beneath the centre of the ribs, 

where damage to the rib itself was typically less severe, while the ledge beneath the sides of 

the ribs generally remained relatively undamaged. Conservatively, spalling of the support beam 

ledge can be assumed to result in a further loss in seating of approximately 15 mm and this is 

in addition to the loss of support of approximately 40 mm due to the entrapment of the rib 

discussed above. The seating length recommended by the proposed draft amendment 3 to NZS 

3101:2006 (discussed in Section 2.3.8) contains an allowance of 40 mm for support beam ledge 

spalling (Cook et al. 2014). However, where a large length of the rib has become damaged, the 

reduction in prying means that it is unlikely that spalling of the support beam ledge will be 

sustained to this extent. 

5.3. Measured response 

5.3.1. Applied deformations 

Figure 5.38 shows the rotational and pull-off deformations applied during each test with the 

target loading regime shown as the dotted line. The level of deformation at which failure of the 

connection took place is also indicated for each test, characterised by the sharp increase in pull-

off deformation. The skewed nature of the applied deformations was due to the asymmetry in 

the connection behaviour, with positive rotational deformation being applied in excess of that 

calculated for the prototype structure throughout the test duration for each specimen while the 

negative rotational loading regime targets were able to be reached accurately. The testing 

arrangement used resulted in a net pull-off deformation being induced as positive rotations are 

applied and the beam bears on and is rotated about the top of the connection. Figure 5.39 

illustrates this phenomenon whereby large levels of pull-off deformation are calculated as the 

base of the connection opens up and the centre of rotation of the beam translates relative to the 

end of the rib without any pull-off deformation being applied by the elongation jack. The 
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deformations shown here do not indicate the accidental large positive rotation cycle that was 

induced during the testing of specimen RT1. It can be seen in Figure 5.38a that the loading 

protocol for test RT1 was continued until the completion of the first cycle to +3% lateral drift, 

following which collapse of the floor occurred at approximately -2% during loading to the 

corresponding negative loading cycle. For test specimen RT2 the protocol was carried out until 

failure of the connection took place at approximately -1.0% drift during the first cycle to -4.5%. 

During the testing of specimen RT3 the loading protocol was only carried out until the 

completion of both cycles to ±1% drift at which time a pull-off deformation of approximately 

8 mm had been sustained, as shown in Figure 5.38c, following which the 250 kN vertical load 

was applied. Following the inability of the vertical load to cause collapse of the floor at this 

point in the test, the pull-off deformation was increased to approximately 16 mm at which point 

the further 150 kN vertical load was applied. With this loading still unable to bring about the 

collapse of the floor, further pull-off deformation was applied until the test specimen failed at 

a pull-off deformation of approximately 26 mm. 

Figure 5.38. Applied loading 

 
a) Test specimen RT1 

 
b) Test specimen RT2 

 
c) Test specimen RT3 
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Figure 5.39. Pull-off deformation geometric component 

5.3.2. Moment rotation response 

The measured moment rotation response for each of the three test specimens is shown in Figure 

5.40. The uncracked connection had initially had a substantial positive moment capacity (30–

40 kNm) during the first cycle to +0.5% drift as a result of the end of the ribs being held in 

place by the surrounding concrete and mortar seating pad, preventing the rib from sliding under 

the applied loading. At approximately 0.3-0.4% during the first cycle to +0.5% drift, positive 

moment cracking of the connection subsequently led to a sharp drop in this capacity. Despite 

this connection fixity leading to the weakest section of the connection forming through the ribs, 

the load required to cause positive moment deformation also highlights why it has previously 

been considered desirable to cast insitu concrete around the ribs for serviceability requirements. 

The fact that the rib is fixed and prevented from sliding would result in a significant decrease 

in mid span deflections and vibrations. However, the outcome of this support connection fixity 

is a greatly reduced seating length as soon as low levels of seismic deformation are sustained 

at the connection. The initial positive moment capacity was measured to be highest for test 

specimen RT3 as the result of a higher insitu topping concrete strength measured for this 

specimen (see Table 5.2). Following the initial loading cycles and after damage had been 

sustained by the connection, the positive moment capacity became greatly diminished for each 

specimen. The positive moment strength had degraded during the second cycle to +0.5% and 

the cycles to +1.0% drift and subsequently became completely lost during loading to +2.0% 

drift for the remainder of the test. The fact that the positive moment capacity had fallen below 

zero indicates that the rotation jack had been required to apply continual load to prevent the 

beam from rotating under the combined weight of the floor, beam and additional gravitational 

load. The lack of positive moment capacity is also indicative of what was observed following 

failure of the floor in that seating of the rib has been lost as the friction provided by the seat 

would have increased positive moment resistance. 
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The negative moment capacity was initially high (approximately 60-70 kNm) prior to damage 

being sustained in the topping during the first cycle to -0.5% drift and reaching a peak strength 

at the completion of the first cycle to -0.5% drift for each specimen. Cracking in the topping 

was then accompanied by a sharp drop in negative moment capacity (to approximately 40-50 

kNm) for the duration of the test, with the negative moment capacity of the cracked section 

remaining relatively high due to the capacity provided by the continuity reinforcement in the 

topping. The fact that the strength of the uncracked section was greater than that of the 

connection after negative moment cracking had been sustained illustrates why the additional 

cracks, which had formed during the first negative loading cycle, had remained closed 

throughout the remainder of the test. Loss in negative moment capacity was eventually brought 

about by the fracture of the continuity reinforcement for each test specimen which led to the 

failure of the connection. 

 
a) Test specimen RT1 

 
b) Test specimen RT2 

 
c) Test specimen RT3 

Figure 5.40. Moment rotation response 

5.3.3. Floor vertical deformation 

The vertical deformation sustained by the floor relative to the ground was measured by gauge 

17 (see Figure 5.9) which was positioned beneath the western rib and the measurements 

recorded by this gauge for both test specimens RT1 and RT2 are shown in Figure 5.41. The 
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skewed response of the measured deformations is the result of the rib support beam ledge 

translating vertically as the support beam is rotated about the pin (see Figure 5.39) while the 

values measured at the zero drift cycles provide an accurate record of the vertical deformation 

of the floor relative to the beam at these points in the test and where the ledge has been returned 

to its initial position. In general, the vertical deformation recorded was consistent with 

observations made during both tests and confirms the stage at which floor seating had become 

lost, characterised by where a positive residual deformation was recorded at the subsequent 

cycle to zero drift. For both specimens, a gradually increasing vertical deformation can be seen 

to have taken place throughout the middle loading cycles as the result of the floor losing a large 

amount of seating once deformation had first been sustained at the connection. For both test 

specimens, this vertical deformation was measured to have been initiated once a pull-off 

deformation at the base of the ribs was measured by gauge 15 to be approximately 20 mm. 

This loss in seating eventually resulted in the ribs slipping down the face of the support as 

increasing pull-off deformation was applied. During the testing of specimen RT1, the excessive 

positive rotational deformations applied during the second cycle to +1.0% drift (discussed in 

Section 5.2.1) resulted in a net vertical deformation being recorded during this cycle and this 

can be seen in Figure 5.41a. Aside from the vertical deformation measured in that cycle, during 

which the rib had been completely pulled off its support, a gradual increase in vertical 

deformation is shown in Figure 5.41a to have been initiated at the connection following the 

first cycle to +2.0% drift, reaching a magnitude of approximately 5 mm prior to the collapse of 

the floor during the first cycle to -3.0% drift. Vertical deformation during the testing of 

specimen RT2 was similarly measured to have first taken place during the first cycle to -2.0% 

drift and at the same stage in the test that spalling of the support beam ledge had first been 

observed (see Figure 5.24). The deformation measured prior to the first cycle to -3.0% drift 

was measured to be approximately 5 mm, similar to that which had been measured for test 

specimen RT1 prior to failure during this cycle. During the subsequent cycles applied to test 

specimen RT2 the floor was measured to have dropped significantly and a vertical deformation 

of 16 mm was recorded prior to collapse of the floor during the first cycle to -4.5% drift. The 

fact that the gauge measuring the vertical deformation was placed beneath the western rib, 

which had been much more notably damaged during the testing of specimen RT1 and less 

notably damaged during the testing of specimen RT2, did not appear to have had a major 

influence on the deformations measured as no significant twisting of the floors had been 

observed during either test despite the asymmetric connection damage discussed earlier. 
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a) Test specimen RT1 

 
b) Test specimen RT2 

Figure 5.41. Floor vertical deformation 

5.3.4. Crack width development 

Figure 5.42 and Figure 5.43 show a plot of the measured crack widths across the rib-to-beam 

interface at the base and top of the floor respectively for the duration of the testing of specimens 

RT1 and RT2. Figure 5.42 provides a record of the crack width at the location of the base of 

the rib that had opened up as positive rotational deformations were applied to the connection 

and as the rib was pulled away from the floor while Figure 5.43 provides a record of the crack 

width in the topping and at the approximate location of the continuity reinforcement. As the 

significance of these measurements has been discussed previously in Section 5.2, in referencing 

the corresponding crack width at key points during the test, this will not be discussed in detail 

here. Namely, the crack width at the base of the floor was correlated to the loss of seating for 

the ribs and the onset of vertical deformation of the floor while the crack width in the topping 

was correlated to the fracturing of the continuity reinforcement. Figure 5.43 also confirms that 

the rotation applied to the support beam during the tests took place approximately about the 

continuity reinforcement, evidenced by the fact that as the rotation was altered and pull-off 

deformation was not applied, the measured crack width remained approximately consistent. 

Furthermore, the fact that the crack widths at the zero rotation cycles approximately correlate 

to the applied deformations shown in Figure 5.38 further confirms that all of the applied 

deformation was concentrated at this crack location across the rib-to-beam interface. 

For the most part Figure 5.42 was measured by gauge 15, located between the base of the rib 

and the support beam ledge (as illustrated in Figure 5.9) while Figure 5.43 was measured by 

gauge 8. However, during the testing of specimen RT1 the values recorded by gauge 15 were 

unreliable and so the crack width at the base of the connection was alternatively predicted from 

gauges 4 and 5 (these gauges crossed the rib-to-beam interface at the floor surface) with these 

values adjusted by the measured rotation to predict this crack width. Prior to the failure of test 
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specimen RT2 the gauges crossing the rib-to-beam interface were removed so as to prevent 

them from sustaining damage and so the crack widths during the final cycles were similarly 

predicted from gauge 3 instead. These prediction methods are indicated by the dotted lines. 

 
a) Test specimen RT1 

 
b) Test specimen RT2 

Figure 5.42. Rib base crack width 

 
a) Test specimen RT1 

 
b) Test Specimen RT2 

Figure 5.43. Topping crack width 

5.4. Failure mode of existing rib and timber infill support connections 

The testing observations discussed in Section 5.2 showed that damage was not concentrated at 

the rib-to-beam interface, but rather that the weakest section of the connection under positive 

rotational deformation had formed through the rib and in-line with the edge of the surrounding 

insitu concrete at the base of the connection. For the rib to remain undamaged and detach from 

the surrounding insitu concrete and mortar seating pad, the strength of the rib would need to 

exceed the combined resistance to movement provided by the interface shear strength of the 

concrete-to-concrete bond and the horizontal component of the reaction force for the floor 

provided by the mortar seating pad. The failure mode of the existing rib and timber infill 

connections determined from the testing observations and measurements presented above is 

discussed in this section. 
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5.4.1. Connection damage mode and loss of rib bearing 

It had been anticipated from previous earthquake observations and research (as discussed in 

Sections 2.4.2 and 3.2.4) that the over strengthening of the support due to the surrounding insitu 

concrete would cause the ends of the ribs to be held in place and result in the applied damage 

becoming sustained through the ribs and this was partially consistent with what was observed 

during the tests. However, unlike the postulated failure mode that is illustrated in Figure 5.44a, 

the damage in the ribs themselves did not follow the line of the sloping timber infill strip but 

rather the damage propagated from the base of the ribs towards the rib-to-beam interface. The 

phenomenon observed during the tests is illustrated in Figure 5.44b, which provides a 

comparison to the postulated failure mode, and is based upon the typical damage observed to 

the ribs as illustrated in the crack maps shown in Figure 5.37. Figure 5.44b also indicates how 

the combinations of rib entrapment and support beam ledge spalling observed had led to the 

development of an inclined failure plane. A loss of bearing of the floor on the support in the 

manner illustrated in Figure 5.44b is considered to be more desirable as the ribs were able to 

slip down and still be partially supported by the support beam ledge as further deformation was 

applied. In comparing the rib failure mode to the modes previously identified for hollow-core 

units and described in Section 2.3; it is perhaps more appropriate to consider the observed rib 

failure mode as a loss of support failure (most notably brought about by entrapment of the 

precast unit) than a positive moment failure of the rib itself. 

 
a) Postulated rib damage mode 

 
b) Observed rib damage mode 

Figure 5.44. Existing RT support connection damage mode 

The testing observations (summarised in Section 5.2.7) indicated that the residual seating 

length for the ribs as a result of the combination of both rib entrapment and support beam ledge 

spalling was 20 mm. New Zealand precasters have previously recommended that a residual 

level of seating for a precast unit following a severe event should be at least 20 mm (PCFOG 

committee 2009) and the testing performed here has indicated that this level of seating will be 

reached as a result of the anticipated rib entrapment and support beam ledge spalling alone and 
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without the application of further deformation to the connection. Given that the observed rib 

damage had been sustained at the point of positive moment cracking of the connection and 

prior to deformations simulating +0.5% drift in the structure being reached (see Table 5.3), 

structures not designed to undergo large magnitudes of deformation would still be susceptible 

to this loss in seating. Due to the nature of the connection which did not contain any positive 

moment continuity reinforcement or rib reinforcement (other than the prestressing strands 

which were not developed at the location of the damage), all of the subsequent deformation 

became concentrated at this weakest section where initial rupturing of the concrete took place. 

Further loading had led to loss of support for the rib as the connection sustained deformation 

to approximately 2% drift (see Table 5.3). While correlations between drifts and performance 

metrics would ideally be able to be drawn, more substantive research investigations would need 

to be performed before such limits could be assuredly stated. At this stage in the tests the 

deformation of the base of the rib relative to the support was measured to be approximately 20 

mm, consistent with the observed loss of rib bearing length discussed above.  

5.4.2. Influence of testing component properties on damage mode 

There are several reasons that may have contributed to the nature of the damage mode observed 

during the tests, including both the fact that relatively low insitu topping strengths were 

generally provided (see Table 5.2) and the influence of the specific location of the first stirrup 

within the precast rib. A lower insitu topping concrete strength would result in a weaker bond 

between the surrounding insitu concrete and the precast rib, thereby decreasing the load 

required for the rib to slip relative to this surrounding concrete and reducing the extent of the 

rib damage, meaning that a failure consistent with that illustrated in Figure 5.44a would be less 

likely. However, despite the fact that comparatively large concrete strengths were achieved by 

the support beams and ribs for each specimen; the fixity provided by the relatively weak insitu 

concrete was still able to induce severe damage to both of these test components. Furthermore, 

the confinement provided to the precast rib concrete encased within the first rib stirrup meant 

that damage was more likely to be sustained outside of this region and closer to the end of the 

rib, leading to the crack propagating beneath this first stirrup and towards the end of the rib. 

5.4.3. Implications of damage mode on diaphragm behaviour 

While the damage tended to be close to the rib-to-beam interface around the location of the 

ribs, it was observed during each test that the insitu topping crack propagated further away 

from the interface and into the floor in the region between the ribs. The nature of this damage 



Chapter 5. Rib and timber infill testing: Existing details 

136 
 

is best shown in Figure 5.19 which shows an overview of the extracted test specimen RT1. 

This damage pattern is the result of the fact that the insitu concrete thickness and therefore 

cracking moment is lowest at the end of the haunch, despite negative bending moments 

becoming reduced away from the connection. At the locations of the ribs however, the strength 

of the composite section is high further into the floor, leading to the damage being sustained 

towards the rib-to-beam interface where negative bending moments are higher. The irregular 

nature of this topping damage would in fact be likely to assist the ability of the connection to 

transfer in-plane diaphragm forces to the frame as interlock between the concrete either side of 

the cracked interface would be more likely to be provided. Although additional insitu topping 

cracks were observed away from the end of the haunched section during the early cycles of 

each test, these cracks remained closed following cracking of the connection which had 

resulted in a subsequent reduction in negative moment capacity as discussed in Section 5.3.2. 

5.4.4. Loss of rib support 

During each test, the stability of the floor had become dependent on the ductility of the 

continuity reinforcement which had been required to provide vertical support for the floor once 

the length of available rib seating had reduced significantly and the rib had been pulled off the 

support beam ledge. Previous research (that is discussed in Section 2.3.2) has highlighted the 

fact that reliance on the continuity reinforcement in the insitu topping to provide the vertical 

reaction force should be avoided due to the susceptibility of the topping to become delaminated 

from the precast unit under the applied stress (Herlithy 1999; Jensen 2006). Furthermore, 

composite action for a rib and timber infill floor relies upon the bond between the insitu topping 

and the precast rib over the width of the rib alone and so, despite the fact that the top surface 

of the precast rib is generally well roughened, this precast flooring system should be considered 

especially susceptible to topping delamination. In addition to this, the continuity reinforcement 

is also potentially susceptible to being pulled out of the topping under the applied stress as 

these bars will typically have a cover of approximately 30 mm only, dependent on the topping 

thickness. In the tests performed here, the continuity reinforcement bars in the vicinity of the 

ribs were placed through the rib stirrups such that these stirrups would bear directly on the bars 

to transfer load to the support. However, as this practice may not always be carried out on-site, 

it is likely that the continuity reinforcement would not be able to transfer load in this manner. 

As summarised in Table 5.3, fracture of the Grade 500 continuity reinforcement had taken 

place once a deformation measured to be 25 mm and 33 mm had been applied at the location 
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of these bars. Where Grade 300 continuity bars are used, it can be anticipated that the fracture 

strain of these bars will be increased as discussed in Section 5.1.5. 

5.5. Identified retrofitting approaches 

The performances of the test specimens have highlighted the vulnerability of the support 

connections for rib and timber infill floors in existing structures. The damage at the connection 

was sustained at low levels of rotational deformation and as soon as rupture of the concrete 

took place, resulting in a large proportion of the rib seating becoming lost as discussed above. 

While frame yield drifts tend to be in the order of approximately 0.5%, rupture of the 

connection under positive rotations consistently took place at approximately 0.3–0.4% drift, 

well within the first loading cycle to simulate frame yielding at 0.5%. These initial cycles to 

±0.5% drift had been intended to simulate an appropriate level of demand on the support 

connections of an elastic structure. It should be noted that support connection rotation was 

conservatively assumed throughout the testing programme to be equivalent to the drift of the 

structure and neglected the torsional flexibility of the support beam. It is believed that this 

assumption is reasonably valid for precast ribs located sufficiently close to the longitudinal 

beam. However, in determining the rib support connections required to be retrofitted and the 

appropriate demand on each connection, the flexibility of the support beam should be taken 

into account. Although a vertical drop at the connection was only measured to have occurred 

at approximately 2% drift, the inherent variability in the nature of the sustained damage under 

low levels of rotational deformation and the subsequent unreliable load paths to provide vertical 

support for the floor raises concerns around the reliability of the performance of rib and timber 

infill floor support connections in existing structures. It is therefore necessary that buildings 

containing this connection detailing are identified such that the need for retrofitting can be 

assessed. Where similar detailing has been used and the rib is positioned such that the 

connection would be required to undergo significant levels of deformation, two possible floor 

collapse prevention measures have been identified and these consist of: 

• Increasing the rib seating length; and 

• Connection weakening. 

5.5.1. Increasing the rib seating length 

The research conducted on hollow-core precast concrete floors at the University of Canterbury 

had included testing on retrofitting techniques which involved the installation of additional unit 
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seating to prevent a loss of support failure for the floor (Jensen 2006; PCFOG committee 2009). 

The addition of a steel section bolted to the outside of the support beam ledge directly below 

the unit soffit could not only provide additional seating equivalent to the width of the steel 

section but also help to confine the support beam ledge and prevent spalling induced by prying 

of the unit. Figure 5.45 shows the behaviour of a hollow-core support connection utilising this 

retrofitting technique during testing performed by Jensen (2006) which had ensured sufficient 

seating was provided for the unit. During that research, it had been determined that where 

failure of the precast unit is anticipated to take place at the edge of the support beam ledge, an 

additional 50 mm of precast unit seating is most desirable as a steel section providing seating 

in excess of this length will more severely impact the behaviour of the precast unit under 

negative rotational deformations. A steel section bolted to the outside of the support beam ledge 

will provide rotational restraint to the precast unit soffit as the ledge translates vertically which 

may result in strengthening of this region and shifting the weakest section in the precast unit 

further along the floor and away from the additional support provided. The rotational restraint 

provided by the steel section will increase with an increased length of additional seating, 

leading to the requirement of 50 mm additional support to be provided. Furthermore, the 

additional seating should be in contact with the precast unit soffit as a gap provided to prevent 

this unit strengthening will result in the additional seating only becoming effective once the 

precast unit is already undergoing partial collapse. To ensure strength enhancement of the 

precast unit is minimised while contact is maintained, compressible material should be 

provided at the top of the steel section. In developing a section to provide this additional 50 

mm of additional seating, the use of a 100×50×6.0 steel rectangular hollow section (RHS) had 

been selected as the most suitable ahead of others considered which included steel angle 

sections, channel sections and flat plates. The following factors had led to the selection of this 

section: 

• The desired 50 mm of additional seating could be provided with the use of the use of the 

RHS section alone while the other steel sections assessed could only satisfy the required 

seating length with the use of stiffeners;  

• The section was stable, compact and stiff out of plane, thereby ensuring effective 

confinement would be provided to the support beam ledge; 

• The section was sufficiently deep so as to enable it to be fastened into (rather than above) 

the support beam reinforcing cage, better anchoring the section into the support; and 
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• The rounded corners of an RHS formed an ideal pivot point for the soffit of the precast unit 

to rotate about. It had been a concern that the sharp corners of the steel section providing 

the additional seating could induce cracking in the precast unit at this location. 

Figure 5.45. Additional seating in hollow-core test (Jensen 2006) 

Utilising the same 100×50×6.0 RHS section to provide additional seating for a precast rib is 

considered to be a simple and cost effective retrofit solution where a large amount of the seating 

length of the rib is likely to remain entrapped in the support and Figure 5.46 illustrates how 

this would provide additional seating to a precast rib damaged in a manner consistent with what 

was observed during this testing. This additional seating would result in an increased seating 

length from approximately 35 mm (as discussed in Section 5.2.7) to approximately 85 mm and 

well in excess of the anticipated demand on the connection (see Section 5.1.3). Unlike 

retrofitting hollow-core units, the additional seating would only need to be provided directly 

beneath the precast ribs themselves and an RHS section of length approximately 300 mm 

fastened into the beam reinforcing cage at two locations would ensure vertical support is 

provided. Design calculations and additional design considerations for this retrofitting 

technique are presented by Jensen (2006). In general, a similar design approach should be 

adopted for the retrofitting of precast ribs. Where the flange bending capacity of the RHS 

section is insufficient to accommodate the required bearing load (likely to be the case for the 

retrofitting of long spanning deep ribs) a stiffened angle or channel section should alternatively 

be adopted. 

While this retrofitting technique is considered to be effective at preventing the failure mode 

observed during this testing; a rib that has undergone a positive moment failure will not 

necessarily be effectively supported as failure of the connection is likely to take place further 

away from the support beam ledge. As discussed in Section 3.2.4, cracks were observed during 

the Canterbury earthquakes further into the rib than this additional seating would have been 
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able to accommodate. Such cracks were also observed during the recent Kaikoura earthquake 

(New Zealand Society for Earthquake Engineering and Structural Engineering Society New 

Zealand 2017). 

 
Figure 5.46. Existing RT support connection retrofitted with additional seating 

5.5.2. Connection weakening 

As an alternative retrofitting technique, the insitu concrete bond to the rib could be broken by 

either saw cutting or drilling both sides of the rib to weaken the connection. This retrofitting 

technique would reduce the tendency for the rib to become entrapped in the support with 

resistance to the rib sliding now only effectively being provided by the support beam ledge. 

Furthermore, by reducing the fixity established at the support, this retrofitting technique could 

be employed to prevent the connection from undergoing a positive moment rib failure, for 

which increasing the rib seating length would be ineffective. Alternatively, weakening the 

connection may be a more feasible retrofit solution against both failure modes in a situation 

where access restrictions to the underside of the floor prevent the installation of additional 

seating beneath the rib. Combining both retrofitting techniques is considered to be an effective 

solution to ensure that both a loss of support failure and a positive moment rib failure are 

reliably prevented, especially considering the failure mode of a particular rib and timber infill 

support connection will not generally be obvious. 

As was the case with providing additional rib seating, this retrofitting technique had been found 

to be a viable solution during hollow-core testing at the University of Canterbury to prevent a 

brittle positive moment failure of the unit (see Section 2.3.3) via selective weakening of the 

precast unit support connection (Jensen 2006). In the case of the UC hollow-core testing, a 

perforated plane of weakness was formed at the unit-to-beam interface by drilling a series of 

holes through the interface that had ensured that positive moment deformation was 

concentrated at this location and seating for the unit was retained upon deformation. In the case 

of precast ribs locked in place by insitu concrete, the bond to the surrounding insitu concrete 
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could also be broken by either cutting or drilling. Saw cutting the sides of the ribs would most 

likely involving cutting transverse diaphragm reinforcement that would need to be reinstated 

in the form of grouting additional bars and it is therefore considered that drilling a series of 

holes to provide this connection weakening would be a more effective solution. Furthermore, 

the trapezoid shape of the rib means that cutting would be required to be made on an angle 

which may bring about additional difficulties in locating the precise location of the sides of the 

rib. Experimental testing would need to be carried out in order for this retrofit solution to be 

deemed effective. 

5.6. Conclusions 

An experimental testing programme has been conducted to investigate the seismic performance 

of rib and timber infill floor support connections including those consistent with construction 

practices that were typically used in existing buildings. Simulated earthquake loading was 

applied to the support connection of the rib and timber infill floor specimens following a pre-

developed protocol combined with simulated gravitational loads and the following conclusions 

have been drawn from the results of the three tests conducted on this support connection type: 

• The existing support connection practices for rib and timber infill floors result in the end 

of the rib becoming held in place by the surrounding insitu concrete, which in turn resulted 

in a subsequent reduction in seating for the rib as soon as deformation was sustained at the 

connection. This reduction in seating, found to be approximately 40 mm during these tests 

and equivalent to the length of the rib encased within the insitu concrete, resulted in the 

ribs becoming susceptible to being pulled off their supports when subjected to increased 

levels of earthquake induced pull-off and rotational deformations. Loss of seating for the 

rib, characterised by the onset of vertical deformation of the floor during these tests, was 

then measured to have been initiated during loading to ±2.0% drift, with the large reduction 

of seating occurring prior to the completion of the first cycle to +0.5%. 

• The rib and timber infill support connections failed when the applied deformation was 

sufficient to reach the fracture strain of the Grade 500 continuity reinforcement following 

the prior reduction in rib seating length. The loss in rib seating had resulted in a reliance on 

these bars to provide vertical support for the floor after relatively low levels of deformation 

had been applied to the connection. Failure of the connection took place once deformation 

of a magnitude ranging between 25 mm and 35 mm had been applied at the location of 
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these bars resulting in collapse of the floor during simulated loading to either -3.0% or -

4.5% drift. 

• The location of the sustained damage was more desirable than for damage to have been 

sustained further along the rib which would have likely resulted in loss of seating for the 

rib at an earlier stage in the test. Furthermore, the fact that the rib damage was less severe 

above the base of the rib enabled support to be provided as the rib slid down the support 

beam ledge under increasing deformation. 

• Spalling of the support beam ledge due prying of the ribs was typically minor to moderate 

for all three specimens and resulted in a seating length of approximately 15 mm being lost 

directly beneath a varying proportion of the width of either one or both ribs. In each case, 

the spalling did not extend the full length of the ledge beneath the rib but rather tended to 

be concentrated beneath the centre of the rib where rib entrapment was less severe and 

therefore would not have resulted in this reduction in seating for the entire rib. 

• Following loading to deformations equivalent to those induced by a lateral drift of 1%, the 

support connection was able to accommodate vertical loading equivalent to that imposed 

by a 48 kPa live load over the surface of the floor despite the loss in seating. The support 

connection was subsequently then able to accommodate vertical loading equivalent to that 

imposed by a 29 kPa live load after the pull-off deformation applied to the floor was 

increased to that which would be sustained following loading to approximately 2% lateral 

drift. As a building incorporating 175 mm ribs such as an office structure would typically 

be designed to withstand a live load of 3 kPa, the vertical loading applied here was well in 

excess of that which the connection would be required to withstand whilst only minor 

damage had been sustained by the connection. 

• The lightly reinforced nature of the connection meant that almost all of the applied 

deformation was concentrated at a single location and the floor freely rotated relative to the 

support beam following the onset of damage at the connection. The fact that a single crack 

formed leads to a breakdown of diaphragm action as the floor-to-beam connection cannot 

effectively transfer seismic induced inertia forces into the lateral load resisting system of 

the building. However, the irregularity of the interface cracking, whereby the crack steps 

into the floor in the region between the ribs, would possibly aid diaphragm performance by 

increasing the likelihood of the concrete either side of the interface interlocking at larger 

crack widths. 
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• Bolting a steel RHS section to the support beam directly beneath a precast rib susceptible 

to losing its seating as a result of the deformation likely to be induced at the support 

connection is believed to be an appropriate retrofitting technique. However, rib and timber 

infill floors undergoing the postulated positive moment rib failure mode would have less 

benefit from this additional seating if the weakest section under rotational deformations 

forms further away from the support. It is therefore considered that breaking the bond to 

the surrounding insitu concrete to prevent a positive moment rib failure in addition to 

increasing the rib seating could be effective at preventing both failure modes and ensuring 

support for the floor is retained. Experimental validation is required for this second 

retrofitting technique. 

• From the observed damage mechanisms of support connections which hold the ends of the 

ribs in place, it is considered that connection practices that allow the rib to rotate and move 

relative to the support beam when subjected to seismic deformation should be adopted. 

5.7. References 

Cook, D., Fenwick, R., and Russell, A. (2014). Amendment 3 to NZS 3101. Paper presented at the New Zealand 
Concrete Industry Conference, Taupo, New Zealand. 

Federation Internationale de la Precontrainte (FIP). (1992). Quality assurance of hollow core slab floors. London: 
Publishing Solutions.  

Fenwick, R., Bull, D., and Gardiner, D. (2010). Assessment of hollow-core floors for seismic performance (2010-
2). Christchurch, New Zealand: Dept. of Civil and Natural Resources Engineering, University of 
Canterbury. Retrieved from 
http://www.ir.canterbury.ac.nz/bitstream/handle/10092/4211/12626196_CNRE%20Assessment%20of
%20Hollow-core%20Floors%20for%20Seismic%20Performance.pdf?sequence=1 

Fenwick, R., Bull, D., and Moss, P. (2011). "Design of floors containing precast units in multi-storey buildings". 
SESOC Journal, 24(1), 108-126.  

Herlithy, M. D. (1999). Precast concrete floor support and diaphragm action. PhD thesis, University of 
Canterbury, Christchurch, New Zealand.   

Jensen, J. (2006). The seismic behaviour of existing hollowcore seating connections pre and post retrofit. ME 
thesis, Dept. of Civil Engineering, University of Canterbury, Christchurch, New Zealand.   

Matthews, J. (2004). Hollow-core floor slab performance following a severe earthquake. PhD thesis, Dept. of 
Civil Engineering, University of Canterbury, Christchurch, New Zealand.   

New Zealand Society for Earthquake Engineering, and Structural Engineering Society New Zealand. (2017). 
Engineering guidelines for targeted damage evaluation following the November 2016 Kaikoura 
earthquakes: Version 1.1. Wellington City Council Targeted Building Assessment Programme. 
Retrieved from http://www.sesoc.org.nz/public_resources/Wellington-Targeted-Damage-Evaluation-
Guidelines.pdf?935 

PCFOG committee. (2009). Seismic performance of hollow-core floor systems. Wellington, New Zealand: 
Department of Building and Housing. Retrieved from 
http://www.nzsee.org.nz/db/PUBS/HollowCoreFloorSystems.pdf 

Standards Australia/Standards New Zealand. (2001). Steel reinforcing materials, AS/NZS 4671. Sydney, 
Australia and Wellington, New Zealand. 

http://www.ir.canterbury.ac.nz/bitstream/handle/10092/4211/12626196_CNRE%20Assessment%20of%20Hollow-core%20Floors%20for%20Seismic%20Performance.pdf?sequence=1
http://www.ir.canterbury.ac.nz/bitstream/handle/10092/4211/12626196_CNRE%20Assessment%20of%20Hollow-core%20Floors%20for%20Seismic%20Performance.pdf?sequence=1
http://www.sesoc.org.nz/public_resources/Wellington-Targeted-Damage-Evaluation-Guidelines.pdf?935
http://www.sesoc.org.nz/public_resources/Wellington-Targeted-Damage-Evaluation-Guidelines.pdf?935
http://www.nzsee.org.nz/db/PUBS/HollowCoreFloorSystems.pdf


Chapter 5. Rib and timber infill testing: Existing details 

144 
 

Standards New Zealand. (2002a). Structural Design Actions Part 0: General principles, NZS 1170.0 
2002. Wellington, New Zealand. 

Standards New Zealand. (2006). Concrete Structures Standard, NZS 3101 2006, including amendments 1 and 2 
(2008). Wellington, New Zealand. 

Structural Engineering Society New Zealand. (2011). Practice note - Design of conventional structural systems 
following the Canterbury earthquakes. Available from: 
http://canterbury.royalcommission.govt.nz/documents-by-key/20111221.1908. 

 

http://canterbury.royalcommission.govt.nz/documents-by-key/20111221.1908


Chapter 6. Rib and timber infill testing: Recommended details 

145 
 

Chapter 6. Rib and timber infill testing: Recommended details 

The results of the testing discussed in Chapter 5 confirmed the susceptibility of rib support 

connections in existing structures to fail in a brittle manner when subjected to positive bending 

actions.  This behaviour was primarily attributed to the fixity established at the support and the 

actions transmitted to the rib as a result of this fixity. As discussed in Chapter 3, cracks 

consistent with this brittle flexural failure had been observed in some structures following the 

2010/2011 Canterbury earthquake series. In response to the observations made during the 

Canterbury earthquakes, the Structural Engineering Society of New Zealand (SESOC) 

provided a number of recommendations for appropriate rib and timber infill support 

connections that were intended to allow the rib to slide and therefore ensure the vertical load 

carrying capacity of the floor is maintained as the transmission of actions that will potentially 

damage the rib are prevented (Structural Engineering Society New Zealand 2011). In addition 

to testing existing support connections to confirm the vulnerabilities, these alternative support 

connection details needed to be experimentally verified. This chapter discusses the second and 

third phases of the experimental programme that was first introduced in Chapter 5, which 

considered rib and timber infill support connection detailing consistent with the 

recommendations provided by SESOC following the Canterbury earthquakes and connection 

detailing consistent with currently common construction practices. 

6.1. SESOC connection detailing recommendations 

As discussed above and in Section 3.3.4, SESOC provided a number of recommendations for 

appropriate support connections for rib and timber infill floors in the interim design guidance 

published following the Canterbury earthquakes (Structural Engineering Society New Zealand 

2011). These recommendations have also been proposed to the New Zealand Concrete 

Structures Standard, NZS 3101:2006 for use in buildings designed for a ductile response. The 

recommended support detail is shown in Figure 6.1a and Figure 6.1b shows measures identified 

to effectively debond the rib from the insitu concrete so as to prevent fixity from being 

established at the ends of the ribs. It was intended that in using these connection detailing 

recommendations, the postulated and observed failure mechanisms of rib and timber infill 

floors discussed in Chapter 5 would be avoided. To reiterate Section 3.3.4, the main features 

of the SESOC recommended detailing consist of: 
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• The ribs being seated on a low-friction bearing strip; 

• Haunching the final timber infill strip is avoided and rather a vertical form is placed under 

the first timber infill out from the support instead; 

• A 15 mm chamfer (in addition to seating length) to help prevent support beam ledge 

spalling; 

• Closed stirrups positioned at 150 mm maximum spacings within the rib that extend into the 

insitu topping; and 

• The support beam ledge tied back into the beam with adequate reinforcement (similar to 

corbels). 

 
a) Recommended detailing 

 
b) Proposed rib debonding measures 

Figure 6.1. Recommended rib support detail (SESOC (2011)) 

6.2. Current construction practices 

Despite the SESOC detailing recommendations being provided in 2011 following the 

Canterbury earthquakes, only some of the features of the proposed detailing have been adopted 

and the practice of casting insitu concrete around the ribs has generally continued. In current 

construction it is common for the vertical timber infill strip to be placed flush with the edge of 

the support ledge, as shown in Figure 6.2, and for the rib to be seated on the bare concrete 

support beam ledge rather than on a low-friction bearing strip. This construction practice is still 

considered to provide partial fixity at the support connection as insitu concrete encases the ends 

of the ribs. Furthermore, the UC hollow-core testing had shown that where a low-friction 
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bearing strip beneath a precast unit has been omitted, a large degree of shear friction can be 

generated by the movement of the precast unit relative to the support beam ledge even if the 

precast unit has not been seated on a mortar pad (Jensen 2006). However, it is anticipated that 

the placement of a low-friction bearing strip beneath the rib would become common practice 

if it was shown that this will improve the performance of the support connection. 

As discussed in the previous chapter, rib and timber infill floors had traditionally been 

constructed with the design philosophy that the ends of the ribs were restrained from 

movement. This design philosophy results in an improved performance of the floor under 

serviceability loading, such that deflections and vibrations in the floor are significantly 

decreased. Furthermore, it has widely been considered impractical to detail the rib support 

connection such that the insitu concrete is debonded from the rib and in placing the vertical 

form to meet the edge of the support beam ledge a more aesthetically pleasing finish is achieved 

than where the vertical form is placed further into the support beam. In addition, the UC hollow-

core testing had shown that a connection that provided no positive flexural strength could result 

in increased rotational deformation being induced at the support connection due to the eccentric 

loading of the precast unit on the edge of the support beam (Lindsay 2004). This phenomenon 

had contributed to the NZS 3101 recommendation that reinforcement be placed at the bottom 

of hollow-core unit support connections as discussed in Section 2.3.8. 

 
Figure 6.2. Current rib and timber infill floor construction practice 

6.3. Experimental Investigation 

To investigate the seismic behaviour of both the SESOC recommended and currently 

constructed rib and timber infill support connections, an additional five specimens to those 

discussed in Chapter 5 were tested (labelled RT4-RT8). The test setup and loading regime used 

was equivalent to that developed for test specimens RT1 and RT2 (described in Section 5.1) 
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while the support connections were designed to be consistent with either the recommended or 

currently constructed connection detail described above. Table 6.1 repeats the details of the 

entire testing programme, as outlined previously in Section 5.1. 

Table 6.1. Rib and timber infill support connection testing plan 

Test phase Test Rib Stirrups Loading 

Existing 

RT1 Open Seismic to ±4.5% 

RT2 Closed Seismic to ±4.5% 

RT3 Open Seismic then vertical load to failure  

Recommended 

RT4 Closed Seismic to ±4.5% 

RT5 Open Seismic to ±4.5% 

RT6 Helix Seismic to ±4.5% 

Current 
RT7 Helix Seismic to ±4.5% 

RT8 Helix Seismic to ±4.5% 

6.3.1. Design of test specimens containing recommended support connections 

The support connections for test specimens RT4, RT5 and RT6 were designed to be consistent 

with the recommendations provided by SESOC and only the rib stirrup type was altered 

between each of the three specimens (see Table 6.1). The support detailing for these specimens 

is shown in Figure 6.3 and rib stirrup arrangements used for each test are shown in Figure 6.4, 

which includes a side view of the rib over a length of 1350 mm from the support connection 

along with a cross-section of the end of the rib. The main features of the connection design 

included: 

• The final 25 mm timber infill strip placed vertically to meet the ends of the ribs (see Figure 

6.3), such that the beam insitu concrete is prevented from flowing around the ribs. 

• The ribs seated on top of a low-friction bearing strip on top of a 75 mm wide support beam 

ledge. The low-friction bearing strip was positioned 15 mm back from the edge of the 

support beam ledge (consistent with Figure 2.24). 

• Four (D12) deformed bars of 12 mm diameter, with a characteristic yield strength of 

300 MPa (Grade 300), extended 1200 mm (100db) into the topping concrete from the 

support beam at 300 mm spacings as continuity reinforcement. The D12 continuity 

reinforcement was lapped onto SE62 ductile mesh placed in the 75 mm topping over the 

entire length of the rib. 

• A 15 mm wide chamfer at the edge of the support beam ledge. 

• Rib stirrups specified for each specimen, as shown in Figure 6.4. 
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Figure 6.3. Recommended support connection detailing (with dimensions in mm) 

 
a) Closed stirrups (recommended) – test specimen RT4 

 
b) Open stirrups – test specimen RT5 

 
c) Helix stirrups – test specimens RT6, RT7 and RT8 

Figure 6.4. Rib detailing (with dimensions in mm) 
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6.3.2. Design of test specimens containing currently constructed support connections 

The support connections for test specimens RT7 and RT8 were designed to be consistent with 

currently common rib and timber infill floor construction practices. The design of test specimen 

RT8 was also altered to incorporate features of the recommended support detailing as much as 

was considered practicable for future construction. The support detailing for these specimens 

is shown in Figure 6.5 and the recommended detailing was adjusted such that: 

• The vertical infill strip was placed to meet the edge of the support beam ledge, as shown in 

Figure 6.5; 

• No support beam ledge chamfer was provided at the edge of the support beam ledge; 

• The ribs were seated on top of a low-friction bearing strip for test specimen RT8 only and 

seated on top of the bare concrete support beam ledge for test specimen RT7; and 

• The ribs contained helix stirrups (consistent with Figure 6.4c), common in currently 

produced ribs due to their ease of placement in comparison to other rib stirrup types. 

 
Figure 6.5. Current support connection detailing (with dimensions in mm) 

6.3.3. Instrumentation 

A number of sensors were used to measure the forces and deformations applied to each 

specimen, similar to that used during the first phase of testing as discussed in Section 5.1.4. 

Load cells were installed on all jacks to measure the applied loads, while a series of 

displacement gauges measured deformations occurring at key locations of the specimen. Figure 

6.6 shows the location of each displacement gauge which included: 

• Gauges (1 - 3) that measured global displacement of the support beam and precast rib 

relative to external locations and were used to control the test through calculation of the 
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applied rotation of the support beam and rib pull-off as described in  

Section 5.1.4. 

• Gauges (4 – 6) that were connected to the topping and measured cracking across the rib-to-

beam interface. 

• Gauges (7 - 8) that were connected to the side of the western rib in two locations as 

indicated in Figure 6.6 and measured cracking at the top and base of the rib in the region 

near the vertical timber infill strip. 

• Gauges (9 - 10) that were connected between the eastern rib and the support beam as 

indicated in Figure 6.6 and measured displacement of the rib relative to the support. 

• Gauges (11 – 13) that were positioned on the underside of the western rib and support beam 

and measured vertical displacements. 

 
Figure 6.6. Recommended specimen displacement gauge locations (with dimensions in mm) 

6.3.4. Specimen Construction and Material Properties 

The construction of the testing components and setup was completed at a large precast concrete 

manufacturing facility as had been the case for the first phase of the experimental programme 

described in Section 5.1.5. Figure 6.7a and Figure 6.7b show the construction of one of the 

recommended specimens (RT4) and one of the current specimens (RT8) respectively prior to 

the casting of the insitu topping. The main difference to be noted between the constructions of 

the two specimen types is the location of the vertical infill strip. Figure 6.8 shows the 

constructed specimens following casting of the insitu concrete for each of test specimens RT4, 

RT5, RT6 and RT8. It can be seen in the case of test specimen RT4 (Figure 6.8a) and, to a 

lesser extent, test specimen RT5 (Figure 6.8b) that some of the insitu concrete been enabled to 

flow around the ends of the ribs. The vertical infill strip had moved as the insitu topping 

concrete was poured, resulting in some encasement at the base of the ribs. Holding the final 

timber infill strip in place is less of an issue where the final timber infill strip is haunched to 
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meet the edge of the support beam ledge rather than placed vertically. This improvement in 

constructability had contributed to the predominance of the haunching detail in existing 

structures. Figure 6.8c and Figure 6.8d show the constructed specimens as intended by the 

design for test specimens RT6 and RT8 respectively. 

 
a) Specimen with recommended detailing 

 
b) Specimen with current detailing 

Figure 6.7. Specimen construction prior to insitu concrete casting 

 
a) Test specimen RT4 

 
b) Test specimen RT5 

 
c) Test specimen RT6 

 
d) Test specimen RT8 

Figure 6.8. Constructed specimens 
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Figure 6.9 shows the results from tensile testing of a representative sample taken from the 

continuity reinforcement. The fracture strain of the continuity reinforcing bars ranged between 

approximately 0.22 and 0.27, well in excess of the 0.15 minimum specified by AS/NZS 4671 

(2001) for Grade 300 reinforcement and the 0.14 measured for the Grade 500 reinforcement 

used for the specimens containing existing detailing (refer to Figure 5.11). The effect of the 

higher ductility Grade 300 continuity reinforcement is discussed in the results section. 

 
Figure 6.9. Continuity reinforcement tensile testing 

Table 6.2. Recommended RT component concrete strengths 

Concrete Unit Target Strength (MPa) Measured Strength at Testing* (MPa) 

RT4 - Support Beam 40 55 

RT4 - Topping Concrete 
RT4 – Ribs 

30 
45 

19 
75 

RT5 - Support Beam  
RT5 - Topping Concrete 

RT5 – Ribs 

40 
30 
45 

59 
15 
71 

RT6 - Support Beam  
RT6 - Topping Concrete 

RT6 – Ribs 

40 
30 
45 

46 
22 
57 

RT7 - Support Beam  
RT7 - Topping Concrete 

RT7 – Ribs 

40 
30 
45 

57 
22 

63 (28 day, tested day 328) 

RT8 - Support Beam  
RT8 - Topping Concrete 

RT8 – Ribs 

40 
30 
45 

Unknown 
17 

63 (28 day, tested day 385) 

*Actual strength on day of testing unless stated otherwise 

The concrete strengths measured for the support beam, topping and ribs for tests RT4-RT8 are 

shown in Table 6.2. The concrete strengths were measured at the time of testing, except for the 

ribs for test specimens RT7 and RT8 for which the 28 day strength is shown (with testing 

occurring beyond 28 days). Similarly to the specimens reported in Chapter 5, a design mix of 
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35 MPa was used for the topping concrete to enable testing approximately ten days after casting 

at a target strength of 25–30 MPa and standard design mixes of 45 MPa and 40 MPa were used 

for the manufacturing of the precast ribs and the precast bottom half of the support beams 

respectively. It can be seen in Table 6.2 that significantly lower than specified strengths were 

generally achieved for the topping concrete at the time of testing and the influence of these low 

strengths on the performance of the support connections is discussed in the results. 

6.4. Experimental observations 

Observations made during the testing of each specimen are presented in this section as well as 

those subsequently made upon extraction and examination of the specimen following the test. 

An overall summary of the key observations made for each test specimen is also presented in 

Section 6.4.6. In general, test specimens RT4-RT6 were characterised by the lack of damage 

sustained away from the rib-to-beam interface during each of these tests and the behaviour of 

connection in ensuring that the ribs detached from the support beam without sustaining 

significant damage. Due to the lack of damage and equivalent design of each of these three 

specimens (other than the rib stirrups used), observations made during these tests are discussed 

concurrently. During the testing of specimens RT7 and RT8 and similarly to the first phase of 

testing discussed in Chapter 5, damage to the ribs themselves was unable to be observed during 

a large proportion of the test. Therefore, and similarly to the test specimens discussed in 

Chapter 5, the approximate location of the rib-to-beam interface is marked on several photos 

shown for both of these tests to clarify the behaviour of the specimens during the early loading 

cycles. 

6.4.1. Test RT4 – RT6 

Connection damage mode: 

The rotational and pull-off deformations were applied to the support connections of test 

specimens RT4, RT5 and RT6 to the full extent of the loading regime without causing loss of 

vertical support for the floor in any of the three tests. During each test a crack formed at the 

ends of the ribs as the ribs were pulled away from the support beam during the first cycle to 

+0.5% drift and before any significant load had been sustained at the connection. The fact that 

the ribs detached easily from the support beam highlights the capability of the connection to 

accommodate rotation while both the ribs and the support beam are prevented from sustaining 

significant damage. The crack then propagated through the topping concrete directly above the 



Chapter 6. Rib and timber infill testing: Recommended details 

155 
 

rib-to-beam interface during the subsequent loading cycle to -0.5% drift, as intended by the 

connection design. Further deformation was applied to the connection with the response being 

dominated by the opening of this crack at the rib-to-beam interface while no additional cracks 

were observed to form elsewhere in the floor in any of the three tests. The deformation that 

had been sustained in the topping through to the latter testing cycles is shown for each test 

specimen in Figure 6.10. The nature of the sustained damage in each test, whereby a regular, 

straight crack formed at a single location through the rib-to-beam interface, would have 

resulted in the breakdown in the ability of the floor to behave as a diaphragm at relatively low 

drift levels as the rib-to-beam interface would have been unable to transfer diaphragm shear 

forces into the beam via aggregate interlock or dowel action. However, this breakdown in 

diaphragm action is the result of the connection behaving as intended and preventing damage 

from being sustained away from the rib-to-beam interface and ensuring vertical support for the  

 
a) Test specimen RT4 (at -4.5% drift) 

 
b) Test specimen RT5 (at -3.0% drift) 

 
c) Test specimen RT6 (at -3.0% drift) 

Figure 6.10. RT4-RT6 topping deformation 
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floor is maintained. In general, the connection detailing was sufficiently robust to prevent both 

the positive moment rib failure mode that was discussed in Section 2.4.2 and the loss of support 

failure mode that was observed for the test specimens discussed in Chapter 5. The connection 

detailing had successfully enabled the ribs to slide on the rotated support beam ledge without 

sustaining significant damage. 

 
a) First cycle 

 
b) Second cycle 

 
c) Excessive rotation 

Figure 6.11. RT4 topping damage at successive cycles to -1.0% drift 

It can also be seen in Figure 6.10a that the topping concrete for test specimen RT4 had become 

crushed adjacent to and approximately 50 mm further into the floor than the crack that had 

formed at the rib-to-beam interface. This crushing of the topping concrete had occurred during 

the second cycle to +1.0% drift and had been the result of positive rotational deformation being 

applied well in excess of that specified by the loading regime targets during this cycle (to 

approximately +14%). This excessive positive rotation is similar to that which had occurred 

during the testing of specimen RT1 and was discussed in Section 5.2.1. Figure 6.11a and Figure 
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6.11b show the state of the topping for test specimen RT4 at successive cycles to -1.0% drift, 

completed immediately prior to and the immediately following this damage respectively. 

Figure 6.11c shows the state of the connection immediately after this rotational deformation 

had been applied. Despite crushing the topping concrete, this deformation did not appear to 

affect the behaviour of the connection throughout the remainder of the test and, as had been 

the case during the testing of specimen RT1, was the result of the lack of positive moment 

capacity of the connection which had allowed the beam to freely rotate away from the floor 

under the combined weight of the floor and additional gravitational load. 

Rib damage: 

Despite the connection detailing having enabled the ribs to slide on the bearing strip, it was 

observed during each test that a minor degree of damage had taken place at the bottom corner 

of the ribs for each test specimen, causing approximately 10–30 mm of the length of the rib to 

be lost in this region. However, this damage was isolated to the corners of the rib and so the 

length of seating for the ribs on the support beam ledge was not reduced across the full rib 

width. The insitu topping partially flowing around the vertical form during the construction of 

test specimens RT4 and RT5 (see Figure 6.8) was considered to have contributed to the fact 

that the bottom corner of one or both of the ribs remained entrapped in the support beam during 

the testing of these two specimens. This damage was most significantly sustained at the bottom 

corner on the exterior (viewable) side of the ribs as the vertical form positioned between the 

ribs had better remained in place during construction and, as such, less concrete had been 

enabled to surround the interior side of the ribs. The low topping concrete strengths achieved 

for test specimens RT4 and RT5 (see Table 6.2) would have contributed to the damage to the 

ribs being minimal. 

Figure 6.12a and Figure 6.12b show the damage sustained by the eastern and western ribs 

respectively for test specimen RT4 as soon as this damage was visible. It can be seen that 

approximately 20-30 mm was lost from the bottom corners of these ribs where the insitu 

concrete had been enabled to flow around and partially lock this rib in place. It is therefore 

expected that this damage was sustained when the ribs first separated from the surrounding 

insitu concrete during the initial loading cycles. Figure 6.12c and Figure 6.12d show the ribs 

to not have sustained any further damage during the final testing cycles with the edges of the 

ribs now having lost contact with the support beam ledge, causing vertical support for the floor 

to now be provided by the centre of the rib alone. 
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a) Western rib at +2.0% drift 

 
b) Eastern rib at +3.0% drift 

 
c) Western rib at +4.5% drift 

 
d) Eastern rib at +4.5% drift 

Figure 6.12. RT4 rib damage 

Figure 6.13a and Figure 6.13b show the state of the western and eastern ribs of test specimen 

RT5 respectively following loading to +3.0% drift. It can be seen in Figure 6.13a that 

approximately 25 mm of the outside bottom corner of the western rib had remained trapped 

with the concrete that had been enabled to flow around this rib, similar to test specimen RT4, 

while Figure 6.13c shows that no further damage had been sustained by this rib through to the 

completion of the test. Figure 6.13b indicates that the eastern rib of test specimen RT5 had not 

sustained any damage as the side of the rib had detached from the insitu concrete. However, as 

further deformation was applied to the connection and the seated length of the eastern rib was 

greatly reduced, the increased prying stress on the rib as a result of this reduction in seating 
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caused approximately 10 mm of the bottom corner of the rib to spall during loading to +4.5% 

drift, as is shown in Figure 6.13d. 

 
a) Western rib at +3.0% drift 

 
b) Eastern rib at +3.0% drift 

 
c) Western rib at +4.5% drift 

 
d) Eastern rib at +4.5% drift 

Figure 6.13. RT5 rib damage 

Figure 6.14a and Figure 6.14b show that the ribs for test specimen RT6 remained undamaged 

towards the completion of this test, with the lack of insitu concrete surrounding the ends of the 

ribs during construction preventing entrapment of the ribs. However, the increased prying 

stress on the ends of the ribs during the final cycle, where rotations to -7% (in excess of the 

loading protocol) were applied to the connection, resulted in spalling of approximately 15 mm 

of the bottom corner of each rib during this test. This rib damage was similar to that observed 

for the eastern rib of test specimen RT5, and is shown in Figure 6.14c and Figure 6.14d for the 

western and eastern ribs respectively. 
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a) Western rib following loading to ±4.5% 

drift 

 
b) Eastern rib damage at +4.5% drift 

(second cycle) 

 
c) Western rib at -7% drift 

 
d) Eastern rib at -7% drift 

Figure 6.14. RT6 rib damage 

Support beam ledge spalling: 

In addition to preventing significant damage from being sustained by the ribs, the 

recommended connection detailing helped to mitigate spalling of the support beam ledge 

during two of the three tests. However, a large degree of support beam ledge spalling was 

observed during the testing of specimen RT5. The positioning of the low-friction bearing strip 

concentrated the vertical reaction force away from the edge of the support beam ledge and 

reduced the extent of horizontal stresses developed due to the movement of the rib. 

Additionally, the 15 mm chamfer reduced the localised prying stresses that developed due to 

the bearing of the ribs at the edge of the support beam ledge. 

Figure 6.15 shows the underside of the eastern rib of test specimen RT4 at the completion of 

testing which indicates that spalling of the support beam ledge was avoided. It can also be seen 

in Figure 6.15 that the damage sustained to the eastern rib during this test (shown in Figure 

6.12) was much less severe away from the exterior side of the rib as discussed previously.  
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Figure 6.15. RT4 support beam ledge spalling at test completion 

During the testing of specimen RT5 a large degree of support beam ledge spalling occurred 

beneath each rib towards the completion of the test, as shown in Figure 6.16. Given that none 

of the factors that typically contribute to spalling were altered for this test, it was concluded 

that this spalling resulted from construction inconsistencies. Figure 6.16a and Figure 6.16b 

show the damage sustained beneath the western and eastern ribs respectively following the  

 
a) Beaneath western rib after second cycle 

to ±3.0% drift 

 
b) Beneath eastern rib after second cycle to 

±3.0% drift 

 
c) Second cycle to +4.5% drift 

Figure 6.16. RT5 support beam ledge spalling 
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completion of loading to ±3.0% drift. Despite the severity of this spalling, the seated length of 

the western rib had reduced by only 15-20 mm as a large proportion of this spalling had resulted 

in the loss of the chamfer rather than the support beam ledge itself. The spalling beneath the 

eastern rib was initially minor. However, during the second cycle to +4.5% drift a large degree 

of spalling was sustained in this location and to a similar extent as that beneath the western rib 

as shown in Figure 6.16c. Figure 6.16c also indicates that the western rib was no longer seated 

properly on the support beam ledge at this point in the test. 

Figure 6.17 indicates that only very minor spalling of the support beam ledge chamfer had 

occurred during loading to -1.0% drift for specimen RT6 with this spalling sustained in the 

chamfer alone and not reducing the length of rib seating. The observations shown previously 

in Figure 6.14 indicate that no additional spalling was observed towards the completion of the 

test. 

 
Figure 6.17. RT6 support beam ledge spalling following loading to -1.0% drift 

Support connection state post-test: 

Throughout the testing of each specimen, the continuity reinforcement in the topping remained 

intact and vertical support for the floor was maintained while the connection was subjected to 

the entirety of the loading regime deformations, despite the extensive width of the crack located 

at the rib-to-beam interface during the final cycles. At this point in the testing of RT4 and RT6, 

the ribs retained their seating on the support beam ledge despite having minimal residual seated 

length. During the testing of specimen RT5 the floor had dropped slightly as a result of the 

support beam ledge spalling. 

During the testing of RT5 an additional cycle equivalent to -6.0% drift was applied to the 

connection following the completion of the loading regime and this additional cycle resulted 

in the onset of the topping becoming delaminated from the ribs and partial collapse of the floor 

occurring. This partial collapse of the floor can be seen in Figure 6.18a and occurred due to the 
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prior loss in rib seating, as discussed above. However, the -6.0% drift target was reached with 

the connection at the state indicated in Figure 6.18a and without the floor having collapsed 

completely. Out of the four continuity reinforcing bars, the two interior bars remained intact 

and delaminated with the topping, as indicated in Figure 6.18b, while the two exterior bars 

were prevented from delaminating with the topping as they were anchored within the rib 

stirrups. These exterior continuity bars had fractured as the crack width increased and the 

topping became partially delaminated from the floor, as shown in Figure 6.18b. The crack 

width at the point of failure was measured by gauge 6 (see Figure 6.6) to be approximately 58 

mm. It is considered that the low topping concrete strength (see Table 6.2) would have 

increased the likelihood of the observed failure via rupturing and delamination of the insitu 

topping between the ribs. 

 
a) Topping delamination 

 
b) Continuity reinforcing bar rupture 

Figure 6.18. RT5 topping delamination at -6.0% drift 

6.4.2. Test RT7 

The state of the RT7support connection following the second cycle to +1.0% drift is shown in 

Figure 6.19 and the approximate location of the rib-to-beam interface is indicated to provide a 

comparison to the location of the observed cracks. During the first cycle to +0.5% drift two 

cracks formed on the western side of the connection; one of which formed directly above the 

vertical infill strip while the other formed diagonally through the rib-to-beam interface, as 

indicated by the red lines in Figure 6.19a. The location of the crack that had formed through 

the rib-to-beam interface was consistent with this crack passing behind the termination of the 

topping mesh at the end of the ribs (see Figure 6.7). The fact that more than one crack had 

formed on this side of the connection was testament to the low topping concrete strength 

measured for this test (see Table 6.2). On the eastern side of the connection the vertical infill 

strip had become separated from the surrounding insitu concrete during the first cycle to +0.5% 
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drift and this crack had similarly propagated into the topping directly above the infill strip as 

indicated by the red line in Figure 6.19b. During the subsequent cycle to -0.5% drift these 

cracks had propagated to the top of the floor, as indicated by the blue lines in Figure 6.19. 

 
a) Western side of connection 

 
b) Eastern side of connection 

Figure 6.19. RT7 deformation at second cycle to +1.0% drift 

Figure 6.20 shows the spalling observed beneath both ribs that initiated during the first cycle 

to -1.0% drift. The support beam ledge damage that can be seen both directly beneath the 

western rib (see Figure 6.20a) and adjacent to the eastern rib at the corner of the support beam 

ledge (see Figure 6.20b) had existed prior to the test while the damage at the western corner of 

the beam ledge (Figure 6.20a) and directly beneath the eastern rib (Figure 6.20b) was the result 

of the prying of the rib. 

 
a) Spalling beneath western rib 

 
b) Spalling beneath eastern rib 

Figure 6.20. RT7 support beam ledge damage at first cycle to -1.0% drift 

While the deformations applied to the support connection during the initial cycles had been in 

accordance with the targets specified by the loading regime; the pull-off deformation target 

was greatly exceeded during the second cycle to -1.0% drift as the result of an error with gauge 

3 (the gauge controlling pull-off deformations applied during the test). This issue resulted in a 

Rib-to-beam 

interface 

Rib-to-beam 

interface 
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pull-off deformation of approximately 30 mm being applied during this cycle. The resulting 

connection damage is shown in Figure 6.21 and the applied pull-off deformation was similar 

to that which would have been targeted during the loading cycles to ±4.5% (see Figure 5.8). In 

general, this deformation exacerbated the crack at the rib-to-beam interface that was discussed 

previously, while the spalling of the corner of the support beam ledge adjacent to the western 

rib also fell off. It can also be seen in Figure 6.21c that a relatively regular crack had formed 

through the topping at the rib-to-beam interface apart from where the deformation had been 

sustained in two locations on the western side of the connection. The deformation sustained by 

the connection during this cycle is considered to have only accelerated the damage that would 

have occurred during the following loading cycles and the intended pull-off deformation targets 

did ultimately approach this level prior to failure of the floor as larger building drifts were 

simulated and no further pull-off deformation was applied. 

 
a) Western side of connection 

 
b) Eastern side of connection 

 
c) Topping deformation 

Figure 6.21. RT7 deformation at second cycle to -1.0% drift 

Figure 6.22 shows the damage sustained by both the ribs and support beam ledge following the 

completion of the first cycle to +2.0% drift and once the floor had been returned to zero 

rotation. Figure 6.22a shows the spalled corner of the support beam ledge adjacent to the 

western rib while Figure 6.22b indicates that the support beam ledge spalling directly beneath 
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the eastern rib had resulted in a reduction of approximately 20-30 mm of seating for this rib. 

Damage to the ends of the precast ribs themselves was not able to be observed during the earlier 

cycles, but following the excessive pull-off deformation applied during the previous cycle, the 

ends of the ribs were now visible. In comparing the visible location of the ends of the ribs in 

Figure 6.22 (originally seated 75 mm on the support beam ledge) to the deformation applied to 

the base of the rib, measured to be approximately 30 mm at this stage in the test; it is apparent 

that approximately 50 mm of the rib base had been lost as a result of the rib either spalling or 

remaining trapped in place in the support. It is likely that the ribs lost this length of seating as 

soon as the connection became damaged and as cracking was sustained through the ribs during 

the first cycle to +0.5% drift. 

 
a) Western rib 

 
b) Eastern rib 

Figure 6.22. RT7 rib damage following loading to +2.0% drift 

The outcome of the magnitude of deformation previously applied to the connection and the 

extent of rib and support beam ledge damage sustained was that the floor began to drop relative 

to the support beam during this first cycle to +2.0% drift. The pull-off deformation at the base 

of the rib was measured to be approximately 33 mm at the onset of this vertical deformation. 

This vertical deformation was more obvious on the eastern side of the connection, as shown in 

Figure 6.23 which shows the state of either side of the connection at this stage of the test. The 

relative deformation of either side of the connection is consistent with the damage shown in 

Figure 6.22 as more extensive support beam ledge spalling occurred directly beneath the 

eastern rib reducing the length of seating. Furthermore, more irregular damage to the base of 

the western rib would have enabled this rib to still partially bear on the support beam ledge at 

larger crack widths (see Figure 6.22a). After the ribs had lost seating on the support beam ledge, 

vertical support for the floor was provided by a combination of the rib bearing on the damaged 

face of the support beam ledge as well as kinking of the continuity reinforcement, similarly to 
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the failure of the test specimens with existing connection detailing that were discussed in 

Chapter 5. It is considered that dowel action of the prestressing strands would have been 

unlikely to have provided an effective contribution to vertical support for the floor at the 

applied levels of deformation as these would have pulled out of the entrapped rib stem. 

 
a) Western side of connection 

 
b) Eastern side of connection 

Figure 6.23. RT7 deformation following loading to +2.0% drift 

The separation of the ribs relative to the support beam became increasingly more severe during 

the subsequent positive loading cycles. Figure 6.24 shows the separation between the damaged 

end of the western rib and the support beam at +3.0% drift and the pull-off deformation at the 

base of this rib was large enough that this rib was also no longer in contact with the support 

beam ledge. 

 
Figure 6.24. RT7 western rib damage at +3.0% drift 

Figure 6.25 indicates that the vertical deformation of the eastern side of the floor was 

approximately 20 mm following the first cycle to +4.5% drift and once the support beam had 

been recentered. At approximately -2.0% during the subsequent cycle to -4.5% drift the 

continuity reinforcement fractured, leading to collapse of the floor as all other support 

mechanisms had been lost. The topping crack width at the location of these bars was measured 
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by both gauges 4 and 5 to be 40 mm at the time of fracture. Figure 6.26a shows the state of the 

connection at failure and Figure 6.26b shows the location of fracture of each of the continuity 

reinforcing bars. It can be seen in Figure 6.26b that each of the bars had fractured at the location 

of bar kinking at either side of the interface where the bar would have been subjected to 

increased localised stresses as a result of this kinking. 

 
a) Western side of connection 

 
b) Eastern side of connection 

Figure 6.25. RT7 vertical deformation following loading to +4.5% drift 

 
a) Floor deformation 

 
b) Bar fracture locations 

Figure 6.26. RT7 deformation at failure 

6.4.3. Post-test analysis of specimen RT7 

An analysis of test specimen RT7 following extraction from the testing frame verified the 

observations made throughout the test as well as the similarities in behaviour of this connection 

to the existing support connections that were discussed in Chapter 5. Figure 6.27 shows an 

overview of the state of the support beam and the damaged ends of the ribs are shown in Figure 

6.28. Severe damage was sustained at the base of both ribs, with the length of rib seating as a 

result of this damage reduced by approximately 40-50 mm across the full width of the base of 

the eastern rib (see Figure 6.28b) while the loss in length of the base of the western rib varied 

between approximately 30-60 mm across the width of the rib (see Figure 6.28a). The nature of 
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the damage is especially apparent from the sides of the ribs and the damage was less significant 

above the rib base and the centre of the ribs had remained relatively undamaged. In the centre 

of the ribs the helix stirrups had provided some confinement to the concrete and this had 

prevented spalling beyond the location of the first stirrup in the rib, similar to the specimens 

with existing detailing. In the eastern rib the placement of the stirrups began significantly closer 

to the end of the rib than the specified 50 mm, as can be seen in Figure 6.28b. The lack of 

damage above the base of the ribs enabled the ribs to bear on the face of the support beam ledge 

as the floor dropped relative to the support beam, consistent with the observations made late in 

the test. This phenomenon was illustrated previously in Figure 5.44b. 

  
Figure 6.27. RT7 floor damage overview 

The damaged support beam ledge underneath where the ribs were seated is shown in Figure 

6.29. In particular, an inclined failure plane consistent with that described in Section 5.4.1 is 

evident at the locations of rib seating, allowing the ribs to slide down the face of the support 

beam as the applied deformations were increased. Both the entrapped portion at the end of the 

rib (30–40 mm) and the support beam ledge spalling directly beneath the rib (10–30 mm) 

contributed to the development of this inclined failure plane that had greatly reduced the length 

of the support beam ledge on which the ribs were seated. The eastern rib was particularly 

vulnerable to losing seating due to the severity of the support beam ledge spalling beneath this 

rib, as described earlier. 



Chapter 6. Rib and timber infill testing: Recommended details 

170 
 

 

 
a) Western rib 

 

 
b) Eastern rib 

Figure 6.28. RT7 rib damage 

 
a) Western rib seat 

 
b) Eastern rib seat 

Figure 6.29. RT7 support beam damage 
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6.4.4. Test RT8 

Loading was applied to the support connection for test specimen RT8 through the full extent 

of the protocol followed by an additional cycle to ±6.75% drift which brought about fracture 

of the continuity reinforcement and collapse of the floor prior to the deformation targets for 

the -6.75% drift cycle being reached. Figure 6.30 shows the state of either side of the support 

connection following the completion of the first cycle to -1.0% drift. During the first loading 

cycle to +0.5% drift the vertical infill strip moved away from the support with the rib with a 

crack propagating from the top of the infill strip, as indicated by the red marked line in both 

Figure 6.30a and Figure 6.30b. During the subsequent cycle to -0.5% drift, a crack formed in 

the topping at a location approximately consistent with both the rib-to-beam interface and the 

termination of the topping mesh and propagated towards the edge of the support beam ledge, 

as indicated by the blue line in Figure 6.30 on both sides of the connection. On the western 

side of the connection it can also be seen that the crack that had formed during the positive 

loading cycle had propagated to the top of the floor during this cycle also. Figure 6.31 shows 

that a relatively straight path of rupture had formed through the topping, similarly to the other 

test specimens discussed in this chapter. Damage to the ribs was unable to be viewed during  

 
a) Western side of connection 

 
b) Eastern side of connection 

Figure 6.30. RT8 deformation at -1.0% drift 

 
Figure 6.31. RT8 topping deformation at second cycle to -2.0% drift 

Rib-to-beam 
interface 

Rib-to-beam 
interface 
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the early cycles and it was unclear whether the ribs had sustained damage similarly to those of 

test specimen RT7 or if the ribs had been enabled to freely detach from the support beam. 

Figure 6.32a shows the western side of the connection at zero rotation after the loading protocol 

had been carried out through to the completion of a single cycle to +4.5% drift. It can be seen 

that further deformation applied to the connection had been concentrated at the diagonal crack 

that had previously formed at the side of the connection, while the crack that had propagated 

down to the top of the vertical infill strip had remained closed. Figure 6.32a also shows that 

vertical deformation of the floor had not been sustained at this stage in the test and this is 

consistent with Figure 6.32b, which shows that the western rib had still retained seating on the 

support beam ledge. The fact that the western rib appeared to remain relatively undamaged is 

testament to the fact that the ribs were seated on a low-friction bearing strip during this test 

and this would have enabled the ribs to slide more freely. As well as enabling the ribs to slide, 

Figure 6.33 shows that seating the ribs on a low-friction bearing strip had prevented spalling 

of the support beam ledge through to the latter stages of the test, as shown here for the eastern  

 
a) Residual deformaiton 

 
b) Residual rib seating 

Figure 6.32. RT8 deformation after loading to +4.5% drift 

 
Figure 6.33. Support beam ledge condition at -4.5% drift 
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side of the connection through loading to -4.5% drift. This prevention of support beam ledge 

spalling had also been observed during the testing of specimens RT4 and RT6, as discussed in 

Section 6.4.1. 

Following the completion of the loading protocol through to the first cycle to -4.5% drift and 

the subsequent recentering of the beam, Figure 6.34a indicates that the floor had now dropped 

slightly relative to the support beam. Figure 6.34b also confirms this drop and shows that the 

slightly damaged base of the rib was no longer properly seated on the support beam ledge. The 

increased pull-off deformation applied during the previous negative loading cycle had resulted 

in this rib pull-off, measured to have been approximately 37 mm at this stage in the test. 

Although the floor had dropped slightly relative to the support beam, the edge of the support 

beam ledge was still providing some support for the floor at this stage in the test. 

 
a) Residual deformation 

 
b) Residual rib seating 

Figure 6.34. RT8 deformation after loading to ±4.5% drift 

During the final cycles the floor continued to drop relative to the support beam as indicated in 

Figure 6.35a, which shows the connection following the completion of the loading protocol 

cycles and upon loading to +6.75% drift. Following the recentering of the beam after this cycle 

the floor was measured by gauge 12 (see Figure 6.6) to have dropped approximately 25 mm 

relative to the floor. The increased deformation applied to the connection had resulted in the 

ribs being pulled off the support beam ledge completely and vertical support for the floor was 

provided by kinking of the continuity reinforcement alone. The deformation of the floor was 

such that the continuity reinforcement were kinked by approximately 20° and are shown in 

Figure 6.35b at +6.75% drift. The bars running through the rib stirrups are thought to have 

provided the majority of the support for the floor as these bars were able to bear on the helix 

rib stirrups and therefore transfer load from the ribs into the support beam. As discussed 
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previously, this mechanism should not be relied on to provide support for the floor where the 

continuity reinforcement and rib stirrups have not been designed to perform this function. 

Without the placement of the continuity reinforcing bars through the rib stirrups it is considered 

that the topping would have likely become delaminated from the ribs prior to this stage in the 

test as the topping-to-rib interface would have been required to transfer this reaction force to 

the continuity reinforcement. 

 
a) Connection deformation 

 
b) Continuity reinforcing bar kinking 

Figure 6.35. RT8 deformation at +6.75% drift 

During loading to -6.75% drift the continuity reinforcement fractured, resulting in collapse of 

the floor as the ribs had previously lost seating on the support beam ledge. At the point of 

fracture the crack width at the location of these bars was measured to have been in excess of 

50 mm and it is considered that the extent of this crack width was achieved as a result of the 

low topping concrete strength for this test specimen (see Table 6.2), similarly to the tests 

discussed previously. Figure 6.36a shows the state of the floor following failure of the 

connection and it can be seen that the continuity reinforcement had ripped through the weak 

concrete and kinked at a location consistent with the final transverse bar of the topping mesh. 

Similarly to test specimen RT7, fracture of the continuity reinforcing bars had taken place at 

the locations where these bars had kinked to provide support for the floor due to the localised 

increase in stress at these locations. However, it is considered that given the magnitude of the 

deformation required to fracture these bars, this local stress increase had little influence on the 

crack width at failure. It is also likely that the placement of the continuity reinforcement below 

rather than above the topping mesh for this test specimen combined with the fact that the 
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continuity reinforcement had extended 1200 mm into the topping had prevented these bars 

from being ripped out of the topping completely and prior to fracturing. The low topping 

strength would have also increased the susceptibility of the continuity reinforcement to being 

ripped out of the floor. Figure 6.36b shows the side of the connection following failure of the 

specimen and it can be seen that the topping had begun to delaminate from the rib 

approximately 275 mm away from the rib-to-beam interface and this had not been observed 

prior to failure of the specimen. The failure mode of this test specimen therefore appears to 

have been a combination of topping delamination and fracture of the continuity reinforcement.  

 
a) Floor deformation 

 
b) Partially delaminated topping 

Figure 6.36. RT8 deformation at failure 

6.4.5. Post-test analysis of specimen RT8 

Figure 6.37a shows an overview of the damage sustained by the floor after it had been removed 

from the testing frame and it can be seen that the topping had separated from the timber infill 

strip in the region between the ribs. This separation of the topping is consistent with the partial 

delamination of the topping upon failure of the floor, as shown in Figure 6.36b and Figure 

6.37b. It can also be seen in Figure 6.37a that the path of delamination of the topping had 

passed above the rib stirrups, rupturing the topping rather than causing the topping to 

delaminate from the ribs entirely and this is similar to the failure mode of test specimen RT5 

as discussed in Section 6.4.1. Therefore, as the continuity reinforcement directly above the ribs 

had passed through the rib stirrups, these stirrups were still able to provide support for the floor 

after the topping had begun delaminate. At the onset of this delamination, increased load would 

have been transferred to the two exterior continuity reinforcing bars (that were placed through 

the rib stirrups), as the two interior bars would have become delaminated with the topping. The 

increased load on the exterior bars would have initially fractured these two bars and this would 
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have subsequently increased the load on the two interior bars, resulting in the fracture of these 

also. 

 
a) Floor damage overview 

 
b) Topping delamination 

Figure 6.37. RT8 floor damage overview 

 

 
a) Western rib 

 

 
b) Eastern rib 

Figure 6.38. RT8 rib damage 

Figure 6.38a and Figure 6.38b show both a front on and a side view of the ends of the western 

and eastern ribs respectively and the white coloured ends of the ribs indicate where the rib had 

separated cleanly from the surrounding insitu concrete. The state of the ends of the ribs is 
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consistent with the observations made during the test (see Figure 6.32b) and verifies that only 

minor levels of damage were sustained. The damage observed to the base of the ribs would 

have only resulted in a loss in rib seating of approximately 15 mm and an absolute maximum 

loss in rib length was measured to be approximately 25 mm. Damage was not observed to be 

severe above the base of the ribs and this can be seen to have been the case for the western rib 

in particular. The ease at which the ribs had detached from the surrounding insitu concrete can 

be partially attributed to the low insitu topping strength in addition to the reduced resistance to 

movement provided by the low-friction bearing strip. However, given that the insitu topping 

concrete strength was comparable between test specimens RT7 and RT8 (see Table 6.2); the 

differences in performance of these two specimens can be attributed to the addition of the 

bearing strip. 

The state of the western and eastern rib seating locations on the support beam ledge are shown 

in Figure 6.39a and Figure 6.39b respectively. The damage is consistent with the observed rib 

damage shown in Figure 6.38 and with the ribs having detached relatively cleanly from the 

support beam. Only a small portion of the rib remained fixed to the support beam at the bottom 

corner of the western rib seat and top corner of the eastern seat respectively. The prying of the 

ends of the ribs upon collapse of the floor also appears to have slightly damaged the edge of 

the support beam ledge, reducing rib seating by a maximum of approximately 10 mm. This 

damage had not been observed prior to the completion of the test.  

 
a) Western rib seat 

 
b) Eastern rib seat 

Figure 6.39. RT8 support beam damage 

6.4.6. Key observations summary 

Table 6.3 and Table 6.4 provide a summary of the key observations and measurements made 

for each test specimen incorporating the recommended and current connection detailing 
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respectively. These observations can also be compared to those made for the specimens with 

existing detailing, as described in Section 5.2.7. It should be noted that the values recorded for 

the entrapment of the base of the ribs of the recommended specimens (Table 6.3) only occurred 

at the bottom corners of the ribs, unlike those recorded for both the existing and current 

specimens that represented the rib seated length lost as a result of this entrapment. In the 

situations where the bottom corner of the rib was observed to spall towards the completion of 

the test (most notably during the testing of specimen RT6), this loss in rib length is not 

recorded. The impacts of the section capacities on the behaviour of the connection are discussed 

in detail in Section 6.5.2 below and the measurements pertaining to vertical deformation of the 

floor are discussed in Section 6.5.3. A summary of the crack patterns for the specimens 

containing current detailing is also illustrated in Figure 6.40 and, similarly to the specimens 

containing existing details, the line illustrating rib damage represented typical rather than most 

severe damage. These crack patterns are not presented for the specimens containing 

recommended detailing due to the lack of damage sustained away from the bottom corner of 

the ribs for these specimens and the observable nature of the connection. The implications of  

Table 6.3. Key observations and measurements: RT recommended detailing 

Test RT4 RT5 RT6 

Insitu topping strength (MPa) 19 15 22 

Positive moment 
cracking 

Drift (%) N/A 0.25 0.19 

Moment (kNm) 8 4 2 

Uncracked negative capacity (kNm) 40 53 41 

Cracked negative capacity (kNm) 38 43 40 

Vertical 
deformation 

Drift cycle initiated +1.0% (2nd) +4.5% (2nd) N/A 

Pull-off applied to rib base (mm) 35 55 69 (max) 

Specimen 
failure 

Maximum positive drift sustained +4.5% +6% +7% 

Maximum negative drift sustained -4.5% -4.5% -7% 

Cycle target / Drift at failure N/A -6.0% / -5.4% N/A 

Topping crack width (mm) 52 (max) 58 70 (max) 

 West 
rib 

East 
rib 

West 
rib 

East 
rib 

West 
rib 

East 
rib 

Support beam 
ledge spalling 

Drift cycle initiated (%) 

N/A N/A 

+4.5% +4.5% 
(2nd) 

N/A 

-1.0% 

Length of seating lost (mm) 20 20 0 

% of rib width affected 100% 90% 0% 

Rib entrapment 
length 

Corner of rib base (mm) 20 30 25 0 0 0 

Rib centre (mm) 0 0 0 0 0 0 
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Table 6.4. Key observations and measurements: RT current detailing 

Test RT7 RT8 

Insitu topping strength (MPa) 26 17 

Positive moment 
cracking 

Drift (%) 0.22 0.28 

Moment (kNm) 24 13 

Uncracked negative capacity (kNm) 47 42 

Cracked negative capacity (kNm) 39 41 

Vertical 
deformation 

Drift cycle initiated +2.0% -4.5% 

Pull-off applied to rib base (mm) 33 37 

Specimen 
failure 

Maximum positive drift sustained +4.5% +6.75% 

Maximum negative drift sustained -3% -4.5% 

Cycle target / Drift at failure -4.5% / -2.0% -6.75% / -3.7% 

Topping crack width (mm) 40 57 

 West 
rib 

East 
rib 

West 
rib 

East 
rib 

Support beam 
ledge spalling 

Drift cycle initiated (%) -1.0% -1.0% -6.75% -6.75% 

Length of seating lost (mm) 10 30 10 15 

% of rib width affected 90% 70% 100% 100% 

Rib entrapment 
Rib base (mm) 45 45 15 15 

Rib centre (mm) 10 10 0 5 
 

the typical levels of damage sustained by both support connection types are subsequently 

discussed further in Section 6.6. 

In general, the key observations listed in Table 6.3 highlight the lack of damage sustained by 

the test specimens containing recommended detailing, while both Table 6.4 and Figure 6.40 

highlight the difference in behaviour of the specimens containing current detailing with and 

without the addition of a low-friction bearing strip. Test specimen RT7 performed in a manner 

similar to the test specimens containing existing connection detailing (discussed in Section 

5.2.7) and resulted in a residual seated length for the ribs of approximately 20 mm following 

the cumulative losses from entrapment of the rib and support beam ledge spalling. On the other 

hand, the addition of the low-friction bearing strip for test specimen RT8 resulted in this 

specimen behaving similarly with the specimens containing recommended detailing. 
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a) RT7 western side 

 
b) RT7 eastern side 

 
c) RT8 western side 

 
d) RT8 eastern side 

Obscured rib outline 

Damage at surface - Positive moment 

Damage at surface - Negative moment 

Damage at rib 

Figure 6.40. Current support connections crack map 

6.5. Measured Response 

6.5.1. Applied loading 

Figure 6.41 shows the rotational and pull-off deformations that were applied to each test 

specimen incorporating recommended detailing, while Figure 6.42 shows those applied to the 

test specimens incorporating current detailing. These deformations have been modified to 

exclude very high levels of positive rotation (as high as +14%) that were accidentally induced, 

most notably during the testing of specimen RT4. As discussed previously, these excessive 

deformations did not appear to affect the subsequent behaviour of the connection throughout 

the remainder of the test. Similarly to the deformations applied to the test specimens during the 

first phase of the experimental programme and discussed in Section 5.3.1, the response was 

skewed and pull-off deformations during the positive loading cycles were applied in excess of 

those targeted for the prototype structure. As the positive rotational deformations were applied 

to the connection, the lack of reinforcement at the base of the connection meant that the beam 
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was effectively made to rotate about the topping. This rotation of the beam about the topping 

caused the large pull-off deformations to be calculated as the centre of rotation of the support 

beam translated relative to the end of the rib.  

It can be seen in Figure 6.41 that while the loading protocol was carried out fully (to ±4.5% 

drift) during the testing of specimen RT4, negative rotation levels in excess of 4.5% were 

applied during the testing of specimens RT5 and RT6 along with large elongations in an attempt 

to cause these specimen to fail. As discussed in Section 6.4.1, these large deformations were 

still unable to bring about failure during the testing of specimen RT6 despite the fact that a 

crack width of 70 mm had opened up at the rib-to-beam interface. This specimen had been the 

most representative of the intended recommended connection detail.  

 
a) Test specimen RT4 

 
b) Test specimen RT5 

 
c) Test specimen RT6 

Figure 6.41. Deformations applied to connections with recommended detailing 

The large pull-off deformation applied during the first cycle to -1.0% drift during the testing 

of specimen RT7 can be seen in Figure 6.42a as well as the fact that the pull-off deformation 

applied was comparable to that which would have been targeted during the cycles to ±4.5% 

drift. Given that this specimen failed during the first cycle to -4.5%, the pull-off deformation 

targets can be considered to have caught up to those that would have been targeted at this stage 

-8 -6 -4 -2 0 2 4 6 8
-10

0
10
20
30
40
50
60
70

El
on

ga
tio

n 
(m

m
)

Drift (%)
 

 

-8 -6 -4 -2 0 2 4 6 8

0

0.5

1

1.5

2

2.5

El
on

ga
tio

n 
(in

.)

Target Measured

-8 -6 -4 -2 0 2 4 6 8
-10

0
10
20
30
40
50
60
70

El
on

ga
tio

n 
(m

m
)

Drift (%)
 

 

-8 -6 -4 -2 0 2 4 6 8

0

0.5

1

1.5

2

2.5

El
on

ga
tio

n 
(in

.)

Target Measured

-8 -6 -4 -2 0 2 4 6 8
-10

0
10
20
30
40
50
60
70

El
on

ga
tio

n 
(m

m
)

Drift (%)
 

 

-8 -6 -4 -2 0 2 4 6 8

0

0.5

1

1.5

2

2.5

El
on

ga
tio

n 
(in

.)

Target Measured



Chapter 6. Rib and timber infill testing: Recommended details 

182 
 

of the test and the measured pull-off deformation during this cycle can be seen to have been 

approaching the -4.5% drift target. The loading protocol was carried out during the testing of 

specimen RT8 with an increased cycle beyond the loading protocol to ±6.75% in an attempt to 

bring about failure of the specimen, similarly to that which had been applied during the testing 

of specimens RT5 and RT6. It can be seen in Figure 6.42b that the specimen failed during the 

negative loading cycle. 

 
a) Test specimen RT7 

 
b) Test specimen RT8 

Figure 6.42. Deformations applied to connections with current detailing 

6.5.2. Moment rotation response 

The measured moment rotation response for each of the test specimens incorporating 

recommended detailing is shown in Figure 6.43, while those for the test specimens 

incorporating current detailing are shown in Figure 6.44. It can be seen that the positive 

moment response was characterised by an initial positive moment capacity of the uncracked 

section followed by degradation of the connection as the ribs became detached from the 

surrounding structure. After the ribs detached from the surrounding structure, a lack of 

reinforcement at the base of the connection had resulted in load needing to be applied by the 

rotation jack to prevent the support beam from rotating under the combined weight of the floor, 

beam and strand coil, similarly to the response of the specimens containing existing connection 

details (see Figure 5.40). The extent of this initial positive moment fixity determined the nature 

of the damage sustained at the connection and the subsequent behaviour of the specimen 

throughout the remainder of the test. 

It can be seen in Figure 6.43 that a similar response was achieved for each of the specimens 

containing recommended connection detailing (RT4-RT6). The response of the recommended 

connection detailing is characterised by a low uncracked positive moment capacity that had by 

design enabled the rib support to act like a pin under positive moments and minimise resistance 
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to rib sliding. The peak positive moment capacity of the connection was approximately 8 kNm, 

4 kNm and 2 kNm for test specimens RT4, RT5 and RT6 respectively and these values are 

representative of the level of insitu concrete surrounding the ribs as discussed in 6.3.4. The 

positive moments measured at several additional stages following cracking during the testing 

of both specimens RT5 and RT6 was the result of compression being applied by the elongation 

jack to help reduce the excessive pull-off deformations during the positive loading cycles, as 

discussed in Section 6.5.1, partially obscuring the initial uncracked positive moment strength 

of test specimen RT6. In comparison to the specimens containing existing detailing (see Figure 

5.40), an increased positive moment capacity was achieved during the latter testing cycles by 

the specimens containing the recommended detailing due to the ribs having still maintained 

seating on the support beam ledge, providing some resistance to the base of the connection 

from opening up. Test specimen RT4 had become damaged due to positive moments being 

applied prior to the intended initiation of this test and the loading applied to first cause the rib 

to become separated from the surrounding insitu concrete is represented by the dotted line in 

Figure 6.43a. Following this initial damage, the connection was recentered and the loading 

regime was applied to the connection. 

Significant negative moment capacity was achieved for each test specimen (approximately 40-

55 kNm) prior to the topping concrete becoming cracked during the first cycle to -0.5% drift. 

Following this topping damage, negative moment capacity was subsequently provided by 

yielding of the continuity reinforcement and the lightly reinforced nature of the connection, 

which had resulted in a cracked section capacity of approximately 40-50 kNm, meant that 

additional cracks in the topping were prevented from forming. The fact that the initial negative 

moment capacity of the stiff, uncracked section was higher than the capacity of the cracked 

section later in the test highlights the fact that the continuity reinforcement was insufficient to 

cause additional cracks from forming in the floor. It can be seen for each test specimen that the 

level of negative rotation required to stress the continuity reinforcement had increased 

throughout the progression of the test and this was the result of the increased crack width at the 

connection requiring the rib to be rotated further for it to bear on the support beam. This 

increasing rotation is exemplified by the fact that the negative load was only measured to be 

significant at approximately -2.8% during the second loading cycle to -4.5% drift during the 

testing of specimen RT4. The continuity reinforcement did not fracture in any of the tests 

incorporating the recommended detailing during the loading regime deformations. However, 

fracture of the continuity reinforcement occurred during the testing of specimen RT5 where a 
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final cycle to -6.0% rotation was applied, resulting in a sharp drop in negative moment capacity 

at 5.4%, as shown in Figure 6.43b. During the testing of specimen RT6 negative rotations were 

applied to a maximum magnitude of 7.0% as discussed previously but these could not cause 

the rupture of the continuity reinforcement as shown in Figure 6.43c.  

While the recommended connection detailing had prevented appreciable damage from being 

sustained at the connection, the lack of load required to cause positive moment deformation 

and the ease at which the ribs had slid on the support beam ledge means that the floor would 

not perform as well for serviceability requirements and mid span deflections and vibrations 

would increase significantly. Furthermore, the unfixed nature of this eccentric load on the 

support beam could potentially increase the magnitude of rotational deformations at the support 

connection as had been found during the testing of hollow-core units where no fixity was 

provided at the base of the connection (Lindsay 2004), as discussed in Section 2.2.1. 

 
a) Test specimen RT4 

 
b) Test specimen RT5 

 
c) Test specimen RT6 

Figure 6.43. Moment rotation response of recommended details 

During the testing of specimen RT7 a large initial positive moment capacity can be seen in 

Figure 6.44a to have been achieved by the uncracked connection due to the insitu concrete 

surrounding the ends of the ribs and the shear friction provided by the rib being seated on the 

bare support beam ledge. The uncracked positive moment capacity of test specimen RT7 was 
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measured to be 24 kNm and this is comparable to the uncracked section capacities, of the 

specimens that had incorporated existing details (discussed in Section 5.3.2) measured to be 

30-40 kNm. The increased positive moment capacity of the connection resulted in the rupturing 

of the ribs at the edge of the insitu concrete surrounding the ends of the ribs as discussed in the 

testing observations. The lower topping concrete strength for test specimen RT7 when 

compared to the specimens incorporating the existing detailing (see Table 5.2 and Table 6.2) 

and this would have meant that the resistance to rib sliding provided by the insitu concrete 

encasing the end of the rib was reduced. It is therefore considered that connection detailing 

consistent with current construction practices still provides a similar level of positive rotational 

fixity to that provided by the existing connection detailing. Furthermore, the UC testing had 

also indicated that similar levels of shear friction can be provided by seating a precast unit 

directly on the support beam ledge as seating the unit on a mortar pad (Bull and Matthews 

2003; Jensen 2006). 

A reduction in the resistance to rib sliding provided by the bearing strip resulted in a much 

lower uncracked positive moment capacity being achieved for test specimen RT8 in 

comparison to that of test specimen RT7, as shown in Figure 6.44b. While a low topping 

concrete strength was also achieved for test specimen RT8, the fact that this strength was 

similar to that achieved for test specimen RT7 indicates that the low-friction bearing strip can 

significantly reduce positive moment connection fixity. The reduced connection fixity resulted 

in an initial positive moment capacity of 13 kNm; a value in between that achieved for test 

specimen RT7 and the test specimens with recommended detailing. During the latter testing 

cycles and following degradation of the connection, it can be seen in Figure 6.44b that the 

positive moment resistance of the connection had reduced more so than had been the case 

during the testing of specimens RT4, RT5 and RT6. The response of test specimen RT8 towards 

the completion of the test was therefore more comparable to that measured for the specimens 

containing existing detailing (see Figure 5.40), despite the fact that the damage sustained by 

the ribs had been much less severe. 

The behaviour of the connections of these two specimens when subjected to negative moments 

was comparable to that for the specimens containing recommended detailing and additional 

cracks were prevented from forming away from the rib-to-beam interface. It can be seen that 

reduced loads had needed to be applied to the connection during the testing of specimen RT7 

to reach the deformation targets following the pull-off deformation applied during the second 

cycle to -1.0% drift. This pull-off deformation had severely exacerbated the crack at the rib-to-
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beam interface and strained the continuity reinforcement to an extent that the negative 

deformation targets were able to be reached during the following cycles without the interface 

crack closing at the base of the connection and preventing the development of stress in the 

strained continuity reinforcing bars. The load picked up prior to the fracturing of these bars as 

a result of the damaged ends of the ribs bearing on the edge of the support beam ledge as 

negative rotational deformation was applied. 

 
a) Test specimen RT7 

 
b) Test specimen RT8 

Figure 6.44. Moment rotation response of current details 

6.5.3. Floor vertical deformation 

The vertical deformation of the floor relative to the ground was measured by gauge 12 (see 

Figure 6.6) for each of test specimens RT4-RT8 and these measurements are shown in Figure 

6.45 and Figure 6.46 for the specimens containing recommended and current connection 

detailing respectively. As had been the case throughout the testing of the existing details 

discussed in Section 5.3.3, the skewed response of the measured deformation is the result of 

the support beam ledge translating vertically as the support beam is rotated about the pin (see 

Figure 5.39) while the residual deformations measured at the zero rotation cycles provided a 

record of the vertical deformation throughout each test. In general, the vertical deformation 

recorded was consistent with the observations made during each test and little deformation was 

recorded for test specimens RT4-RT6 as a result of the ribs remaining relatively undamaged 

where the recommended support detailing was used. On the other hand, significant vertical 

deformation was recorded for both test specimens RT7 and RT8 following the ribs losing their 

seating during each of these tests. 

The vertical deformation for test specimen RT4 increased as the beam was rotated away from 

the support while the excessive loading was applied during the second cycle to +1.0% drift 

(excluded from Figure 6.45a). Given that the rib pull-off was only measured by gauge 10 (see  
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a) Test specimen RT4 

 
b) Test specimen RT5 

 
c) Test specimen RT6 

Figure 6.45. Floor vertical deformation of recommended details 

Figure 6.6) to reach 35 mm during this cycle, the rib had still maintained a significant amount 

of seating on the support beam ledge. Following this cycle, no further vertical deformation was 

measured until after the completion of the second cycle to +4.5% drift, at which point the 

vertical deformation was measured to increase from approximately 6 mm to 8 mm as the rib 

began to drop down the support beam ledge chamfer and this is also evidenced in Figure 6.12c. 

Vertical deformation for test specimen RT5 was measured to have taken place during the 

second loading cycle to +4.5% drift, consistent with the point in the test at which the spalling 

beneath the eastern rib was observed (see Figure 6.16c) with gauge 12 having been connected 

to the underside of the eastern rib during this test. The rib pull-off was measured to be 

approximately 55 mm at the onset of this vertical deformation and the deformation of the 

connection at this point was the result of the ribs slipping down the spalled face of the support 

beam ledge. The resultant deformation was approximately 7 mm prior to the failure of this 

specimen during loading to -6.0% drift. The lack of rib damage and support beam ledge spalling 

during the testing of specimen RT6 meant that minimal vertical deformation was recorded for 

this specimen and this is despite the fact that the applied deformation during the final cycle was 

more extensive than that applied during the testing of specimen RT5, causing a maximum rib 

pull-off of approximately 69 mm to be recorded. 
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A gradually increasing vertical deformation was recorded for test specimen RT7 following a 

larger than intended level of rotational deformation (to approximately +6.0%) applied during 

the first cycle to +2.0% drift, as shown in Figure 6.46a. Figure 6.22 had indicated that the ribs 

had essentially lost seating at a similar stage in this test due to the damage previously sustained 

by both ribs, resulting in a greatly reduced seating length. At the onset of this vertical 

deformation the pull-off deformation measured at the rib base was approximately 33 mm with 

this pull-off having greatly increased during the excessive deformation applied during the 

second cycle to +1.0% drift, accelerating the stage in the test at which this vertical deformation 

was initiated. The vertical deformation of the floor reached approximately 16 mm prior to the 

first cycle to -4.5% drift during which the connection failed, similarly to the deformation 

measured for test specimen RT2 prior to failure during this cycle also (see Figure 5.41b). It 

should be noted that the rib damage and support beam ledge spalling would have more severely 

affected the seating of the eastern rib, resulting in increased vertical deformation on this side 

of the connection as discussed in Section 6.4.2. Gauge 12 had been attached to the western rib 

and, given that the vertical deformation of the eastern side of the connection reached 

approximately 20 mm prior to failure of the specimen, it can be considered that the 

deformations shown in Figure 6.46a underestimate the deformation of this rib.  

 
a) Test specimen RT7 

 
b) Test specimen RT8 

Figure 6.46. Floor vertical deformation of current details 

Vertical deformation of test specimen RT8 was first recorded during the first cycle to -4.5% 

drift and at which point the measured pull-off at the base of the ribs was approximately 37 mm. 

Following the completion of the first cycle to ±4.5% drift, Figure 6.46b indicates that the floor 

had dropped 7 mm relative to the support beam ledge and this is consistent with Figure 6.34 

which had shown that the damaged rib base had been bearing on the edge of the support beam 

ledge at this point in the test, causing the floor to drop slightly. As further deformation was 

applied the ribs had been observed to drop down the support beam ledge as discussed 
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previously and further vertical deformation was recorded as support for the floor was now 

being provided by kinking of the continuity reinforcement. As the applied deformations 

increased, support for the floor via bar kinking was needing to be provided over an increasing 

crack width and the vertical deformation reached 22 mm following loading to +6.75% drift and 

prior to fracture during the subsequent cycle to -6.75% drift. 

6.5.4. Crack width development 

Figure 6.47 and Figure 6.48 show a plot of the measured crack widths across the rib-to-beam 

interface at the base and top of the floor respectively for the duration of each test presented in 

this chapter. Figure 6.47 provides a record of the crack width at the location of the base of the 

rib that had opened up as positive rotational deformations were applied to the connection and 

as the rib was pulled away from the floor while Figure 6.48 provides a record of the crack width 

in the topping and at the approximate location of the continuity reinforcement. As the 

significance of these measurements has been discussed previously in Section 6.4 in referencing 

the corresponding crack width at key points during the test, this will not be discussed in detail 

here. Namely, the crack width at the base of the floor was correlated to the loss of seating for 

the ribs and the onset of vertical deformation of the floor while the crack width in the topping 

was correlated to the fracturing of the continuity reinforcement. Figure 6.48 also confirms that 

the rotation applied to the support beam during the tests took place approximately about the 

continuity reinforcement, evidenced by the fact that as the rotation was altered and pull-off 

deformation was not applied, the measured crack width remained approximately consistent. 

Furthermore, the fact that the crack widths at the zero rotation cycles approximately correlate 

to the applied deformations shown in Figure 6.41 and Figure 6.42 further confirms that all of 

the applied deformation was concentrated at this crack location across the rib-to-beam 

interface. 

For the most part Figure 6.47 was measured by gauge 10, located between the base of the rib 

and the support beam ledge (as illustrated in Figure 6.6) while Figure 6.48 was measured by 

gauge 6. However, in several tests the values recorded by these gauges were either unreliable 

or the gauges crossing the rib-to-beam interface were removed prior to the failure of the 

specimen so as to prevent them from sustaining damage. In these situations, the crack width 

measurements have been predicted from gauges 4 and 5 where possible (these gauges crossed 

the rib-to-beam interface at the floor surface) with these values adjusted by the measured 

rotation to predict the crack width at the locations discussed above. However, where these 
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gauges had been removed also, the crack widths during the final cycles were predicted from 

gauge 3, similarly to the calculation of the applied pull-off deformation (see Section 5.1.4). 

The dotted lines indicate where measurements have been made by either of these prediction 

methods.  

 
a) Test specimen RT4 

 
b) Test specimen RT5 

 
c) Test specimen RT6 

 
d) Test specimen RT7 

  
e) Test specimen RT8 

Figure 6.47. Rib base crack width 
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a) Test specimen RT4 

 
b) Test specimen RT5 

 
c) Test specimen RT6 

 
d) Test specimen RT7 

 
e) Test specimen RT8 

Figure 6.48. Topping crack width 

6.6. Comparison of recommended, current and existing rib and timber infill 

support connection behaviour 

6.6.1. Damage mode of recommended connections 

The testing of specimens RT4, RT5 and RT6 showed that rib and timber infill floors 

incorporating the detailing practices recommended by SESOC are capable of performing as 

intended and enable the rib to slide on the low-friction bearing strip while maintaining adequate 

seating on the support beam ledge as the connection is subjected to seismic induced 
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deformations. Minor levels of damage were observed to the ends of the ribs as deformation 

was first sustained at the connection and the ribs detached from the support beam during two 

of these three tests, while this damage only took place towards the end of the third test as a 

result of the increased prying stress on the end of the rib once the seated length of the rib was 

greatly reduced. This rib damage was only observed at the bottom corners of the ribs and did 

not result in a reduced length of seating across the full width of the rib. A large degree of 

support beam ledge spalling took place towards the completion of one of the three tests while 

no significant support beam ledge spalling was observed during the other two tests. The 

chamfer would have helped to reduce prying stresses developed at the edge of the support beam 

ledge along with the bearing strip which was positioned back from the edge of the ledge, 

concentrating the support connection reaction further into the support. Furthermore, the low-

friction bearing strip would have also reduced the transmission of horizontal stresses into the 

support beam ledge. 

6.6.2. Damage mode of current connections seated on a bare concrete support beam ledge 

In contrast to the performance of the recommended detailing, the testing of support detailing 

consistent with current construction practices (RT7) resulted in a large length of both ribs being 

lost due to the entrapment of the ribs in the support beam. This rib entrapment was similar to 

that observed during the testing of specimens containing existing connection detailing (RT1-

RT3) and the failure mode as a result of this entrapment was summarised previously in Section 

5.4 and illustrated in Figure 5.44b. However, in avoiding the use of the haunched timber infill 

strip, a smaller portion of the ends of the ribs was encased in insitu concrete than for the 

specimens containing existing connection detailing. Furthermore, the ribs were seated directly 

on the support beam ledge rather than on a mortar pad and the insitu topping strength was 

measured to be comparatively lower than that for the specimens containing existing detailing. 

The combination of all of these factors would have reduced the resistance to rib sliding, as 

evidenced by the moment rotation response and discussed in Section 6.5.2, while the damage 

mode of the connection remained the same. It can therefore be considered that in using either 

of these two connection details, all of the base of the rib stem surrounded by the insitu concrete 

can be expected to remain entrapped in the support beam as seismic deformation is applied to 

the support connection and the connection ruptures at a lateral of drift approximately 0.3%, 

resulting in a loss of seating for the ribs equivalent to this length. 
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In addition to this rib entrapment, the omission of a low-friction bearing strip resulted in the 

rib bearing at a location closer to the edge of the support beam ledge. Due to the location of the 

vertical reaction force and possible stress concentrations due to an uneven bearing surface, the 

support beam ledge is at a greater risk of spalling as the rib pries on the edge of the support 

beam ledge. Furthermore, the friction at the location of bearing of the rib results in increased 

horizontal tensile stresses being developed in the support beam ledge. As a result, the spalling 

of the support beam for test specimen RT7 was also observed to be similar to that observed for 

the specimens with existing connection detailing and, as such, the residual seated length for the 

ribs on the support beam ledge can similarly be considered to be approximately 20 mm once 

this combination of rib entrapment and support ledge spalling is sustained. 

6.6.3. Damage mode of current connections with the addition of a low-friction bearing 

strip 

The damage sustained by both the rib and the support beam ledge was significantly less severe 

where the current support connection detailing was used in conjunction with ribs seated on a 

low-friction bearing strip. During the testing of the testing of specimen RT8, only 

approximately 15 mm of seating was lost due to damage sustained at the end of the ribs as 

described previously. This lack of fixity at the connection was evidenced by the moment 

rotation response of this specimen in comparison to test specimen RT7 (see Figure 6.44).  

Furthermore, the placement of the low-friction bearing strip back from the edge of the support 

beam ledge also helped to prevent the ledge from spalling. A similar level of performance was 

achieved by this specimen as was achieved by the specimens containing recommended 

detailing. 

6.6.4. Influence of testing component properties on damage mode 

It is expected that the low insitu topping strengths provided (see Table 6.2) would have 

influenced the bond between the rib and the support beam and enabled the ribs to become 

detached at lower levels of applied load. It is considered that in the case of the specimens 

containing recommended detailing that this low insitu topping strength would not have 

influenced the level of rib entrapment severely, as by design the insitu concrete was not 

intended to surround the sides of the ribs. For test specimen RT7, the impact of the low insitu 

topping strength is considered to be similar to that described in Section 5.4.2 in that it had 

possibly altered the failure mode of the connection whilst severe damage was still sustained by 

both the comparatively stronger ribs and support beam. For test specimen RT8 on the other 
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hand, it is unknown whether a higher insitu topping strength would have enabled the ribs to 

separate as freely from the support beam as had occurred during this test. However, given that 

similar insitu concrete strengths were achieved for test specimen RT8 and RT7, it can still be 

concluded that the use of a low-friction bearing strip will significantly reduce the support 

connection fixity. Similarly to the test specimens containing existing detailing, the specific 

location of the rib stirrups, located close to the ends of the ribs during this test, had influenced 

the path of rupture through the rib and ensured that the rib did not become damaged passed this 

region. 

6.6.5. Implications of damage mode on diaphragm behaviour 

The deformations applied to the support connections of each of the test specimens discussed in 

this chapter had been concentrated at a single crack location close to the rib-to-beam interface. 

Furthermore, a relatively straight path of rupture had formed in the topping concrete at this 

location and it is therefore considered that the ability of the floor-to-beam interface to transfer 

diaphragm shear would have been diminished at relatively small crack thicknesses. This loss 

in diaphragm action is unlike what was observed during the testing of the specimens containing 

existing detailing as the crack that formed at the connection of these specimens propagated into 

the floor and as such would have enabled the concrete either side of the crack to interlock more 

easily and transfer diaphragm shear. However, as it is generally necessary for deformation 

applied to the support connection of a precast concrete flooring unit to be concentrated solely 

at the unit-to-beam interface; this breakdown in diaphragm action is a necessary result of 

ensuring seating of the precast unit on the support beam ledge is maintained. This concentration 

of deformation at the unit-to-beam interface is also similar to what was observed during the 

testing of the support connections of deep hollow-core units discussed in Chapter 4, which had 

also behaved as intended and prevented the transmission of damaging actions into the units.  

The loading protocol applied during this experimental programme was designed to represent 

worst case loading at the floor support connection (see Figure 2.31). Provided this deformation 

is limited to the corners of the floor, the performance of the diaphragm will not be jeopardised. 

In order for the integrity of the diaphragm to be retained, the diaphragm needs to be detailed to 

behave in the recommended manner outlined in Section 2.5.1 such that the length of cracking 

around the perimeter of the diaphragm is minimised. It is considered that further research into 

the performance of precast concrete floor diaphragm connections should be carried out with a 
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focus on the diaphragm connections being designed to limit the length of this cracking around 

the perimeter of the diaphragm and such that the integrity of the diaphragm is retained.  

6.6.6. Loss of rib support 

During the testing of specimens RT5, RT7 and RT8 the ribs had lost bearing on the support 

beam ledge at various points in the test. During the testing of specimens RT5 and RT8 this loss 

of support only occurred towards the completion of the loading regime. As a result of the ribs 

losing seating and similarly to the specimens containing existing detailing, support for the floor 

was subsequently provided by the damaged rib sliding down and interlocking with the damaged 

face of the support beam ledge along with kinking of the continuity reinforcement. As 

discussed in Sections 2.3.2 and 5.4.4, neither of these mechanisms should be relied upon to 

support the floor. Kinking of the continuity reinforcement in the topping should only be relied 

upon as an alternative means to support a precast rib and timber infill floor where the continuity 

reinforcement (kinked to a maximum of 30 degrees) has been designed to provide the vertical 

reaction force to support the floor and the (closed loop) rib stirrups have been designed such 

that they are able to anchor the continuity reinforcement and transfer this load into the ribs 

(New Zealand Concrete Society and New Zealand Society for Earthquake Engineering 1999). 

Following a loss of support of the ribs in test specimen RT7, the topping did not delaminate 

from the ribs and collapse of the floor was eventually brought about due to the fracture of the 

continuity reinforcement, similar to that observed for the specimens containing existing 

detailing. However, the Grade 300 continuity reinforcement for test specimen RT7 was able to 

undergo comparatively larger levels of strain and did not fracture until a crack width at the 

location of these bars of 40 mm was sustained. Following the loss of bearing for both test 

specimens RT5 and RT8, failure of the connection was brought about by partial delamination 

of the topping concrete in addition to the fracturing of the continuity reinforcement, as 

described in Section 6.4 previously. For both of these specimens the two exterior continuity 

reinforcing bars had been anchored within the rib stirrups and this had enabled these bars to 

prevent complete delamination of the topping, as illustrated in Figure 6.49. During both of 

these tests the topping delaminated only upon failure of the connection, resulting in the entire 

load to support the floor to be provided by the two exterior bars bearing on the ribs. The 

increased load subsequently led to the fracture of these two exterior bars and this in turn had 

transferred the load back to the interior continuity reinforcement in the partially delaminated 

topping, leading to the fracture of these bars additionally during the testing of specimen RT8. 
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It had also been observed during the testing of specimen RT8 that the continuity reinforcement 

had begun to rip out of the topping concrete prior to the delamination of the floor. During the 

testing of specimen RT5 however, the floor had not collapsed and the two interior continuity 

reinforcement bars had remained intact within the delaminated topping as the deformation 

target to -6.0% drift was reached. The failure of both of these connections occurred only when 

the crack width at the location of the continuity reinforcement exceeded 50 mm. 

 
Figure 6.49. Partially delaminated topping in region between rib stirrups 

6.7. Support detailing considerations for future construction 

The three tests performed on recommend support connections have shown that in using this 

support detail for rib and timber infill floors, very large levels of seismic deformation can be 

accommodated by the connection and rib seating is retained through loading to large lateral 

drifts. However, although the test specimens containing this detailing were found to perform 

to a high standard, it has been considered impractical within the New Zealand construction 

industry to construct rib and timber infill floors in this manner and it is considered more 

desirable to position the vertical timber infill strip to meet the edge of the support and such that 

the ends of the ribs are surrounded by insitu concrete. As discussed in Section 6.2, there are a 

number of factors that result in this construction practice being more desirable, including the 

fact that the floor is better able to accommodate vibrations and deflections at serviceability 

levels of loading. In-line with this behaviour of the recommended connection detail under 

serviceability loads is also the fact that the lack fixity established at the base of the connection 

may result in the connection being subjected to larger rotational deformations as discussed 

previously. Where the rib and timber infill support connection is designed such that insitu 

concrete surrounds the end of the rib, several factors should be considered so as to optimise the 

performance of the connection and minimise the tendency for the ribs to lose seating as a result 

of either rib entrapment or support beam ledge spalling. These factors are discussed in order of 

considered constructability: 

• Grade 300 continuity reinforcement; 

• Low-friction bearing strip; 
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• Rib stirrup type and placement; 

• Support beam ledge chamfer; and 

• Rib armouring. 

6.7.1. Grade 300 continuity reinforcement 

The increased fracture strain of the Grade 300 continuity reinforcement have consistently 

resulted in these bars fracturing at a later stage in the test in comparison to where Grade 500 

bars have been used. As required by AS/NZS 4671 (2001), the minimum fracture strain of 

Grade 500 reinforcing steel is 0.10, in comparison to the 0.15 required for Grade 300 

reinforcing steel. The comparative fracture strains generally achieved by these bars throughout 

this experimental programme have typically reflected these minimum requirements and the 

Grade 300 bars have undergone larger elongations prior to fracture. Where damage has been 

sustained at the connection such that the rib loses seating on the support been ledge, the 

continuity reinforcement provided a secondary load path to support the floor. Despite the fact 

that this not a reliable support mechanism; failure of the connection during each test that had 

involved a loss in rib seating had been prevented prior to the fracturing of the continuity 

reinforcement. Therefore, as the performance of the connection was dependent on the ductility 

of the continuity reinforcement, it is considered important that Grade 300 continuity reinforcing 

bars are used. 

6.7.2. Low-friction bearing strip 

The four test specimens discussed in this chapter that had incorporated a low-friction bearing 

strip placed beneath the ribs had resulted in significantly decreased levels of fixity being 

established at the support connection. Most notably, the use of a low-friction bearing strip in 

conjunction with the current support connection detailing has shown that a significant 

improvement in performance can be achieved by the connection due to the reduced resistance 

to rib sliding in comparison to that where the ribs had been seated on the bare concrete ledge 

alone. Furthermore, where the rib is seated on a low-friction bearing strip, it is much less likely 

that significant spalling of the support beam ledge will occur due to the fact that the vertical 

reaction force is concentrated further into the floor, along with the fact horizontal stresses 

induced in the support beam ledge by shear friction are greatly reduced. It is therefore 

considered paramount that ribs should always be seated on a low-friction bearing strip, as is 

proposed in the draft amendment 3 to NZS 3101:2006. 
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6.7.3. Rib stirrup type and placement 

The selection and placement of rib stirrups was found to influence the location and therefore 

extent of damage sustained by the ribs where the ribs have become entrapped in the support. 

Where this rib entrapment occurred, the path of rupture through the base of the rib was 

consistent with the line of the insitu concrete while the damage sustained throughout the centre 

of the rib was variable. However, this rib damage was not observed to extend into the region 

confined by stirrups in any of the tests conducted during this experimental programme and it 

is therefore considered to be beneficial if the first rib stirrup is positioned as close as permissible 

to the end of the rib and rib stirrup cover is reduced to 30 mm. Furthermore, stirrups containing 

a tie across the base (closed loop stirrups) are likely to further limit the amount of damage 

sustained in comparison to open stirrups that do not contain a tie across the base. It should be 

noted that the location of the first rib stirrup is unlikely to influence the loss in rib length at the 

base of the rib but rather it is considered that the location of this stirrup will prevent collapse 

of the floor where the base of the rib has lost seating as the centre of the rib will be able to bear 

on the support beam ledge. It is also considered that minimising the stirrup cover will be most 

effective in conjunction with an increased length of rib seating in accordance with the proposed 

draft amendment to NZS 3101:2006, as discussed in Section 2.3.8. 

6.7.4. Support beam ledge chamfer 

The addition of a support beam ledge chamfer is intended to reduce the prying stresses and 

prevent spalling due to the bearing of the ribs on the edge of the support beam ledge when 

subjected to rotational deformations. During testing of the three specimens containing the 

recommended connection detailing, spalling of the support beam ledge was prevented during 

two of these tests. However, test specimen RT8 showed that support beam ledge spalling could 

potentially be prevented due the placement of a low-friction bearing strip beneath the ribs 

alone. Despite there being no significant difference in the addition of a support ledge chamfer 

between these tests during this experimental programme, it is still deemed that a chamfer 

should still be constructed at the edge of the support beam ledge for best practice. 

6.7.5. Rib armouring 

The experimental tests discussed both in this chapter and in Chapter 5 have shown that where 

insitu concrete is cast around the rib, the unconfined end of the rib is susceptible to becoming 

entrapped in the support beam. While it has been deemed as infeasible to separate the ribs from 



Chapter 6. Rib and timber infill testing: Recommended details 

199 
 

the insitu beam concrete through any procedure that would be required to be carried out on-

site, it is considered that precast concrete ribs could alternatively be manufactured such that 

the ends of the ribs are armoured and the tendency for the end of the rib to remain entrapped in 

the support is mitigated. Upon manufacturing the ribs the prefabricated plate or angle would 

be placed inside the rib mould prior to casting and would encase the sides, end and base of the 

rib around which the insitu concrete is cast. The top of the rib would still be required to bond 

with the insitu topping for composite action of the floor to be achieved and allowance in 

prefabricate plate should enable the prestressing strands to pass through. 

6.8. Conclusions 

An experimental programme was conducted to investigate the seismic performance of rib and 

timber infill floor support connections and encompassed support connections consistent with 

existing detailing, recommended detailing and current detailing. Simulated earthquake loading 

was applied to the support connection of the rib and timber infill floor specimens following a 

pre-developed protocol combined with simulated gravitational loads. The testing discussed in 

this chapter followed on from the first phase of the experimental programme which had shown 

that typical existing rib and timber support connections were susceptible to a brittle loss of 

support failure when subjected to the simulated earthquake loading. As such, the performance 

of the existing support connections had highlighted the need to verify alternative connection 

details for future construction and testing was subsequently conducted on support connections 

consistent with current recommendations as well as those typical of current construction 

practices. The following conclusions have been drawn from the results of the five tests that 

were conducted on these support connection types: 

• The rib and timber infill specimens containing recommended support connection detailing 

were able to sustain loading to lateral drift levels in excess of ±4.5% and pull-off 

deformations of up to 70 mm, significantly greater than the deformations that would be 

anticipated in a typical rib and timber infill structure. The connection was able to provide 

vertical support despite the ribs having almost no residual seating following the applied 

deformations. 

• The nature of the recommended support detailing, which minimised positive moment fixity 

at the connection and therefore the transmission of tensile stresses into the ribs, successfully 

prevented the formation of any positive moment cracks in the ribs and enabled the ribs to 

slide on the bearing strip without sustaining significant damage. Rib damage was only 
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sustained as a result of the fact that the insitu concrete had partially flowed around the ribs 

for some of the test specimens, causing approximately 10-25 mm of the bottom corners of 

the ribs alone to remain entrapped in the support while the centre of the ribs remained 

undamaged. 

• Rib and timber infill support connections with detailing typical of current construction 

practices behaved in a similar manner to the existing support connections and were 

susceptible to a large degree of the end of the rib remaining entrapped in the support. This 

rib entrapment was the result of partial fixity having been established at the support 

connection due to the insitu concrete cast around the ends of the ribs and the ribs being 

seated on the bare concrete support beam ledge. Similarly to the existing support 

connections, the reduction in seating as a result of this rib entrapment was found to be 

approximately 40-50 mm and equivalent to the length of the rib encased in the insitu 

concrete. This damage, sustained as the connection cracked and prior to the connection 

sustaining deformation equivalent to 0.5% drift, resulted in the ribs becoming susceptible 

to losing seating on the support beam ledge when subjected to increased levels of 

earthquake induced pull-off and rotational deformations. 

• Where insitu concrete was cast around the end of the rib, consistent with current 

construction practices, in conjunction with the rib being seated on a low-friction bearing 

strip, significantly less damage was sustained by the ends of the ribs. As the ribs were able 

to separate from the support beam whilst only sustaining minor damage, this support 

connection is considered to have behaved in a similar manner to the recommended 

connection detail. 

• Where the rib support detailing caused a large degree of the end of the rib to remain 

entrapped in the support throughout the experimental programme, the extent of this damage 

was found to be influenced by both the type and location of the first rib stirrup out from the 

support. Although damage at the base of the rib was found to be consistent with the length 

of the rib surrounded by insitu concrete as described above, it was found that no concrete 

was lost within the region confined by the rib stirrups. It is therefore anticipated that a 

reduced cover of 30 mm for the rib stirrups, where permissible, will minimise the damage 

sustained by the ribs. Furthermore it is considered that closed stirrups provide this 

confinement more effectively to the rib as a result of the horizontal tie running across the 

underside of the stirrup. No significant influence of the rib stirrup configuration was found 

to take place during any of the tests in which the ribs did not sustain significant damage. 
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• Armouring the ends of the ribs is considered to likely be effective solution for preventing 

the ribs from sustaining damage entirely where the ends of the ribs have been surrounded 

by insitu concrete. 

• Where the ribs were seated on low-friction bearing strips, severe spalling of the support 

beam ledge beneath the ribs was observed in some tests while the support beam ledge 

remained undamaged in others. Furthermore, it should be noted that in all tests during this 

experimental programme where the support beam ledge had remained undamaged, the ribs 

had been seated on low-friction bearing strips. On the other hand a large degree of support 

beam ledge spalling occurred during the early testing cycles where the ribs were supported 

by the bare support beam ledge. With the bearing strip both concentrating the reaction force 

further into the support and reducing the horizontal component of the reaction force 

transferred to the support beam ledge, stresses in the support beam ledge are greatly 

reduced. This reduction in the susceptibility of the support beam ledge to spalling further 

advocates the need to seat the ribs on top of a low-friction bearing strip and it is therefore 

recommended that all ribs should be seated on low-friction bearing strips, irrespective of 

other detailing. 

• Where the ribs lost seating on the support beam ledge, failure of the connection was brought 

about at a crack width in excess of 40 mm at the location of these bars due to the ductility 

of the Grade 300 continuity reinforcement. Only the specimen containing current detailing 

had failed prior to the completion of the loading regime and this took place during simulated 

loading to -4.5% drift. It is therefore considered that despite the fact the continuity 

reinforcement is not generally designed to provide the vertical reaction for the floor, Grade 

300 steel should be used for the continuity reinforcement in order to maximise the crack 

width at failure. Furthermore, closed loop rib stirrups are more reliably able to anchor the 

continuity reinforcement into the ribs. 

• Similarly to the hollow-core testing, the lightly reinforced nature of the connections meant 

that almost all of the applied deformation was concentrated at a single location and this 

would have led to the breakdown of diaphragm action as the floor-to-beam connection 

would have been unable to effectively transfer seismic induced inertia forces into the lateral 

load resisting system of the building. However, this breakdown in diaphragm action is a 

necessary result of the support connection behaving as intended and preventing damage 

from being sustained away from the rib-to-beam interface. This behaviour is acceptable at 
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the corners of the diaphragm, provided that the diaphragm connections are designed such 

that a sufficient length of the floor remains attached to the lateral load resisting system. 
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Chapter 7. Insitu rib and timber infill testing 

The experimental programme discussed in Chapter 5 had highlighted the susceptibility of rib 

and timber infill precast concrete floors typically constructed during the 1980s and 1990s to a 

non-ductile loss of support failure when subjected to positive bending actions at the supports. 

As discussed in Chapter 2, precast concrete floors had formerly been constructed such that a 

degree of fixity was established at the support. The loss of support failure mode observed 

during the experimental programme discussed in Chapter 5 as a result of this support fixity is 

reiterated below in Figure 7.1. 

 
Figure 7.1. Rib loss of support failure mode discussed in Chapter 5 

This chapter furthers the investigation into the seismic performance of rib and timber infill 

support connections in existing structures and discusses an experimental programme performed 

to evaluate the robustness of as-built rib support connections insitu within a building 

constructed in 1990. The testing within the building in question therefore enabled the damage 

mode of real (insitu) rib support connections to be evaluated that were constructed with 

components manufactured at this time and that had been subjected to stresses within the floor 

throughout the life of the structure, arising from shrinkage, creep and any other effects. As a 

result, the damage mode of these insitu specimens could therefore be directly compared to and 

used to validate the damage mode of the constructed specimens discussed in Chapter 5 that 

were intended to replicate existing construction practices. Furthermore, part of the building in 

question also consisted of rib and timber infill floors supported by reinforced concrete masonry 

(RCM) walls, the support connections of which are considered to be impractical to be evaluated 

through the test setup discussed in Chapter 5. Additionally and as alluded to in Chapter 1, there 

were large variations in precast concrete floor construction during the 1980s and 1990s, 

potentially resulting in inadequate precast concrete floor support connections in a number of 

buildings. Therefore as well as enabling the validation of the damage mode of the constructed 
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specimens, this insitu testing programme allowed for the implications of any inadequate 

detailing features of these randomly located existing rib support connections to be investigated. 

7.1. Experimental investigation 

 
Figure 7.2. Building overview 

 
Figure 7.3. Building layout 

The building within which the testing programme was conducted was an Auckland Council 

building constructed in 1990 that consisted of a rib and timber infill floor diaphragm on each 

level. The building is shown in Figure 7.2 and Figure 7.3, in which the locations of the three 

test specimens are also indicated. The lower ground floor (lowest suspended floor, directly 

above the basement) consisted of both 100 mm and 200 mm deep ribs seated on RCM walls 

and two of the test specimens (IRT1 and IRT2) were located on this level. Figure 7.4 also 

shows the lower ground floor in two locations from the basement. The ground floor consisted 

of 100 mm deeps ribs seated on reinforced concrete (RC) beams that were constructed as 
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precast shell components with an insitu concrete core and the third specimen (IRT3) was 

located on this level. The ground floor ribs spanned perpendicular to those of the lower ground 

floor as indicated in Figure 7.3 and each additional level within the building consisted of an 

equivalently designed floor diaphragm to that of the ground floor. The location of each test 

specimen within the building is also shown on a plan view in Appendix F for both floors on 

which testing was conducted. The experimental programme was therefore performed such that 

the three specimens tested insitu (labelled IRT1, IRT2 and IRT3) were varied to encompass 

the different support connection types present within the building. The testing plan is 

summarised in Table 7.1 and the subsequent sections describe the manner in which the 

specimens were prepared and in which simulated seismic rotational deformations were applied 

to the connections.  

 
a) 100 mm ribs 

 
b) 200 mm ribs 

Figure 7.4. Rib and timber infill floor diaphragm – lower ground floor 

Table 7.1. Insitu rib and timber infill support connection testing plan 

Test 
specimen 

Supporting 
element 

Rib depth 
(mm) 

Overall floor 
depth (mm) 

IRT1 RCM wall 100 200 

IRT2 RCM wall 200 300 

IRT3 Precast concrete 
shell beam 100 200 
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7.1.1. Specimen detailing 

Test specimens IRT1 and IRT3 contained 100 mm deep ribs within an overall floor depth of 

200 mm while test specimen IRT2 contained 200 mm deep ribs in a 300 mm deep floor. The 

overall floor depth included a 25 mm thickness of timber and a 75 mm specified insitu topping 

concrete thickness in addition to the depth of the rib. Table 7.2 outlines the detailing recorded 

for each test specimen including rib seating length and connection detailing.  At all locations 

within the building the ribs had been cast into the support with the insitu concrete surrounding 

the ends of the ribs, as has been common practice for rib and timber infill flooring construction 

(Fenwick et al. 2011) and the connection detailing observed prior to the tests is shown in Figure 

7.5 for each specimen. The 250 mm thick RCM walls supporting the ribs for test specimens 

IRT1 and IRT2 were constructed with the ribs seated on the masonry face shell and the 

remainder of the wall built around the ribs. As such, insitu concrete surrounded the ribs behind 

the inside of the masonry face shell and mortar placed between the ribs and 35 mm thick face 

shell held the ribs in place. In the case of test specimen IRT3, the ribs were positioned on top 

of the precast concrete shell beam with insitu concrete cast to completely encase the rib stem 

over the supported length of the rib (see Figure 7.5c). The RCM walls supporting test 

specimens IRT1 and IRT2 ran continuous above the floor level at which the specimens were 

located, thereby clamping the top of the floor. In the case of test specimen IRT2, the wall above 

the level of the specimen was reduced from a thickness of 250 mm to a thickness of 200 mm 

and as such the wall stepped back 50 mm from the edge of the wall supporting the floor (see 

Figure 7.7). In the case of test specimen IRT3 there was no load bearing element located 

directly on top of the support connection. 

Table 7.2. Insitu RT as-built specimen detailing 

 

 

Test 
specimen 

Rib seating 
Left / Right 

(mm) 

Measured 
topping 

thickness 

Topping 
reinforcement 

Continuity reinforcement 

Bars Spacing 
(mm) 

Development 
length (mm) 

IRT1 110 / 110 90 147 mesh None 

IRT2 90 / 45 100 147 mesh 2-D20 Together 200 

IRT3 80 / 80 50 147 mesh 3-D12 450 600 
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a) Test specimen IRT1 

 
b) Test specimen IRT2 

 
c) Test specimen IRT3 

Figure 7.5. Rib support conditions 

 
Figure 7.6. IRT3 insitu topping concrete thickness 

Although the topping thickness had been specified as 75 mm, measurements made following 

the tests indicated that the actual topping thicknesses varied substantially from these values. 

Larger topping thicknesses, in the order of approximately 90–100 mm were achieved at the 

support connections for test specimens IRT1 and IRT2 while a topping thickness of only 

approximately 50 mm was achieved at the support connection for test specimen IRT3 (see 

Figure 7.6). Variations in insitu topping thickness over the floor surface are typical in precast 

concrete floor construction and while a 50 mm insitu topping thickness is the absolute 

minimum allowed by both former and current versions of NZS 3101 (Standards New Zealand 

Precast rib 

RCM wall 
Precast rib 

RCM wall 

Precast rib 

RC beam 
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1982, 2006), the specified minimum is increased from this value to 65 mm to account for these 

variations. However, in the case of test specimen IRT3 an insitu topping thickness of only 

50 mm was achieved at the connection despite the 75 mm thickness specified. 

Specimen reinforcement detailing and rib seating lengths were unknown prior to testing and 

were only able to be determined from post-testing measurements following extraction of the 

specimens. The ribs of each test specimen contained helix stirrups which had been positioned 

approximately 50 mm into the rib which mostly had a seating length ranging from 80 mm to 

110 mm (see Table 7.2). The right rib for test specimen IRT2 however, contained a 

significantly smaller seated length of only 45 mm. As a result this rib was almost completely 

supported by the 35 mm thick face shell of the masonry block alone. 

Each specimen was reinforced with 147 mesh in the insitu topping (7.5 mm Grade 485 bars at 

300 mm spacings) with this mesh providing a reinforcement ratio of 0.002 for the 75 mm 

specified topping (equivalent to that provided by 665 mesh). This reinforcement ratio is in 

excess of the 0.0018 minimum specified by NZS 3101:1982 for welded wire mesh (Standards 

New Zealand 1982). Test specimens IRT1 and IRT3 included 4 mesh bars within the width of 

the floor while the lapping of two layers within the location of test specimen IRT2 meant that 

7 bars were contained within this specimen. 

The continuity reinforcement between the support beam or wall and the floor varied 

significantly between each of the three specimens as indicated in Table 7.2. Test specimen 

IRT3 contained 12 mm Grade 300 deformed bars (D12) at 450 mm spacings (three bars over 

the specimen width) in accordance with the maximum allowable spacing required by NZS 

3101:1982 (Standards New Zealand 1982). Test specimen IRT2 contained only two 20 mm 

deformed bars (D20), both positioned close to the centre of the specimen, with no bars in the 

proximity of the precast ribs. The 20 mm bars also terminated in the topping only 

approximately 200 mm away from the support, leading to a large decrease in negative moment 

capacity at this location. Test specimen IRT1 did not contain any continuity reinforcement over 

the width of the floor segment, however the topping mesh had crossed the floor-to-wall 

interface at this location in the floor such that it was anchored within the wall.  

7.1.2. Test setup  

A test setup (illustrated in Figure 7.7 for specimen IRT2) was developed within the building to 

isolate the floor support connection over an approximately 1250 mm width of floor 

incorporating two precast ribs. Each test specimen was designed to the 1250 mm target floor 
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width to be consistent with the previous rib and timber infill support connections tests described 

in Chapter 5 and Chapter 6, such that direct comparisons could be made between the two 

experimental programmes. The specimens were prepared by cutting a segment of the floor 

adjacent to the support connection on three sides such that the specimen was isolated from the 

surrounding floor and cantilevered out from the support. Simulated seismic rotational 

deformation could then be induced at the connection by loading the cantilevered specimen 

vertically. To ensure adequate stability was maintained throughout the entire testing process, 

both the specimens and the surrounding floor were propped prior to cutting and braced timber 

catch walls were constructed beneath the specimens to limit the potential fall distance during 

the test. The rotational deformations were applied vertically about the connection by a double 

acting jack fastened to the underside of the free end of the floor specimen and the measured 

rotation was assumed to be equivalent to the drift in the structure (similarly to the previously 

performed tests). The jack loaded the specimen by acting against a steel frame fastened to the 

floor below which consisted of an I-beam with plates welded to the top and base of the I-beam 

section. At the other end, the jack was pinned to a steel square hollow section (SHS) which 

was fastened to and spanned between the bases of the two ribs contained within the specimen. 

Figure 7.8 shows the test setup and loading mechanism for specimen IRT1 as well as the rotated 

specimen during this test. 

The specimen length for each floor type was designed such that the magnitude of the lever arm 

with which the rotational deformation was applied was approximately 25% of the typical span 

of that particular rib depth and typical spans of the 100 mm and 200 mm deep ribs were taken 

as 5.5 m (1.4 m lever arm) and 8.5 m (2.1 m lever arm) respectively. Table 7.3 shows that the 

actual specimen length varied from these values however, as the locations within the building 

at which the floor could be cut were dictated by the positioning of services. The reason behind 

the targeted length of lever arm was that this length was assumed to represent the approximate 

point of contraflexure in the floor where negative moments are induced at the support, the 

rationale of which is described illustrated Appendix B. The behaviour of the connection when 

subjected to negative flexural actions is dependent on the bending moment profile in the region 

of the support as a weak section can form at the location of termination of the continuity 

reinforcement (see Section 2.3.4), dependent on the flexure induced at this location. While it 

is considered important that the negative bending moment profile induced is realistic, the 

performance of the specimen during the application of positive moments is considered to be 
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less sensitive to the lever arm length as the critical section is likely to be located at the edge of 

the support and close to the ends of the ribs. 

 
Figure 7.7. Test and instrumentation setup (shown for test specimen IRT2) with dimensions in mm 

A loading protocol was developed that was designed to subject the support connection to 

rotational deformation consistent with that applied during the previous rib and timber infill 
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flooring tests (see Figure 5.8). As such, loading was applied to a maximum of ±6.75% lateral 

drift with two cycles carried out at each magnitude of deformation, as shown in Figure 7.9. 

Due to practical limitations and safety, pull-off deformations and additional gravitational 

loading were not able to be incorporated into the test setup. The purpose of these tests was 

therefore more to investigate the damage mode induced by seismic rotational deformations 

rather than gauging the particular level of deformation at which collapse was induced. Table 

7.3 also highlights the lack of applied gravitational load during the test by providing a 

comparison to that calculated using the earthquake design load case from the New Zealand 

Structural Design Actions Standard (NZS 1170) for the simulated floor span (Standards New 

Zealand 2002a). It should be noted that the calculated reactions do not consider fixity at the 

connection and it is considered that this support connection condition is appropriate for the 

damage state at which vertical support of the floor is likely to become compromised. 

Furthermore, it should be noted that the loading mechanism induced increased support 

reactions during the negative loading cycles and as the floor specimen was pulled downwards 

by the jack. 

a) Specimen overview 

b) Loading and catch mechanism 
 

c) Rotated specimen 

Figure 7.8. Test setup photos (IRT1) 

RCM 
wall 

Specimen 

RCM 
wall 

Timber 
catch 
frame 

RCM wall 

Specimen 
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Figure 7.9. Simulated seismic loading protocol for IRT tests 

Table 7.3. Insitu RT specimen design 

Test 
specimen 

Width of 
floor 
(mm) 

Length of 
floor(mm) 

Lever arm to 
loading jack 

(mm) 

Simulated 
span (m) 

Support 
reaction 

during tests 
(kN) 

Reaction from full 
seismic gravity load 

(kN) 

IRT1 1240 1460 1350 5.5 2.5 13 

IRT2 1340 2130 1900 8.5 4.8 27 

IRT3 1260 1540 1415 5.5 2.0 11 

7.1.3. Instrumentation 

A number of sensors were used to measure the forces and deformations applied to each 

specimen. A load cell was installed on the jack to measure the applied load, while a series of 

displacement gauges measured deformations occurring at key locations within the specimen. 

The location of each displacement gauge is shown conjointly with the test setup in Figure 7.7, 

which included: 

• A gauge (1) to measure the vertical displacement applied by the jack. This displacement

was used to control the test by calculating the applied rotational deformation.

• Gauges (2 - 5) to measure any deformation in the topping, crossing the floor-to-support

interface as well as further out from the connection.

• Gauges (6 - 7) to measure any vertical deformation of the topping, which can be compared

to gauge (8) measuring the vertical deformation of the rib directly below.

• Gauges (9 - 10) to measure separation of the rib from the support, both at the top and base

of the rib.

• Gauges (11) to measure any cracking within the rib.

• Gauges (12 – 15) to measure any curvature of the wall as a result of the applied loading
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7.1.4. Material properties 

Following the completion of each test, reinforcement samples were extracted from the 

specimens such that the tensile strength could be determined. Figure 7.10 shows the results of 

representative samples of tensile testing performed on both the 7.5 mm topping mesh bars as 

well as the D12 continuity reinforcement bars from test specimen IRT3 (see Table 7.2). Figure 

7.10 highlights lack of ductility of cold-drawn welded-wire mesh with these bars fracturing at 

a strain of approximately 0.02. The brittle nature of cold-drawn mesh is well-known and is now 

essentially disallowed from use in structures required to behave in a ductile manner (Standards 

New Zealand 2006). A high ductility was achieved by the Grade 300 continuity reinforcement 

for test specimen IRT3, reaching an ultimate tensile strength at a strain of 0.22. Grade 300 

reinforcing bars were required by NZS 3402 to undergo a minimum elongation of 0.2 at the 

time that these bars would have been manufactured (Standards New Zealand 1989). The 

implications of the strength and ductility achieved by both bar types are discussed in the results. 

Figure 7.10. Reinforcement tensile testing 

In order to determine the compressive strengths of the concrete components, a total of two core 

samples were extracted from both the precast concrete ribs and topping for each specimen. 

Table 7.4 shows the average measured concrete strength for the topping concrete and indicates 

that 25 MPa concrete (characteristic strength) was likely specified, consistent with common 

practice. Furthermore it should be noted that the topping concrete for test specimens IRT1 and 

IRT2 would have been poured at the same time as these specimens were both located on the 

same floor level. Large variations in the compressive strength of the cored samples extracted 

from the ribs meant that reliable values are unable to be determined. These variations included 

the disruptions on stress concentrations within the cylinders due the presence of rib stirrups as 

well as prestressing strands running through the length of the core. Furthermore, voids present 

within the extracted samples themselves meant that lower compressive strengths were 

measured than cylinders constructed at the time of casting would have indicated. From the 
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compressive testing results, it was deemed that strength of the ribs was in the order of 

approximately 20-30 MPa, significantly lower than the strength of currently produced ribs 

(45 MPa specified strength). 

Table 7.4. Insitu RT topping concrete strengths 

Test specimen   Topping strength (MPa) 

IRT1 27 

IRT2 27 

IRT3 31 

7.2. Experimental observations 

Observations made during the testing of each specimen are presented in this section as well as 

those subsequently made during intrusive investigation following the test. An overall summary 

of the key observations for each test specimen is also presented in Section 7.2.7. As with the 

specimens discussed in Chapter 5, damage to the ribs themselves was unable to be observed 

during a large portion of some tests and the behaviour of the ribs is therefore discussed more 

thoroughly in the post-test analysis sections once this behaviour had been ascertained. 

7.2.1. Test IRT1 

Loading was applied to test specimen IRT1 to achieve the target rotational deformations 

specified by the loading protocol through to a maximum of ±6.75% drift (92 mm 

displacement). During the early positive loading cycles the ribs became separated from the wall 

under the applied loading as can be seen in Figure 7.11a and Figure 7.11b. Rib damage was 

unable to be viewed and it was therefore unclear whether the ends of the ribs had become 

entrapped in the support or were moving freely with the rest of the floor relative to the wall. 

Cosmetic spalling of the mortar surrounding the rib during the latter positive moment cycles 

made it apparent that a large degree of rib damage had been sustained near the support with 

cracking at the base of the rib, as can be seen in Figure 7.11c. This damage indicates that the 

rib had become entrapped in the support during the early loading cycles.  

Figure 7.12 shows the progression of spalling of the masonry face shell which was initiated 

beneath both ribs during the first cycle to +3.0% drift. The 35 mm thick face shell of the 

masonry blocks has limited resistance to the prying action of the rib and this spalling, which 

became more severe prior to the completion of the test, effectively reduced the reliable rib 

seating length by 35 mm. In comparing Figure 7.12a and Figure 7.12b it can be seen that this 
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spalling was much more severe around the right rib and the masonry block shell up to 

approximately 400 mm to the side of this rib had spalled.  

 
a) Damage around left rib at +3.0% drift 

 
b) Damage around right rib at +2.0% drift 

  
c) Left rib damage at +6.75% 

Figure 7.11. IRT1 rib damage 

The damage sustained in the topping during the early negative loading cycles was not visible 

and had taken place behind the line of the RCM wall located directly above the floor specimen. 

This is indicated in Figure 7.13 which shows that the crack was only able to be viewed where 

it had propagated out from the wall to meet the end of the concrete cut on the side of the 

specimen. Figure 7.13 also shows the magnitude of deformation sustained in the topping 

towards the end of the test following the most damaging cycles.  

Following the rupture of the topping concrete during the early negative loading cycles, negative 

moment capacity at the connection was provided by the topping mesh crossing the interface 

crack alone in the absence of any continuity reinforcement spanning from the wall and into the 

floor. Topping mesh should not be relied on to provide capacity at the floor-to-wall interface 

as these bars would only have been developed from a location within the 250 mm wide wall 

(located at the perimeter of the building) and would not have been designed to provide this 

action. However, the four 7.5 mm diameter topping mesh bars provided minor negative 
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moment capacity and the lightly reinforced nature of the connection meant that additional 

cracks were prevented from forming away from the support and, as such, these bars are 

considered not to have significantly affected the damage mode of the connection during the 

test. As a result, all of the applied deformation was concentrated at the single crack location 

shown in Figure 7.13. The mesh bars provided negative moment capacity up until three of these 

four bars fractured during the first cycle to -3.0% drift and at a topping crack width of 

approximately 6 mm (measured by gauge 2, see Figure 7.7) while the fourth bar fractured 

during the second cycle to -3.0% drift.  

 
a) Left rib at +3.0% drift 

 
b) Right rib at +3.0% drift 

 
c) Left rib at +6.75% drift 

 
d) Right rib at +6.75% drift 

Figure 7.12. IRT1 masonry block shell spalling 

Following the fracture of the topping mesh bars, the connection lost negative moment capacity 

and the specimen was able to freely rotate downwards under the weight of the floor during the 

remaining cycles and vertical support of the floor was provided by aggregate interlock between 

the damaged floor interface and the wall alone. Despite the loss of strength and rib support, 

collapse of the floor did not take place during the test, however, it is considered that with 

additional gravitational load (see Table 7.3) the resistance provided by the concrete 

interlocking would have been overcome and resulted in floor collapse. 
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Figure 7.13. IRT1 topping  at -6.75% drift 

7.2.2. Post-test analysis of specimen IRT1 

Following the completion of the test the specimen was extracted to enable the damage sustained 

at the interface to be examined. Figure 7.14 shows the nature of the damage sustained at the 

interface and it can be seen that a relatively straight path of rupture had taken place through the 

topping concrete, other than at the sides of the specimen where the crack had propagated to 

meet the concrete cut. In the region between the two ribs the interface crack had also stepped 

into the floor and this is similar to the phenomenon discussed in Section 5.4.3. In the region 

between the ribs the crack had formed at the outside of the RCM wall and where this wall had 

not provided confinement to the floor. At the location of the ribs however, the negative flexural 

strength of overall floor section is significantly increased further into the floor and therefore 

damage is sustained closer to the ends of the ribs. Furthermore, the location of damage through 

the ribs appears to have taken place at the location of the first rib stirrup out from the end of 

the rib, indicating that this stirrup had influenced the location and therefore extent of damage 

sustained by the ribs. The rib stirrups would have provided confinement to the concrete 

contained within, as discussed in Chapter 5 and Chapter 6 for the previously tested specimens. 

  
Figure 7.14. IRT1 interface damage 
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Figure 7.15 shows the damage sustained at the centre and base of both ribs with the exposed 

prestressing strands indicating the original ends of the ribs. Almost all of the approximately 

110 mm seating of the right rib was lost due to damage at the unconfined rib base, as had 

previously been observed towards the completion of the test (see Figure 7.11c), while the 

prestressing strands became exposed by between 35–55 mm at the centre of this rib. Figure 

7.14 had indicated that much of the damage sustained at the floor-to-wall interface was 

influenced by the location of the rib stirrups and this can clearly be seen in Figure 7.15b which 

shows the first leg of the helix stirrup, located approximately 50 mm from the end of the rib. 

Figure 7.15b also shows that the right rib had been severely damaged but to a slightly lesser 

degree. 

 

 
a) Left rib 

 

 
b) Right rib 

Figure 7.15. IRT1 left rib damage 

Figure 7.16 shows the state of the rib seating locations following the test. A large portion of 

the seated rib length, initially approximately 110 mm, can be seen to have remained entrapped 

in the support and this is consistent with Figure 7.15. Furthermore, the outline of the first rib 

stirrup can be seen in Figure 7.16b and this is also consistent with the observed rib damage. 

Additionally, Figure 7.16 confirms that the entire 35 mm masonry face shell directly beneath 

each rib had spalled as a result of the prying of the rib observed during the test. Due to the fact 

that the entire seated length of the rib was measured to have been lost at the location of the rib 
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base (see Figure 7.15) and that the masonry face shell beneath the ribs had also spalled, it is 

considered highly likely that these ribs would have lost support if an additional gravitational 

load was applied. 

 
a) Left rib support 

 
b) Right rib support 

Figure 7.16. IRT1 support damage 

7.2.3. Test IRT2  

Loading was applied to test specimen IRT2 through the protocol to a maximum of +6.75% and 

-4.5% drift (+128 mm and -86 mm displacement respectively) with the maximum negative 

loading cycle reduced due to the interference of the catch frame as the test specimen was rotated 

downwards. Figure 7.17 shows each rib after rotations to +2.0% had been sustained and it can 

be seen in Figure 7.17a that the left rib had separated from the RCM wall as the specimen was 

rotated relative to the support during the early positive loading cycles, while part of the masonry 

face shell had broken away along with the right rib, as shown in Figure 7.17b. During the 

subsequent cycles to +3.0% drift the masonry face shell directly beneath each rib began to spall 

due to the prying of the unit (see Figure 7.18) along with the face shell adjacent to the right rib 

(see Figure 7.18b). 

 
a) Left rib 

 
b) Right rib 

Figure 7.17. IRT2 rib and support damage at +2.0% drift  
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a) Left rib 

 
b) Right rib 

Figure 7.18. IRT2 rib and support damage at +3.0% drift 

 
a) Left rib 

 
b) Right rib 

Figure 7.19. IRT2 rib and support damage at +6.75% drift 

During the subsequent cycles to +4.5% drift the masonry block shell that had become detached 

earlier in the test, including that directly beneath both ribs, had fallen out resulting in a 

reduction of the supported length of the ribs equivalent to the 35 mm thickness of the masonry 

face shell. The floor had also been observed to drop slightly, accompanying this loss in seating. 

Figure 7.19 shows this damage following loading to +6.75% drift, at which point the state of 

the connection meant that the ends of the ribs were visible along with the damage sustained at 

the bottom corners of the ribs. A severe lack of residual seating was especially apparent for the 

right rib which now appeared to have almost completely lost its seating, which was attributable 

to an original seating length of only approximately 45 mm. The damage sustained by the ribs 

themselves however, appears to have been relatively minor during this test and this lack of 

damage is considered to be the result of a greatly increased flexural capacity of the deeper ribs. 

In general, the fixity provided by the surrounding insitu concrete and mortar seating pad is not 
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likely to increase in proportion with an increased rib capacity and therefore deeper ribs are 

considered to be less susceptible to support entrapment. 

During the negative loading cycles, damage was initially sustained in the topping 

approximately 50 mm out from the wall during the initial cycle to -0.5% drift. The crack that 

formed during this initial cycle was therefore consistent with the location of the edge of the 

supporting wall directly below the floor; this wall having incorporated 250 mm masonry blocks 

while the wall directly above consisted of 200 mm blocks (see Figure 7.7). During the 

following cycles to -1.0% drift an additional crack formed approximately 200 mm further out 

from the initial crack as shown in Figure 7.20a. The location of this additional crack was 

consistent with the termination of the two D20 continuity reinforcement bars as determined 

following the completion of the test. This additional crack ran parallel to the wall directly above 

the left rib before angling in to meet the initial crack above the right rib, as shown in Figure 

7.20a. Figure 7.20b shows the deformation in the topping directly above the left rib following 

loading to -2.0% drift and it can be seen that the subsequent deformation had become 

concentrated at the location of this additional crack. 

 
a) Topping damage at -1.0% drift 

 
b)  Topping damage above left rib at -2.0%  

Figure 7.20. IRT2 topping damage 

A crack in the left rib formed simultaneously with this additional topping crack during loading 

to -1.0% drift and Figure 7.21a shows this rib cracking following loading to -2.0% drift. The 

location of this rib crack is consistent with the additional crack that had formed in the topping 

and indicates the onset of a negative moment flexural crack through the floor specimen, as 

discussed previously in Section 2.3.4. Figure 7.21b shows that a crack formed at a similar 

distance along the right rib during loading to -2.0% drift. However, this crack remained closed 

throughout the remainder of the test as deformation in the topping was concentrated at the crack 

that had formed close to the support on this side of the floor specimen rather than at the location 

of termination of the continuity reinforcement (see Figure 7.20a). Table 7.5 shows the 
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progression of the magnitude of left rib crack measured through the latter testing cycles. This 

rib crack reached a width of 5 mm during the second cycle to -3.0% but was not measured to 

exacerbate further as increased levels of rotation was applied during the final cycles and this is 

considered to be the result of both the rib stirrups and prestressing strands providing ties across 

this crack. The location and magnitude of the rib crack brought about considerable concern for 

the vertical capacity of the floor, and it is unknown whether the rib would have failed if realistic 

gravitational loads had been applied to the connection.  

 
a)  Left rib crack at -2.0% drift 

 
b) (Closed) right rib crack at -3.0% drift  

 
c) Left rib crack at -4.5% drift 

Figure 7.21. IRT2 negative moment rib cracking 

Table 7.5. IRT2 left rib crack width under negative moments 

Drift (%) -2.0 -2.0’ -3.0 -3.0’ -4.5 -4.5’ -4.5’’ 

Crack width (mm) 1.8 1.8 4 5 5 5 5 
 

On the left side of the specimen the floor was observed to drop considerably relative to the 

support during the final negative loading cycles, as shown in Figure 7.22a. This vertical 

deformation reached a magnitude of approximately 30 mm by the completion of the test. The 

200 mm long portion of topping above the end of the rib had become delaminated from the rib, 

resulting in this vertical deformation as the floor specimen was pulled downwards during the 
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first cycle to -4.5% drift and the delaminated portion of the topping remained approximately 

horizontal. As such, this vertical deformation was much less severe above the right rib (see 

Figure 7.22b) and where the deformation in the topping had been sustained closer to the wall. 

The onset of this topping delamination had followed the fracturing of the mesh crossing the 

crack, measured to have taken place at a crack width of 10 mm during the second cycle to -

3.0%, as well as the loss of masonry face shell supporting the ribs during the first cycle to 

+4.5% (see Figure 7.19), both of which would have allowed the end of the rib to drop. As the 

left rib had been observed to drop during the first cycle to +4.5% drift while the 200 mm long 

portion of topping remained approximately horizontal, it is considered that this delamination 

of the topping occurred at this stage in the test. Following the delamination of the topping, 

rotation of the left rib was sustained at the end of the rib as it was now able to be freely rotated 

downwards and the rib crack did not open further (see Table 7.5). Despite the delamination of 

the topping effectively preventing the negative moment rib crack from widening, this floor 

specimen would have been extremely susceptible to collapse during the final test cycles and 

vertical support for the floor was provided by the very limited bearing available for the ribs on 

the damaged support ledge. 

 
a) Above left rib 

 
b) Above right rib 

Figure 7.22. IRT2 topping damage at -4.5% drift 

7.2.4. Post-test analysis of specimen IRT2 

Observations made following the extraction of the specimen more clearly show the nature of 

the damage sustained in the topping and verify that the topping had completely delaminated 

from the left rib at the location of the crack that formed within this rib (see Figure 7.23a). It 

can also be seen in Figure 7.23a that the path of rupture through the topping occurred directly 

above the rib stirrups. The terminated continuity reinforcement which had held this 200 mm 

length of topping concrete in place during the test are shown in Figure 7.23b. It should be noted 
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that these two D20 continuity reinforcement bars were positioned closer to the left rib and, as 

a result, larger flexural actions were transmitted to the floor at the location of this rib. The 

location of these bars therefore indicates why the topping had delaminated from the rib on this 

side of the floor alone.  

 
a) Delaminated floor specimen 

 
b) Delaminated topping fixed to wall 

Figure 7.23. IRT2 delaminated topping  

 
a) Left rib 

 
b) Right rib 

Figure 7.24. IRT2 negative flexural rib crack 

Prior to the delamination of the topping concrete, the negative moment fixity at the connection 

provided by the continuity reinforcement had caused the ribs to crack as shown in Figure 7.24. 

This rib cracking occurred as negative rotation was concentrated about this section in the floor 

following the development of the weak section in the topping, as discussed previously. As 

stated in Section 7.2.3, the damage observed to the topping and left rib as a result of the 

termination of this continuity reinforcement was consistent with that of a negative moment 

failure (see Section 2.3.4). Vertical support for the floor at this section of the cracked left rib 

was subsequently provided by the stirrups and dowel action of the prestressing strands crossing 

the rib crack while it is considered that effective shear transfer via aggregate interlock of the 

concrete would have been lost as the crack width approached 1-2 mm during the test. 
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Figure 7.25 shows the damage sustained by the ends of each rib. The smaller support length 

(approximately 45 mm) of the right rib had resulted in limited damage being sustained by this 

rib and a fairly clean separation of the rib from the wall. The damage sustained by the right rib 

resulted in a loss of seating length of only approximately 20 mm at the bottom outside corner 

of the rib and no damage was sustained elsewhere. The vast majority of the right rib seating 

length consisted of the rib being surrounded by the 35 mm thick masonry face shell rather than 

insitu concrete, resulting in a lack of fixity at the end of the rib. Increased damage was sustained 

by the left rib which contained a larger support length (approximately 90 mm) and as such, 

more insitu concrete surrounded the rib, increasing the support fixity developed. However, the 

damage to the end of left rib was also relatively minor with a maximum loss in rib length of 

approximately 40 mm sustained solely at the bottom corners of the rib, as shown in Figure 

7.25a. It is therefore considered that the deeper ribs were much less prone to support 

entrapment, exemplified by the minimal exposure of the prestressing strands for this floor 

specimen and a large portion of the ribs remaining undamaged. 

 
a) Left rib 

 
b) Right rib 

Figure 7.25. IRT2 rib damage 

Figure 7.26 shows the support damage sustained at the location of seating for each rib. A large 

portion of the loss in length of the left rib had remained in place in the support. In addition, 

severe spalling was sustained by the masonry face shell beneath both ribs as observed during 

the test, resulting in the supported length provided by the entire 35 mm thickness of the 

masonry face shell being lost. It is therefore considered that the face shell should not be relied 

on to contribute to the length of support due to its susceptibility to spalling. 



Chapter 7. Insitu rib and timber infill testing 

226 
 

 
a) Left rib support 

 
b) Right rib support 

Figure 7.26. IRT2 support damage 

7.2.5. Test IRT3 

Loading was applied to test specimen IRT3 through the loading protocol until a single cycle 

had been sustained at ±6.75% drift (96 mm displacement) with vertical support of the floor 

specimen maintained through the duration of the test. Similarly to test specimen IRT1, a crack 

formed at the base of each rib at the edge of the support beam under positive rotational 

deformations during the first cycle to +0.5% drift (see Figure 7.27a). As a result of this damage, 

the ribs effectively lost seating at this early stage in the test and support for the floor was 

subsequently provided by a combination of shear friction to the entrapped rib stem along with 

dowel action of the continuity reinforcement and prestressing strands. Further deformation 

applied throughout the following cycles became concentrated at this same location at the edge 

of the beam resulting in exacerbation of the rib crack. Figure 7.27b shows the damage in the 

left rib following loading to +3.0% drift and Table 7.6 shows the recorded width of the left rib 

crack throughout each positive loading cycle with this crack reaching a magnitude of 20 mm 

by the completion of the test (indicated in Figure 7.27c also). No significant vertical 

displacement of the specimen was measured and the significantly increased robustness of the 

RC shell beam supporting the ribs in comparison to that of the masonry face shell supporting 

specimen IRT1 meant that no significant support ledge spalling took place during the test. 

Table 7.6. IRT3 rib crack width under positive rotation 

(Positive) drift +0.5 +0.5’ +1.0 +1.0’ +2.0 +2.0’ 

Crack width (mm) 1 1 1.8 2 3 3.5 

(Positive) drift +3.0 +3.0’ 4.5 +4.5’ +6.75  

Crack width (mm) 5 6 10 15 20  
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a) Rib damage at +0.5% drift 

 
b)  Rib damage at +3.0% drift 

 
c)  Rib damage at +6.75% drift 

Figure 7.27. IRT3 rib damage 

During negative loading cycles, a topping crack formed directly above the ends of the ribs 

during the first cycle to -1.0% drift (shown in Figure 7.28a) and the location of this crack was 

later found to be the result of the infill strips spanning to the end of the ribs. With the infill 

strips spanning to the ends of the ribs, the insitu topping concrete was effectively debonded 

from the insitu concrete cast between the ribs which significantly decreases the negative 

moment strength of the floor section at the ends of the ribs, leading to the development of a 

weak section at this location. This phenomenon is explained further in the post-test analysis. 

During the first cycle to -2.0% drift an additional crack formed in the topping approximately 

200 mm further into floor from this crack at the rib-to-beam interface (see Figure 7.28b).  

During the first cycle to -4.5% drift a further crack formed in between the first two and at a 

location consistent with the edge of the support ledge (see Figure 7.28c). However as further 

deformation was applied, the response was dominated by the opening of the initial crack that 

had formed at the ends of the ribs and these additional cracks remained closed (see Figure 

7.28d).  At approximately -4% rotation during the first cycle to -4.5% drift and a topping crack 

width measured by gauges 2 and 3 (see Figure 7.7) to be approximately 7 mm, the four mesh 
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bars crossing the initial crack fractured. The three D12 continuity reinforcement bars remained 

unfractured through to the completion of the test. 

 
a) -1.0% drift 

 
b) -2.0% drift 

 
c) -4.5% drift 

 
d) -6.75% drift 

Figure 7.28. IRT3 topping damage 

7.2.6. Post-test analysis of specimen IRT3 

Figure 7.29 shows the state of both the extracted floor specimen as well as the support beam 

following the completion of the test. While positive moment damage had been sustained at the 

edge of the support beam, it can be seen in Figure 7.29 that damage in the topping was 

concentrated directly above the end of the ribs, as discussed in Section 7.2.5 above. The 

weakest section as negative moments were applied had formed at this location as the timber 

infill strips ran to the ends of the ribs (see Figure 7.29a), effectively separating the topping 

from the insitu concrete between the ribs (see Figure 7.29b). As a result of the weak section 

forming at this location, the path of rupture through the concrete can also be seen to be 

relatively straight. 



Chapter 7. Insitu rib and timber infill testing 

229 
 

 
a) Interface overview 

 
b) Support overview 

Figure 7.29. IRT3 interface deformation 

Figure 7.30 shows the damage sustained by each rib and the relative exposure of the 

prestressing strands indicates that the right rib had sustained more severe damage. The 

formation of the crack at the edge of the support beam at the base of each rib (see Figure 7.27) 

resulted in the entire 80 mm seated length of the rib becoming entrapped in the support as 

observed during the test. This rib entrapment occurred over the majority of the width of the rib 

and a minimum of 60 mm of rib seating was lost at the base of either rib. Figure 7.30 indicates 

that damage was less severe at the centre of the ribs and had resulted in approximately 15–

55 mm of the rib being lost at this location, as measured by the exposure of the prestressing 

strands. Similarly to test specimen IRT1, the location of the rib stirrups appears to have 

prevented any damage from being sustained within the region confined by the rib stirrups and 

this can be seen in Figure 7.30b for the right rib. 

Figure 7.30. IRT3 rib damage 

Figure 7.31 shows the condition of the seating location for each rib on the support beam ledge 

and the entrapped portion of the rib remaining in the support. In general, no spalling of the 

support beam ledge occurred due to the prying of the ribs and this is due in part to the lack of 

 
a) Left rib 

 
b) Right rib 
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vertical load imposed on the connection. The entire base of each rib can still be seen to have 

remained entrapped in the support along with the sides of the left rib (see Figure 7.31a). The 

inside of the right rib however, did not remain fixed in the support for the full rib seating length 

as indicated in Figure 7.31b. 

 
a) Left rib support 

 
b) Right rib support 

Figure 7.31. IRT3 support beam damage 

7.2.7. Key observations summary 

Table 7.7 provides a comparison of the key observations and measurements made for each test 

specimen in addition to the section capacities. The impact of the section capacities on the 

behaviour of the connection are discussed in detail in Section 7.3.1. A summary of the rib crack 

patterns for each specimen as they were observed during the test as well as deduced upon 

examination of the extracted specimens following the test are also illustrated in Figure 7.32. 

The illustrated rib support connections are shown to scale based on the measured seating widths 

and topping thicknesses as well as the observed location of the first timber infill strip, rather 

than those specified. As the entrapment of the rib was variable, the line in Figure 7.32 

illustrating positive moment rib entrapment represents typical damage rather than that observed 

to be the most severe across the width of the rib, similarly to the test specimens discussed in 

Section 5.2.7. Comparisons between the damage modes observed for these test specimens and 

the damage mode observed during the experimental programme discussed in Chapter 5 are then 

drawn in Section 7.4.  

Both Table 7.7 and Figure 7.32 highlight the extensive rib damage sustained by the test 

specimens containing shallow ribs while the deep ribs of test specimen IRT2 only sustained 

relatively minor damage due to rib entrapment. The relationship between rib depth and extent 

of damage sustained is attributed to the fact that deeper ribs are much less susceptible to 

becoming entrapped in the support as the ratio of the uncracked sectional capacity of the rib to 



Chapter 7. Insitu rib and timber infill testing 

231 
 

Table 7.7. Insitu RT key observations and measurements 

Test IRT1 IRT2 IRT3 

Insitu topping strength (MPa) 27 27 31 

Positive 
moment 
cracking 

Drift (%) 0.31 0.29 0.30 

Moment (kNm) 22 22 16 

Uncracked negative capacity (kNm) 24 56 27 

Weak section cracking load (kNm) N/A 72 N/A 

Cracked negative capacity (kNm) 15 48 30 

Topping 
reinforcement 
fracture (mm) 

Drift cycle -3.0% -3.0% -4.5% 

Topping crack width (mm) 6 10 7 

Topping 
delamination 

Drift cycle initiated 
N/A 

+4.5% 
N/A 

Topping crack width (mm) 10 

Maximum 
induced crack 

widths 

Base crack width (mm) N/A 30 20 

Top crack width (mm) 25 35 18 

Floor elongation (mm) 12 30 13 

 Left 
rib 

Right 
rib 

Left 
rib 

Right 
rib 

Left 
rib 

Right 
rib 

Support spalling 

Drift cycle initiated +3.0 +3.0 +3.0 +3.0 

N/A N/A Length of seating lost (mm) 35 35 35 35 

% of rib width affected 100% 100% 100% 100% 

Rib entrapment 

Rib base (mm) 100 95 20 0 80 80 

Rib centre (mm) 50 45 5 0 30 40 

Original seated length (mm) 110 110 90 45 80 80 
 

the fixity provided by the surrounding insitu concrete and mortar seating pad at the support 

increases significantly with an increase in rib depth. Furthermore, the lack of insitu concrete 

surrounding the deep ribs of test specimen IRT2 also helped to limit the entrapment of these 

ribs. For both specimens IRT1 and IRT3, the rib damage occurred at the line of the edge of the 

rib supporting element at the base of the rib before propagating diagonally toward the end of 

the rib, below the location of the first rib stirrup which would have confined and prevented the 

region contained within the rib stirrups from becoming damaged (as discussed in Chapter 5 

and Chapter 6). The location of damage sustained through the topping was dependent on the 

location of the first timber infill strip and the crack propagated approximately vertically from 

this location to the top of the floor. Additional cracks had formed in the topping further into 

the floor for specimen IRT3 due to the fact that this connection contained continuity  
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a) IRT1 left rib 

 
b) IRT1 right rib 

 
c) IRT2 left rib 

 
d) IRT2 right rib 

 
e) IRT3 left rib 

 
f) IRT3 right rib 

Line of masonry face shell 

Obscured rib outline 

Damage through rib section - Positive moment 

Damage through rib section - Negative moment 

Figure 7.32. Support connections crack map 
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reinforcement (unlike test specimen IRT1) and the thin insitu topping resulted in a low tensile 

capacity, however these cracks remained a limited width. 

The behaviour of the deep ribs for test specimen IRT2 was severely influenced by the local 

connection detailing. Negative moment rib cracking was sustained within specimen IRT2 as a 

result of the termination of the continuity reinforcement close to the support which induced the 

floor to separate from the topping as discussed in the test observations above. Path of rupture 

as the topping delaminated from the ribs ran over the top of the rib stirrups, located at 

approximately mid-height in the topping. 

Spalling of the 35 mm masonry face shell which made up a large portion of the supported 

length for the ribs of both test specimens IRT1 and IRT2 contributed to a loss in rib seating 

equivalent to this length beneath the entire width of the rib. This spalling occurred despite the 

fact that the rib had cracked at the outside of this face shell for test specimen IRT1.  

7.3. Measured response 

7.3.1. Moment rotation response 

The moment rotation response for test specimens IRT1 and IRT3 is shown in Figure 7.34.  The 

connection strength was based on the measured load applied by the vertical jack, with an 

adjustment to take into account the self-weight of the cantilevered floor specimen. As test 

specimens IRT1 and IRT3 both consisted of 100 mm deep ribs within an overall floor depth of 

200 mm, comparisons in response were able to be made as a result of differences in connection 

detailing.  

The positive moment strength of test specimen IRT1 reached an initial peak of approximately 

22 kNm prior to damage being sustained in the ribs while the maximum positive moment 

strength measured for IRT3 was measured to be approximately 16 kNm. The difference in the 

uncracked positive moment capacity of the two connections can most likely be attributed to 

differences in topping thicknesses resulting in the differing overall floor depth and therefore 

capacity. Following this rib damage early in each test, the subsequent cycles indicated a 

continual degradation of positive moment strength and stiffness as further damage was applied 

and the specimen was able to be rotated more freely about the connection. The loss in positive 

moment capacity was apparent during the second cycle to +1.0% drift for test specimen IRT1. 

Following this degradation however, the positive moment capacity of test specimen IRT1 

increased significantly during the second cycle to +2.0% drift due to the specimen catching on 
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the surrounding floor and this increased capacity can be seen following the first cycle to -2.0% 

drift.  

The negative moment strength of each test specimen was high during the initial loading cycles 

prior to cracking in the topping. In the case of test specimen IRT1, the cracking in the topping 

was accompanied by the onset of deterioration of the support connection during the second 

cycle to -1.0% drift due to the lack of continuity reinforcement for this floor specimen, prior to 

which the connection had achieved a peak strength of -25 kNm during the previous cycle. 

Following cracking of the topping, negative moment capacity was provided by the topping 

mesh alone, which would have terminated within the thickness of the 250 mm perimeter wall 

and should not be relied on to provide negative moment capacity at the connection. As a result 

of the continuity reinforcement, the negative moment capacity of test specimen IRT3 reached 

a magnitude of -30 kNm and remained consistently higher than that of test specimen IRT1 as 

the connection became degraded throughout the test. Degradation of the connection during the 

testing of specimen IRT1 resulted in a further decrease in negative moment strength during the 

second cycle to -2.0% drift while the negative moment strength of test specimen IRT3 remained 

high through the second loading cycle to -3.0% drift. The fact that the cracked negative moment 

capacity of test specimen IRT3 was higher than the uncracked capacity is representative of the 

fact that additional cracks formed away from the connection during this test. Both specimens 

subsequently sustained a drop in negative moment capacity due to the fracturing of the mesh 

reinforcement crossing the crack, characterised by the sharp, ratcheting response of the 

connection. The fracturing of the four mesh bars took place during the first cycle to -3.0% and 

-4.5% for test specimens IRT1 and IRT3 respectively, although the fourth mesh bar fractured 

during the second cycle to -3.0% drift for test specimen IRT1. The prolonged fracture of the 

mesh for specimen IRT3 is considered to have been the result of proximity of the mesh to the 

base of the topping during this test and, as such, the mesh would have been located closer to 

the neutral axis resulting in reduced tensile strains at any level of rotation applied. For test 

specimen IRT1, negative moment capacity was lost after the fracture of all mesh bars and load 

was required to prevent the floor dropping down under its own self-weight while the 

unfractured continuity reinforcement for test specimen IRT3 provided negative moment 

capacity during the final cycles with the large load increase being the result of the floor 

catching. 
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a) Test specimen IRT1 

 
b) Test specimen IRT3 

Figure 7.33. Moment rotation response (100 mm ribs) 

The moment rotation response for test specimen IRT2 is shown in Figure 7.34. The initial 

positive moment strength and stiffness of the uncracked section were relatively high prior to 

the connection sustaining damage, similarly to test specimens IRT1 and IRT3. Despite 

continual reductions in stiffness as the connection became degraded throughout the progression 

of the test, the peak positive moment strength was measured to be 24 kNm during the first cycle 

to +3.0% drift and it is considered that as the ribs had remained relatively intact, significant 

shear friction between the ribs and the support would have been developed as the floor 

specimen was rotated. During the first cycle to +4.5% however, the positive moment capacity 

of the connection is shown to drop considerably as the applied rotation approached +2%. This 

strength degradation coincided with the onset of the topping delaminating from the left rib (see 

Figure 7.38) and rib support spalling, following which there would have been no significant 

resistance to the floor specimen pivoting about the end of the delaminated portion of the 

topping during the positive loading cycles. 

The negative moment strength and stiffness was high during the first cycle to -0.5% drift and 

the topping cracked at approximately -56 kNm towards the completion of this cycle. Following 

a reduction in stiffness, the cracked section subsequently reached a peak negative moment 

capacity of approximately -72 kNm during the first cycle to -1.0% drift as the two D20 

continuity reinforcement bars approached their yield strain. At this stage in the test the 

additional crack formed at the location of termination of the continuity reinforcement and this 

was accompanied by a drop in negative moment capacity to approximately -48 kNm. The 

capacity of the connection had dropped as the response of the specimen was subsequently 

dominated by the opening of this additional crack and the straining of the topping mesh. The 

topping mesh fractured during the first cycle to -3.0% drift and this was characterised by a 
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further significant drop in negative moment capacity. As mentioned previously, this fracturing 

of the mesh would have enabled the floor specimen to drop after the topping had become 

delaminated from the left rib during the first cycle to +4.5% drift. Following the delamination 

of the topping, the ribs were able to freely rotate downwards during the final cycles without 

significant resistance from the connection. A vertical jack load was required to prevent the 

floor specimen from rotating downwards under its own self-weight, as indicated in Figure 7.34.  

   
Figure 7.34. IRT2 moment rotation response (200 mm ribs) 

7.3.2. Floor elongation 

The testing observations discussed in Section 7.2 indicated that significant crack widths had 

developed at the floor-to-support interface for each specimen as the applied rotation was 

increased, causing the floor to move further away from the support. This phenomenon is 

comparable to the elongation of frame beams (discussed in Section 2.2.2) and the floor was 

pushed away from the support due to the dislodgement of aggregate within the crack along 

with plastic strains in the continuity reinforcement (test specimen IRT3). Also, where no 

continuity reinforcement was present within the particular specimen, there was nothing to 

prevent the progression of this elongation due to the dislodgment of aggregate during the test. 

Figure 7.35 shows the extent of floor elongation at the completion of testing for both specimens 

IRT1 and IRT2, indicated by the displacement of the floor relative to the saw cut. This 

elongation was much more significant for test specimen IRT2 which had contained the deeper 

200 mm ribs.  
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a) Test specimen IRT1 

 
b) Test specimen IRT2 

Figure 7.35. Floor elongation at test completion 

Figure 7.36 shows the floor-to-support interface crack width recorded for each specimen, both 

in the topping and at the base of the ribs. The crack width in the topping was recorded by 

displacement gauge 2 while pull-off at the base of the rib was measured by displacement gauge 

10 (see Figure 7.7). It should be noted that displacement gauge 2 crossed the additional crack 

that had formed into the floor for test specimen IRT2. As almost all of the deformation 

sustained within the floor was limited to a single location (any additional cracks had remained 

closed), the residual crack width measured at zero rotation in each cycle approximately 

represents the residual elongation of the floor while the points of peak deformation represent 

the crack width at each cycle. The gauges positioned both at the rib base and in the topping 

provide good agreement for the residual crack width at zero rotation for test specimens IRT2 

and IRT3 while the displacement recorded at the base of specimen IRT1 was influenced by the 

deformation of the masonry face shell as described previously, which had been pulled outwards 

with the rib. Furthermore, the crack width recorded at the completion of testing is consistent 

with the floor elongation shown in Figure 7.35. 

In addition to measuring the elongation of the floor, the deformation recorded at the base of 

the rib for test specimen IRT3 is also consistent with the measured values listed in Table 7.6 

for the rib crack width during the positive, indicating that all of the applied deformation was 

concentrated at this location, as suspected during the test (see Figure 7.27). The recorded 

deformations for test specimen IRT2 however also verify that only a small portion of the pull-

off displacement was concentrated at the negative moment rib crack by the completion of this 

test (see Table 7.5). 
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a) Test specimen IRT1 topping 

 
b) Test specimen IRT1 rib base 

 
c) Test specimen IRT2 topping 

 
d) Test specimen IRT2 rib base 

 
e) Test specimen 3 topping 

 
f) Test specimen 3 rib base 

Figure 7.36. Measured floor axial deformation at interface 

The resulting elongation of the floor can be compared to the pull-off deformation that would 

have been applied if it had been feasible to incorporate this into the test setup. During the 

experimental programme discussed in Chapter 5 and Chapter 6, pull-off deformations of up to 

33 mm were intended to be applied to the connection as inter-storey drifts of up to ±4.5% were 

simulated and the loading regime used during these tests is reiterated in Figure 7.37 below. 

This relationship between inter-storey drift and beam elongation had been established on the 

basis that a 800 mm deep reinforced concrete perimeter beam spanned parallel to the ribs and 
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the pull-off deformations applied to the support were proportional to the depth of this beam 

(see Appendix C). In a situation where a reinforced concrete beam spanned parallel to the ribs 

tested during this experimental programme, it is likely that the pull-off deformations induced 

by the elongation of the beam would be approximately 20 mm and 40 mm for the 100 mm and 

200 mm deep ribs respectively as the structure was subjected to the same magnitude of lateral 

drift. Figure 7.36 shows that the elongation of the floor by the completion of the tests was 

approximately 12 mm, 30 mm and 13 mm for specimens IRT1, IRT2 and IRT3 respectively. 

The pull-off deformations induced as the floor specimens were rotated to ±6.75% were 

therefore approximately 60-80% of that which would have been simulated. 

 
Figure 7.37. 175 mm rib loading regime 

7.3.3. Topping delamination 

Figure 7.38 shows the measured topping delamination for the left rib of specimen IRT2 

throughout the progression of the test. The vertical displacements of the topping and rib were 

recorded by gauges 6 and 8 respectively (see Figure 7.7) and the relative displacements of these 

components allowed the topping delamination to be calculated. Figure 7.38 confirms that this 

delamination was initiated at approximately +2% during the first cycle to +4.5% drift, 

consistent with the observations made during the test (see Section 7.2.3) as well as the stage in 

the test at which the positive moment response of the specimen was measured to become 

severely degraded (see Figure 7.34). Furthermore, the extent of this topping delamination, 

reaching 24 mm by the completion of the test, is approximately consistent with the observed 

drop of the floor specimen during the test. Observations made during the testing of both 

specimens IRT1 and IRT3 had confirmed that the topping had not delaminated from the ribs 

for either of these specimens. 



Chapter 7. Insitu rib and timber infill testing 

240 
 

 
Figure 7.38. IRT2 measured topping delamination 

7.4. Insitu and constructed specimen damage mode comparisons 

As outlined in the chapter introduction, this experimental programme had provided an 

opportunity to compare the damage mode of rib and timber infill support connections that were 

constructed in an existing 1990 building to the damage mode of the specimens discussed in 

Chapter 5 that were considered to be representative of support connections constructed during 

this time period. The testing observations discussed in Section 7.2 had shown a difference in 

behaviour for the specimens of different rib depth. As such the damage mode discussed in 

Chapter 5 for the constructed specimens will be compared to the observed behaviour of the 

insitu specimens containing shallow (100 mm) and deep (200 mm) ribs independently. 

7.4.1. Insitu tested shallow (100 mm) rib damage 

During this experimental programme, the shallow precast ribs (IRT1 and IRT3) were found to 

be susceptible to losing a large portion of their seating length due to the rib damage sustained 

at low levels of applied rotation as the encased rib stem became entrapped in the support. This 

behaviour of the shallow ribs during the insitu tests was similar to that observed for the 

constructed specimens (discussed in Section 5.4.1) with comparable levels of rib entrapment 

observed. Given that the constructed specimens had incorporated 175 mm deep ribs, the severe 

damage sustained by the 100 mm ribs was anticipated as the flexural cracking capacity of these 

shallow ribs would have been significantly lower while the fixity established at the rib support 

connection would have remained comparatively high due to the surrounding insitu concrete 

and mortar seating pad. Unlike the testing of the constructed specimens however, the entire 

length of the rib embedded in the support became entrapped for both test specimens IRT1 and 

IRT3. For the constructed specimens the base of the rib became entrapped in the line of the 

surrounding insitu concrete behind the haunched timber infill strip, as discussed in Chapter 5 

and shown in Figure 5.44b. This entrapment was observed for test specimen IRT1 despite the 
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fact that a large portion (35 mm) of the seated length of the rib had consisted of the rib being 

surrounded by the masonry face shell rather than insitu concrete and this further highlights the 

tendency of shallow ribs to become entrapped in the support. The extent of the damage 

sustained by the ribs of test specimen IRT3 was anticipated as the entire seated length of the 

rib had been encased in the insitu beam concrete. Similarly to the constructed specimens, the 

path of rupture through the ribs had propagated from the rib base diagonally towards the ends 

of the ribs. As discussed in Chapter 5 and Chapter 6, the path of rupture tended to pass below 

the location of the first rib stirrup due to the confinement provided in the region within the 

stirrup, leading to a much less severe loss in rib length than at the base of the ribs. This feature 

of the rib damage was highlighted in the testing observaitons discussed in Section 7.2. 

As a result of the rib entrapment, almost all of the rib seating was lost for both specimens IRT1 

and IRT3 as the support connection became damaged and vertical support for the floor 

subsequently became dependent on aggregate interlock along with dowel action of any 

continuity reinforcement (IRT3 alone). As discussed above, the reduced damage above the base 

of the rib for all ribs of both specimens would have enabled the ribs to bear on the support as 

further deformation was applied, similarly to phenomenon illustrated in Figure 7.1. Support for 

the floor provided by dowel action of the prestressing strands would have been very limited as 

the proximity of the damage to the ends of the ribs would have resulted in the strands pulling 

out of the entrapped rib stem. As outlined in the test setup section of this chapter, the lack of 

applied gravitational load on the connection meant that the failure of the connection where 

these secondary load transfer mechanisms would have been overcome was not able to be 

investigated. 

7.4.2. Insitu tested deep (200 mm) rib damage 

While the insitu tested shallow 100 mm deep ribs examined during this experimental 

programme and the 175 mm deep ribs incorporated within the constructed specimens lost the 

entire rib stem surrounded by insitu concrete, the deep 200 mm ribs for test specimen IRT2 

sustained relatively minor levels of damage to the ends of the ribs. This lack of damage to the 

deep ribs highlights the reduced vulnerability of deeper ribs to being entrapped in the support 

due to their comparatively higher flexural cracking capacity. It can therefore be considered that 

the rib damage mode discussed in Section 5.4.1 is a greater issue for shallower ribs. The lack 

of rib entrapment for the deeper ribs of test specimen IRT2 however, was partly attributable to 

a lack of rib seating which would have reduced the rib support fixity. Furthermore, the ease at 
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which the masonry face shell directly beneath the ribs became dislodged indicates that this 

portion of the supported length would not have contributed significantly to holding the ends of 

the ribs in place. This lack of entrapment was most applicable to the right rib of test specimen, 

the seated length of which had only extended approximately 10 mm past the inside of the 

masonry face shell resulting in minimal rib damage while both ribs had sustained minor 

damage in the bottom corners of the ribs consistent with the line of the insitu concrete. 

While entrapment of the deep ribs had largely been prevented, it needs to be noted that these 

ribs were also highly susceptible to collapse as a result of both the spalling of the masonry face 

shell beneath the ribs and the delamination of the ribs from the insitu topping. As outlined for 

the shallow ribs, the limited gravitational loading able to be applied to the connection prevented 

the true failure mode from being determined. 

7.4.3. Insitu specimen support damage 

Spalling of the support beam ledge for the constructed specimens discussed in Chapter 5 

generally resulted in the prying of a portion of the support beam ledge cover concrete due to 

the rotation of the rib relative to the support beam. As discussed in Section 5.2.7, this spalling 

of the support beam ledge was dependent on the magnitude of damage sustained by the rib and, 

where a larger length of the rib had been lost, spalling of the support beam ledge was observed 

to be less likely. In general, the residual length of seating for the rib was approximately 20 mm 

following the cumulative losses in seating brought about by rib entrapment and support beam 

ledge spalling and formation of an inclined path of rupture through the support. 

However, the support damage observed during the insitu testing programme was largely the 

result of the inadequacy of the face shell of the RCM wall to support a ribbed flooring unit. 

While gravitational loading on the support ledge was limited for both specimens IRT1 and 

IRT2, spalling of the 35 mm masonry face shell directly beneath these ribs was consistently 

observed. During the testing of specimen IRT3 however, and where the ribs were supported by 

a precast concrete shell beam, the lack of gravitational load imposed on the connection would 

have significantly reduced the prying stresses developed at the edge of the support beam ledge 

and the support beam ledge remained intact. 

7.5. Implications of observed inadequate connection detailing features 

A number of inadequacies in the support connection detailing were observed within the three 

randomly located specimens tested during the insitu testing programme that would have 
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resulted in these specimens being more susceptible to a non-ductile failure. The inadequate 

aspects of the connection detailing discussed in this section do not extend to the implications 

of positive moment damage sustained away from the support due to entrapment of the rib which 

has been addressed previously in this chapter as well as extensively in Chapter 5. The additional 

poor detailing identified in these tests consisted of: 

• Supporting the ribs on masonry face shell (test specimens IRT1 and IRT2); 

• Rib seating lengths below the specified minimum (test specimen IRT2); 

• A lack of continuity reinforcement (test specimen IRT1); and 

• Inadequately anchored continuity reinforcement (test specimen IRT2) 

While none of the three floor specimens collapsed through loading to ±6.75% rotation, the 

shortcomings in the connection detailing observed for the specimens raises concerns regarding 

how these floors would have performed under more realistic (and severe) loading 

combinations. As discussed previously and summarised in Table 7.3, additional gravitational 

loading was unable to be applied to induce a realistic reaction force at the support and so the 

seismic drift capacity of these connections is unknown. While no pull-off deformation was 

directly applied to the support connection to simulate the effects of beam elongation, significant 

residual crack widths still occurred at the connection, as discussed in Section 7.3.2. During the 

final testing cycles the residual crack widths were measured to have reached approximately 60-

80% of the pull-off deformation that would have been simulated at the support connections for 

the particular rib depths. Furthermore, it needs to be noted that the pull-off deformations 

applied during the testing of the constructed specimens had simulated that induced by a ductile 

reinforced concrete moment resisting frame spanning parallel to the ribs. As the supporting 

elements for specimens IRT1 and IRT2 were RCM walls, it is considered that significantly 

reduced pull-off deformations would typically be induced at these support connections as RCM 

walls would result in a stiffer building and reduced ductility demands.  

7.5.1. Supporting the ribs on masonry face shell 

During the testing of both specimens IRT1 and IRT2, the masonry face shell that had 

contributed to a large portion of the supported length of the ribs spalled as a result of prying of 

the ribs. Masonry blocks are inherently weak and, as the 35 mm thick face shell is not anchored 

into the rest of the wall, are insufficiently robust to be able to reliably contribute to the 

supported length of the rib in a situation where it will be subjected to prying stresses induced 

by the movement of the rib. The prying of the rib had been most detrimental during the 
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application of positive rotational deformations and the shear friction developed as the base of 

the rib rotated away from the support caused the face shell to detach from the wall. For both 

test specimens IRT1 and IRT2, damage to the masonry face shell initiated during loading to 

+3.0% drift (see Sections 7.2.1 and 7.2.3). Consistent with this observation, Figure 7.36 

indicates that the floor had begun to significantly pull away from the wall at this stage in each 

test. Furthermore, it is considered that the increased rib movement as a result of the application 

of seismic pull-off deformations would have resulted in spalling of the masonry face shell at 

deformations simulating lower levels of structural drift, significant pull-off deformation were 

not measured to have been induced at the connection at this stage (see Figure 7.36). In addition 

to this, if the vertical reaction force at the support had been increased, the horizontal component 

of this reaction force would have in-turn increased and further load would have been transferred 

to the masonry face shell, increasing the susceptibility of the face shell to prying. The increased 

prying due to increased gravitational loading is evidenced by the behaviour of the face shell 

supporting the comparatively deeper test specimen IRT2, which had resulted in more severe 

spalling than had been the case for test specimen IRT1. The relative support damage for the 

two specimens is exemplified by their comparative states shown in Figure 7.12 and Figure 7.19 

respectively. The implication of this tendency for the masonry face shell to spall is that this can 

contribute to a loss of support failure (see Section 2.3.2) where the face shell makes up a portion 

of the seated length of the rib. The reduction in rib seating due to the spalling of the masonry 

face shell was most detrimental for the right rib of test specimen IRT2 as the supported length 

of this rib extended only slightly beyond the inside of the face shell as discussed previously 

and resulting in this rib losing support.  

The inadequacy of the masonry block to provide effective support was recognised in guidelines 

produced by the New Zealand Concrete Society and the New Zealand Society for Earthquake 

Engineering (New Zealand Concrete Society and New Zealand Society for Earthquake 

Engineering 1999). These guidelines had recommended that the masonry face shell should not 

be considered as a part of the supported length of the rib but rather the rib should be considered 

to be supported by the insitu wall concrete alone. Excluding the face shell from the supported 

length would therefore require the ribs to be supported by 240 mm thick blocks in order for the 

ribs to have sufficient seating and be adequately tied into the wall. It had previously been 

common practice to seat the rib only 65 mm onto blockwork and such that the seating length 

of the rib only passed the inside of the face shell by approximately 30 mm (Precast New 

Zealand Incorporated 2008). However, it should be noted that this construction practice was 
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more typical of floors where loads were moderate and limited seismic deformations were 

anticipated. 

7.5.2. Rib seating lengths below the specified minimum 

While almost all of the ribs incorporated in this testing programme contained a seating length 

that would be deemed adequate by current design standards (Standards New Zealand 2006), 

one of the two 200 mm deep ribs making up test specimen IRT2 possessed an initial seating 

length of only 45 mm. The majority of this seated length consisted of the 35 mm masonry face 

shell that spalled during the test and resulted in this rib losing support at an early stage of the 

test, as shown previously in Figure 7.19b. Following the loss in rib seating, vertical support for 

the floor was provided by interlock of the concrete and it is considered that the application of 

further pull-off deformation and additional gravitational load would have increased the 

likelihood of the floor to collapsing early in the loading protocol once rib support had been 

lost. This loss in support is consistent with the fact that the floor dropped during the final cycles, 

as shown in Figure 7.22. In general, the combination of limited rib seating along with the ribs 

being supported on masonry block meant that this floor was susceptible to a loss in support 

failure. As discussed previously in Sections 7.2.4 and 7.4.2, no significant damage was 

sustained by the rib itself due to the limited length of rib surrounded by insitu concrete 

(approximately 10 mm) and no significant rotational restraint was therefore provided to the rib 

support. 

7.5.3. Lack of continuity reinforcement 

The support connection for test specimen IRT1 had no continuity reinforcement placed 

between the insitu topping and the support. Although precast concrete flooring systems are 

generally designed as simply supported, there is a number of reasons why continuity is used at 

the floor supports, including: 

• Tying the floor into the support, thereby controlling of cracking at the floor-to-support 

interface; 

• Allowing for the transfer of diaphragm forces; and 

• Providing negative moment fixity, thereby reducing deflections and vibrations of the floor. 

During the testing of the constructed specimens discussed in Chapter 5 and Chapter 6, dowel 

action of the continuity reinforcement provided a secondary load path to support the floor 

following a loss in seating of the ribs. Despite the extensive support damage sustained during 
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those tests, collapse of the floor was prevented until large deformations sufficient to fracture 

these continuity reinforcement bars (25-35 mm) had been applied. Furthermore, this support 

had been provided whilst realistic gravitational loading had been applied to the connection. 

With the absence of continuity reinforcement across the floor-to-support interface for test 

specimen IRT1, this secondary load path would have been unable to be provided and the 

connection would have failed as soon as the applied deformation was sufficient to overcome 

the aggregate interlock at the damage interface. As additional gravitational load was unable to 

be applied during this test, support for the floor specimen was maintained as pull-off 

deformations of up to approximately 13 mm were induced at the support connection (as 

discussed in Section 7.3.2), a level of pull-off deformation considered to be significant where 

the supporting element is an RCM wall. However, it is considered that realistic gravitational 

loading would have overcome the reaction force provided by the aggregate interlock prior to 

this level of deformation being reached. 

7.5.4. Inadequately anchored continuity reinforcement 

The poorly anchored continuity reinforcement within test specimen IRT2 had led to negative 

flexural cracking in the topping at the location of termination of these bars. This damage was 

consistent with the onset of a non-ductile negative flexural failure observed previously in 

hollow-core floor tests (Liew 2004; Woods 2008; Fenwick et al. 2010) and described in Section 

2.3.4. A non-ductile negative flexural failure can occur where the continuity reinforcement in 

the topping terminates at a location sufficiently close to the support that negative bending 

moments are still appreciably high. As the termination of the continuity reinforcement is 

accompanied by a large drop in flexural strength, a weak section will therefore form if the 

flexural demand induced by the connection exceeds the negative flexural capacity at this 

location. The continuity reinforcement typically laps onto cold-drawn light reinforcing mesh 

for buildings of the era investigated here. In this situation, additional cracks are prevented from 

forming due to the lightly reinforced nature of the topping, and the brittle nature of the cold-

drawn mesh results in it fracturing at relatively low levels of displacement as this single crack 

widens, as observed during these tests. The flexural cracking in the topping is subsequently 

followed by diagonal cracking through the web (the web being a precast rib during this 

investigation). 

In the past, precast floor support connections had not always been designed with consideration 

given to the actions transmitted into the unit by the continuity reinforcement and it is considered 
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that many precast concrete floors in existing structures are susceptible to this failure mode. The 

current version of the New Zealand Concrete Structures Standard (NZS 3101:2006) however, 

requires support detailing to ensure the critical section forms at the end of the precast unit (see 

Figure 2.23) and this is considered to be achieved by the continuity reinforcement detailing 

indicated in Figure 2.22 (Standards New Zealand 2006). Previously, the International 

Federation for Structural Concrete (FIB) had published a guide to good practice which stated 

that all sections near the floor support should be checked where restraint is provided to hollow-

core floors (FIB 2000). 

Unlike the previously identified failure mode illustrated in Section 2.3.4, the topping became 

delaminated from the rib during positive rotations and as the masonry face shell supporting the 

rib spalled. As the floor specimen was rotated upwards, the specimen pivoted about the portion 

of the floor that had remained attached to the wall (see Figure 7.23b) and this resulted in the 

simultaneous delamination of the topping, as the end of the rib was forced downwards about 

this pivot point, and the spalling of the masonry face shell due to the prying of the rib. This 

behaviour was evidenced by the simultaneous positive moment degradation of the connection 

(discussed in Section 7.3.1) and onset of topping delamination (discussed in Section 7.3.3) with 

the masonry face shell falling out beneath the left rib (discussed in Section 7.2.3). It is 

considered that the proximity of the weak section to the end of the ribs during this test, located 

only approximately 290 mm from the end of the rib (200 mm into the floor), would have 

significantly reduced the load required for the topping to delaminate. If the weak section under 

negative moments was located further into the floor, the rupturing of the bond between the rib 

and topping would have been required over a longer length of rib and therefore would have 

been less likely to occur. The reduced fixity at the end of the rib following the delamination of 

the topping meant that as negative moments were reapplied to the connection and the floor 

specimen was rotated downwards, the response was no longer dominated by the opening of the 

rib crack (see Table 7.5), as the end of the rib was now freely rotating with the rest of the floor 

specimen. The ties provided across the rib crack would have also helped to prevent this crack 

from opening further. The diagonal nature of the crack (typical of cracking through the web as 

a floor unit undergoes a negative moment failure) meant that at least two legs of the 6 mm 

diameter helix stirrups crossed this crack (see Figure 7.24a) along with prestressing strands 

running longitudinally through the rib. If additional rotation had become sustained at the rib 

crack however, the floor specimen would subsequently have become more susceptible to 

collapse. 
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Of the three 12.7 mm diameter prestressing strands within the 200 mm deep rib, one was 

located at mid-rib depth while the other two were located 50 mm above the base of the rib (see 

Figure 7.25b). The lack of propagation of the crack toward the base of the rib however, meant 

that significant strains would not have been imposed on the lower prestressing strands. The 

location of the rib crack dictated that the development length of the prestressing strands was 

approximately 180 mm (14db) and 100 mm (8db) for the upper and lower strands respectively. 

Despite preventing the crack from opening further, this insufficient length of development of 

the strands (which are typically required to be developed over a length of 50-100db) indicates 

that these would have been pulled out of the end of the rib if larger loads had been applied. 

Previous research has indicated that a lowly developed strand can provide some vertical support 

across a crack up until the approximate diameter of the prestressing strand dependent on the 

level of prestressing strand development, at which point the strand will bend and pull out 

(Fenwick et al. 2010). As a result, the residual capacity of this negative moment crack through 

the rib is therefore unknown.  

As discussed in Section 7.1.2 and in Appendix B, the test setup used here was designed such 

that a typical negative bending moment profile would be induced in the region near the support 

and it is therefore considered that the damage mode of the connection for specimen IRT2 was 

realistic. Furthermore, the fact that the mesh sheets had been lapped in the region of the 

specimen and more bars had therefore crossed this crack that had formed at the end of the 

continuity reinforcement (as discussed in Section 0) meant that this section was not as weak as 

it potentially could have been. 

7.5.5. Possible retrofitting approaches 

It is considered that the risk of a loss of support failure arising from the first two listed 

connection inadequacies (supporting the ribs on masonry face shell and rib seating lengths 

below the specified minimum)  can be mitigated by retrofitting the support with additional rib 

seating as described in Section 5.5.1. Providing additional rib seating outside of an RCM wall 

is likely to help prevent the masonry face shell from spalling by tying the ledge into the wall, 

however this would need to be verified with further research. Furthermore, care should be taken 

to ensure the steel section is adequately anchored into the wall and the masonry face shell 

should not be considered effective at providing the reaction force to support the bolt. It is 

considered that the anchor would be required to pass through the entire thickness of the wall 

and be bolted to the other side to hold the steel section in place effectively. 
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Where insufficiently developed continuity reinforcement can lead to a non-ductile negative 

moment failure in the floor; two possible retrofitting approaches can be taken. The first 

approach consists of weakening the negative moment capacity of the connection such that the 

magnitude of flexural actions transmitted into the floor is reduced (Woods 2008; PCFOG 

committee 2009). This approach is similar to the concept prescribed in Section 5.5.2 except 

that where excessive fixity induces a negative flexural failure, weakening of the connection 

could be carried out by identifying and cutting a portion of the continuity reinforcement. The 

second retrofitting approach consists of increasing the negative flexural capacity of the floor 

itself. Previous testing performed on untopped units has shown that the negative flexural 

capacity of hollow-core units can be significantly increased by bonding carbon fibre reinforced 

polymer (CFRP) strips to the top of the unit (Hosny et al. 2006). It is considered that this 

technique has potential for use as a retrofit for precast concrete flooring systems containing an 

insitu topping to prevent a flexural negative moment failure (PCFOG committee 2009). 

To implement the above mentioned retrofit procedures, support connections with the poor 

detailing practices discussed would need to be identified. In general, support connections with 

inadequate reinforcement detailing can be identified through scanning the topping concrete 

with a rebar detector. However, it is likely to be less feasible to detect where the ribs contain 

an insufficient seating length. Generally, where the seating length is inadequate this was the 

result of an insufficient allowance for construction tolerances and will not be shown on support 

connection drawings. 

7.6. Conclusions 

An experimental programme was conducted to investigate the seismic behaviour of rib and 

timber infill floor support connections in an existing building constructed in the 1990s. This 

testing extended the experimental programme previously discussed in Chapter 5 and Chapter 

6 which had highlighted the susceptibility of typical rib and timber floor support connections 

in existing buildings to a loss of support failure. Simulated earthquake rotational deformations 

were applied to the floor specimens following a pre-developed protocol such that the damage 

mode of the support connections could be compared to the behaviour observed during the 

previously performed tests as well as enabling the behaviour of other support connection types 

to be examined. The following conclusions have been drawn from the results of the three insitu 

tests conducted: 
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• The damage mode observed for the support connections of the floor specimens containing 

shallow (100 mm) depth ribs when subjected to positive rotational deformations was 

similar to that observed during the previous rib and timber infill tests where the ribs had 

been encased in insitu concrete as a part of the connection design. For these floor 

specimens, the fixity established at the ends of the ribs as a result of the surrounding insitu 

concrete led to a flexural crack forming in the ribs at the face of support. The location of 

this damage at the base of the rib effectively meant that the entire rib seating length was 

lost.  

• Similar to the previous tests where support fixity led to rib cracking at the face of the 

support, the cracks in the insitu tests propagated diagonally from the base and towards the 

ends of the ribs. As discussed in Section 6.7.3, the confinement provided by the rib stirrups 

reduces the likelihood of damage from being sustained in this region and as a result the 

crack propagates below the first stirrup. The fact that this damage mode was also observed 

during this testing indicates that this behaviour was not dependent on the testing component 

properties of the previously performed tests, namely the low topping concrete strengths 

achieved. 

• The rib entrapment for the test specimen incorporating deeper 200 mm ribs was typically 

minor and remained limited to the bottom corners of the ribs, preventing a significant loss 

in rib support length. This behaviour of the 200 mm ribs was markedly different from that 

of the similarly sized 175 mm ribs tested previously. Although the increased flexural 

capacity of deeper ribs results in a reduced susceptible to support entrapment, the behaviour 

of the 200 mm ribs was likely influenced by a general lack of fixity at the support. Reduced 

rib seating lengths and the spalling of the masonry face shell were identified as having 

reduced this support fixity. 

• Despite the absence of additional gravitational loading during these tests, the masonry face 

shell beneath the ribs spalled due to the prying applied by the ribs as they were rotated away 

from the support. In situations where large prying stresses can be expected to be developed 

due to the movement of the rib, the masonry face shell should not be considered to 

contribute to the rib support length. Where this masonry face shell contributes a significant 

portion of the rib support length in existing structures and spalling of the masonry face shell 

is likely to contribute to a loss of support failure; the support connection should be 

retrofitted by adding additional seating (as described previously in Section 5.5.1). 
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• Support connections for precast concrete floor systems constructed during the 1980s and 

1990s were highly variable and in some cases contained connection detailing susceptible 

to a non-ductile failure. The source of these variations in construction are likely to be the 

result of both inconsistencies in design as well as deviations in as-built connections from 

those specified. The potential vulnerably of the existing connections is evidenced by the 

support detailing of the three randomly located rib and timber infill floor specimens. Of the 

three approximately 1.25 m wide floor specimens; one contained no continuity 

reinforcement while another contained widely spaced continuity reinforcement which 

terminated close to the support, resulting in the onset of a non-ductile negative moment 

failure for the specimen. Additionally, an inadequate seating length (significantly lower 

than that which would have been specified) was also observed for one of the ribs of 

specimen IRT2. Despite none of the floor specimens collapsing through the application of 

rotational deformations to ±6.75%, the connection detailing inadequacies raises the concern 

of how these floors would have performed where seismic pull-off deformations and 

realistic gravitational loading were applied to the connection. 

• The testing discussed in this chapter further advocates the need for rib and timber infill 

support detailing that enables the rib to slide without sustaining damage for future 

construction (as discussed in Chapter 6). 
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Chapter 8. Summary, conclusions and recommendations 

Uncertainties in the robustness of the support connection detailing for several precast concrete 

flooring systems had arisen from both the outcomes of previously conducted research as well 

as observations made during the Canterbury earthquakes. The main aim of this research was to 

investigate the seismic performance of the support connection detailing for precast concrete 

flooring systems that have not been considered during previous research and for which 

uncertainties in robustness have been identified. From these investigations, recommendations 

could be provided to the New Zealand Concrete Structures Standard Committee for new 

construction and appropriate retrofitting techniques for inadequate support connections in 

existing structures could be identified. 

To achieve this objective, the performance of precast concrete flooring systems during the 

Canterbury earthquakes was reviewed and the observed damage was compared with failure 

mechanisms identified from previous research to determine precast concrete floor connections 

requiring further research. From this review, the support connections for deep hollow-core 

floors and rib and timber infill floors were both identified as requiring further research. 

Experimental programmes were conducted to investigate the seismic performance of both 

flooring systems. In the case of floors containing deep hollow-core units (400HC), validation 

was required to ensure that the support connection detail currently recommended by the New 

Zealand Concrete Structures Standard for hollow-core floors performed in a robust manner 

with 400HC units. In the case of rib and timber infill floors, the support connection practices 

used in existing structures were investigated so that the vulnerability of these floors could be 

evaluated and retrofitting approaches could be identified. Additionally, for rib and timber infill 

floors, the support connection practices recommended following the Canterbury earthquakes 

were investigated along with support connections that are currently commonly constructed, so 

that recommendations could be provided for new construction.  

8.1. Conclusions for precast concrete floors in existing structures (Chapter 5 

and Chapter 7) 

The support connections for rib and timber floors in existing structures were investigated as a 

part of two experimental programmes conducted during this research. Primarily, testing 

performed on rib and timber floors designed to be consistent with those in existing structures 
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was discussed in Chapter 5 while additional testing performed insitu within a building on as-

built rib and timber infill connections was discussed in Chapter 7. The tests performed on the 

as-built rib and timber infill support connections were therefore able to be used to validate the 

damage mode observed for the specimens tested during the primary experimental programme. 

Along with validating the behaviour of the connection, comparisons were made between the 

two experimental programmes based on the effects of different rib depths and support 

structures. However, due to the limitations of the loading able to be applied during the as-built 

tests, conclusions relating to the residual capacity and the deformation required to bring about 

failure of the damaged connection are based solely on the experimental programme discussed 

in Chapter 5. From the performance of the rib and timber infill support connections observed 

during both experimental programmes, retrofit techniques for existing structures were 

identified. 

8.1.1. Performance of rib and timber infill floors with existing support connections  

Rib damage: 

Typical existing support connections for rib and timber infill floors where the ribs are seated 

on a mortar pad and the ends of the ribs are encased in insitu concrete with the topping resulted 

in the ends of the ribs becoming held in place at the support as deformation was applied to the 

connection due to the fixity established. The entrapment of the base of the rib as a result of this 

fixity can be expected to extend to the edge of the insitu concrete surrounding the rib, resulting 

in a reduction in seating for the rib equivalent to this entrapped length. This reduction in rib 

seating is likely to take place regardless of the rib support structure and will occur as soon as 

the connection cracks, generally at a support rotation of approximately 0.2-0.4%. During the 

testing performed in this research the final timber infill strip was sloped on a 45 degree angle 

to meet the edge of the support beam ledge, consistent with common existing practice. This 

positioning of the final timber infill strip resulted in approximately 40 mm of the 75 mm seating 

length of the ribs being lost at the base of the rib, approximately consistent with the extent of 

the insitu concrete surrounding the ends of the ribs. 

While the loss in length of the ribs at the base of the connection was consistent with the extent 

of the insitu concrete surrounding the ribs, the damage through the depth of the ribs was 

variable. In general, the damage in the ribs propagated diagonally towards the rib-to-beam 

interface, with the more confined centre of the ribs preventing as extensive damage from being 

sustained above the rib base. While the damage through the centre of the ribs was variable, the 
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nature of this damage was influenced by both the type and location of the first rib stirrup out 

from the support. The fact that some confinement was provided by this rib stirrup meant that 

no damage was sustained within this region enclosed by the stirrup and, where the stirrup type 

contained a tie across the base of the stirrup (closed and helix stirrups), the rib damage 

propagated diagonally beneath this tie. 

Effect of rib depth: 

The susceptibility of rib damage is dependent on the depth of the rib and shallow ribs are 

generally more susceptible to being held in place at the support. This increased vulnerability 

of shallow ribs is due to the fact that the flexural cracking capacity of the rib drops significantly 

with a decrease in depth while the fixity established at the support connection due to the 

surrounding insitu concrete and mortar seating pad remains comparatively high. However, 

despite the fact that shallow ribs are generally more vulnerable to support entrapment, the 

factors that determine the likelihood of rib entrapment are highly variable and consist of the 

combined resistance to movement provided by the surrounding insitu concrete and mortar 

seating pad in comparison to the uncracked flexural capacity of the ribs. In situations where 

relatively shallow ribs (175 mm deep or less) are seated on a mortar seating pad, it can be 

assumed that the entire length of the ribs surrounded by insitu concrete will be lost at the base 

of the ribs. Furthermore, for the shallowest rib depths (approximately 100 mm), the resistance 

provided by the mortar pad is potentially sufficient to result in entrapment of the entire rib 

supported length, irrespective of encasing insitu concrete. On the other hand, the flexural 

cracking capacity of deep ribs (in excess of 200 mm) may potentially result in these ribs 

sustaining only minor damage as they separate from the support. The damage sustained by 

these deep ribs is however dependent on the fixity established at the particular support 

connection in question. 

Residual capacity of damaged connection: 

Despite the majority of the rib seated length being lost due to the rib becoming entrapped in 

the support, the support connection was able to accommodate vertical loading well in excess 

of that which it would be designed to support. Following loading to deformations equivalent to 

those induced at a structural drift of 1%, the support connection was able to accommodate 

vertical loading equivalent to that imposed by a 48 kPa live load distributed over the surface 

of the floor. The support connection was subsequently able to accommodate vertical loading 

equivalent to that imposed by a 29 kPa live load after the pull-off deformation applied to the 
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floor was increased to that which would be sustained following loading to approximately 2% 

drift. The pull-off deformation applied to the connection prior to the application of these 

vertical loads was 8 mm and 16 mm respectively, meaning that the residual length of seating 

for the ribs would have been approximately 27 mm and 19 mm at the stage that these loads 

were applied. As a building incorporating 175 mm ribs such as an office structure would 

typically be designed to withstand a live load of 3 kPa, the vertical loading applied here was 

well in excess of that which the connection would be required to withstand. However, it should 

be noted that no support beam ledge spalling had occurred prior to the application of these 

vertical loads and ledge spalling would have resulted in a reduced seating length and therefore 

a reduction in residual capacity of the damaged connection. 

Support damage and residual seated length: 

Spalling of an adequately detailed reinforced concrete (RC) support beam ledge due to the 

prying of the ribs can be expected to result in a further reduction in rib seating. However, the 

testing performed during this research indicated that where a large portion of the ribs had 

remained entrapped in the support, the reduction in prying of the ribs results in a reduced 

likelihood of ledge spalling. In general, where approximately 40 mm of the rib remains 

entrapped in the support, it can be anticipated that spalling of the support beam ledge will result 

in a further reduction in seating of approximately 15 mm. During the tests, the support beam 

ledge spalling did not extend over the full width beneath the rib, but instead concentrated 

beneath the centre of the rib where rib entrapment was less severe. As a result of the rib 

entrapment being more severe at the sides of the ribs and support beam ledge spalling generally 

being more severe beneath the centres of the ribs, the combination of damage to both 

components resulted in a residual seated length of approximately 20 mm across the width of 

the rib support. The combination of damage sustained by both components resulted in the ribs 

dropping as soon as sufficient deformation was applied to pull the ribs off the support beam 

ledge. During the tests this loss of seating for the ribs was initiated during loading to ±2.0% 

drift and once a pull-off deformation of approximately 20 mm had been applied to the 

connection, consistent with the damage sustained by the connection. 

During the tests performed in which the ribs were seated on a reinforced concrete masonry 

(RCM) wall, the weak unreinforced face shell of the masonry block resulted in 35 mm of 

spalling directly beneath the ribs. This spalling of the masonry face shell was initiated at 

relatively low prying stresses and should be expected regardless of the damage sustained by 

the ribs. The face shell should therefore not be considered to contribute to the support length 
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for a ribbed flooring unit. Excluding the face shell from the supported length would therefore 

require the ribs to be supported by 240 mm thick blocks in order for the ribs to have sufficient 

support and be adequately tied into the wall. 

Connection failure: 

The rib and timber infill support connections failed when the applied deformation was 

sufficient to reach the fracture strain of the Grade 500 continuity reinforcement that had 

provided a secondary load path to support the floor following the prior loss of rib seating. The 

loss in rib seating had subsequently resulted in reliance on these bars to provide vertical support 

for the floor after relatively low levels of deformation had been applied to the connection as 

discussed above. Failure of the connection took place once deformations of a magnitude 

ranging between 25 mm and 35 mm had been applied at the location of these bars resulting in 

collapse of the floor during simulated seismic loading to either -3.0% or -4.5% drift. 

Deviation from postulated failure mode: 

In contrast to previous theories that rib flexural cracking would result in the onset of a positive 

moment failure of the rib away from the support, the testing performed during this research 

indicated that the ribs are likely to undergo a loss of support failure. The postulated positive 

moment failure had considered that flexural cracking at the base of the rib would propagate to 

follow the line of the haunched infill strip. This failure mode would have required the crack at 

the base of the rib to cross the rib stirrups, which was not observed during any of the tests 

performed during this research. As discussed above, the particular mode of failure of the 

connection is dependent on several highly variable factors and support connections are 

considered to be more susceptible to a positive moment failure in different situations. In 

particular, it is considered that a higher insitu concrete strength would have increased the 

entrapment provided to the rib as this would have increased the fixity established at the support. 

The rib loss of support failure mode observed during this research is considered to be more 

desirable than a positive moment failure as damage was typically sustained close to or inside 

the edge of the support and, as such, retrofitting of the support would be a simpler process to 

carry out. The rib cracks consistent with a positive moment failure are likely to form 

approximately 100-200 mm out from the support, as observed during previous earthquakes. 

Furthermore, the reduced entrapment above the base of the rib meant that bearing of the rib on 

the support was maintained as the rib dropped relative to the support beam.  
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8.1.2. Additional robustness considerations for existing rib and timber infill support 

connections 

Precast concrete flooring systems constructed during the 1980s and 1990s were highly variable 

and in some cases contained inadequate detailing that would make the support connection 

susceptible to a non-ductile failure. These features of an inadequately detailed support 

connection were observed during the testing of rib and timber infill support connections within 

an existing building and are in addition to the tendency of the rib to lose seating as a result of 

the entrapment provided by the surrounding insitu concrete and the ramifications of seating 

ribs on the face shell of an RCM wall discussed above. Of the three approximately 1.25 m wide 

floor specimens tested; one contained no continuity reinforcement while another contained 

widely spaced continuity reinforcement which terminated close to the support, resulting in the 

onset of a non-ductile negative moment failure for the specimen. Additionally, an inadequate 

seating length (significantly lower than that which would have been specified) was also 

observed for one of the two ribs for one test specimen. As realistic gravitational loads were 

unable to be applied to these support connections, the stage at which the connection would 

have failed as a result of these inadequacies was unable to be gauged. The source of these 

variations in construction are considered to be the result of both inconsistencies in design as 

well as deviations of the as-built connections from those specified.  

8.1.3. Retrofitting techniques for rib and timber infill floors 

Retrofitting of precast concrete floor support connections should be carried such that all 

potential failure modes for the support connection are considered. In the case of rib and timber 

infill support connections undergoing the loss of support failure observed during this research, 

it is considered that bolting a steel RHS section to the support beam directly beneath the rib 

will be effective at preventing this mode of failure. On the other hand, it is difficult to recognise 

whether the rib will be more likely to undergo this loss of support failure or if the positive 

moment failure postulated from previous earthquake observations and research will be more 

likely. Breaking the bond to the surrounding insitu concrete (by either saw-cutting or drilling) 

is considered to be an effective solution to prevent both failure modes. However, it is 

considered to be a less practical technique to be carried out and requires experimental 

validation. Ideally, both retrofitting techniques could be implemented simultaneously to both 

provide additional rib seating as well as prevent a positive moment failure. 
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In the case of ribs supported by RCM walls, the steel section providing the additional seating 

would additionally help to confine the face shell of the masonry block and prevent this from 

spalling. However, care would need to be taken to ensure that the section is adequately 

anchored into the wall as this is more difficult to be achieved than anchoring the steel section 

into the steel cage of a heavily reinforced beam. 

Where the continuity reinforcement terminates at a sufficiently close proximity to the support 

such that the connection is likely to undergo a non-ductile negative moment failure, a couple 

of retrofitting approaches could be employed. A similar weakening technique could be used as 

that to debond the rib from the insitu concrete, differing in that a portion of the continuity 

reinforcement could be saw cut at the precast unit-to-beam interface to reduce the actions 

transmitted into the topping. Alternatively, the negative moment capacity of the floor could be 

increased by fixing carbon fibre reinforced polymer (CFRP) strips to the top of the floor. 

8.2. Conclusions for precast concrete floors in new structures 

Support connection detailing appropriate for use in new structures were examined for both rib 

and timber infill floors and 400HC floors. The testing performed on rib and timber infill floors 

was discussed in Chapter 6 and investigated support connections that were recommended 

following the Canterbury earthquakes (Structural Engineering Society New Zealand 2011) as 

well as support connections consistent with common construction practice. The testing 

performed on 400HC floors was discussed in Chapter 4 and investigated the support connection 

detailing for hollow-core floors recommended by the New Zealand Concrete Structures 

Standard (Standards New Zealand 2006).  

8.2.1. Performance of rib and timber infill floors with SESOC recommended support 

connections (Chapter 6) 

Rib damage and connection performance: 

Rib and timber infill floors incorporating the support connection detailing recommended by 

SESOC performed as intended and enabled the rib to slide on the low-friction bearing strip 

without sustaining significant damage as the connection is subjected to earthquake induced 

deformations. This support detailing minimises positive moment fixity at the connection and 

therefore the transmission of tensile stresses into the ribs, preventing the end of the rib from 

remaining entrapped in the support as had been observed for the ribs with existing support 

connection detailing. As a result of this behaviour, the test specimens containing this detailing 
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were able to sustain loading to lateral drift levels in excess of ±4.5% and pull-off deformations 

of up to 70 mm, significantly greater than the deformations that would be anticipated in a 

typical structure with rib and timber infill floors. Following the application of this deformation, 

vertical support for the floor was maintained despite the ribs having almost no residual seating. 

Minor rib damage was sustained by two of three test specimens investigating this support 

connection. However, this damage was only sustained as a result of the insitu concrete having 

been enabled to partially flow around the ribs during the construction of these specimens. As a 

result, approximately 10-25 mm of the bottom corners of the ribs remained entrapped in the 

support while no damage was sustained in the rib away from the bottom corner of the rib that 

was in contact with the insitu concrete. Where the connection was constructed as intended and 

no insitu concrete surrounded the ribs, the ribs remained undamaged. 

Support damage: 

In general, both the inclusion of a low-friction bearing strip and a support beam ledge chamfer 

reduced the prying stresses developed in the support beam ledge and therefore the likelihood 

of spalling. Along with reducing the horizontal component of the vertical force transmitted to 

the support, the positioning of the low-friction bearing strip away from the edge of the support 

beam ledge also concentrates the vertical reaction force further into the support. The chamfer 

helps to further reduce prying stresses developed at the edge of the support beam ledge along 

with the bearing strip. As a result of these connection detailing features, no significant support 

beam ledge spalling was observed during two of these three tests while a large degree of support 

beam ledge spalling took place towards the completion of the third test.  

8.2.2. Performance of rib and timber infill floors with current support connections 

(Chapter 6) 

Supported on a bare concrete ledge: 

Rib and timber infill support connections with detailing typical of current construction 

practices, whereby the ribs are seated on the bare concrete support beam ledge and the end of 

the rib is surrounded by insitu concrete, behaved in a similar manner to the existing support 

connections and were susceptible to a large degree of the end of the rib remaining entrapped in 

the support. Similarly to the existing support connections, the reduction in seating as a result 

of this rib entrapment was found to be approximately 40-50 mm and equivalent to the length 

of the rib encased in the insitu concrete. From the relative uncracked positive moment 



Chapter 8. Summary, conclusions and recommendations 

261 
 

capacities of the two connection types, it is considered that the shear frictional resistance 

provided by the bare concrete support beam ledge to the movement of the rib is comparable to 

that where the rib is seated on a mortar pad. Furthermore, a similar degree of spalling of the 

support beam ledge also occurred for this rib support connection, resulting in a residual seating 

length of 20 mm following the damage sustained by both the ribs and the support beam ledge. 

Supported on top of a low-friction bearing strip: 

Where insitu concrete was cast around the end of the rib, consistent with current construction 

practices, in conjunction with the rib being seated on a low-friction bearing strip, significantly 

less damage was sustained by the ends of the ribs in comparison to where the ribs were seated 

on the bare concrete support beam ledge. As the ribs were enabled to separate from the support 

beam whilst only sustaining minor damage, this support connection is considered to be capable 

of behaving in a similar manner to the recommended connection detail. Furthermore, the 

placement of the low-friction bearing strip back from the edge of the support beam ledge also 

helped to prevent ledge spalling. As a result, the ribs lost seating on the support beam ledge at 

significantly larger levels of simulated deformation. However, it should be noted that a low 

insitu topping concrete strength during this test would have had some influence on this 

behaviour. 

Connection failure: 

While both of the specimens incorporating connection detailing consistent with common 

construction practices lost seating on the support beam ledge during the test, fracture of the 

continuity reinforcement bars and failure of the connection was only brought about at a crack 

width in excess of 40 mm at the location of these bars, greatly in excess of that for the 

specimens containing existing support connections. This increased crack width at failure was 

due to the increased ductility of Grade 300 reinforcing bars, used as the continuity 

reinforcement for the specimens containing current support connections. 

8.2.3. Recommended rib and timber infill support detailing for future construction 

Although the test specimens containing the SESOC recommended detailing performed well, it 

has been considered impractical within the New Zealand construction industry to construct rib 

and timber infill floors in this manner. It is considered more desirable to position the vertical 

timber infill strip to meet the edge of the support and such that the ends of the ribs are 

surrounded by insitu concrete. Where the rib and timber infill support connection is designed 
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such that insitu concrete surrounds the ends of the ribs, several factors should be considered so 

as to optimise the performance of the connection and minimise the tendency for the ribs to lose 

seating as a result of either rib entrapment or support beam ledge spalling. These factors 

include: 

• Seating the ribs on top of a low-friction bearing strip. The bearing strip reduces the 

actions transmitted to the ribs as well as the prying stresses at the support ledge and thereby 

helps to prevent damage. All ribs should be seated on top of a low-friction bearing strip, 

irrespective of other detailing. 

• Using Grade 300 steel as continuity reinforcement. The increased ductility of Grade 300 

reinforcing bars will maximise the crack width at failure in a situation where the topping is 

prevented from delaminating from the ribs. Furthermore, closed loop rib stirrups are more 

reliably able to anchor the continuity reinforcement into the ribs. 

• Minimising rib stirrup cover. Where permissible, reducing the cover for the rib stirrups 

to 30 mm is considered to minimise the damage sustained by the ribs in a situation where 

the ends of the ribs remain entrapped in the support. This is a result of the rib stirrups 

providing some confinement to the region enclosed within the stirrup and reducing the 

likelihood of the rib becoming damaged in this region. Furthermore, closed stirrups provide 

more effective confinement to the rib as a result of the horizontal tie running across the 

underside of the stirrup.  

• Armouring the ends of the ribs. 

8.2.4. Performance of deep hollow-core floors with NZS recommended support 

connections (Chapter 4) 

The seismic behaviour of the 400HC units tested showed that a comparable response is 

achieved by these deep hollow-core units to the previously tested shallower (300HC) units. 

The connection detail ensured that the applied damage was sustained at a single crack location 

at the unit to support beam interface following the formation of which, the unit slid on the 

bearing strip and freely rotated relative to the support beam and flexural or shear damage to the 

brittle hollow-core unit was prevented. Both an increased width of seating and an increased 

level of continuity reinforcement did not result in alternative failure mechanisms developing 

and the performance of the 400HC support connection was in fact seen to improve where a 

greater seating length was provided, in accordance with commonly constructed 400HC designs. 
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This damage mode enabled lateral drift levels in excess of 4.5% and elongations up to 60 mm 

to be accommodated by the connection, significantly greater than the deformations that would 

be anticipated in typical buildings using 400HC floors. Toward the completion of testing, the 

connection was able to provide vertical support despite the unit having only approximately 

10 mm residual seating following the applied deformations. Furthermore, after sustaining 

damage to 2% lateral drift, the support connection was under no significant risk of losing 

vertical capacity and was able to accommodate imposed loading well in excess of that which 

it would be required to withstand (equivalent to a live load of 45 kPa distributed across the 

floor), whilst only sustaining minor damage. 

With no additional gravitational loading applied, no spalling of the support ledge occurred 

during testing. However, when additional gravitational loads were applied, the prying actions 

caused severe spalling of the corner of the support beam ledge at lateral drifts of 3%, 

subsequently causing the unit to twist and drop down on one side, and spalling along the length 

of support of approximately 20-30 mm. The tests have therefore indicated that the proposed 

draft amendment 3 to NZS 3101:2006 gives a reasonable (but conservative) allowance for 

beam spalling of 40 mm. Furthermore, with an increased width of seating the prying action of 

the unit away from the edge of the ledge was found to greatly reduce this spalling. 

8.2.5. Recommended deep hollow-core support detailing for future construction 

The connection detailing recommended in clause C18.6.7(c) of NZS 3101:2006 is appropriate 

for deep hollow-core units and results in a similar performance to shallower hollow-core units 

with severe damage avoided to either the hollow-core unit or support beam. However, this 

connection detailing should be used in conjunction with an increased width of seating, in 

accordance with the proposed draft amendment 3 to the standard, which would require that this 

width be increased to approximately 125 mm in ductile structures (Cook et al. 2014). 

8.3. Precast concrete floor connections requiring further research 

8.3.1. Rib and timber infill floor support connections in existing structures 

From the experimental testing performed during this research on existing rib and timber infill 

support connections (Chapter 5 and Chapter 7), a number of additional support connection 

types are required to be investigated for the performance of rib and timber infill floors in 
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existing structures to be thoroughly understood and for connections requiring retrofit to be 

completely identified. These additional support connections consist of: 

• The effect of rib depth on the performance of rib and timber floors in existing structures. It 

is considered that the increased cracking capacity of deeper ribs will reduce the 

susceptibility of these ribs to becoming entrapped in the support. It is therefore considered 

that additional testing on deep ribs (250-350 mm in depth) should be performed to further 

ascertain the extent of the vulnerability of precast rib and timber infill floors in existing 

structures. 

• Performance of existing rib and timber floors with identified retrofitting techniques. While 

it is considered that providing additional seating will be effective for existing rib and timber 

floors undergoing the failure mode observed during this research, the effectiveness of 

weakening the support connection is required to be verified. It is considered that these two 

retrofitting techniques would work well simultaneously and the experimental verification 

could therefore incorporate both techniques. 

• Performance of precast concrete flooring systems retrofitted against a negative moment 

failure. While retrofitting techniques have been identified to prevent a negative moment 

failure due to the inadequate anchoring of continuity reinforcement into the topping, this is 

a general issue for precast concrete floors. It is therefore considered that the retrofitting 

techniques identified for preventing this non-ductile failure could be examined with rib and 

timber infill or hollow-core floors.  

8.3.2. Rib and timber infill floor support connections for new construction 

From the experimental testing performed on both current and recommended support connection 

details for rib and timber infill floors (Chapter 6), several additional factors are required to be 

investigated that were not incorporated into this experimental programme. In general, ribs 

should always be supported on a low-friction bearing strip for future construction and support 

connections consistent with the SESOC recommendations are considered to always perform in 

a robust manner. However, for situations where insitu concrete is cast around the ends of the 

ribs and the ribs are supported by a low-friction bearing strip, the robustness of the connection 

needs to be investigated for a number of additional circumstances. These circumstances 

include: 
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• Where shallow ribs are used. As shallow ribs are more susceptible to becoming entrapped 

in the support, it is therefore considered that these may not perform as well as the midsized 

ribs investigated during this research. 

• Where the ribs are surrounded by a higher strength insitu concrete, thereby increasing the 

resistance to rib sliding. 

• Where armoured ribs have been manufactured. 

8.3.3. Analytical modelling of rib and timber infill support connections 

The development of a simple analytical model, calibrated against the test results could be used 

to increase the understanding of the observed behaviour whilst limiting the extent of additional 

experimental testing needing to be performed. Such an analytical model could potentially 

capture the comparative vulnerabilities of different rib and timber infill floors in existing 

structures and provide further guidance for new construction in the areas outlined in Section 

8.3.2 above. In particular, it is considered that the performance of rib and timber infill support 

connections could be able to be determined based upon rib depth, support detailing and loading 

conditions. 

8.3.4. Other connections 

From analysing the seismic performance of precast concrete flooring systems during previous 

earthquake observations and research, a number of connections for precast concrete floors were 

identified as requiring further research that were outside the scope of this work. These 

connections include: 

Flange hung double-tee connections containing the loop bar detail: 

While the loop bar detail is not necessarily required to be used in new structures due to the 

prevalence of other support hanger details for flange hung double-tee units that provide a more 

reliable load path, the loop bar detail has an extensive presence in existing structures built 

during the past 40 years. A test performed by Beattie (2009) indicated that the loop bar detail 

is capable of performing adequately when the support connection is subjected to seismic 

induced deformations. However, despite not being required for future construction, the 

performance of the detail needs to be extensively evaluated to determine the vulnerability and 

retrofitting requirements of existing structures containing this detail; Hare et al. (2009) outlines 

the requirements for this experimental validation. The potential vulnerability of this support 

connection type was further highlighted by the collapse of several double-tee units within the 
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Statistics House building during the recent Kaikoura earthquake (Ministry of Business 

Innovation & Employment 2017). The failures of these units had been brought about by the 

outer edge of the flange outstand cracking (generally at the end of the loop bar) combined with 

spalling of the support beam ledge. 

Diaphragm behaviour: 

As noted during the experimental programmes, the ideal response of a precast concrete floor 

support connection is for a single crack to form at the unit-to-beam and such that damage is 

prevented from occurring away from the precast unit-to-beam interface. This response results 

in a single large crack forming at the connection between the floor diaphragm and the lateral 

load resisting system that would result in a breakdown of diaphragm action more readily as this 

diaphragm connection would be unable to effectively transfer seismic induced inertia forces. 

However, it is considered that if the diaphragm connections are designed such that only a 

portion of the floor detaches from the lateral load resisting system while a sufficient diaphragm 

connection remains intact, the integrity of the diaphragm can be retained. In this way, both the 

floor support connections and diaphragm connections will be able to respond in a robust 

manner to the actions imposed during an earthquake. Research into the behaviour of 

diaphragms should therefore be furthered such that the extent of cracking at the diaphragm 

connections is minimised and the remaining uncracked portion of the diaphragm connections 

are able to transfer the required diaphragm shear forces. As a furthered understanding of the 

behaviour of the diaphragm connections would help to enable the location and extent of cracks 

around the perimeter of a diaphragm to be better determined, an increased understanding of the 

actions imposed at the floor support connections would in turn be developed. An increased 

knowledge of these demands will therefore help with the assessment of retrofit requirements 

for precast floor support connections within existing buildings. 
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Appendix A. Development of sub-assembly testing 

This appendix describes the development of the test setup used during the experimental 

investigations discussed in Chapter 4, Chapter 5 and Chapter 6. The sub-assembly test setup 

used during this research had followed on from previous investigations into the seismic 

performance of precast concrete flooring systems conducted at both the University of 

Canterbury (UC) and at the University of Auckland (UoA). The test setups used during these 

previous investigations were further developed as the actions induced at the support 

connections of the precast concrete flooring systems became better understood. The outcomes 

of this previous research were previously discussed in Chapter 2. 

A.1. Pull-off sub-assembly tests

Figure A.1. Typical pull-off test setup after Herlithy (1999) 

Research conducted during the early 1990s had initially identified the pull-off deformation 

induced at the floor support connections, resulting from the elongation of perimeter frame 

beams spanning parallel to the precast unit, as a potentially critical action (Fenwick and Megget 

1993; Restrepo-Posada et al. 1993). These concerns were furthered by observations made 

following the Northridge earthquake in 1994 in which several hollow-core units were observed 

to have lost seating as discussed in Chapter 1. Initial investigations at the University of 

Canterbury had subsequently sought to determine the magnitude of pull-off deformation that 

would cause a hollow-core unit to lose support. A series of simple unit ‘pull-off’ tests were 
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conducted to determine the performance of the hollow-core support connection details this 

deformation was applied and the susceptibility of the floor units to a loss of support failure 

(Meija-McMaster 1994; Oliver 1998; Herlithy 1999). A testing assembly used to subject the 

support connection to axial tension during these pull-off tests is shown in Figure A.1.  

A.2. UC large scale tests

Following the initial pull-off tests, a series of full scale, three dimensional tests were conducted 

at UC during which the seismic performance of both existing precast hollow-core floors as well 

as those with improved connection details were able to be comprehensively evaluated (Lindsay 

2004; Matthews 2004; MacPherson 2005). During these super-assembly tests, a two by one 

corner bay of a reinforced concrete moment resisting frame structure (details shown in Figure 

A.2) was subjected to reverse cyclic loading to simulate the inter-storey drifts imposed on a

structure under seismic actions. Unlike the pull-off tests, these ‘super-assembly’ tests were able

to fully investigate the behaviour of the hollow-core floor systems such that all other imposed

on the floor connections would be included. This testing significantly contributed to the

identification of the actions induced at the floor connections as a result of sway of structure,

discussed in Section 2.2.

Figure A.2 Super assembly prototype structure tested by Mathews (2004). 

The UC large scale tests had followed similar testing performed by Lau (2007) at the University 

of Auckland. Lau had undertaken an experimental investigation to determine the strength 

enhancement hollow-core flooring gave to the adjacent beam. Although this had not been the 

intended purpose of the research, many of the issues relating to the use of hollow-core floors 

in reinforced concrete moment resisting frames were identified (Lau et al. 2007). 
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Figure A.3. Super assembly loading mechanism developed by Mathews (2004) 

The bay was subjected to reverse cyclic loading, as indicated in Figure A.3, and the damage 

imposed at the floor support connection was assessed. The beam elongation at each drift level 

was also recorded and this was subsequently interrelated with the imposed storey drift to 

establish a relationship between the rotational and pull-off deformations induced at the support 

connection (Matthews 2004). Subsequently, the deformations measured during this research 

were able to be used to develop simpler and more economical sub-assembly tests that were 

able to accurately simulate the actions induced at the support connection. 

A.3. Rotation sub-assembly tests 

 

Figure A.4. Rotation sub-assembly test setup developed by Bull and Mathews (2003) 

The UC large scale tests had highlighted the damage induced at the support connection as a 

result of the rotational deformation sustained between the hollow-core unit and its support. 

Following the first large scale test, Bull and Mathews (2003) developed a simplified rotation 

focused sub-assembly setup (shown in Figure A.4) to subject the hollow-core support 
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connections to this rotational deformation. Control tests were performed during which 

connection details were used consistent with those incorporated in the large scale test and these 

were found to provide comparable results. Inter-storey drift was taken to directly correspond 

to the rotation between the precast unit and the unit support beam as a conservative assumption 

and the effects of the torsional rigidity of the support beam were neglected. The effect can be 

seen in Figure A.5 which illustrates how the flexibility of the support beam and the activation 

of the continuity reinforcement would result in reduced rotational deformation away from the 

end of the beam. 

Figure A.5. Support beam torsional effects (Matthews 2004) 

A.4. Rotation-elongation sub-assembly tests

Further developed sub-assembly tests were carried out that also incorporated pull-off 

deformations into the loading regime. These tests were able to efficiently replicate the actions 

imposed at the support connection as they had been induced during the super-assembly tests. 

Figure A.6 demonstrates a typical setup used for these rotation-elongation sub-assembly tests. 

The test is controlled by two jacks used to apply deformations through a pre-determined 

loading protocol. Similar test arrangements have been used to verify the support connection 

details for both hollow-core units and flange hung double-tee units (Trowsdale 2004; 

MacPherson 2005; Jensen 2006; Allington 2009; Beattie 2009). The currently used NZS 

3101:2006 recommended support connection detail was first tested by Trowsdale (2004) in this 

manner before it was later verified by MacPherson (2005) during a super-assembly test in 

which the connection behaved in a similar manner. 
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Figure A.6. Rotation-elongation sub-assembly test setup (Jensen 2006) 

A.5. Refined sub-assembly tests 

The previously described sub-assembly investigations had subjected the support connection to 

rotational deformations by rotating the floor unit about the floor support connection. During 

tests conducted by Fowler (2012), earthquake induced rotational deformations were applied by 

rotating the support beam itself. The method by which this was achieved is shown in Figure 

A.7 wherein a shaft was cast into the beam to house a pin about which the support beam was 

rotated. The support beam details are shown more clearly in Figure A.8. It is believed that in 

allowing the floor unit to remain horizontal, the rotational deformation induced in a real 

structure better reflects. Additionally, the limitations faced due to concerns regarding the 

stability of any additional vertical loads, which had taken place in sub-assembly tests 

performed by Allington (2009), are removed. The experimental test setup used here was 

adapted for the sub-assembly tests conducted during this research. 

 

Figure A.7. Refined sub-assembly test setup (Fowler 2012) 
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Figure A.8. Support beam rotation mechanism (Fowler 2012) 
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Appendix B. Simulation of support connection actions 

During the experimental programmes discussed in Chapter 4, Chapter 5 and Chapter 6, a sub-

assembly test setup was used to subject the support connections to actions simulating those that 

would be induced in a prototype structure. As well as applying simulated earthquake 

deformations to the support connections, additional gravitational load (in the form of coils of 

prestressing strand) was positioned on top of the floor to induce the anticipated prototype 

structure support connection reaction force and bending moment profiles in the vicinity of the 

support. This appendix compares the actions induced at the support connections for the 

specimens tested during this research against the realistic actions that would have been induced 

at the support connections of the prototype structure. These comparisons are shown in Figure 

B.1 and Figure B.2 for the deep hollow-core and the rib and timber infill testing respectively 

while Table B.1 and Table B.2 show the support connection parameters used to create these 

comparisons. For Figure B.1b and Figure B.2b, the vertical reaction force at the support 

connection is calculated with the assumption that the floor is simply supported. It is considered 

that although a degree of fixity is established at the support connection, this assumption is valid 

once significant damage has been sustained at the support connection and as the floor becomes 

susceptible to collapse. Figure B.1c and Figure B.2c compare the bending moment profiles 

induced at the support connection for both the prototype structure and the test specimen as the 

maximum negative moment measured during each experimental programme is applied to the 

connection. The bending moment profile in the vicinity of the support connection for the 

prototype structure was simulated as accurately as possible during the application of negative 

moments while the positive bending moment profile (not shown) was accurately simulated in 

the region between the support connection and the first coil out from the support.  

The positive moment capacity of the floor increases rapidly as the prestressing strands become 

developed into the precast unit and it is therefore considered that the behaviour of the support 

connection when subjected to positive moments is relatively insensitive to the bending moment 

profile away from the support. If a weak section does not form near to the face of the support, 

at which location the positive moment capacity is almost completely made up by the modulus 

of rupture of the concrete alone, the support connection is not likely to undergo a positive 

moment flexural failure. Unlike a positive moment flexural failure, the susceptibility of the 

support connection to either a negative moment flexural failure or a shear failure in the negative 
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moment region is sensitive to the bending moment profile in the vicinity of the support 

connection. Both of these failure modes are dependent on the formation of flexural cracks away 

from the support and it is therefore important that the demand imposed on the floor during 

testing is representative of the prototype structure. The bending moment profiles are compared 

against both earthquake gravitational loads as well as against a reduced gravitational loading 

case, not considered during testing, wherein a longer length of the floor is subjected to negative 

bending.  

Conservatively, it is assumed for the prototype structure that no positive moment restraint is 

provided by the support connection at the other end of the floor. All gravitational loads for the 

prototype structure are calculated using the earthquake gravitational load case ‘G, ψEQ, Eu’ 

from the New Zealand Structural Design Actions Standard, 1170.0 (Standards New Zealand 

2002a) while the induced bending moment profiles are also compared against a reduced 

gravitational load case ‘0.9G’. Although not considered in the development of these tests, this 

reduced gravitational load case increases the length of the negative moment region of the floor 

and therefore increases the likelihood of inducing additional flexural cracks. The incorporation 

of upwards vertical seismic loads (not shown here) would also act to further extend this 

negative moment region. 
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B.1. 400 mm hollow-core testing 

 
a) Prototype structure 

 
b) Test specimen shear (simply supported)  

 
c) Test sepciemen bending moments (maximum applied negative moment – test HC5) 

Figure B.1. 400HC applied actions 

Coil locations Far support 
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Table B.1. 400HC support connection parameters 

Prototype structure 

L1- Simulated span (assume reaction 50 mm from support face) 14.5 m 

Unit width 1.2 m 

Dead load  

400HC unit with 65 mm topping 6.46 kPa 

Additional 25 mm topping load 0.6 kPa 

Superimposed dead load (SDL) 0.5 kPa 

G1 - GHC unit, topping and SDL  7.56 kPa 

G2 - GHC unit and topping  7.06 kPa 

Live load from NZS 1170.1 (Standards New Zealand 2002b)  

Q - Live load (carpark)  2.5 kPa 

ψE - Combination factor for earthquake actions earthquake 0.3 

Uniformly distributed loads  

W1: G1 + ψEQ = 1.2 x (7.56 + 0.3 x 2.5) 9.97 kN/m 

W2: 0.9G2 = 1.2 x (0.9 x 7.06) 7.62 kN/m 

Support connection reaction  

RSimply-supported = 𝑊𝑊1𝐿𝐿
2

 72.3 kN 

M - Maximum negative moment during test 155 kNm 

R1Maximum negative moment = 𝑊𝑊1𝐿𝐿
2

+  𝑀𝑀 
𝐿𝐿

    83.0 kN 

R2Maximum negative moment = 𝑊𝑊2𝐿𝐿
2

+  𝑀𝑀 
𝐿𝐿

    65.9 kNm 

Test specimen 

L2 - Unit length 4.9 m 

Loads  

W3: G2 = 1.2 x (7.06) 8.47 kN/m 

P1 - Strand coil 38 kN 

P2 - Strand coil 38 kN 

Load locations relative to support connection  

L3 - Far support (roller) 4.3 m 

LP1 1 m 

LP2 2 m 

Support connection reaction – Simply supported  

RFar support = 𝑊𝑊3𝐿𝐿2
  2+ 𝑃𝑃1𝐿𝐿𝑃𝑃1+ 𝑃𝑃2𝐿𝐿𝑃𝑃2

𝐿𝐿3
 49.5 kN 

RSupport connection = 𝑊𝑊3𝐿𝐿2 + 𝑃𝑃1 + 𝑃𝑃2 − 𝑅𝑅𝐹𝐹𝐹𝐹𝐹𝐹 𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝐹𝐹𝑠𝑠 68.0 kN 

Support connection reaction – Maximum negative moment  

RSupport connection = 𝑊𝑊3𝐿𝐿2 + 𝑃𝑃1 + 𝑃𝑃2 − 𝑅𝑅𝐹𝐹𝐹𝐹𝐹𝐹 𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝐹𝐹𝑠𝑠 + 𝑀𝑀
𝐿𝐿3

 85.9 kN 
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B.2. 175 mm rib and timber infill testing 

 
a) Prototype structure 

 
b) Test specimen shear (simply supported)  

 
c) Test specimen bending moments (maximum applied negative moment – test RT1) 

Figure B.2. 175RT applied actions 

Coil location 

Far support 
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Table B.2. 175RT support connection parameters 

Prototype structure 

L1- Simulated span 6.6 m 

Floor width 1.25 m 

Dead load  

2 – 175 mm deep ribs 1.62 kN/m 

75 mm topping load 2.25 kN/m 

Superimposed dead load (SDL) 0.5 kPa 

G1 – GRibs, topping and SDL  4.50 kN/m 

G2 – GRibs and topping  3.87 kN/m 

Live load from NZS 1170.1 (Standards New Zealand 2002b)  

Q - Live load (office)  3.0 kPa 

ψE - Combination factor for earthquake actions earthquake 0.3 

Uniformly distributed loads  

W1: G1 + ψEQ = 4.50 + 1.25 x (0.3 x 3.0) 5.62 kN/m 

W2: 0.9G2 = 0.9 x 3.87 3.49 kN/m 

Support connection reaction  

RSimply-supported = 𝑊𝑊1𝐿𝐿
2

 18.6 kN 

M - Maximum negative moment during test 69 kNm 

R1Maximum negative moment = 𝑊𝑊1𝐿𝐿
2

+  𝑀𝑀 
𝐿𝐿

    29.0 kN 

R2Maximum negative moment = 𝑊𝑊2𝐿𝐿
2

+  𝑀𝑀 
𝐿𝐿

    22.0 kNm 

Test specimen 

L2 - Rib length 4.75 m 

Loads  

W3: G2 = 3.87 3.87 kN/m 

P1 - Strand coil 26 kN 

Load locations relative to support connection  

L3 - Far support (roller) 4.3 m 

LP1 2.5 m 

Support connection reaction – Simply supported  

RFar support = 𝑊𝑊3𝐿𝐿2
  2+ 𝑃𝑃1𝐿𝐿𝑃𝑃1
𝐿𝐿3

 25.1 kN 

RSupport connection = 𝑊𝑊3𝐿𝐿2 + 𝑃𝑃1 − 𝑅𝑅𝐹𝐹𝐹𝐹𝐹𝐹 𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝐹𝐹𝑠𝑠 19.5 kN 

Support connection reaction – Maximum negative moment  

RSupport connection = 𝑊𝑊3𝐿𝐿2 + 𝑃𝑃1 − 𝑅𝑅𝐹𝐹𝐹𝐹𝐹𝐹 𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝐹𝐹𝑠𝑠 + 𝑀𝑀
𝐿𝐿3

 35.5 kN 
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B.3. Residual capacity tests 

Tests were performed on each of the deep hollow-core and existing rib and timber infill support 

connections to investigate the vertical load capacity of the support connections after sustaining 

damage (as discussed in Chapter 4 and Chapter 5 respectively). Figure B.3 compares the 

vertical reaction force induced at the support connection during both of these tests against that 

for the ultimate limit state gravitational load case ‘1.2G, 1.5Q’ specified in NZS 1170.0 

(Standards New Zealand 2002a). While loads were applied well in excess of that which would 

have been induced, as illustrated in Figure B.3, neither of these residual capacity tests were 

able to cause the support connection to fail. The loading parameters for both the prototype and 

test structure were calculated for this higher demand gravitational load case similarly to those 

shown in Sections B.1 and B.2. 

 
a) Test HC3 

 
b) Test RT3 

Figure B.3. Residual capacity tests 

1.47 m 

0.69 m 
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B.4. Insitu rib and timber infill testing 

 
a) IRT1 5.5 m span bending moments (maximum applied negative moment) 

 
b) IRT2 8.5 m span bending moments (maximum applied negative moment) 

 
c) IRT3 5.5 m span bending moments (maximum applied negative moment) 

Figure B.4. Insitu test bending moments    

Figure B.4 compares the bending moment profile induced during the testing of the insitu rib 

and timber infill specimens, discussed in Chapter 7, against that for a prototype structure 

simulated by each individual specimen. These comparisons are made as the support connection 

is subjected to the maximum negative moment measured during the test, similarly to the 

bending moment profile comparison shown in Figure B.2c. As a result of slightly larger than 

anticipated negative moment capacities being achieved by the support connections and 

1.35 m lever arm 

1.42 m lever arm 

1.90 m lever arm 
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limitations in feasible specimen sizes, the lever arms used to rotate the specimens during the 

tests were generally slightly inadequate to best represent the negative bending moment profile 

of the prototype structure in the vicinity of the support. These bending moment diagrams were 

constructed using the loading parameters discussed in Chapter 7 (test specimen measurements 

and maximum applied negative moments) and were calculated similarly to those shown in 

Table B.2. The test setup used during this investigation meant that the positive bending moment 

profile was unable to be accurately simulated for the prototype structure. 
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Appendix C. Loading regime development 

Throughout the experimental investigations conducted during this research, the test specimens 

were subjected to deformations simulating those that would be induced at the support 

connection of a prototype structure. The calculations developed to conservatively estimate 

these deformations at each loading cycle were based upon correlations between properties of 

the surrounding structure and previously developed beam elongation predictions. This 

appendix discusses previous investigations into beam elongation and the establishment of 

loading regimes for both the deep hollow-core and the rib and timber infill support connection 

testing. 

C.1. Previous beam elongation investigations 

As discussed in Chapter 4 and Chapter 5, the loading regimes used during this research were 

based upon a loading regime developed by Jensen (2006), prior to the development of which 

extensive studies quantifying beam elongation were investigated. These studies included both 

envelope type beam elongation predictions used to predict maximum beam elongation from 

the beam mechanics (Fenwick and Megget 1993; Restrepo-Posada et al. 1993) and, more 

notably for this research, loading dependent beam elongation predictions that estimate a beam 

elongation profile throughout a prescribed loading history (Lee and Watanabe 2003; Matthews 

2004). The loading regime developed by Jensen (2006) combined the key features of the those 

developed by both Lee and Watanabe (2003) and Mathews (2004) to create a relatively simple 

but realistic loading dependent beam elongation prediction model.  

C.1.1. Lee and Watanabe method 

The model proposed by Lee and Watanabe (2003) comprehensively accounted for and 

quantified the reinforced concrete member properties and loading nature leading to beam 

elongation. Four different paths were described as taking place in the beam plastic hinge while 

undergoing reverse cyclic loading and these are summarised below: 

Path 1 Pre-flexural yielding or unloading region; the elastic axial strain or elongation upon      

loading is recovered upon unloading. 

Path 2 Post-flexural yielding region; axial strain increases rapidly and residual strain remains 

upon unloading as a result of plastic hinge rotation. 

Path 3 Slip region; negligible axial strain is induced. 
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Path 4 Repeated loading region; increase in axial strain is considered to be inversely 

proportional to the number of reloading cycles. 

 

Figure C.1. Lee and Watanabe proposed beam plastic hinge elongation behaviour (Jensen 2006) 

A series of monotonic and reverse cyclic tests were carried out to investigate the effectiveness 

of the model and good agreement was found to occur (Lee and Watanabe 2003). The major 

setback of this prediction model is the complexity along with the fact that the model also gives 

the results in terms of axial strain rather than elongation and the restraint to beam elongation 

provided by the floor is not taken into consideration. 

C.1.2. The Rainflow method  

The method for predicting beam elongation developed by Mathews (2004), known as the 

‘Rainflow method’, provides a reduced level of complexity in comparison to the method 

proposed by Lee and Watanabe (2003). A major factor of this reduction in complexity is the 

assumption made that an increase in elongation did not occur under repeated cycles to the same 

magnitude of inelastic rotation. The fact that elongation accumulated under repeated cycles can 

make a significant contribution to the overall elongation of the beam, as observed throughout 

a number of experimental tests (Restrepo-Posada et al. 1993; Lindsay 2004; MacPherson 2005; 

Lau et al. 2007), means that this assumption is an oversimplification. 



Appendix C. Loading regime development  
 

287 
 

 
a) External lever arms 

 
b) Internal lever arms 

Figure C.2. Exterior and interior internal lever arm values (Jensen 2006) 

During this method, beam elongation is determined by positive and negative plastic hinge 

rotation, yield drift, and the internal lever arms between the neutral axis and the centre of the 

beam. Experimental data from the UC large scale tests (see Appendix A) was used to calibrate 

the lever arm values and so this method therefore has the advantage that the restraint provided 

by the floor system is accounted for. The prestressed floor system was found to provide 

significantly more effective restraint to a plastic hinge located adjacent to an internal column 

and away from the floor support connection, as indicated by the comparative lever arm values 

identified by Mathews (2004) and shown in Figure C.2. Similarly to previously performed tests 

on cantilever tee beams (Fenwick et al. 1981; Fenwick et al. 1995), non-prestressed 

reinforcement in the slab was not found to significantly influence beam elongation. The 
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differential restraint provided where the floor slab is in tension is indicated in Figure C.2 by 

the reduced lever arm length as negative moments are applied. 

C.1.3. Jensen loading regime 

Jensen (2006) further developed the loading regime proposed by Mathews (2004) to better 

represent the rotation-elongation relationships observed during all of the UC large scale tests 

(Lindsay 2004; Matthews 2004; MacPherson 2005) as well as other previously performed tests 

(Fenwick et al. 1981; Restrepo-Posada et al. 1993; Lau 2001). The main adjustment was that 

elongation increments were taken into account where the connection is loaded to successive 

cycles to the same magnitude of plastic rotation. The loading regime proposed by Jensen is 

now generally accepted for use as the industry standard (Allington 2009) and was adapted to 

suit the prototype structures investigated during this research. The loading regime has the 

following improvements from the process developed by Lee and Watanabe (2003): 

• Reduced complexity; 

• Values expressed in terms of beam elongation rather than axial strain; and 

• Incorporation of the restraint of the floor system. 

The loading regime also improved the process developed by Mathews (2004) by taking into 

account: 

• The beam elongation increment from repeated inelastic cycles; and 

• The variation in neutral axis location for elastic and inelastic cycles. 

The loading regime effectively advanced the method proposed by Mathews (2004) to resemble 

the loading paths developed by Lee and Watanabe (2003). A reduction factor ‘ki’ was 

introduced as a simple means of reducing the elongation increment provided by repeated cycles 

to the same level of inelastic rotation following the first yielding cycle. These ki factors were 

determined through calibration of the beam elongation measured during the tests indicated 

above until good agreement was reached (Jensen 2006). The values are summarised in Table 

C.1 below and it should be noted that the reduction factor is only applied to the first two 

repeated cycles for the purposes of simplicity, following which the increased elongation during 

loading to the same repeated cycles is deemed to become negligible. The internal lever arm 

values used during the development of this loading regime were estimated from those used by 

Mathews (2004). Additionally, reduced lever arm values were used when considering elastic 

beam elongation to better reflect that measured during the initial loading cycles with simple 
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section analyses indicating elastic lever arms to be approximately 60%-70% of corresponding 

plastic lever arm values (Jensen 2006). Figure C.3 illustrates how the loading regime 

development is carried out by combining individual elastic and plastic elongation increments, 

similarly to the loading regime developed by Lee and Watanabe (2003). 

Table C.1. Drift cycle reduction factors Jensen (2006) 

Drift Cycle Reference (i) ki 

Initial cycle 0 1.00 

1st repeated cycle 1 0.50 

2nd repeated cycle 2 0.25 

3rd repeated cycle 3+ 0.00 

Elastic unloading cycle - 1.00 
 

 

Figure C.3. Jensen adapted beam plastic hinge elongation prediction (Jensen 2006) 

Good correlation has been found between the loading regime and the considered test results, 

indicating its appropriateness for use (Jensen 2006). In some situations a large degree of 

variance between predicted and meausred beam elongation values for individual hinges. 

However, these variances tend to be smoothed out when considering the sum of the elongation 

of hinges of an entire frame to achieve a relativley accurate overall prediction. This method of 
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correlating beam elongation and lateral drift assumes a well detailed and flexurally dominated 

plastic hinge and does not account for the effects of any shear deformation, bond slip, bar 

buckling or loss of confinement within the hinge (Jensen 2006).  

C.2. Loading regimes used during this research 

C.2.1. Beam elongation calculation assumptions 

From the beam elongation investigation performed by Jensen (2006), a number of assumptions 

were made in the development of loading regimes for the prototype structures simulated during 

this research. These assumptions included: 

• Pull-off deformation to be equivalent to the sum of the elongation of all hinges contributing 

to the pull-off deformation; 

• Half of the total number of plastic hinges along the span of the floor to contribute to the 

pull-off deformation at one end of the floor; 

• The elastic and plastic lever arms for the external plastic hinge (unrestrained) to be 

equivalent to 20% and 40% of the total perimeter frame beam depth respectively; 

• The lever arm of any internal (restrained) plastic hinges to be equivalent to 60% of that for 

the external plastic hinge; and 

• Rotational deformation to be equivalent to the lateral drift undergone by the structure.  
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C.2.2. 400HC loading regime 

Table C.2. 400HC loading regime (900 mm beam depth, external and internal plastic hinges) 

Drift 
(%) 

Rotation 
increment Loading nature 

Lever 
arm 

(mm) 

ki 

factor 

Elongation 
increment 

(mm) 

External 
hinge 

elongation 
(mm) 

Pull-off 
deformation 

(mm) 

0      0.0 0.0 

0.5 0.005 elastic loading 180 1 0.9 0.9 1.4 

0 -0.005 elastic unloading 180 1 -0.9 0.0 0.0 

-0.5 0.005 elastic loading 180 1 0.9 0.9 1.4 

0 -0.005 elastic unloading 180 1 -0.9 0.0 0.0 

0.5 0.005 elastic loading 180 1 0.9 0.9 1.4 

0 -0.005 elastic unloading 180 1 -0.9 0.0 0.0 

-0.5 0.005 elastic loading 180 1 0.9 0.9 1.4 

0 -0.005 elastic unloading 180 1 -0.9 0.0 0.0 

0.5 0.005 elastic loading 180 1 0.9 0.9 1.4 

1 0.005 plastic loading 360 1 1.8 2.7 4.3 

0.5 -0.005 elastic unloading 180 1 -0.9 1.8 2.9 

0 -0.005 Slip   0 1.8 2.9 

-0.5 0.005 elastic loading 180 0.5 0.45 2.3 3.6 

-1 0.005 plastic loading 360 1 1.8 4.1 6.5 

-0.5 -0.005 elastic unloading 180 1 -0.9 3.2 5.0 

0 -0.005 slip   0 3.2 5.0 

0.5 0.005 elastic loading 180 0.5 0.45 3.6 5.8 

1 0.005 plastic loading 360 0.5 0.9 4.5 7.2 

0.5 -0.005 elastic unloading 180 1 -0.9 3.6 5.8 

0 -0.005 slip   0 3.6 5.8 

-0.5 0.005 elastic loading 180 0.25 0.225 3.8 6.1 

-1 0.005 plastic loading 360 0.5 0.9 4.7 7.6 

-0.5 -0.005 elastic unloading 180 1 -0.9 3.8 6.1 

0 -0.005 slip   0 3.8 6.1 

0.5 0.005 elastic loading 180 0.25 0.225 4.1 6.5 

1 0.005 plastic loading 360 0.25 0.45 4.5 7.2 

2 0.01 plastic loading 360 1 3.6 8.1 13.0 

1.5 -0.005 elastic unloading 180 1 -0.9 7.2 11.5 

0 -0.015 slip   0 7.2 11.5 

-0.5 0.005 elastic loading 180 0 0 7.2 11.5 

-1 0.005 plastic loading 360 0.25 0.45 7.7 12.2 
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Drift 
(%) 

Rotation 
increment Loading nature 

Lever 
arm 

(mm) 

ki 

factor 

Elongation 
increment 

(mm) 

External 
hinge 

elongation 
(mm) 

Pull-off 
deformation 

(mm) 

-2 0.01 plastic loading 360 1 3.6 11.3 18.0 

-1.5 -0.005 elastic unloading 180 1 -0.9 10.4 16.6 

0 -0.015 slip   0 10.4 16.6 

0.5 0.005 elastic loading 180 0 0 10.4 16.6 

1 0.005 plastic loading 360 0.25 0.45 10.8 17.3 

2 0.01 plastic loading 360 0.5 1.8 12.6 20.2 

1.5 -0.005 elastic unloading 180 1 -0.9 11.7 18.7 

0 -0.015 slip   0 11.7 18.7 

-1 0.01 plastic loading 360 0 0 11.7 18.7 

-2 0.01 plastic loading 360 0.5 1.8 13.5 21.6 

-1.5 -0.005 elastic unloading 180 1 -0.9 12.6 20.2 

0 -0.015 slip   0 12.6 20.2 

1 0.01 plastic loading 360 0 0 12.6 20.2 

2 0.01 plastic loading 360 0.25 0.9 13.5 21.6 

3 0.01 plastic loading 360 1 3.6 17.1 27.4 

2.5 -0.005 elastic unloading 180 1 -0.9 16.2 25.9 

0 -0.025 slip   0 16.2 25.9 

-1 0.01 plastic loading 360 0 0 16.2 25.9 

-2 0.01 plastic loading 360 0.25 0.9 17.1 27.4 

-3 0.01 plastic loading 360 1 3.6 20.7 33.1 

-2.5 -0.005 elastic unloading 180 1 -0.9 19.8 31.7 

0 -0.025 slip   0 19.8 31.7 

2 0.02 plastic loading 360 0 0 19.8 31.7 

3 0.01 plastic loading 360 0.5 1.8 21.6 34.6 

2.5 -0.005 elastic unloading 180 1 -0.9 20.7 33.1 

0 -0.025 slip   0 20.7 33.1 

-2 0.02 plastic loading 360 0 0 20.7 33.1 

-3 0.01 plastic loading 360 0.5 1.8 22.5 36.0 

-2.5 -0.005 elastic unloading 180 1 -0.9 21.6 34.6 

0 -0.025 slip   0 21.6 34.6 

2 0.02 plastic loading 360 0 0 21.6 34.6 

3 0.01 plastic loading 360 0.25 0.9 22.5 36.0 

4.5 0.015 plastic loading 360 1 5.4 27.9 44.6 

4 -0.005 elastic unloading 180 1 -0.9 27.0 43.2 
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Drift 
(%) 

Rotation 
increment Loading nature 

Lever 
arm 

(mm) 

ki 

factor 

Elongation 
increment 

(mm) 

External 
hinge 

elongation 
(mm) 

Pull-off 
deformation 

(mm) 

0 -0.04 slip   0 27.0 43.2 

-2 0.02 plastic loading 360 0 0 27.0 43.2 

-3 0.01 plastic loading 360 0.25 0.9 27.9 44.6 

-4.5 0.015 plastic loading 360 1 5.4 33.3 53.3 

-4 -0.005 elastic unloading 180 1 -0.9 32.4 51.8 

0 -0.04 slip   0 32.4 51.8 

3 0.03 plastic loading 360 0 0 32.4 51.8 

4.5 0.015 plastic loading 360 0.5 2.7 35.1 56.2 

4 -0.005 elastic unloading 180 1 -0.9 34.2 54.7 

0 -0.04 slip   0 34.2 54.7 

-3 0.03 plastic loading 360 0 0 34.2 54.7 

-4.5 0.015 plastic loading 360 0.5 2.7 36.9 59.0 

-4 -0.005 elastic unloading 180 1 -0.9 36.0 57.6 

0 -0.04 slip   0 36.0 57.6 
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C.2.3. 175 mm rib and timber infill loading regime 

Table C.3. 175RT loading regime (800 mm beam depth, external plastic hinge only) 

Drift 
(%) 

Rotation 
increment Loading nature 

Lever 
arm 

(mm) 

ki 

factor 

Elongation 
increment 

(mm) 

External 
hinge 

elongation 
(mm) 

Pull-off 
deformation 

(mm) 

0      0.0 0.0 

0.5 0.005 elastic loading 160 1 0.8 0.8 0.8 

0 -0.005 elastic unloading 160 1 -0.8 0.0 0.0 

-0.5 0.005 elastic loading 160 1 0.8 0.8 0.8 

0 -0.005 elastic unloading 160 1 -0.8 0.0 0.0 

0.5 0.005 elastic loading 160 1 0.8 0.8 0.8 

0 -0.005 elastic unloading 160 1 -0.8 0.0 0.0 

-0.5 0.005 elastic loading 160 1 0.8 0.8 0.8 

0 -0.005 elastic unloading 160 1 -0.8 0.0 0.0 

0.5 0.005 elastic loading 160 1 0.8 0.8 0.8 

1 0.005 plastic loading 320 1 1.6 2.4 2.4 

0.5 -0.005 elastic unloading 160 1 -0.8 1.6 1.6 

0 -0.005 slip   0 1.6 1.6 

-0.5 0.005 elastic loading 160 0.5 0.4 2.0 2.0 

-1 0.005 plastic loading 320 1 1.6 3.6 3.6 

-0.5 -0.005 elastic unloading 160 1 -0.8 2.8 2.8 

0 -0.005 slip   0 2.8 2.8 

0.5 0.005 elastic loading 160 0.5 0.4 3.2 3.2 

1 0.005 plastic loading 320 0.5 0.8 4.0 4.0 

0.5 -0.005 elastic unloading 160 1 -0.8 3.2 3.2 

0 -0.005 slip   0 3.2 3.2 

-0.5 0.005 elastic loading 160 0.25 0.2 3.4 3.4 

-1 0.005 plastic loading 320 0.5 0.8 4.2 4.2 

-0.5 -0.005 elastic unloading 160 1 -0.8 3.4 3.4 

0 -0.005 slip   0 3.4 3.4 

0.5 0.005 elastic loading 160 0.25 0.2 3.6 3.6 

1 0.005 plastic loading 320 0.25 0.4 4.0 4.0 

2 0.01 plastic loading 320 1 3.2 7.2 7.2 

1.5 -0.005 elastic unloading 160 1 -0.8 6.4 6.4 

0 -0.015 slip   0 6.4 6.4 

-0.5 0.005 elastic loading 160 0 0 6.4 6.4 

-1 0.005 plastic loading 320 0.25 0.4 6.8 6.8 
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Drift 
(%) 

Rotation 
increment Loading nature 

Lever 
arm 

(mm) 

ki 

factor 

Elongation 
increment 

(mm) 

External 
hinge 

elongation 
(mm) 

Pull-off 
deformation 

(mm) 

-2 0.01 plastic loading 320 1 3.2 10.0 10.0 

-1.5 -0.005 elastic unloading 160 1 -0.8 9.2 9.2 

0 -0.015 slip   0 9.2 9.2 

0.5 0.005 elastic loading 160 0 0 9.2 9.2 

1 0.005 plastic loading 320 0.25 0.4 9.6 9.6 

2 0.01 plastic loading 320 0.5 1.6 11.2 11.2 

1.5 -0.005 elastic unloading 160 1 -0.8 10.4 10.4 

0 -0.015 slip   0 10.4 10.4 

-1 0.01 plastic loading 320 0 0 10.4 10.4 

-2 0.01 plastic loading 320 0.5 1.6 12.0 12.0 

-1.5 -0.005 elastic unloading 160 1 -0.8 11.2 11.2 

0 -0.015 slip   0 11.2 11.2 

1 0.01 plastic loading 320 0 0 11.2 11.2 

2 0.01 plastic loading 320 0.25 0.8 12.0 12.0 

3 0.01 plastic loading 320 1 3.2 15.2 15.2 

2.5 -0.005 elastic unloading 160 1 -0.8 14.4 14.4 

0 -0.025 slip   0 14.4 14.4 

-1 0.01 plastic loading 320 0 0 14.4 14.4 

-2 0.01 plastic loading 320 0.25 0.8 15.2 15.2 

-3 0.01 plastic loading 320 1 3.2 18.4 18.4 

-2.5 -0.005 elastic unloading 160 1 -0.8 17.6 17.6 

0 -0.025 slip   0 17.6 17.6 

2 0.02 plastic loading 320 0 0 17.6 17.6 

3 0.01 plastic loading 320 0.5 1.6 19.2 19.2 

2.5 -0.005 elastic unloading 160 1 -0.8 18.4 18.4 

0 -0.025 slip   0 18.4 18.4 

-2 0.02 plastic loading 320 0 0 18.4 18.4 

-3 0.01 plastic loading 320 0.5 1.6 20.0 20.0 

-2.5 -0.005 elastic unloading 160 1 -0.8 19.2 19.2 

0 -0.025 slip   0 19.2 19.2 

2 0.02 plastic loading 320 0 0 19.2 19.2 

3 0.01 plastic loading 320 0.25 0.8 20.0 20.0 

4.5 0.015 plastic loading 320 1 4.8 24.8 24.8 

4 -0.005 elastic unloading 160 1 -0.8 24.0 24.0 
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Drift 
(%) 

Rotation 
increment Loading nature 

Lever 
arm 

(mm) 

ki 

factor 

Elongation 
increment 

(mm) 

External 
hinge 

elongation 
(mm) 

Pull-off 
deformation 

(mm) 

0 -0.04 slip   0 24.0 24.0 

-2 0.02 plastic loading 320 0 0 24.0 24.0 

-3 0.01 plastic loading 320 0.25 0.8 24.8 24.8 

-4.5 0.015 plastic loading 320 1 4.8 29.6 29.6 

-4 -0.005 elastic unloading 160 1 -0.8 28.8 28.8 

0 -0.04 slip   0 28.8 28.8 

3 0.03 plastic loading 320 0 0 28.8 28.8 

4.5 0.015 plastic loading 320 0.5 2.4 31.2 31.2 

4 -0.005 elastic unloading 160 1 -0.8 30.4 30.4 

0 -0.04 slip   0 30.4 30.4 

-3 0.03 plastic loading 320 0 0 30.4 30.4 

-4.5 0.015 plastic loading 320 0.5 2.4 32.8 32.8 

-4 -0.005 elastic unloading 160 1 -0.8 32.0 32.0 

0 -0.04 slip   0 32.0 32.0 
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Appendix D. Construction drawings 

Presented in this appendix are the drawings for both the test rig fabrication (courtesy of Max 

Fowler) for the sub-assembly tests and for the construction of testing components 

manufactured during this research. This testing rig had originally been designed and fabricated 

for simulated seismic testing conducted on L-plate hangers for flange hung single-tee units, as 

shown in these drawings.  
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D.1. Test rig fabrication drawings 

 



Appendix D. Construction drawings  
 

301 
 

 



Appendix D. Construction drawings  
 

302 
 

 



Appendix D. Construction drawings  
 

303 
 

 



Appendix D. Construction drawings  
 

304 
 

 



Appendix D. Construction drawings  
 

305 
 

D.2. Deep hollow-core support beam construction drawings 
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D.3. Rib and timber infill rib construction drawings 
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D.4. Rib and timber infill support beam construction drawings 
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D.5. Rib and timber infill pull-off jack connection drawings 
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Appendix E. Material properties 

Presented in this appendix are the material properties for the test specimens incorporated in the 

experimental programmes discussed in Chapter 4, Chapter 5, Chapter 6 and Chapter 7. In 

particular, the concrete cylinder strengths measured for the various testing components are 

shown. All concrete cylinders were produced at a size of 100 mm (approximate diameter) by 

200 mm (approximate length) while the core-drilled cylinders for the experimental programme 

discussed in Chapter 7 were extracted at a size of approximately 70 mm by 140 mm. As stated 

in Chapter 7, no measurements were able to be reliably ascertained for the strengths of the 

precast ribs for the insitu tested specimens.  

A portion of the concrete cylinders prepared for each testing component were left to cure 

alongside the specimen (ambient) while the remainder were stored in a curing tank consistent 

with standard cylinder preparation practice. It is considered that the curing of the ambient 

cylinders was more representative of the curing of the testing components themselves as they 

were exposed to the same conditions. Therefore, where these were provided, only the ambient 

concrete cylinder compressive strengths (measured at the time of testing) were listed in the 

material properties section of each relevant chapter while the compressive strengths of the 

concrete cylinders stored in the curing tank are listed here for comparative purposes only. 

Additionally, information pertaining to the prestressing strand tendon properties and level of 

prestress is provided where this information was known. All information pertaining to the 

continuity reinforcement tensile testing was provided previously in the relevant chapters. 
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E.1. Deep hollow-core cylinder compressive testing  

Table E.1. 400HC concrete cylinder tests 

Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

HC1 
(18/9/13) 

        
2/8/13 9/9/13 Beam Tank 7815 400.2 51.2 2400 
2/8/13 9/9/13 Beam Tank 7885 380.6 48.3 2410 
2/8/13 9/9/13 Beam Tank 7799 405.1 51.9 2420 
2/8/13 9/9/13 Beam Tank 7830 419.8 53.6 2400 
2/8/13 9/9/13 Beam Tank 7815 419.8 53.7 2420 

         Ave. 
Strength 51.7   

              
20/8/13 9/9/13 Topping Tank 7830 316.7 40.5 2460 
20/8/13 9/9/13 Topping Tank 7830 331.5 42.3 2470 
20/8/13 9/9/13 Topping Tank 7862 351.1 44.7 2470 
20/8/13 9/9/13 Topping Tank 7862 321.1 40.9 2470 
20/8/13 9/9/13 Topping Tank 7830 346.2 44.2 2470 

     Ave. 
Strength 42.5  

        

HC2 
(8/5/14) 

 

        
26/3/14 2/4/14 Topping Ambient  7932.7 115.5 14.6 2160 
26/3/14 2/4/14 Topping Ambient  8027.7 130.2 16.2 2150 

          Ave. 
Strength  15.4  

               
26/3/14 9/4/14 Topping Ambient  7909.1 135.1 17.1 2140 
26/3/14 9/4/14 Topping Ambient  8091.4 135.1 16.7 2150 

          Ave. 
Strength  16.9  

               
26/3/14 5/5/14 Topping Ambient  7916.9 233.3 29.5 2140 
26/3/14 5/5/14 Topping Ambient  8083.4 218.6 27.0 2150 
26/3/14 5/5/14 Topping Ambient  8171.3 194.0 23.7 2160 

          Ave. 
Strength  25.4  

               
20/12/13 5/5/14 Beam Tank 7846.1 311.8 39.7 2330 
20/12/13 5/5/14 Beam Tank 7861.8 326.6 41.5 2360 
20/12/13 5/5/14 Beam Tank 7846.1 331.5 42.2 2340 

     Ave. 
Strength  41.9  

        
26/3/14 2/4/14 Topping Tank 7822.6 130.2 16.6 2180 

        
26/3/14 9/4/14 Topping Tank 7869.7 149.8 19.0 2190 
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Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

HC2 

        
26/3/14 5/5/14 Topping Tank 7861.8 223.5 28.4 2180 
26/3/14 5/5/14 Topping Tank 7885.4 243.1 30.8 2180 
26/3/14 5/5/14 Topping Tank 7846.1 233.3 29.7 2190 

          Ave. 
Strength  30.3  

        

HC3 
(23/6/14) 

        
3/6/14 10/6/14 Topping Tank 7846.1 292.2 37.2 2430 

               
3/6/14 25/6/14 Topping Tank 7814.8 351.1 44.9 2430 
3/6/14 25/6/14 Topping Tank 7861.8 360.9 45.9 2430 
3/6/14 25/6/14 Topping Tank 7861.8 356.0 45.3 2430 

          Ave. 
Strength  45.4  

               
3/6/14 10/6/14 Topping Ambient 7869.7 199.1 25.3 2410 
3/6/14 10/6/14 Topping Ambient 7846.1 228.4 29.1 2400 

          Ave. 
Strength  27.2  

               
3/6/14 25/6/14 Topping Ambient 7940.6 267.7 33.7 2400 
3/6/14 25/6/14 Topping Ambient 7861.8 302.0 38.4 2410 
3/6/14 25/6/14 Topping Ambient 8035.7 292.2 36.4 2400 

          Ave. 
Strength  36.2  

               
20/12/13 25/6/14 Beam Tank 7861.8 306.9 39.0 2340 
20/12/13 25/6/14 Beam Tank 7838.3 302.0 38.5 2360 
20/12/13 25/6/14 Beam Tank 7846.1 311.8 39.7 2340 

     Ave. 
Strength  39.1  

        

HC4 
(12/3/15) 

        
27/2/15 6/3/15 Topping Tank 7846.1 157.2 20.0 2260 

               
27/2/15 6/3/15 Topping Ambient 7877.6 152.3 19.3 2220 
27/2/15 6/3/15 Topping Ambient 7814.8 147.4 18.9 2230 

          Ave. 
Strength  19.1  

               
27/2/15 13/3/15 Topping Tank 7830.4 181.8 23.2 2260 

          Ave. 
Strength  23.2  

        
27/2/15 13/3/15 Topping Ambient 7854.0 152.3 19.4 2230 
27/2/15 13/3/15 Topping Ambient 7861.8 157.2 20.0 2230 

          Ave. 
Strength  19.7  
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Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

HC4 

        
9/2/15 16/3/15 Beam Tank 7814.8 334.2 42.8 2410 
9/2/15 16/3/15 Beam Tank 7893.3 344.0 43.6 2540 

          Ave. 
Strength  43.2  

               
9/2/15 21/7/15 Beam Tank 7830.4 403.0 51.5 2410 

        
27/2/15 30/3/15 Topping Ambient 7854.0 162.2 20.6 2220 
27/2/15 30/3/15 Topping Ambient 7846.1 176.9 22.5 2230 

     Ave. 
Strength 21.6  

        

HC5 
(30/4/15) 

        
21/4/15 29/4/15 Topping Ambient 7846.1 228.8 29.2 2380 
21/4/15 29/4/15 Topping Ambient 7830.4 204.3 26.1 2370 

          Ave. 
Strength  27.6  

               
21/4/15 29/4/15 Topping Tank 7799 238.6 30.6 2400 

               
21/4/15 13/5/15 Topping Ambient 7830.4 248.3 31.7 2370 
21/4/15 13/5/15 Topping Ambient 7869.7 272.8 34.7 2370 
21/4/15 13/5/15 Topping Ambient 7988.1 228.8 28.6 2360 

          Ave. 
Strength  31.7  

               
21/4/15 13/5/15 Topping Tank 7846.1 287.5 36.6 2360 
21/4/15 13/5/15 Topping Tank 7861.8 292.4 37.2 2410 

         Ave. 
Strength  36.9  

              
20/12/13 13/5/15 Beam Tank 7909.1 331.6 41.9 2370 

               
21/4/15 21/7/15 Topping Ambient 7830.4 294.9 37.7 2380 
21/4/15 21/7/15 Topping Ambient 7869.7 290.0 36.8 2390 

          Ave. 
Strength  37.3  

        
 21/4/15 21/7/15 Topping Tank 7861.8 329.3 41.9 2410 
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E.2. Rib and timber infill cylinder compressive testing 

Table E.2. RT concrete cylinder tests 

Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

RT1 
(8/9/15) 

        
31/8/15 7/9/15 Topping Tank 7996 155.3 19.4 2300 
31/8/15 7/9/15 Topping Tank 7830 150.4 19.2 2270 

     Ave. 
Strength 19.3  

        
31/8/15 7/9/15 Topping Ambient 7846 150.4 19.2 2250 
31/8/15 7/9/15 Topping Ambient 8123 189.6 23.3 2240 
31/8/15 7/9/15 Topping Ambient 7838 170.0 21.7 2250 

     Ave. 
Strength 21.4  

        
28/7/15 9/9/15 Beam Tank 7901 468.7 59.3 2430 
28/7/15 9/9/15 Beam Tank 8099 488.2 60.3 2420 

     Ave. 
Strength 59.8  

        
28/7/15 9/9/15 Beam Ambient 8131 454.0 55.8 2400 
28/7/15 9/9/15 Beam Ambient 7885 434.4 55.1 2400 
28/7/15 9/9/15 Beam Ambient 7823 454.0 58.0 2400 

     Ave. 
Strength 56.3  

        

RT2 
(5/10/15) 

 

        
23/9/15 30/9/15 Topping Tank 7941 204.3 25.7 2260 

     Ave. 
Strength 25.7  

        
23/9/15 6/10/15 Topping Tank 7846 238.6 30.4 2820 

     Ave. 
Strength 30.4  

        
23/9/15 30/9/15 Topping Ambient 7838 179.8 22.9 2220 
23/9/15 30/9/15 Topping Ambient 7862 174.9 22.2 2220 

     Ave. 
Strength 22.6  

        
23/9/15 6/10/15 Topping Ambient 7878 228.8 29.0 2240 
23/9/15 6/10/15 Topping Ambient 8179 223.9 27.4 2240 
23/9/15 6/10/15 Topping Ambient 7909 214.1 27.1 2240 

     Ave. 
Strength 27.8  

        
22/7/15 6/10/15 Beam Tank 7862 502.9 64.0 2460 
22/7/15 6/10/15 Beam Tank 7854 488.2 62.2 2470 

     Ave. 
Strength 63.1  
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Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

RT2 

        
22/7/15 6/10/15 Beam Ambient 7862 434.4 55.3 2440 
22/7/15 6/10/15 Beam Ambient 7830 424.6 54.2 2440 

     Ave. 
Strength 54.7  

        

RT3 
(17/12/15 

 

        
4/12/15 10/12/15 Topping Tank 7988 228.8 28.6 2410 

     Ave. 
Strength 28.6  

        
4/12/15 10/12/15 Topping Ambient 8083 228.8 28.3 2380 
4/12/15 10/12/15 Topping Ambient 7941 214.1 27.0 2380 

     Ave. 
Strength 27.6  

        
4/12/15 21/12/15 Topping Tank 8083 277.7 34.4 2410 

     Ave. 
Strength 34.4  

        
4/12/15 21/12/15 Topping Ambient 7823 228.8 29.2 2360 
4/12/15 21/12/15 Topping Ambient 7893 233.7 29.6 2370 
4/12/15 21/12/15 Topping Ambient 7893 233.7 29.6 2380 

     Ave. 
Strength 29.5  

        
29/7/15 21/12/15 Beam Tank 7893 458.9 58.1 2420 
29/7/15 21/12/15 Beam Tank 7933 507.8 64.0 2420 

     Ave. 
Strength 61.1  

        

RT4 
(21/8/14) 

        
9/6/14 21/8/14 Beam Ambient 7830.4 429.6 54.9 2420 
9/6/14 21/8/14 Beam Ambient 7838.3 414.9 52.9 2420 
9/6/14 21/8/14 Beam Ambient 7814.8 439.5 56.2 2420 

     Ave. 
Strength 54.7  

        
9/6/14 21/8/14 Beam Tank 7869.7 459.1 58.3 2440 
9/6/14 21/8/14 Beam Tank 7846.1 454.2 57.9 2440 
9/6/14 21/8/14 Beam Tank 7877.6 468.9 59.5 2440 

     Ave. 
Strength 58.6  

        
30/5/14 21/8/14 Ribs Ambient 7846.1 586.7 74.8 2560 
30/5/14 21/8/14 Ribs Ambient 7854.0 591.6 75.3 2570 
30/5/14 21/8/14 Ribs Ambient 7861.8 586.7 74.6 2560 

     Ave. 
Strength 74.9  

        
15/7/14 22/7/14 Topping Tank 7877.6 130.2 16.5 2150 
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Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

RT4 

        
15/7/14 7/8/14 Topping Tank 7869.7 164.6 20.9 2170 

     Ave. 
Strength 20.9  

        
15/7/14 21/8/14 Topping Tank 7846.1 164.6 21.0 2180 
15/7/14 21/8/14 Topping Tank 7893.3 169.5 21.5 2150 
15/7/14 21/8/14 Topping Tank 7846.1 159.7 20.3 2170 

     Ave. 
Strength 20.9  

        
15/7/14 22/7/14 Topping Ambient 7822.6 115.5 14.8 2150 

     Ave. 
Strength 14.8  

        
15/7/14 7/8/14 Topping Ambient 7861.8 144.9 18.4 2150 

     Ave. 
Strength 18.4  

        
15/7/14 21/8/14 Topping Ambient 7869.7 149.8 19.0 2140 
15/7/14 21/8/14 Topping Ambient 7877.6 154.8 19.6 2140 
15/7/14 21/8/14 Topping Ambient 7861.8 149.8 19.1 2140 
15/7/14 21/8/14 Topping Ambient 7830.4 149.8 19.1 2150 
15/7/14 21/8/14 Topping Ambient 7846.1 154.8 19.7 2140 

     Ave. 
Strength 19.3  

        

RT5  
(17/9/14) 

        
5/9/14 12/9/14 Topping Ambient 8131.3 100.8 12.4 2120 

        
5/9/14 12/9/14 Topping Tank 7861.8 100.8 12.8 2130 

        

5/9/14 18/9/14 Topping Ambient 7878.0 110.6 14.0 2120 
5/9/14 18/9/14 Topping Ambient 7893.0 115.5 14.6 2110 
5/9/14 18/9/14 Topping Ambient 7862.0 115.5 14.7 2110 
5/9/14 18/9/14 Topping Ambient 7862.0 120.4 15.3 2120 
5/9/14 18/9/14 Topping Ambient 7830.0 115.5 14.7 2120 

     Ave. 
Strength 14.7  

        
5/6/14 18/9/14 Ribs Ambient 7909 562.2 71.1 2550 
5/6/14 18/9/14 Ribs Ambient 7893 576.9 73.1 2550 
5/6/14 18/9/14 Ribs Ambient 7901 547.5 69.3 2540 

     
Ave. 

Strength 71.2  
        

20/6/14 18/9/14 Beam Ambient 7830 468.9 59.9 2430 
20/6/14 18/9/14 Beam Ambient 7823 464.0 59.3 2420 
20/6/14 18/9/14 Beam Ambient 7807 449.3 57.5 2420 

     
Ave. 

Strength 58.9  
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Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

RT5 

        
5/9/14 18/9/14 Topping Tank 7870 115.5 14.7 2160 
5/9/14 18/9/14 Topping Tank 7870 120.4 15.3 2160 
5/9/14 18/9/14 Topping Tank 7862 115.5 14.7 2140 
5/9/14 18/9/14 Topping Tank 7862 130.2 16.6 2170 
5/9/14 18/9/14 Topping Tank 7838 130.2 16.6 2160 

     Ave. 
Strength 15.6  

        
20/6/14 18/9/14 Beam Tank 7823 473.8 60.6 2420 
20/6/14 18/9/14 Beam Tank 7799 468.9 60.1 2410 
20/6/14 18/9/14 Beam Tank 7830 468.9 59.9 2420 

     
Ave. 

Strength 60.2  
        

RT6 
(7/1/15) 

        
4/6/14 12/1/15 Ribs Ambient 7846.1 419.8 53.5 2520 
4/6/14 12/1/15 Ribs Ambient 7869.7 488.5 62.1 2520 
4/6/14 12/1/15 Ribs Ambient 7854.0 444.4 56.6 2520 

     Ave. 
Strength 57.4  

        
18/6/14 8/1/15 Beam Tank 7877.6 331.5 42.1 2390 
18/6/14 8/1/15 Beam Tank 7822.6 370.7 47.4 2390 
18/6/14 8/1/15 Beam Tank 7869.7 385.5 49.0 2400 

     Ave. 
Strength 46.2  

        
9/12/14 8/1/15 Topping Tank 7893.3 166.9 21.1 2190 
9/12/14 8/1/15 Topping Tank 7924.8 181.5 22.9 2180 
9/12/14 8/1/15 Topping Tank 7799.1 172.3 22.1 2180 

     Ave. 
Strength 22.0  

        

RT7 
(5/7/16) 

        
9/6/16 16/6/16 Topping Ambient 7862 128.9 16.4 2200 
9/6/16 16/6/16 Topping Ambient 7870 129.1 16.4 2200 

     Ave. 
Strength 16.4  

        
9/6/16 16/6/16 Topping Tank 7909 154.4 19.5 2210 

        
29/7/15 8/7/16 Beam Ambient 8075 461.5 57.2 2400 
29/7/15 8/7/16 Beam Ambient 7933 466.5 57.2 2400 

     Ave. 
Strength 57.2  

        
29/7/15 8/7/16 Beam Tank 7838 451.9 57.6 2440 
29/7/15 8/7/16 Beam Tank 7846 476.2 60.7 2450 

     Ave. 
Strength 59.2  
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Test 
(date) 

Sample 
date Test date Component Condition Area 

(mm2) 
Applied 

load (kN) 

Comp. 
strength 
(MPa) 

Density 
(kg/m3) 

RT7 

        
9/6/16 6/7/16 Topping Ambient 7878 176.5 22.4 2200 
9/6/16 6/7/16 Topping Ambient 7885 184.5 23.4 2220 
9/6/16 6/7/16 Topping Ambient 8163 180.4 22.1 2200 
9/6/16 6/7/16 Topping Ambient 7846 172.6 22 2220 

     Ave. 
Strength 22.4  

        
9/6/16 6/7/16 Topping Tank 7925 222.7 28.1 2220 
9/6/16 6/7/16 Topping Tank 8131 217.8 26.8 2220 
9/6/16 6/7/16 Topping Tank 7878 213.0 27.4 2230 

     Ave. 
Strength 27.4  

        

RT8 
(31/8/16) 

        
27/7/16 3/8/16 Topping Ambient 7862 86.2 11.0 2120 
27/7/16 3/8/16 Topping Ambient 7846 91.1 11.0 2100 

     Ave. 
Strength 11.0  

        
27/7/16 3/8/16 Topping Tank 8131 120.3 14.8 2130 

        
27/7/16 2/9/16 Topping Ambient 7878 110.6 14.0 2110 
27/7/16 2/9/16 Topping Ambient 7941 125.2 15.8 2090 
27/7/16 2/9/16 Topping Ambient 8099 144.7 17.9 2120 
27/7/16 2/9/16 Topping Ambient 7996 144.7 18.1 2110 

     Ave. 
Strength 16.5  

        
27/7/16 2/9/16 Topping Tank 7917 149.6 18.9 2120 
27/7/16 2/9/16 Topping Tank 7852 149.6 19.0 2120 

 2/9/16 Topping Tank 7852 139.8 17.8 21230 

     Ave. 
Strength 18.6  

        

RT1-RT3 
and 

RT7-RT8 

        
12/8/15 9/9/15 Ribs Tank   57.7  
12/8/15 9/9/15 Ribs Tank   59.9  
12/8/15 9/9/15 Ribs Tank   63.7  
12/8/15 9/9/15 Ribs Tank   65.0  
12/8/15 9/9/15 Ribs Tank   62.5  
12/8/15 9/9/15 Ribs Tank   64.8  
12/8/15 9/9/15 Ribs Tank   67.3  
12/8/15 9/9/15 Ribs Tank   58.0  
12/8/15 9/9/15 Ribs Tank   63.5  
12/8/15 9/9/15 Ribs Tank   64.3  
12/8/15 9/9/15 Ribs Tank   66.8  
12/8/15 9/9/15 Ribs Tank   66.1  

     Ave. 
Strength 63  
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E.3. Insitu rib and timber infill core-drilled cylinder compressive testing 

Table E.3. Insitu RT concrete cylinder tests 

Test Typical 
diameter (mm) Area (mm2) Applied load 

(kN) 
Compressive 

strength (MPa) 
Average strength 

(MPa) 

IRT1 
69.5 3793.7 110 29.0 

27.0 
63.5 3166.9 79 24.9 

IRT2 
63 3117.2 83 26.6 

27.1 
63 3117.2 86 27.6 

IRT3 
44 1520.5 45 29.6 

30.6 
44 1520.5 48 31.6 

E.4. Prestressing strand material properties and level of prestress 

Table E.4. Information from prestressing strand mill test certificates (from Silver Dragon Prestressed 
Materials Co., Ltd Tiajin) 

Strand 
diameter 

(mm) 

Steel area 
(mm2) 

Lay 
length 
(mm) 

Breaking 
strength 

(kN) 

Yield 
strength at 
(0.1%Ex) 

(kN) 

Elongation 
(Lo≥500 mm) 

(%) 

Modulus of 
elasticity 

(GPa) 

Prestress 
(kN) 

12.7 mm strands for test HC1 

12.84 98.6 190 190.8 176.2 5.6 199 - 

12.7 mm strands for tests HC2-HC5 

12.84 98.6 188 192.1 176.5 6.4 200 - 

9.3 mm strand for tests RT1-RT3 and RT7-RT8 

9.35 51.6 135 103.0 93.2 6.0 200 75 

12.7 mm strand for tests RT1-RT3 and RT7-RT8 

- - - - - - - 100 
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Appendix F. Insitu test locations   

Presented in this appendix are the locations of the insitu tested rib and timber infill specimens 

discussed in Chapter 7. 
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