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Abstract 

 

 

 New Zealand’s position along the Pacific “Ring of Fire” exposes it to various 

natural hazards including volcanoes, earthquakes, and tsunami.  Tsunami have gained 

special attention in recent decades as a result of several large events which have 

highlighted their destructive potential including the 2004 Indian Ocean Tsunami, 2011 

Tohoku Tsunami, and 2010 and 2014 tsunamis off the coast of Chile, among others.  

While large-scale, destructive tsunami have not recently been generated in the vicinity of 

New Zealand, it does have a history of large local source tsunami occurring and resulting 

in significant runup heights along various coasts.  Furthermore, the lack of obstructive 

island chains and orientation between New Zealand and South America leaves New 

Zealand exposed to distant source tsunami from one of the most regular sources of Mw 8.0 

and larger earthquakes in the world.  Although tsunami have the potential to penetrate 

inland, the first and most severe damage will occur in coastal cities and communities.  

Among that infrastructure that is most exposed to damage from tsunami is ports.  While 

some ports are situated on rivers or in protective harbours, many also lie along exposed 

coastlines, some of which may exhibit great exposure to tsunami threats.  Given the 

variation regarding the structural response of port infrastructure witnessed in many of 

these recent large-scale tsunami, it is uncertain how New Zealand infrastructure would 

respond to similar events.  Assessing both the exposure and resilience of port infrastructure 

to tsunami is essential given the critical nature of these facilities.  Statistics New Zealand 

suggests that approximately 95% of imports and exports depart or arrive through seaports, 

the vast majority of inter and intra-island bulk cargo transfers occur via seaports, and the 

Civil Defence and Emergency Management Act of 2002 designates ports as critical 

lifelines which must be operational following natural hazards.  Thus this research seeks to 

assess the structural resilience of port structures to tsunami loading.  Since ports are 

complex and diverse in terms of the types of infrastructure they incorporate, all of which 
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cannot be accounted for in a single study, the focus here is on pile-supported wharves, one 

of the most basic types of structures and the dominant type of berth in New Zealand.    

 This goal was achieved by way of three principal steps.  The first involved 

developing tsunami loading time series for both horizontal and uplift components.  

Elevated structures such as pile-supported wharves are exposed to high magnitude uplift 

loads which have not been investigated in great detail and thus series of laboratory tests 

were carried out in flumes at the University of Auckland with the purpose of quantifying 

these uplift loads on scale model wharf structures.  The tsunami loads were then applied to 

structural wharf models in the second phase of research.  Generic structural models were 

developed to encompass structural, geometric, and geotechnical characteristics of existing 

New Zealand wharves which would provide the best possible damage estimates.  A 

number of broad damage states were defined which described the resulting conditions of 

the structures.  The third phase of research was meant to connect these generic wharves to 

specific port locations via a series of tsunami propagation models.  The result of this 

modelling was the expected maximum tsunami amplitudes and current velocities for each 

port.  Thus the level of damage expected from a given tsunami can be devised through a 

combination of the damage state results and the predicted tsunami amplitudes.  
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Chapter 1: Introduction 

 

 

The term “tsunami” originates from the Japanese words “Tsu” and “Nami” 

meaning harbour and wave respectively. A tsunami is a large wave or series of waves that 

occurs as a result of the displacement of a large volume of water.  These displacements 

may be caused by any number of events including large earthquakes, underwater 

landslides, coastal landslides, meteorite impacts, or volcanic eruptions, though it is 

estimated that 90% of all tsunami are caused by large earthquakes (Bormann 2008).  

Tsunami are distinguishable from normal waves because the disruption affects the entire 

water column.  While in the open ocean, tsunami may be small and indistinguishable to the 

human eye but once the waves reach the coast, the velocity drops and the wave height 

increases quickly and dramatically, as shown in Figure 1.1.   

 
Figure 1.1: Tsunami waves lose speed and gain height as they encroach on the shore.  Most break offshore 

and are therefore considered broken waves upon reaching land. Reproduced from NOAA (2001). 

Tsunami may have wave lengths of up to 400 kilometres and periods of up to a few hours.  

The velocity, also referred to as the wave celerity, may reach approximately 800 

kilometres per hour and allows for quick travel thousands of kilometres across entire 

oceans.  As a result, tsunami may strike coastlines that are great distances from their 

source.  The wave height of a tsunami varies based on many factors including the 
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bathymetry and the slope of the coastline, and can be anywhere from a few centimetres to 

tens of metres (to hundreds of metres in extremely rare and localized historical events). 

Regardless of the height, a tsunami is always considered a shallow water wave due to the 

great ratio between its wavelength and the water depth.  Since a wave will break when the 

water depth is approximately equal to the wave height, a tsunami will typically break 

offshore.  Therefore, it can be considered a broken wave upon reaching the coast.   

 Due to the size, velocity, and volume of water associated with tsunami, their 

impact can be devastating for people, structures, and anything else that obstructs them.  

The most common sources of damage include impact from surging waters, impact from 

floating debris, fire caused by breaches in fuel tanks, and ponding of large pools of 

saltwater (Berryman 2005).  For coastal structures, scour provides another common mode 

of failure as the turbulent water can cause undesirable and uncontrollable sediment 

transport.  When considering tsunami forces, it is wise to break down the progression into 

two stages, shown in Figure 1.2.  First is the instance when the tsunami initially makes 

contact with a structure, resulting in instantaneous, high impact forces.  Second is a stage 

of sustained but lower magnitude forces such as drag or hydrostatic loads.   

 The destructive capability of tsunami loads has become apparent within the past 

two decades.  While significant tsunami have occurred throughout history, urbanization, 

development, and particularly the growth of coastal communities and infrastructure have 

ensured the impacts of more recent would be of particular significance.  Most prominently 

were the 2004 Indian Ocean Tsunami which killed almost 300,000 people and laid waste 

to cities throughout Indonesia, Sri Lanka, and Thailand, among other places, and the 2011 

Tohoku Tsunami which devastated much of Japan’s coastline.  However, other significant 

events such as 2010 and 2014 tsunami off the coast of Chile and a 2013 tsunami near 

Samoa have resulted in widespread impacts as well.  While New Zealand has avoided the 

worst of tsunami impact in the past century, the possibility of largescale, destructive events 

inundating the New Zealand coastline in the future is virtually guaranteed and more likely 

a question of when and where.  

Although tsunami may impact settlements inland of the coastline, the first 

interaction and damage will occur in coastal communities.  Ports are among that 

infrastructure which is most likely to be impacted.  In New Zealand, ports are of great 

importance to the economy and tsunami are a significant threat in many locations.  The 
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New Zealand government reported that for the year ending in June 2015, approximately 

99.5% of imports and exports by weight arrived or departed through ports.  This is in 

contrast to the 0.5% delivered and sent by air (Statistics NZ 2016).  In addition, the Civil 

Defence Emergency Management Act, passed in 2002, identifies ports as a lifeline which 

must be operational following a natural hazard as they are the gateway for aid and 

construction materials necessary for recovery.  Because of their prominence, ports must 

recover quickly or altogether withstand natural hazards that may occur.  Long term 

crippling of port facilities could have significant impact on the surrounding communities 

and the economy.  As critical port infrastructure in New Zealand is ageing, it is of great 

importance to assess its potential to withstand natural hazards.    

 
Figure 1.2: Typical progression of induced forces during a tsunami.  Fi represents impact from floating 

debris, Fs is the surge force, Fd is the drag (hydrodynamic) force, Fb is buoyancy, and FHS is the hydrostatic 

load (Palermo 2008). 

The research conducted herein examines the New Zealand port network and its 

resilience to tsunami loading.  Ports are extremely complex and diverse, comprising 

berthing structures such as wharves and piers, storage facilities such as container terminals 

or tanks for bulk liquid, transportation and loading facilities such as gantry cranes and rail 

networks, among other infrastructure. As a result of the potential variety of structures, the 
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focus herein is on wharves, one the most basic and crucial structures present in the port 

environment.   

Three principal steps were employed to achieve the stated goal, the first of which 

was to quantify tsunami loads.  While seismic loading is more common and has undergone 

extensive research which is now incorporated into standard design practices, knowledge of 

tsunami loads is not developed to an equivalent degree is are in many cases compared to 

wave loading or flood loading.  The limited available publications which do explicitly 

address tsunami loading were examined and a further series of experimental tests were 

undertaken to complement the existing field of knowledge, particularly with regard to 

uplift loading on elevated structures which bears special importance for pile-supported 

wharves.  In addition to tsunami load magnitudes, loading profiles were developed based 

on the results of the experimental modelling.  The second phase of research involved 

developing computational structural wharf models that were representative of existing 

infrastructure within New Zealand ports.  To these wharf models were applied the tsunami 

loading profiles with magnitudes varying to represent two to ten metre bore heights.    

Wharf models were generic and meant to represent New Zealand infrastructure in a 

general sense without copying the exact characteristics of any particular wharf.  Damage 

states were then isolated for each wharf structure as well as for individual components of 

each structure to better determine what level of damage occurred and where that damage 

was concentrated.  The final phase consisted of developing propagation models that would 

predict wave amplitudes and current velocities for individual ports based on input seismic 

source models.  Maximum wave amplitudes would indicate for a particular port what level 

of damage would be expected and what could be safely disregarded by referring to the 

results of the structural models.   

The remaining contents of this thesis will trace in more detail the background, 

scope, methodology, and results of this research.  Chapter 2 begins by tracing literature 

from previous studies relevant to the development of this research and discussing tsunami 

and port devastation in a historical context.  Chapter 3 examines existing ports in New 

Zealand including their existing wharf configuration, principle serviced industries, and 

regional tsunami exposure defined by previously performed studies.  Chapter 4 extends the 

discussion of the ports and introduces the propagation modelling methodology employed 

to determine specific tsunami exposure of each of the ports as well as the earthquake 

source models used to generate the tsunami.  The second part of Chapter 4 discusses the 
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results of these propagation models including maximum expected wave amplitudes and 

current velocities within the ports and arrival times from source locations.  Chapters 5 

discusses tsunami loads as they are represented in existing design standards as well as the 

experimental modelling carried out to develop better representations of uplift loading on 

pile supported wharves.  The results of these studies and the tsunami load magnitudes and 

time series employed in the structural models were the ultimate result of this work.  

Chapter 6 discusses the structural models including the general structural characteristics of 

existing New Zealand wharves, the methods by which these characteristics were 

represented in the structural models, and the results and analysis of the tests.  Ultimately, 

damage states spread throughout individual wharves are presented followed by 

comprehensive damage states for the overall structures.  Finally, the connection is drawn 

between the generic wharf models and specific sites by way of the expected tsunami 

amplitudes at each individual port.    
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Chapter 2: Literature Review and Background 

 

 

2.1  New Zealand Tsunami Exposure and History 

New Zealand is a nation comprising several islands in the Pacific Ocean.  It lies on 

the Pacific “Ring of Fire”, the territory along the edge of the Pacific Ocean that is 

characterized by the presence of numerous volcanoes and great susceptibility to 

earthquakes.  Because of its exposed location, New Zealand is also susceptible to tsunami 

generated by both local and distant sources.  The greatest tsunami threat comes from large 

earthquakes and 80% of these occur in the Pacific Ocean.  Since tsunami travel large 

distances, earthquakes in any region of the Pacific Rim may result in a tsunami that could 

potentially reach New Zealand (Berryman 2005).   

South America is one of the most common sources of large earthquakes and 

tsunami.  These tsunami are well oriented toward New Zealand’s coastline with few 

obstructions along the travel path.  Cascadia, off the coast of northern California and 

Vancouver, is also regarded as a potential source of large earthquakes which could affect 

New Zealand.  Alaska, the Aleutian Islands, and Kamchatka lie along the Pacific-North 

American plate boundary, a zone of high seismicity and volcanic activity.  These territories 

have also produced large tsunami at great distances throughout the historical record, 

though the degree of threat to New Zealand remains unclear.  Other active seismic regions, 

such as Japan, generate tsunami that are not well oriented toward New Zealand and 

therefore not a significant threat (Power 2013). 

New Zealand has also experienced large (7.0+) magnitude earthquakes which have 

created local tsunami, particularly in the regions surrounding Gisborne and Wellington.  

Two significant examples are the 1855 Wairarapa Earthquake and the 1947 Gisborne 

Earthquake.  A large future earthquake along the Hikurangi subduction zone or Wairarapa 

Fault could produce local runups in excess of ten metres along the south or east coast 

respectively.  The South Island is potentially at risk of a tsunami generated along the 
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Puysegur subduction zone, though the impact is less certain (Power 2013).  The major 

faults and subduction zones which could produce tsunami are depicted in Figure 2.1. 

 
Figure 2.1: Major fault lines and subduction zones in New Zealand that are thought to be capable of 

producing tsunami 

Other varieties of tsunami sources exist and have impacted New Zealand, but are 

far less common in general.  Tsunami in New Zealand may also be generated by coastal or 

submarine landslides.  Many landslides are triggered by earthquakes while others may be 

spontaneous.  Landslides have been known to produce very large tsunami in the past, with 

the greater threat being local events.  Volcano-generated tsunami are generally only a 

threat from local sources.  Few volcanoes, with one possible exception being the 1883 

eruption of Krakatoa, have produced large scale tsunami at great distances.  However, 
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New Zealand is an active volcanic zone, and these volcanoes, particularly the explosive 

Taupo caldera, could result in large locally generated tsunami (Berryman 2005).     

New Zealand has been affected by more than 40 tsunami over the past 165 years 

generated from a combination of earthquakes, landslides, and volcanoes (Downes 2012).  

Of particular significance are the tsunami generated by the 1855 Wairarapa Earthquake, 

the 1947 Gisborne Earthquake, and the 1868, 1877, and 1960 distant source earthquakes in 

South America (Berryman 2005).   

 

2.1.1  Wairarapa Earthquake 

 On 23 January 1855, a Mw 8.2 earthquake shook east of Wellington which 

generated a tsunami that impacted 500 kilometres of New Zealand’s coastline, with runup 

heights of at least one metre.  The maximum wave amplitude was six metres and the runup 

was highest in Te Kopi where it reached ten metres.  Runup heights at Lambton Quay in 

central Wellington were approximately five metres.  Waves lasted for approximately 12 

hours and aftershocks occurred throughout the following week (Berryman 2005, Lange 

2009).  In addition to the active Wairarapa fault, a number of other active fault lines in the 

Cook Straight are thought to be capable to producing earthquakes between Mw 7.5-7.8. 

 

2.1.2  Gisborne Earthquake     

 Gisborne is particularly susceptible to tsunami because of its proximity to the 

active Hikurangi subduction zone and its orientation toward South America.  One 

particularly significant tsunami occurred on 26 March 1947 from a relatively small Mw 5.9 

earthquake.  The result was a “Tsunami Earthquake”, an earthquake that produces a much 

larger tsunami than it ordinarily would.  This type of tsunami is unusual and very 

dangerous because of the difficulty associated with predicting such events, even through 

modelling.  The maximum runup height was ten metres and occurred about 20 kilometres 

north of Gisborne (Berryman 2005, Lange 2009).  The North Island is potentially 

threatened by future large Mw 7.0-9.0 earthquake from the Hikurangi subduction zone.     

 

2.1.3 South Island Sources 

 Fiordland, on New Zealand’s South Island, lies in close proximity to the Alpine 

Fault and the Puysegur subduction zone which are thought to be capable of producing an 
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earthquake up to Mw 8.0.  On 15 July 2009, a Mw 7.8 earthquake occurred along the 

subduction zone and produced a tsunami in Dusky Sound.  The maximum recorded runup 

was 2.3 metres, but no damage was observed.  While the Alpine Fault is not thought to be 

capable of producing large tsunami due to its location being far inland, the Puysegur 

subduction zone may generate large waves in the future.  The damage potential from such 

a tsunami is unclear due to the absence of nearby urban development with the exception of 

Invercargill and the protective bathymetry along the coast (Power 2013).  

 

2.1.4  South American Earthquakes  

 South America has long been a source for large earthquakes and the tsunami that 

result are a hazard to New Zealand because of the lack of obstruction between the source 

and the target.  Though there have been numerous South American tsunami to reach New 

Zealand, three in particular were more significant.  In 1868, a massive Mw 9.1 earthquake 

off the coast of southern Peru caused runups in South America of up to 18 metres.  In New 

Zealand, the damage was limited because the tsunami arrived during low tide.  Runup 

heights still exceeded four metres in some areas and Lyttleton Harbour suffered significant 

damage due to the wave impact and in some cases, ships crashing into wharves. 

 In 1877, a Mw 9.0 earthquake occurred off the coast of northern Chile.  The 

resulting tsunami was larger near the source than the 1868 earthquake, reaching 21 metres.  

However, the resulting waves in New Zealand were neither as severe nor as well 

documented.  Like the 1868 tsunami, the damage was allayed because the largest waves 

arrived during low tide (Berryman 2005, Lange 2009).   

 On 22 May 1960, the largest earthquake in recorded history, Mw 9.5, occurred off 

the coast of central Chile, near the city of Concepcion.  Local runups in South America 

reached 25 metres, caused $550 million (USD) of damage, and killed over 1,000 people.  

The resulting tsunami reached New Zealand on 23 and 24 May.  Runup heights along the 

entire coastline varied from one to four metres and caused significant damage to port 

facilities on both islands (Berryman 2005, Lange 2009).  Impacts were ultimately 

mitigated since the tsunami arrived at low tide (Borrero 2015b).   

 More recently, a Mw 8.8 earthquake struck central Chile on 27 February 2010, 

creating a tsunami which caused extensive local damage.  Tsunami warnings were issued 

in 53 countries around the Pacific Ocean.  In New Zealand, the Chatham Islands were 
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impacted by 1.5 metre tsunami waves (Gay & Cheng 2010) while the North and South 

islands were inundated by one metre waves in various locations (Gay et al. 2010).  Despite 

the tsunami reaching New Zealand, no significant damage was reported.     

 

2.1.5 Alaskan Tsunami 

 Alaska and the Aleutian Islands lie along an active plate boundary that was the 

source of multiple large earthquakes and tsunami during the 20th century.   A Mw 7.9 

earthquake in 1946, a Mw 8.7-9.1 earthquake in 1957, and a Mw 9.4 earthquake in 1964 

each caused runups of up to two metres along New Zealand’s north and east coasts, though 

not in urban areas.  This historical record is not long or detailed enough to capture the full 

potential exhibited by the Alaskan and Aleutian plate boundary (Berryman 2005).   

 

2.1.6 Kamchatka Tsunami 

 Kamchatka is a peninsula located along Russia’s eastern coastline.  The plate 

boundary located off Kamchatka’s eastern shore has produced large earthquakes and 

tsunami impacting distant coastlines.  In 1952, a Mw 9.0 earthquake caused local runups of 

19 metres and runups in New Zealand up to one metre in Gisborne.  A Mw 8.3 earthquake 

in 1737 caused runups of up to 63 metres locally and 15 metres at distances of 1000 km 

from Kamchatka though the impact on New Zealand is unknown (Berryman 2005).   

 

2.1.7 2004 Indian Ocean Tsunami           

 On 26 December 2004, a Mw 9.0 earthquake caused a massive tsunami in the 

Indian Ocean, killing more than 250,000 people, causing runup heights of up to 30 metres, 

and resulting in billions of dollars’ worth of damage across 18 countries.  Although the 

effects were not severe in New Zealand, this tsunami is notable because, along with the 

Tohoku Tsunami of 2011, it sparked a new age in tsunami research in New Zealand and 

around the world by highlighting the potential for destruction (Ramalanjaona 2011).  

Figure 2.2 shows runup heights for this event in various locations.  Wave heights detected 

at several New Zealand harbours are summarised in Table 2.1. 
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Figure 2.2: Runup heights for several locations during the 2004 Indian Ocean Tsunami (RMS 2006) 

Table 2.1: Arrival times and wave heights in New Zealand for 2004 Indian Ocean Tsunami (Goring 2004) 

Harbour 

First Waves Highest Waves 

Time of Arrival Height Period Time of Arrival 

(hr) (mm) (min) (hr) 

Bluff 18.4 220 37 38.9 

Gisborne 18.1 389 47 83.6 

Jackson Bay 18.3 908 26 44.8 

Kaipara 19.8 221 78 64.2 

Lyttleton 25.0 477 54 40.9 

Manukau 21.9 306 54 52.7 

Napier 21.2 661 34 48.3 

Nelson 23.1 644 45 51.6 

Otago 18.4 265 29 53.2 

Taranki 20.2 604 33 37.0 

Tauranga 25.2 103 70 61.9 

Timaru 18.1 1046 43 48.6 

Waitemata 25.3 76 55 43.1 

Wellington 24.3 235 31 51.9 

Whangarei 24.5 255 37 52.5 
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2.1.8 Other Tsunami 

 While the above mentioned tsunami summarise some of the more significant events 

to hit New Zealand, the list is by no means comprehensive.  Many other tsunami have hit 

New Zealand from local and distant sources and from a variety of causes.  In addition, 

evidence has been found of several paleotsunami which have caused runup heights in 

excess of 30 metres, though a lack of conclusive evidence with regard to paleotsunami 

introduces great uncertainty (Berryman 2005).  Figures 2.3 and 2.4 show the more 

prominent local and distant tsunami sources, though there are certainly additional events 

that have occurred which may not be documented.  Tables 2.2 and 2.3 provide data on 

these tsunami sources.  

 
Figure 2.3: Locations of selected events which generated tsunami from a distant source 
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Table 2.2: Information for Distant Tsunami Sources 

Date Location Mw 

26 January 1700 Cascadia 9.2 

21 February 1835 Chile 8.2 

15 August 1868 Peru 9.2 

11 May 1877 Chile 8.9 

26 August 1883 Krakatoa, Indonesia Volcano 

2 February 1906 Ecuador 8.9 

12 November 1922 Chile 8.5 

4 September 1923 Japan 7.9 

4 October 1931 Solomon Islands 7.9 

2 April 1946 Aleutian Islands 8.6 

5 November 1952 Kamchatka, Russia 8.3 

9 March 1957 Aleutian Islands 8.6 

23 May 1960 Chile 9.5 

29 March 1964 Alaska 9.2 

15 January 1976 Kermadec 8.0 

9 May 1986 Aleutian Islands 7.9 

22 February 2010 Maule, Chile 8.8 

6 February 2013 Solomon Islands 8.0 

 

 
Figure 2.4: Locations of events which generated tsunami locally 
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Table 2.3: Information for Local Tsunami Sources 

Date Location Mw 

16 October 1848 Marlborough Region, South of Picton 7.5 

23 January 1855 Cook Straight 8.2 

12 February 1855 Northern Hawkes Bay 5.5 

19 October 1868 Tasman Sea, Northwest of Nelson 7.2 

8 September 1880 East of Gisborne 6.0 

December 1885 North of Fiordland Landslide 

9 July 1895 Christchurch/Lyttleton Landslide 

8 August 1904 South of Napier 7.0 

22 February 1913 Westport 5.0 

7 October 1914 North of Gisborne 6.7 

4 October 1924 South of Napier Landslide 

16 June 1929 East of Westport 7.8 

3 February 1931 Hawkes Bay 7.8 

16 September 1932 West of Gisborne 6.9 

26 March 1947 East of Gisborne, Hikurangi Trench 5.9 

15 July 2009 Dusky Sound 7.8 

 

2.2 Past Tsunami Impact on Ports 

While New Zealand shores present a long history of tsunami inundation, a variety 

of factors have largely prevented wide-scale damage to population centres and the 

associated infrastructure, including ports.  The same is not true of other countries and due 

to the lack of comparative information regarding structural impact of tsunami on ports 

within New Zealand, the following sections will investigate damage to ports in various 

parts of the world.  Note that while damage to port infrastructure worldwide is certainly 

relevant, differences in design standards and construction practices suggest New Zealand 

infrastructure will not respond in an equivalent manner. 

 

2.2.1 Japan 

 Japan has been impacted by more tsunami than any other nation.  Figure 2.5 

depicts the locations of select earthquakes which have generated tsunami impacting Japan, 

details of which are summarised in Table 2.4.  Japan is an island nation in the Pacific 

Ocean that lies on the edges of the Eurasian, North American, Pacific, and Philippine Sea 

tectonic plates.  These subduction zones have been the source of many large earthquakes 

which have consequently generated large-scale tsunami.  Most of Japan is mountainous 
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terrain and not suitable for development  and so settlements are located primarily along the 

coastline.  Japan also contains few natural resources which results in heavy reliance on 

foreign imports.  The creation of large port facilities led to communities being developed 

around them and thus most of the population resides in close proximity to the sea. 

Throughout the past several hundred years, many tsunami have adversely impacted 

the ports of Japan.  Susaki Port is located in the centre of Tosa Bay, a position that leaves 

the port very susceptible to tsunami.  In 1960, the Chilean Earthquake Tsunami generated 

by a magnitude 9.5 earthquake caused mass destruction in the town of Susaki, flooding a 

number of houses and breaching a timber yard, causing timber to be carried into the town 

which damaged many other facilities.  In 1992, a breakwater was constructed to mitigate 

the threat of tsunami inundation.  Kamaishi Port is located at the centre of the Sanriku 

Coastline and presents another location that is very susceptible to tsunami.  Though 

protected by a breakwater at the mouth of Kamaishi Bay, the port was damaged by the 

1896 Meiji Sanriku Earthquake Tsunami, the 1933 Showa Sanriku Earthquake Tsunami, 

and the 1960 Chilean Earthquake Tsunami (PIANC 2009).    

Due to its recent occurrence and the large-scale growth of coastal towns and cities, 

the damage caused by the 2011 Tohoku earthquake tsunami garnered the most attention 

and renewed a worldwide focus on the tsunami threat.  Damage to ports was extensive 

throughout Japan.  In addition, this tsunami highlighted the uncertainty associated with 

tsunami design.  In most locations throughout Japan where a dike was located, the tsunami 

height greatly exceeded the design height of the dike (Iwishatari & Sagara 2012), as 

summarised in Figure 2.6. 
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Figure 2.5: Locations of tsunami-causing earthquakes in Japan 

Table 2.4: Tsunami source details for Japan 

Date Mw 

28 October 1707 8.6 

15 June 1896 8.5 

1 September 1923 8.3 

27 March 1927 7.6 

2 March 1933 8.4 

7 December 1944 8.1 

13 January 1945 6.8 

21 December 1946 8.1 

26 May 1983 7.8 

12 July 1993 7.7 

17 January 1995 6.8 

11 March 2011 9.0 
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Figure 2.6: Dike design height compared with height of 2011 tsunami waves in Japan (Iwishatari & Sagara 

2012) 

Kamaishi lies in the Iwate Prefecture in northern Japan.  Prior to the 2011 Tohoku 

Tsunami, the Kamaishi Harbour was protected by the deepest breakwater in the world, 

extending 63 metres below the water surface.  The tsunami waves caused by the 

earthquake were larger than the waves anticipated in design and consequently caused the 

breakwater to fail from both the lateral load and scouring at the base. A section of the 

destroyed breakwater is seen in Figure 2.7.  Kamaishi was inundated by eight metre waves 

causing much destruction.  However, modelling suggests that the incident wave heights 
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were reduced dramatically as a result of the breakwater and would have caused greater 

damage in its absence (Ewing 2011).   

 Sendai, in the Tohoku region of Japan, suffered extensive damage from the 2011 

tsunami, which reached a height of ten metres and inundated five kilometres inland 

(Suppasri & Mas 2013).  A great number of houses along the coast were destroyed or 

washed away and large-scale debris displacement occurred at the port (Ewing 2011), as 

seen in Figures 2.8 and 2.9.  

 

 
Figure 2.7: Section of the destroyed Kamaishi breakwater (Onishi 2011) 

 
Figure 2.8: Displaced shipping containers in Kamaishi following 2011 Tohoku Tsunami (Ewing 2011) 

 Aomori Prefecture in northern Japan suffered from the largest wave heights of any 

region.  Waves that overtopped and eventually damaged the breakwater at Hachinohe 
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Harbour’s entrance broke ships free of their moorings and deposited them on top of 

wharves (USNRL 2013), as seen in Figure 2.10.  In December 2012, a 19 metre long 

section of dock which was uprooted from a fishing port in Misawa, Aomori Prefecture, 

washed up in Washington State in the United States.    Four such docks were displaced 

during the Tohoku Tsunami (Billones 2013).    

 
Figure 2.9: Destroyed shipping container in Kamaishi following 2011 Tohoku Tsunami (Ewing 2011) 

 
Figure 2.10: Damage in Port of Hachinohe following 2011 Tohoku Tsunami (USNRL 2013) 
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2.2.2 United States 

 The United States is a complex case as it is a large nation bordering both the 

Atlantic and Pacific Oceans and also consists of territories entirely in the Pacific.  While 

the Atlantic coastline is not in great danger of tsunami, the Pacific coastline, along with 

Alaska and Hawaii, is.  Tsunami may be generated locally along the Cascadia and Aleutian 

fault lines, near Hawaii, or along the southern end of California.  The Aleutian fault lines 

are among the most active in the Pacific and caused a massive 9.2 earthquake in 1964, 

generally regarded as the second largest in recorded history.  The Cascadia and Southern 

Californian subduction zones are thought to be capable of producing an earthquake of 

magnitude 8.0-9.0.  In addition, all of these areas have been affected by distant source 

tsunami.  Hawaii is more at risk of tsunami from a distant source than from local fault 

lines, and may be affected by almost any surrounding subduction zone in the Pacific 

(PIANC 2009).    

 California is at special risk to tsunami since many of the major cities and most of 

the population resides along the coastline.  The ports of Los Angeles and Long Beach are 

at the greatest risk due to their exposed position and a lack of breakwaters and other 

protection.  In 1960, the Chilean Tsunami caused damage in excess of $1 million at the 

Port of Los Angeles with wave heights of two metres.  Over 300 small vessels were 

washed away and others were sunk or overturned.  Thousands of litres of gasoline leaked 

into the sea from overturned boats which prompted fear of a fire.  The 1964 Alaskan 

tsunami also affected these ports, causing over $75,000 in scour damage in the Port of Los 

Angeles and destroying eight docks at the Port of Long Beach.   San Diego Harbour has 

also been affected by tsunami.  The 1960 Chilean Tsunami destroyed over 80 meters of 

dock, destroyed many small vessels, and broke large vessels free from their moorings 

(Lander & Lockridge 1989).  

 The faults and subduction zones near Alaska are the most active and threatening in 

the United States, having generated large tsunami in 1946, 1957 and 1964.  In addition, an 

earthquake in Lituya Bay in 1958 triggered a landslide which generated the largest tsunami 

in recorded history, with waves over 500 metres tall.  While some ports such as Juneau and 

Anchorage are naturally protected from tsunami inundation, others are more exposed.  

Following the 1964 Alaskan Earthquake, a large section of the Valdez waterfront, 

including the dock area, slid into the bay and created a 9-12 metre tsunami which impacted 



22 
 

the town.  A freight vessel unloading at a dock was picked up and carried inland, 

destroying the remainder of the waterfront facilities.  At Seward, Alaska, the impact from 

the earthquake was similar, with a section of the waterfront sliding into the bay.  Fire 

broke out from ruptured oil tanks and many vessels were carried onshore (Lander & 

Lockridge 1989).  The worst damage occurred in Kodiak, with wave heights exceeding 

nine metres causing over $30 million of damage.  All floating docks were carried away 

while most other docks and wharves were destroyed along with the entire fishing fleet.  90 

ton vessels were carried three blocks into the city, causing mass destruction (PIANC 

2009).   

 In Hawaii, the worst tsunami damage has occurred in Hilo.  In 1923, a Mw 8.3 

earthquake near Kamchatka, Russia, generated six metre tsunami waves which damaged 

many wharves at the Hilo port.  On 1 April 1946, a Mw 7.3 earthquake near the Aleutian 

Islands resulted in a tsunami which impacted Hilo suddenly and unexpectedly.  Wave 

heights exceeded eight metres and destroyed many structures along the waterfront (Lander 

& Lockridge 1989).  In 1957, another Alaskan earthquake led to wave heights of one metre 

at Hilo.  Cargo at the port was destroyed, fishing vessels were carried inland, and many 

harbour buildings suffered severe damage.  The 1960 Chilean Earthquake Tsunami caused 

the worst damage with a runup of six metres, completely destroying the harbour and all 

structures directly inland.  The only exceptions were those made of steel and reinforced 

concrete (PIANC 2009).       

 

2.2.3 Indonesia 

 Indonesia lies on a very active seismic zone due to the convergence of three 

tectonic plates: the Eurasian, Indo-Australian, and Pacific plates.  Due to their presence, 

over 100 tsunami have been recorded here over the past 400 years, 90% of which were 

caused by earthquakes, 8% by volcano, and the remainder from landslides (Hamzah et al. 

2000).  The worst to hit Indonesia was the 2004 Indian Ocean Tsunami.  This was 

extremely destructive because of its size, but there were other factors that contributed as 

well.  Indonesia lacked a proper tsunami warning system and tsunami resistant structures.  

Many houses and buildings did not meet proper seismic design requirements, they were 

built very close to the coast, and there were no greenbelts or coastal forests to protect 
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them.  These factors, along with runups of up to 30 metres, resulted in mass destruction 

(PIANC 2009).  

 Banda Aceh Port was one of many that were severely impacted by the Indian 

Ocean Tsunami.  A large section along the coast collapsed due to liquefaction from both 

the earthquake and tsunami.  At Ulee Lheue Port, large stones from a protective revetment 

were picked up and carried toward the coastline.  The ground floor of the ferry terminal 

collapsed due to ground shaking, though the remaining columns left the second floor 

largely undamaged (PIANC 2009).  All other buildings in the area were washed away and 

the port and its immediate surroundings were transformed into an island.  However, many 

pile-deck structures such as wharves and dolphins were left intact and showed good 

performance (UNDP 2005).  

     

2.2.4 Sri Lanka 

 Prior to the 2004 Indian Ocean tsunami, none had ever caused significant damage 

to Sri Lanka.  While the 1883 tsunami caused by the eruption of Krakatoa brought 

heightened water levels to the coastline, no damage or deaths were recorded.  The main 

port is located in Colombo along the western coastline, though there are several other 

smaller ones as well, most of which are protected by rock armour rubble mound 

breakwaters.  The port at Colombo is protected by rock and concrete breakwaters.  These 

structures have typically been designed to resist storm waves, but not tsunami.  Prior to the 

Indian Ocean Tsunami, breakwaters had been damaged by storm waves due to under-

designed structures, but no harbour facilities had been affected (PIANC 2009).   

 The main port in Colombo, withstood minor damage from two to three metre 

tsunami waves.  These waves overtopped some wharves and the 150 year old breakwater 

at the mouth of the harbour, but did not cause major damage.  The port was reopened after 

one day, thought damaged transportation infrastructure blocked many workers from 

reaching the harbour.      

 At the Kankesanthurai Port, the tsunami damaged the breakwater and both piers.  A 

large volume of debris was dropped in the harbour, reducing its depth.  Four barges were 

also washed away.  Dredging of the basin and repairs to the piers and breakwater were 

estimated to cost $22.8 million USD.   
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 The port at Tangelle Harbour suffered damage to several structures including a 

cold storage facility, the fisheries harbour building, a 20-T crane, a slipway and winch 

house, two oil dispersers, a pump house, diesel tanks, a tube well, and carts for removing 

oil.  The pier subsided at one end as a result of foundation damage and the breakwater was 

damaged (Strand & Masek 2007).    

 Human impact on the environment contributed to destruction in various locations.  

In Peraliya, illegal coral mining along the coast led to focused flows and heightened the 

tsunami’s destructive capability.  In most areas, wood construction was completely 

destroyed but engineered reinforced concrete structures performed better.  The exception 

was in such locations where human impact contributed to total destruction of even 

reinforced concrete buildings (Fernando et al. 2005).   

 

2.2.5 Thailand 

 Thailand serves as an example of how being unprepared for an impending disaster 

leads to mass destruction.  Before the Sumatran Tsunami of 2004, only one significant 

event had greatly affected the Indian Ocean: the tsunami caused by the Krakatoa eruption 

of 1883 which resulted in the deaths of 36,000 people in Indonesia.  The lack of natural 

disasters led the people of Thailand to be largely unprepared for the 2004 event.  No early 

warning was provided and due to a lack of seismographs, tsunami monitoring equipment, 

and trained professionals, the threat of a tsunami was not realized until it was too late.  In 

all, over 5,000 people died and another 3,000 were recorded as missing (Lukkunaprasit & 

Ruangrassamee 2008).   

 In addition to the lack of warning for residents, building practices in Thailand did 

not account for the possibility of this disaster.  Thailand had been regarded as a non-

seismic prone area and therefore, buildings were not designed to withstand earthquakes or 

tsunami.  In Ban Nam Kem Village, Phang-Nga, where wave heights exceeded six metres, 

port structures suffered extensive damage.  The pier decks were made of precast reinforced 

concrete slabs which were torn apart by the uplift forces that were not accounted for in the 

design.  Some sections cracked while others were carried away entirely.  Other damage 

included failure of the beam column joints (Lukkunaprasit & Ruangrassamee 2008).  

Lateral displacement of the wharves left some foundation piles cracked while others had 

rotated (Strand & Masek 2007).   
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 Phang Nga Naval Base, the Thai Royal Navy’s main base on the Andaman Sea, 

was heavily impacted by the 2004 tsunami.  Though the pier was overtopped, no 

significant damage was identified upon inspection.  While most ships were at sea, the 

mooring lines of those remaining in the harbour were severed and three patrol boats were 

damaged.  A 61 metre long frigate was carried onshore and blocked later relief efforts.  

The tsunami inundated a weapons depot at the base and search and rescue efforts were 

halted temporarily afterwards due to fears that mortars could explode (Strand & Masek 

2007).   

 Structures at several smaller ports were damaged or destroyed as well.  At Ban 

Hualaam, a fishing village, a concrete pier was destroyed by the waves.  Other similar 

concrete structures performed better, such as the Chalong Pier at Phuket Island.  Wooden 

structures did not perform well and were mostly destroyed (Strand & Masek 2007).  

Reconnaissance surveys of Khao Lak Port uncovered both engineered and non-engineered 

port structures which underwent extensive damage or complete destruction (Nistor et al. 

2012), as seen in Figures 2.11 and 2.12. 

 
Figure 2.11: Damage to concrete wharf at Khao Lak Port following 2004 Indian Ocean tsunami (Nistor et al. 

2012) 
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Figure 2.12: Complete destruction of port structure at Khao Lak Port following 2004 Indian Ocean tsunami 

(Nistor et al. 2012) 

 

2.2.6 Turkey 

 The Mediterranean is an often overlooked source of large tsunami and in fact, the 

risk of tsunami in the Indian Ocean is lower than that in the Atlantic and Mediterranean 

(Dalrymple & Kriebel 2005).  The 2004 Indian Ocean Tsunami illustrates that although 

tsunami are unlikely, the unpredictable nature and destructive potential suggest that 

contingency plans should still be considered.  There are over 80 tsunami on record that 

have affected various parts of Turkey.  Of particular note is the 1999 tsunami generated in 

Izmit Bay by a magnitude 7.4 earthquake which did extensive damage to port facilities 

(PIANC 2009).    

          

2.2.7 Greece 

 The south end of Greece lies on the Aegean Plate, a small tectonic plate surrounded 

by the three larger African, Eurasian, and Anatolian plates.  Because of the fault lines in 

this area, it is known for much more frequent seismic activity than the immediate 

surroundings.  Because many of the fault lines lie under the sea, the earthquakes that occur 

have a high probability of generating a tsunami. 
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 Greece is a country comprising many inhabited islands with many ports and 

consequently has one of the largest merchant fleets in the world.  The largest ports 

handling most of the cargo are located around Athens, but others lie in Northern Greece. 

From the year 479 BC to 2000 AD, 70 tsunami are known to have occurred in the Eastern 

Mediterranean and at least 17 of those are known to have led to damage to coastal 

communities.  Five additional destructive tsunami are known to have occurred before this 

period.  Aside from earthquakes, the most common causes of tsunami in this area have 

been eruptions of the Thera Volcanoes in the Southern Aegean Sea.  Around 1628 BC, one 

such explosion occurred which is thought to have surpassed the intensity of the Krakatau 

eruption of 1883.  The eruption and resulting landslides caused a tsunami that exceeded 30 

metres and severely impacted the nearby Minoan civilization on Crete.  Archaeological 

evidence suggests many ports on the north end of Crete were destroyed (Antonopoulos 

1992).  Another such eruption occurred on 29 September 1650 which created tsunami 

waves of up to 16 metres.  On the islands of Kea and Crete, many fishing vessels were 

either carried out to sea or washed up onshore (PIANC 2009).   

 The vast majority of tsunami occurring in the Eastern Mediterranean Sea are the 

result of large earthquakes, often 7.0 or greater.  One of the most significant events in 

recent history was a magnitude 7.8 earthquake which occurred on 9 July 1956.  The 

earthquake and ensuing landslides caused a tsunami which generated runup heights 

varying from 2.7 metres to 30 metres.  On the north coast of Crete, several boats were 

carried away or smashed onshore while buildings were flooded.  At Lipso Harbour, the 

pier and wharf were completely destroyed while many buildings were badly damaged.  At 

Finiki Bay near Karpathos Island, a breakwater was destroyed (PIANC 2009).    

 

2.3 Tsunami Design Standards 

For decades, building codes and design standards have considered the possibility of 

tsunami and authoring institutions have attempted to incorporate this threat.  Despite these 

attempts, there are still significant shortcomings in the field of tsunami design.  Tsunami 

are highly complex phenomena that are not easily represented by simple empirical 

equations.  A range of tsunami design standards are examined in the following sections.   

 

 



28 
 

2.3.1 Coastal Construction Manual (FEMA 2011) 

 FEMA (2011) is a comprehensive guide to construction along the shoreline.  This 

guide details potential hazards, such as tropical storms, high winds, earthquakes, 

tornadoes, and tsunami, and associated site-specific design loads as well as recommended 

design methods.  Comprehensive wave and flood load equations are provided for breaking 

waves, hydrodynamic loads, lift forces, hydrostatic and buoyancy loads, wave slam, debris 

impact, and localized scour.  FEMA states that tsunami loading may be treated in the same 

manner as flood loading but on a much larger scale and directs the reader to FEMA (2012) 

for further reference. 

 

2.3.2 Guidelines for Design of Structures for Vertical Evacuation from Tsunami 

(FEMA 2012) 

 FEMA (2012) is the most comprehensive tsunami loading guide examined in this 

study.  This guide begins by conceding that there is little effective published guidance in 

the area of structural design against tsunami loads.  While many of these publications 

detail flood loading, FEMA states that there are significant differences between a tsunami 

and flooding or even storm surge loading.  Specific performance objectives are given for 

different scenarios based on the size and recurrence interval of the tsunami in question.  

FEMA defines and gives loading equations for hydrodynamic forces, hydrostatic forces, 

buoyant forces, impulsive forces, debris impact forces, debris damming forces, uplift 

forces, and additional gravity loads from water or materials retained on a surface.  Loading 

combinations are also provided, but are based on ASCE (2010).  

 

2.3.3 Minimum Design Loads for Buildings and Other Structures (ASCE 2010) 

Chapter Five of ASCE (2010) details flood loads.  General design requirements and 

definitions for structures subject to flood loading are given.  Wave loads are briefly 

introduced, but the only equations provided are those for breaking wave forces.  A very 

brief section is devoted to discussion of debris impact.  This publication also details 

loading combination and describes the requirements for choosing which is most 

applicable.      
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2.3.4 Flood Resistant Design and Construction (ASCE 2006) 

 Though loading equations are not provided in this publication, ASCE (2006) does 

provide minimum requirements for structures at high risk of flooding and details different 

locations and situations.  Specific requirements for structural elements are provided as 

well.  This guide refers back to the loading provisions and loading combinations provided 

in ASCE (2010). 

 

2.3.5 City and Council of Honolulu Building Code (CCH 2000) 

 CCH (2000) provides specific floodproofing design requirements and methods.  

This publication states that hydrodynamic, hydrostatic, impact, soil, and tsunami loads 

must be considered in the design.  Loading combinations are provided for flood loads, 

wind loads, earthquake loads, live loads, and dead loads.  Some loading equations are 

given and there is a brief discussion of scour of marine structures.     

 

2.3.6 2006 International Building Code (ICC 2006) 

 ICC (2006) has a comprehensive section on flood design in Appendix G.  This 

publication provides guidelines and definitions for construction in flood prone areas.  

However, no equations are provided.      

 

2.3.7 1997 Uniform Building Code (UBC 1997) 

UBC (1997) briefly discusses flood resistant construction, but does not include 

great depth.  There are no design equations provided in this publication. 

 

2.3.8 Shore Protection Manual (USACE 1984) 

 Though outdated, this publication provides a comprehensive reference on most 

coastal engineering topics including wave mechanics, design wave forces, and the design 

of coastal structures.  As this was the precedent for many modern design standards, it 

should be mentioned in regards to nearly any coastal related research.  USACE (1984) was 

later replaced by the Coastal Engineering Manual USACE (2002). 
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2.4 Debris Impact Loads 

Although debris impact was ultimately deemed beyond the scope of this thesis, it is 

worth a brief mention given the potential danger in port environments.  Several 

experiments have been performed in an effort to quantify tsunami impact loading.  The 

most comprehensive summary of the more prominent studies and explanation of their 

shortcomings, along with the best recommendation based on currently available research, 

is outlined in FEMA (2008).  Three previous studies in particular are cited as the basis for 

present standards.  Matsutomi (1999) conducted two sets of experiments to investigate the 

impact force of driftwood.  The first set was conducted in a small flume and consisted of a 

small log being picked up by either a bore or surge and carried into a wall.  The other was 

a full scale experiment conducted out of water in which a pendulum swung a full scale log 

into an object with an attached load cell.  Load magnitudes in the water test were generally 

higher, possibly as a result of the added mass effect.  After compiling a large amount of 

data, Matsutomi proposed Equation 2.1 for impact force. 

𝐹𝑖

𝛾𝑤𝐷𝑙
2𝐿𝑙

= 1.6𝐶𝑚 (
𝑢𝑑𝑏

√𝑔𝐷𝑙
)

1.2

(
𝜎𝑓

𝛾𝑤𝐿𝑙
)

0.4

 (Eq. 2.1) 

• Fi = Tsunami driven debris impact force 

• γw = Specific weight of wood 

• Dl = Diameter of log 

• Ll = Length of log 

• Cm = Added mass coefficient 

• udb = Velocity of floating debris 

• g = Acceleration of gravity 

• σf = Yield stress of wood 

This equation is largely rejected since it is inconvenient in practice and only applies 

to cylindrical driftwood and logs (Matsutomi, 1999).  Ikeno et al. (2001) conducted a 

similar set of experiments though the scope was expanded to include objects of various 

shapes.  Unfortunately, these experiments only tested the impact of these objects against 

impermeable walls, making them of little use in the context of pile supported wharves. 

  Haehnal & Daly (2002) conducted another series of experiments similar to 

Matsutomi’s.  However, instead of the impulse-momentum approach adopted by the other 

researchers, Haehnel and Daly analysed the model using a linear dynamic model with a 

single degree of freedom.  By assuming the structure was rigid, the model was formulated 

from Equation 2.2. 
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𝑚𝑙𝑜𝑔�̈�𝑙𝑜𝑔 + 𝑘𝑙𝑜𝑔𝑥𝑙𝑜𝑔 = 0 (Eq. 2.2) 

• mlog = mass of log 

• xlog = Compression of log and structure 

• klog = stiffness of log 

The result yielded Equation 2.3. 

𝐹𝑚𝑎𝑥 = 𝑀𝑎𝑥. 〈𝑘𝑙𝑜𝑔𝑥𝑙𝑜𝑔〉 = 𝑢𝑑𝑏√𝑘𝑙𝑜𝑔𝑚𝑙𝑜𝑔 (Eq. 2.3) 

One drawback of this equation is that the effective stiffness during impact is 

difficult to evaluate or estimate.  In addition, because these experiments were carried out in 

a towing tank rather than a flume, the added mass effect is not accounted for (Haehnel & 

Daly 2002).  FEMA (2008) recommends that until further research becomes available, a 

variation of the Haehnel and Daly equation, Equation 2.4, which accounts for added mass 

should be used. 

𝐹𝑚𝑎𝑥 = 𝐶𝑚𝑢𝑑𝑏√𝑘𝑙𝑜𝑔𝑚𝑙𝑜𝑔 (Eq. 2.4) 

 

2.5 Tsunami Intensity Scales     

2.5.1 Original Tsunami Intensity Scale 

 In 1993, Nobuo Shuto proposed a tsunami intensity scale to represent the potential 

damage as a function of tsunami heights, though this scale is based on several earlier less 

comprehensive models.  Though this scale is somewhat outdated today and has been 

replaced with more contemporary versions, it has been used in a substantial number of 

designs and projects in Japan and is often considered a predecessor for later intensity 

models.  In the development of this model, several characteristics of tsunami inundation 

were examined and used to formulate the intensity scale including tsunami profiles (wave 

heights), damage to wooden, masonry, and reinforced concrete houses, percentage of 

wooden houses damaged in a flooded area, percentage of damaged fishing boats, damage 

to aquaculture rafts, and effectiveness of green belts.  Certain representative tsunami were 

chosen based on their size and impact.  The events used in the development of this model 

included the following. 

• The 1883 Krakatau Tsunami 

• The 1896 Great Sanriku Tsunami 
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• The 1933 Great Sanriku Tsunami 

• The 1908 Messina Earthquake Tsunami 

• The 1946 Nankai Earthquake Tsunami 

• The 1946 Aleutian Tsunami 

• The 1960 Chilean Tsunami 

• The 1983 Nihonkai-Chubu Tsunami 

Since data for tsunami waves greater than five metres was sparse, the study concentrated 

on those less than that height.  The impacts of these tsunami were used in the development 

of the tsunami intensity scale shown in Figure 2.13 (Shuto, 1993).  

 
Figure 2.13: Tsunami intensity scale developed by Shuto (1993) 

Shuto concludes by conceding that the data presents rough estimates as a result of the 

unreliability and limited availability of sources (Shuto, 1993). 

 

2.5.2 Updated Tsunami Intensity Scales 

 In the wake of more recent disasters, better data, and improved technology, 

researchers have proposed new and improved tsunami intensity scales.  Papadopoulos 

(2001) suggested that the lack of a real tsunami scale prevented effective standardization 

of tsunami effects.  The scale proposed in this paper is separated from earlier attempts due 

to three main principles.  These are the independence of grades from physical 

characteristics of tsunami such as wave height, sensitivity or an adequate number of grades 

to account for slight variations in events, and a detailed description of each intensity grade.  

The scale proposes use of twelve grades rather than the six previously used and each grade 
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is based on three criteria: effect on humans, effect on vessels and other objects, and effect 

on infrastructure.  A slightly condensed version of the scale is displayed in Figure 2.14 

(Papadopoulos, 2001). 

 
Figure 2.14: Updated tsunami intensity scale proposed by Papadopoulos (2001) 

 Lekkas et al. (2012) proposed another new and expanded tsunami intensity scale, 

the basis of which was the events of 26 December 2004 in the Indian Ocean and 11 March 

2011 near Japan.  Due to advances to technology, more accurate data was collected which 

allowed for a better representative model.  This model proposes 12 levels with a slightly 

progressive intensity based on the following six criteria. 

• Visible, quantifiable tsunami characteristics such as wave height and runup 

• Impact on humans 

• Impact on mobile objects such as cars and boats 

• Impact on ports and offshore infrastructure 

• Impact on the geo-environment 

• Impact on the urban environment 

Urban impact is characterized using the European Macroseismic Scale (EMS98) developed 

by Grünthal (1998).  The scale uses six classes from A to F which represent different types 

of structures, A being the most vulnerable, and six damage grades from zero to five.  Zero 
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represents instances where no structural damage occurs and five represents instances of 

complete destruction.  A slightly condensed version of the intensity scale is displayed in 

Figure 2.15 (Lekkas et al. 2012). 

 
Figure 2.15: Updated tsunami intensity scale proposed by Lekkas et al. (2012) 
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2.6 Tsunami Fragility Models  

 In 2009, Shunichi Koshimura suggested tsunami fragility as a new method of 

predicting potential damage from various events.  Fragility curves had historically been 

used for seismic analysis where the probability of failure of a structure was represented as 

a function of the degree of ground motion.  In a tsunami fragility curve, the probability of 

damage of a structure is defined for tsunami characteristics such as wave height, 

inundation depth, wave velocity, or hydrodynamic force.  This probability is defined in 

terms of Equation 2.5 with xt representing the chosen tsunami characteristic. 

𝑃𝐷(𝑥) = Φ [
𝑥𝑡−𝜇

𝜎𝑠𝑑
] (Eq. 2.5) 

• PD = Probability of damage 

• Φ = Standardised lognormal distribution function  

• xt = Chosen tsunami characteristic 

• μ = Mean value of dataset 

• σsd = Standard deviation of dataset 

In many cases, factors such as variations in type of material will require the use of multiple 

equations.  Fragility curves may also contain different degrees of damage depending on the 

reliability of data and how easily it may be interpreted.  While some data may only 

describe whether a structure survived or was destroyed, others may show the degree to 

which structures were damaged.  These damage categorizations are often necessarily rather 

arbitrary, merely titled “partially damaged” or “badly damaged”.  

 Mas et al. (2012) details four methods for collecting data to be used in the 

development of fragility curves.  First, he suggests that data may be taken from historical 

records.  Doing so may allow for more detailed analysis of damage depending on how 

many records are available and how detailed they are.  Other sites which may not have 

withstood as many events may not be suitable for this method.  Second, fragility curves 

may be developed by remote satellite sensing and numerical modelling of the tsunami 

using high resolution bathymetry and topography data.  Oftentimes, due to difficulties in 

visual interpretation of the satellite imagery, the curves developed are limited to just 

structures washed away versus survived.  Third, these curves may be developed using data 

from field surveys.  Finally, Mas suggests and utilizes a method combining remote satellite 
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imagery and field surveys.  Koshimura et al. (2009) suggests five steps for developing a 

tsunami fragility curve. 

1. Damage data acquisition: obtaining damage data from satellite images, field 

surveys or historical documents, e.g. numbers of destroyed or survived structures 

with its spatial information. 

2. Tsunami hazard estimation: estimating the hydrodynamic features of tsunami by 

numerical modeling, field surveys and from historical documents. 

3. Data assimilation between the damage data and tsunami hazard information: 

correlating the damage data and the hydrodynamic features of tsunami through the 

GIS analysis. 

4. Calculating damage probability: determining the damage probabilities by counting 

the number of damaged or survived structures, for each range of hydrodynamic 

features above. 

5. Regression analysis: developing the fragility curves by regression analysis of 

discrete sets of damage probability and hydrodynamic features of tsunami. 

Though the concept of fragility curves is a far more developed with respect to 

earthquakes than for tsunami, researchers have developed them for several larger events 

and locations throughout the world.  From visual inspection of satellite photography, Mas 

et al. (2012) determined the state (survived or washed away) of 915 buildings in Dichato, 

Chile, following the February 2010 tsunami.  Based on known inundation depths at certain 

points, a complete inundation map was developed, allowing the determination of what 

percentage of buildings within a certain inundation range were destroyed, thus resulting in 

the fragility data and curve, shown in Figures 2.16 and 2.17.   

 
Figure 2.16: Number of structures versus inundation depth following 2010 Chilean tsunami in Dichato, 

interpreted by Mas et al. (2012) 
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Figure 2.17: Fragility curve for 2010 Chilean tsunami in Dichato, Chile.  Developed by Mas et al. 

(2012). 

Following the 2011 Great East Japan Tsunami, Suppasri & Mas (2012) collected a large 

data set from numerous field surveys of the Miyagi prefecture, one of the most heavily 

populated areas of the Tohoku section of Japan.  Tsunami inundation depths were 

determined for this region by examining traces of inundation on still-standing houses.  

Again, a rough inundation map was developed for this area, permitting the researchers to 

determine how many buildings were destroyed.  This study went a couple of steps further 

and separated wood houses, which comprised the majority of the structures, from 

reinforced concrete and steel structures.  Furthermore, damage levels were defined and 

separate fragility curves were created for each.  Damage levels used in this study as 

compared to other studies are seen in Figure 2.18.    The fragility curves developed in this 

study are shown in Figure 2.19.  Fragility curves have also been created for the Indian 

Ocean tsunami of 2004 in several locations including India, Sri Lanka, and Thailand. 

 
Figure 2.18: Damage levels used by Suppasri & Mas (2012) compared with those in other studies. 
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Figure 2.19: Fragility curves developed for Miyagi prefecture following 2011 Japanese tsunami (Suppasri & 

Mas 2012) 

 Shoji & Moriyama (2007) developed fragility curves for bridges that were 

impacted by tsunami in Sumatra and Sri Lanka following the 2004 Indian Ocean Tsunami.  

Like those studies previously discussed, a sample of bridges lying near the coastlines of 

each location were used in conjunction with broad, predefined damage states. In this case 

four damage states were used, A through D.  Damage state A indicated complete washout 

of the bridge deck, B incorporated structural damage short of failure including scour and 

abutment damage or deck damage, C indicated damage to non-structural components such 

as railings, and D indicated no damage observed.  A previous study published by Shoji & 

Moriyama (2006) detailed the damage observations and inundation heights to each of the 

bridges of interest and incorporated 58 sites in Sri Lanka and 17 in Sumatra.  Most bridges 

included were either reinforced concrete or steel truss structures.  Separate fragility curves 

were developed based on the Sri Lanka and Sumatra data.  Both resulting plots are shown 

in Figures 2.20 and 2.21. 

Kircher & Bouabid (2014) developed a series of fragility curves for tsunami 

damage from both tsunami inundation and tsunami flow.  Whereas inundation is suggested 

to resemble flood loads, flow represented hydrodynamic impact on a structure.  

Furthermore, the tsunami loads were combined with earthquake loads to simulate the 

damage sustained from a local source tsunami including the source event.  This study 

differed from those previously discussed as the resulting fragility curves were developed 

through modelling rather than a field investigation approach.  Damage related to tsunami 

inundation was derived largely from the HAZUS flood model while.  For tsunami flow, 
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tsunami forces were derived from publications such as FEMA (2012) and then combined 

with building lateral resistance defined by the HAZUS earthquake model.  Three general 

structural damage states were defined, moderate, extensive, and complete, and related to 

specific degrees of damage for each structure type.  The final fragility curves were 

presented in terms of loss ratios which details the economic loss related to the building 

sustained by a tsunami as a ratio of the initial value.  This research was developed as part 

of a large study to incorporate these fragility curves for a wide variety of building 

constructions and tsunami scenarios and only sample curves were provided in the 

published paper, which are shown in Figure 2.22. 

 
Figure 2.20: Fragility curves for Sri Lanka bridges based on field investigations following 2004 Indian 

Ocean Tsunami. Reproduced from Shoji & Moriyama (2007). 

 
Figure 2.21: Fragility curves for Sumatra bridges based on field investigations following 2004 Indian Ocean 

Tsunami. Reproduced from Shoji & Moriyama (2007). 
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Figure 2.22: Fragility curves developed for various building structure types comparing the loss ratio 

(economic loss) against the median peak inundation depth for various strength and uncertainty scenarios. 

Reproduced from Kircher & Bouabid (2014). 
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Chapter 3: New Zealand Ports 

 

 

 Since the age of European colonisation, ports have played a substantial role in the 

economy and development of New Zealand.  Initially, maritime commerce provided the 

main link between New Zealand and the British Empire.  Since port-to-store transit was 

accomplished by manual labour, the location and accessibility of flat land to practical, 

well-protected harbours was essential in determining the locations of settlements.  

Waitemata Harbour, Wellington Harbour, and Lyttleton Harbour were three locations near 

which some of the earliest settlement occurred.  Small ports sprang up throughout both 

islands, serving the needs of their immediate vicinities.  Over time, some settlements grew, 

attracting international trade to their waters.  The number of ports in New Zealand peaked 

in the mid-1860s and fell to 64 by 1881.  Throughout the 20th century, the number of ports 

continued to fall and the improvement of technology such as wharf cranes and railways led 

to changes in the industry.  Larger ships carrying more weight led to closures of smaller 

river ports such as those at Oamaru and Raglan.  In the late 1980s, the New Zealand 

government increased competition between ports by abolishing the Ports Authority and 

transferring the duties of the Harbour Boards to private port companies (McLean 2012).  

Fourteen major port companies now exist with a host of smaller ports also playing 

localized or domestic roles. 

Today, New Zealand’s economy relies on a great variety of industries.  Although 

the services sector accounts for approximately 2/3 of total gross domestic product (GDP), 

trade-reliant industries account for the bulk of the remainder.  Approximately 6% of GDP 

comes from primary industries including agriculture, forestry, fishing, and mining.  To 

provide further perspective, more than half of New Zealand’s export earnings came from 

such industries with the majority of primary resources produced being shipped including 

70% of forestry and 97% of oil.  Manufacturing makes up a further 10% of total GDP and 

employs 11% of New Zealand’s workforce.  Many of the manufactured goods are again 

exported.  To facilitate the manufacturing sector, among others, New Zealand imports 

large amounts of raw materials and machinery from a wide array of trade partners, the 
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three most prominent being China, Australia, and the United States.  Seaports facilitate the 

vast majority of merchandise imports and exports, in excess of 99% by weight or volume.  

Airports facilitate predominately service sector trade which comprises mostly tourism.  

Thus, seaports are of the utmost importance to numerous sectors and the economy as a 

whole.  Furthermore, domestic inter and intra-island shipping of bulk products such as 

petroleum and cement is facilitated by shipping companies operating out of New Zealand’s 

ports.  While not exhaustive, this brief analysis highlights the important role ports play in 

New Zealand today and the potential consequences should such facilities suffer disaster.  

Figures 3.1 and 3.2 provide cargo weight and value passing through each of New 

Zealand’s main ports with the exception of Westport as it does not facilitate international 

trade (Statistics NZ 2016). 

 
Figure 3.1: Import and export cargo weight for each of New Zealand’s 13 ports facilitating international 

trade for the year June 2015 – June 2016 (Statistics NZ 2016) 

The largest ports are situated on the North Island while Lyttelton services the 

greatest proportion of any port on the South Island.  Three of the largest ports in terms of 

import and export cargo volume, Northport, Ports of Auckland, and Port of Tauranga, are 

located in relatively close proximity to each other though Auckland accepts the majority of 

imports to the region while Tauranga facilitates substantially more exports.  However, the 

close proximity of large ports with numerous facilities suggests the impacts of natural 
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hazards at one port would potentially be mitigated by the possibility of redirecting cargo to 

another, a luxury other regions may not have. 

 
Figure 3.2: Import and export cargo value (in NZD) for each of New Zealand’s 13 ports facilitating 

international trade for the year June 2015 – June 2016 (Statistics NZ 2016) 

The Civil Defence and Emergency Management Act (CDEMA) of 2002 provides 

additional cause to stress the importance of New Zealand seaports.  Schedule One of the 

CDEMA designates specific utilities and businesses as “lifelines”.  Clause six of Schedule 

One assigns such status to port companies (NZL 2002): 

 

“The port company (as defined in section 2(1) of the Port Companies Act 

1988) that carries out port-related commercial activities at Auckland, Bluff, 

Port Chalmers, Gisborne, Lyttelton, Napier, Nelson, Picton, Port Taranaki, 

Tauranga, Timaru, Wellington, Westport, or Whangarei.” 

The responsibilities shared among lifeline utilities are stated in Part Two, Clause 60, 

entitled “Duties of Lifeline Utilities”.  Included in this clause are the following subsections 

(NZL 2002): 
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“Every lifeline utility must— 

(a)  ensure that it is able to function to the fullest possible extent, even though 

this may be at a reduced level, during and after an emergency: 

(b)  make available to the Director in writing, on request, its plan for 

functioning during and after an emergency” 

Given the role of seaports in facilitating imports and exports, the reliance upon their 

infrastructure for receiving supplies and foreign aid and the associated necessity of 

ensuring their functionality comes as little surprise. 

 

3.1 General Port Exposure 

 Almost all regions of New Zealand are exposed to significant seismic activity, the 

one possible exception being Northland.  The areas of greatest seismicity include most of 

the South Island and the southern end of the North Island.  Regardless, large earthquakes 

in these regions may impact other parts of New Zealand as well.  The seismicity of New 

Zealand as a whole is shown in Figure 3.3 along with the locations of each port to 

highlight their exposure.  The ports that are most exposed to earthquakes are not 

necessarily also most exposed to tsunami.  Many of New Zealand’s most active fault lines 

lie inland and have little potential to produce largescale tsunami.  Additionally, many of 

the more significant tsunami sources lie at great distance from any of New Zealand’s 

coastlines.  Thus although the most actively seismic region extends from the southwest, 

north along the Southern Alps and to the southeast section of the North Island, the coast 

most exposed to tsunami is the northeast.  An additional consideration is that the 

concentration of ports in the most tsunami prone regions is far greater than those in the 

most seismically prone.  A summary of 500 year tsunami exposure along all New Zealand 

coastlines (Power 2013) is provided in Figure 3.4 with the location of each port 

superimposed.   
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Figure 3.3: Names, locations, and regional seismicity of the 14 ports examined in this research (modified 

from Stirling et al. 2010) 

Table 3.1 summarises wave amplitudes for each port as presented in Review of Tsunami 

Hazard in New Zealand (Power 2013) for 100, 500, 1,000, and 2,500 year return period 

tsunami.  Note that results for Westport and Marlborough were not explicitly presented, 

hence greater uncertainty is associated with those locations.  While these potential tsunami 

hazards along the coast give a general perspective on which ports are most exposed, it is 

not in this case sufficient to determine the specific hazards within the ports themselves.  

Power’s results split New Zealand’s coastline into 20 kilometre sections within which, the 

maximum wave amplitude is determined.  As many ports lie inside protective harbours, the 

maximum predicted tsunami wave amplitude likely occurs away from the port 

infrastructure.  Chapter 4 will discuss propagation models and the method by which more 

refined estimates may be made for tsunami wave amplitudes within the ports themselves. 
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Figure 3.4: 500 year return period tsunami wave amplitudes for New Zealand coastlines (Modified from 

Power 2013) and the locations of each New Zealand port relevant to this research 
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Table 3.1: Tsunami wave amplitudes presented in Power (2013) 

Port Name 
Tsunami Amplitudes (m) 

100 Year 500 Year 1000 Year 2500 Year 

Northport 2.7 4.7 5.9 7.5 

Ports of Auckland 

(Waitemata) 
1.6 2.6 3.2 3.9 

Port of Tauranga 2.7 4.7 5.6 6.9 

Port Taranaki 1.8 3.0 3.7 4.7 

Eastland Port 4.4 7.4 9.0 11.0 

Port of Napier 4.4 7.2 8.6 10.4 

Centreport 3.5 6.2 7.4 9.1 

Port of 

Marlborough 
- 2-4 - 4-6 

Port Nelson 2.0 3.7 4.8 6.4 

Westport Harbour - 2-4 - 4-6 

Lyttelton Port 3.9 6.5 7.8 9.7 

Primeport 2.4 4.2 5 6.2 

Port of Otago 2.9 4.8 5.7 6.9 

Southport 2.8 5.1 6.3 8.0 

 

3.2 Individual Port Characteristics 

 The following subsections present general information about each of the 14 ports 

indicated above.  Relevant information to this study includes the amount of berthing 

infrastructure present in each port and the general function of each wharf or pier, the 

location of each port and its geographical implications with regards to tsunami exposure, 

the presence of manmade or natural protection structures, and predicted tsunami wave 

amplitudes and source locations.  Predicted wave amplitudes in the port regions are based 

on the findings of Power (2013).  The presented values represent the 50th percentile in a 

range of potential wave amplitudes for the associated location and return period.  Power 

also details the sources these waves could be generated from and the earthquake magnitude 

that would be necessary at each location to produce the predicted wave amplitudes, all of 

which is presented for each individual port with the exception of Port Marlborough and 

Westport as this information is not available.   
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3.2.1 Northport 

 Northport is situated 35 kilometres east of Whangarei at Marsden Point.  It is a 

deepwater port operating three berths whose purpose is mainly to service forestry products.  

Northport is located near two oil jetties that are operated by the New Zealand Refinery 

Company and another jetty operated by Golden Bay Cement which is used to transport 

products from the Portland Cement Plant (Northport 2012).  Northport berthing locations 

are shown in Figure 3.5. 

Northport is largely devoid of any potential tsunami mitigation structures.  Until 

2007, Northport’s facilities were located at Port Whangarei, far inside Whangarei Harbour 

which afforded some level of natural protection.  In 2007, construction on new facilities 

was completed and all commercial operations moved to Marsden Point at the mouth of the 

harbour, a much more exposed location.  Both locations are shown in Figure 3.6. 

 
Figure 3.5: Port boundary and berthing locations for Northport at Marsden Point 
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Figure 3.6: Locations of Northport (Marsden Point) and Port Whangarei within Whangarei Harbour 

Historically, most tsunami affecting Northland have been generated from 

earthquakes occurring near South America.  The 1868, 1877, and 1960 Peruvian and 

Chilean earthquakes resulted in wave heights between one and two metres in several 

locations near Whangarei.  The 1964 Aleutian Islands earthquake resulted in similar wave 

heights (Downes 2012).  Power (2013) suggests that, based on tsunami modelling, wave 

heights as large as five metres for a 500 year return period and 7.5 m for a 2500 year return 

period could occur.  These findings and their relative likelihood are summarised in Figure 

3.7. 
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Figure 3.7: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Northport 

(Power 2013) 

 

3.2.2 Ports of Auckland 

Ports of Auckland operates two main facilities at Waitemata Harbour and Manukau 

Harbour.  Waitemata, shown in Figure 3.8, is the larger of the two and includes the largest 

cargo container storage facility in New Zealand, Fergusson Container Terminal.  The other 

wharves are used to transport a variety of goods including steel, timber, and vehicles.  

Manukau Harbour, shown in Figure 3.9, has only one active wharf which is used mainly 

by coastal traders and local fishermen (Ports of Auckland 2008).  The positions of both 

Ports of Auckland sites are shown in Figure 3.10. 

 
Figure 3.8: Ports of Auckland facilities at Waitemata Harbour 
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Neither Manukau nor Waitemata Harbour, nor the port facilities located within, 

contain any man-made tsunami protection, nor do breakwaters exist at these locations to 

protect against waves, storm surges, or any other intrusions.  In the Hauraki Gulf, 

Rangitoto, Motutapu, Waiheke, Motuihe, and Ponui Islands surround Auckland’s east 

coast and Waitemata Harbour.   

 
Figure 3.9: Ports of Auckland facilities located at Manukau Harbour 

 
Figure 3.10: Overview of Ports of Auckland 
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Both sides of Auckland have historically remained unaffected by large tsunami, 

though reliable written records only extend through the past 200 years.  The 1877 and1960 

Chilean tsunami resulted in wave heights of less than a metre along Auckland’s east coast, 

though not within Manukau harbour (Downes 2012 where water level fluctuations were 

neither noted nor detected.  Recent tsunami models suggest that a five metre tsunami could 

impact Auckland’s east coast and Waitemata Harbour with a return period of 2500 years.  

The largest realistic tsunami in Manukau Harbour would be approximately four metres 

(Power 2013).  The tsunami potential is broken down by source location for Waitemata 

and Manukau Harbours in Figures 3.11 and 3.12. 

 
Figure 3.11: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Waitemata 

Harbour (Power 2013) 

 
Figure 3.12: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Manukau 

Harbour (Power 2013) 
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3.2.3 Port of Tauranga 

 Construction first began on Port of Tauranga in the late 1800s and expansion 

continued throughout the 20th century.  Today, the port serves a variety of containerized 

cargo from wharves at Mount Maunganui and Sulfur Point, as shown in Figure 3.13 

(POTL 2006).   

 
Figure 3.13: Berth locations operating at the Port of Tauranga 

Port of Tauranga is in a naturally protected location.  The port lies inside of 

Tauranga Harbour, shown in Figure 3.14, which is separated from the ocean by Matakana 

Island, leaving only small entrances at either end of the harbour.  Neither of the main 

wharves, Mount Manganui or Sulphur Point, have any built protection structures.  The 

Tauranga Bridge Marina, just south of the main wharves, is surrounded by a floating 

concrete breakwater.     

Although it has been affected by tsunami from local earthquakes, the majority have 

been generated near South America.  Both the 1868 Peruvian tsunami and the 1960 

Chilean tsunami caused 2.5 metre waves in the Bay of Plenty region, but not in close 

proximity to Tauranga (Downes 2012).  Power (2013) suggests the 500 year tsunami wave 

amplitude for this region is approximately four metres and the 2,500 year amplitude rises 

to seven metres.  Potential earthquake sources and magnitudes are broken down in Figure 

3.15.  Tauranga’s location also exposes it to potential tsunami generated by volcanic 
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eruptions.  Mayor and White Islands, located in the Bay of Plenty, are two of the most 

likely sources for volcano-generated tsunami, though the probability of these waves having 

large detrimental impacts on nearby settlements is considered low (Power 2013).   

 
Figure 3.14: Port of Tauranga’s location inside Tauranga Harbour, enclosed by Matakana Island 

 
Figure 3.15: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Port of 

Tauranga (Power 2013) 

3.2.4 Port Taranaki 

 Port Taranaki, located in New Plymouth, is the only deepwater port on New 

Zealand’s west coast.  The main breakwater is used for a variety of services including 

coastal bulk cargo and business related to New Zealand’s offshore oil and gas industry.  

Newton King Tanker Terminal handles most of the business related to the petrochemical 
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industry and it was renovated in the late 20th century for this purpose (Port Taranaki 2012).  

Port Taranaki’s location is shown in Figure 3.16.  

 
Figure 3.16: Port Taranaki’s location in New Plymouth 

 Port Taranaki is protected by two breakwaters.  The western breakwater is the 

larger of the two and was also constructed as a fully functional facility with two wharves.  

The largest wharf has a berth length of 150 metres and is protected by a 200 metre long, 

five metre high wave wall.  The eastern breakwater is smaller and provides access to a 20 

berth marina.  Breakwaters and other facilities at Port Taranaki are shown in Figure 3.17. 

 
Figure 3.17: Facilities in Port Taranaki 
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 Few tsunami that have affected New Zealand have reached New Plymouth, and 

those that have were insignificant, with wave heights of less than half of a metre (Downes 

2012).  The wave height for a 500 year return period tsunami in New Plymouth is three 

metres since most tsunami are generated to the east of New Zealand and must penetrate 

around the North Island to impact this location.  The maximum wave height for a return 

period of 2500 years is 4.5 m (Power 2013).  Sources and events that may generate these 

waves are summarised in Figure 3.18. 

 
Figure 3.18: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Port 

Taranaki (Power 2013) 

 

3.2.5 Eastland Port 

 Eastland Port is located in Gisborne, on the east coast of the North Island.  The port 

operates eight berths, though five are small and used primarily by local recreational 

vessels.  The sixth berth is used by fishing boats and the remaining two are the main berths 

facilitating international trade, mainly for logs, plywood, and kiwi fruit (Eastland Port 

2012).  The major berthing locations within Eastland Port are shown in Figure 3.19. 

Eastland Port lies along Poverty Bay, at the mouths of the Waimata and Taruheru 

Rivers, as shown in Figure 3.20.  There is little in the way of natural protection at this 

location.  Two breakwaters exist, one at the west end of the port and the other running 

along the length of the east side.  Part of the Cargo Storage lies entirely outside of the 

breakwaters and would therefore remain unprotected.   
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Figure 3.19: Berth locations within Eastland Port 

Gisborne lies near an active subduction zone east of New Zealand which has 

caused large earthquakes and tsunami.  The 1947 earthquake along this subduction zone 

resulted in the largest tsunami in New Zealand’s recorded history, with wave heights 

reaching 12 m north of Gisborne (Downes 2012).  Power (2013) finds that the wave height 

for a 2500 year tsunami in Gisborne is 11 m and for a 500 year tsunami is eight metres.  

The sources for these events are summarised in Figure 3.21. 

 
Figure 3.20: Eastland Port’s location in Gisborne, at the edge of Poverty Bay 
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Figure 3.21: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Eastland 

Port (Power 2013) 

 

3.2.6 Port of Napier 

 Port of Napier, shown in Figure 3.22, is located on the North Island, near the centre 

of the east coast.  It was established at its current location because it was able to be 

developed as a deepwater facility.  Many goods are handled at Port of Napier including 

cargo, logs, woodchips, cement, dairy products, and petrochemicals (Port of Napier 2010).  

The port’s entrance is protected from waves and currents by two breakwaters, as seen in 

Figure 3.23.  It was developed as a breakwater port because there is no natural protection 

in the vicinity.  

 
Figure 3.22: Port of Napier at the southern edge of Hawkes Bay 
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This port is located close to Eastland Port and is therefore subject to similar threats, 

though distant source earthquakes have played a larger role in history.  The 1960 Chilean 

tsunami resulted in four metre waves in and around Napier whereas the local 1947 event 

only resulted in large waves near Gisborne (Downes 2012).  Power suggests that potential 

wave heights in Napier are similar to Gisborne.  A 2500 year tsunami may reach heights of 

10 m while a more likely 500 year wave may reach seven metres.  The source these events 

may be generated from are shown in Figure 3.24. 

 
Figure 3.23: Protection structures and wharves located at Port of Napier 

 
Figure 3.24: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Port of 

Napier (Power 2013) 
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3.2.7 Centreport 

 Centreport operates port facilities in and around Wellington.  The main facilities 

outside of Wellington’s business district are being constantly renovated. There are several 

wharves located there, shown in Figure 3.25, which serve a variety of purposes.  Inter-

island, Glasgow, and King Wharves are used for interisland and coastal cargo, Thorndon 

Container Wharf handles all containerized cargo, and Miramar and Seaview are used for 

bulk liquid cargo (Centreport 2012).   

 
Figure 3.25: Wharf configuration at Centreport in Wellington 

 Centreport is located deep in Wellington Harbour which is connected to the Cook 

Straight by a 1.8 kilometre-wide opening.  There are no potential natural or fabricated 

tsunami mitigation devices in existence at any of the three principal sites, as seen in Figure 

3.26.  Wellington is located near a series of active faults that trigger small to medium sized 

earthquakes.  These present the most significant tsunami threat in the area (Berryman 

2005).  The 1855 Cook Straight earthquake generated waves in excess of ten metres 

outside Wellington Harbour, near Palliser Bay.  Though the amplitudes within the harbour 

were smaller, runup heights near the modern day Wellington central business district 

approached five metres.  Centreport has thus far avoided the worst effects of distant source 

tsunami (Downes 2012) though Power (2013) suggests that the wave height of a 500 year 
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tsunami would be approximately six metres and of a 2500 year tsunami would be nine 

metres.  Source locations are summarised in Figure 3.27. 

 
Figure 3.26: Location of Centreport inside of Wellington Harbour 

 
 Figure 3.27: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Centreport 

(Power 2013) 
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3.2.8 Port of Marlborough 

 Port of Marlborough, located in the town of Picton, operates two wharves, Waitohi 

and Waimahara.  Waitohi is the main berth for passenger cruise ships and provides a 

general purpose facility for most cargo while Waimahara, located in Shakespeare Bay, 

compliments the services provided at the other Port of Marlborough facilities and lies next 

to a timber storage yard (Port Marlborough 2012).  The layout of Port of Marlborough is 

shown in Figure 3.28. 

 
Figure 3.28: Wharves and port boundary of Port of Marlborough 

 While Port Marlborough has no man-made protection structures, it is located deep 

inside Marlborough Sound, shown in Figure 3.29.  Numerous obstructions lie between the 

harbour and the Cook Straight where the nearest tsunami would be generated.  The largest 

tsunami to affect this region were generated by local earthquakes.  In 1855, a large 8.2 

magnitude earthquake caused runup heights of up to seven metres near Rarangi, though 

this is outside the Marlborough Sound to the east of Picton.  While the surrounding area 

has seen the effects of distant source tsunami as well, Picton and other locations within the 

Marlborough Sound have been largely unaffected (Downes 2012).  Although not part of 

the port, several smaller commercial and private timber wharves exist throughout the 
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Marlborough Sounds and serve residential or local industry purposes.  In many cases, these 

wharves may not be as naturally protected from inundation as the port. 

 
Figure 3.29: Port Marlborough located at Picton inside the Marlborough Sound 

 

3.2.9 Port Nelson 

 Port Nelson is located next to the central business region in Nelson.  This port 

contains several wharves and as a whole, has undergone extensive renovation since the 

1960s (Port Nelson 2009).  Port of Nelson is a unique case because it is protected by a 

natural 13 kilometre long “boulder bank” breakwater.  The port location is shown in Figure 

3.30 and its wharf configuration is shown in Figure 3.31. 

Historically, few tsunami have impacted Port Nelson.  The 1868 Peruvian tsunami 

created 1.5 m waves inside Port Nelson.  Both the 1855 Cook Straight earthquake and 

1960 Chilean earthquakes generated tsunami that were detected at Port Nelson, but wave 

heights were less than one metre.  The greatest hazard is from local source tsunami due to 

Nelson’s location near the Hikurangi subduction zone (Berryman 2005).  Power (2013) 

suggests a 500 year tsunami near Nelson would be approximately 3.5 m while a 2500 year 

wave would be 6.5 m.   Sources from which these waves may be generated are 

summarised in Figure 3.32. 
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Figure 3.30: Location of Port Nelson and surrounding breakwater 

 
Figure 3.31: Wharf configuration at Port Nelson 
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Figure 3.32: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Port Nelson 

(Power 2013) 

 

3.2.10 Westport Harbour 

 Westport Harbour, located near the mouth of the Buller River on the west coast of 

the South Island, is one of the smaller ports examined.  It comprises Fishing Lagoon 

Wharf, Merchandise Wharf, and Westport Coal Terminal, as well as another wharf 

operated by the Holcim Cement Plant for loading and unloading ships.  The wharf 

configuration is shown in Figure 3.33.  Overall, the port specializes in cement and coal 

trade, but also hosts a number of other various products (Westport Harbour 2012).  

Westport has been affected by tsunami generated both locally and by distant sources.  

Distant sources affecting this region have included South America, the Solomon Islands, 

and Kamchatka (Downes 2012).  

Power (2013) shows that predicted runup heights along New Zealand’s west coast 

are generally smaller than those along the east coast for equivalent events.  Therefore, the 

only major harbour on the west coast of the South Island can be considered naturally 

protected to some degree.  In addition, Westport Harbour, which lies away from the coast 

along the Buller River, is protected by breakwaters at the river’s mouth as shown in Figure 

3.34.   
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Figure 3.33: Wharves located at Westport Harbour   

 
Figure 3.34: Westport Harbour located on the Buller River 
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Westport has felt minimal impact from several tsunami, most of which were locally 

generated.  On 22 February 1913, a 5.0 earthquake centred near Cape Foulwind caused 

water levels to rise between 0.9 and 1.5 m near Westport.  Distant sources affecting this 

region have included South America, the Solomon Islands, and Kamchatka (Downes 

2012).  No models have been developed and explicitly presented to predict the return 

period wave heights for Westport. 

 

3.2.11 Lyttelton Port 

 Lyttelton Port is located outside of Christchurch and was the third largest port in 

New Zealand until the 2010 Darfield earthquake.  Most of the wharves were used for the 

transfer of containerized cargo, coal, fishery products, and forestry products.  There is also 

an Oil Wharf that is operated by the New Zealand petrochemical industry.  Other wharves 

handle a combination of dry bulk products, vehicles, and passengers (Lyttelton Port 

Company 2005).  All wharves at Lyttleton Port are shown in Figure 3.35 while Figure 3.36 

shows the location of Lyttelton Port near Christchurch. 

 
Figure 3.35:  Wharf configuration at Lyttleton Port 

 Lyttleton Port has no natural or man-made tsunami protection structures.  The inner 

wharves are enclosed by other parts of the port, but much of the infrastructure, including 



68 
 

container storage, is directly exposed to the sea, as seen in Figure 3.35.  Though Lyttelton 

Port is open to intrusion by locally generated tsunami, it is much more vulnerable to those 

generated near South America (Berryman 2005).  Large South American earthquakes have 

caused wave heights in excess of seven metres in the area surrounding Lyttelton (Downes 

2012).  According to Power (2013), the maximum wave height with a return period of 

2500 years would be 9.5 m whereas a 500 year wave would be 6.5 m.  Sources for these 

potential waves are summarised in Figure 3.37.   

 
Figure 3.36: Lyttleton Port, located south of Christchurch 

 
Figure 3.37: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Lyttleton 

Port (Power 2013)  
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3.2.12 Primeport 

 Primeport is located in Timaru, on the east coast south of Christchurch.  Originally, 

three wharves were constructed.  These have since been renovated and today are primarily 

used by the fishing industry.  Later extensions and additions have made room for 

containerized cargo, fertilizer, bread, and dairy products (Wilson 2009).  The layout of 

Primeport is shown in Figure 3.38. 

 Primeport is located directly along the eastern coastline rather than inside a harbour 

like many other major ports.  As a result, the outer and inner moles, the locations of which 

are indicated in Figure 3.38, were built to protect it from normal waves and currents.  

Primeport’s location is shown in Figure 3.39. 

 
Figure 3.38: Layout and facilities of Primeport in Timaru 

 
Figure 3.39: Primeport located in Timaru 
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The main tsunami threat at Primeport is from a South American earthquake.  The 

1868 Peruvian earthquake caused wave heights of 2.5 m near Timaru while the 1960 

Chilean tsunami caused 1.2 m waves.  Few other tsunami have been recorded in this area 

(Downes 2012).  Power (2013) estimates that a 500 year tsunami in Timaru would be 

characterized by a wave height of four metres while a 2500 year tsunami would be six 

metres.  Source locations and magnitudes are shown in Figure 3.40. 

 
Figure 3.40: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Primeport 

(Power 2013) 

 

3.2.13 Port of Otago 

 Port Otago operates two sites, Port Chalmers and Port of Dunedin.  Port Chalmers 

consists of four berths which are used to handle containerized, multipurpose, and 

conventional cargo.  Port of Dunedin contains mostly historic wharves that are only 

suitable for smaller fishing vessels or tankers.  The Oil Wharf and LP Berth handle 

petrochemical products for the Otago region (Port Otago 2004).  Port facilities and wharf 

configurations are shown for Port Chalmers and Port of Dunedin in Figures 3.41 and 3.42 

respectively. 

 The Port of Otago contains facilities at two locations, both inside Otago Harbour.  

The entrance to Otago Harbour is protected by a mole which extends seaward.  The first 

location, Port Chalmers, is located several kilometres inside the harbour while the second, 

situated in Dunedin, is approximately 20 kilometres from the harbour mouth, shown in 

Figure 3.43.   
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Figure 3.41: Wharf configuration at Port Chalmers 

 
Figure 3.42: Wharf configuration at Port of Dunedin 

Port Otago is better protected geographically than Primeport or Lyttelton Port, 

though it is still susceptible to a tsunami generated near South America (Berryman 2005).  
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Historically, the maximum tsunami wave height to reach either port has been less than one 

metre.  Power (2013) suggests Dunedin could be impacted by a five metre wave with a 500 

year return period or a seven metre wave with a 2500 year return period.  Source locations 

and magnitudes are shown in Figure 3.44. 

 
Figure 3.43: Location of Port Chalmers and Port of Dunedin deep inside Otago Harbour 

 
Figure 3.44: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Port of 

Otago (Power 2013) 
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3.2.14 Southport 

 Southport, shown in Figure 3.45, is located in Bluff Harbour at the southern tip of 

the South Island.  Southport owns the Island Harbour consisting of eight berths, the Tiwai 

Wharf used by the New Zealand Aluminium Smelter, and the Town Wharf containing two 

berths (Southport 2007).  The wharf configuration is shown in Figure 3.46.  Southport’s 

location inside Bluff Harbour is similar to Centreport’s in Wellington Harbour.  There are 

no man-made protection devices in use at Southport.   

 
Figure 3.45: Southport’s location inside Bluff Harbour 

 
Figure 3.46: Wharf configuration at Southport 
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Southport is almost exclusively exposed to a tsunami threat from South America 

and the Puysegur subduction zone.  Bluff was impacted by one metre wave heights 

following both the 1868 and 1960 South American earthquakes (Downes 2012).  Despite 

the limited history, Power (2013) suggests a 500 year wave near Bluff or Invercargill could 

reach five metres in height and a 2500 year wave could approach eight metres.  Details of 

potential source events are summarised in Figure 3.47. 

 
Figure 3.47: Magnitude (Mw) of source events required to produce 500 and 2500 year waves for Southport 

(Power 2013) 
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Chapter 4: Propagation Models 

 

  

 Chapter 4 will discuss the process of generating and running propagation models, 

the specific inputs into propagation models for the purpose of this research, and the results 

of those models.  A propagation model employs fluid and wave theories to trace the 

propagation of a tsunami as it travels from its source to a destination.  For the purpose of 

this research, the propagation model employed was the Community Model Interface for 

Tsunami (ComMIT).  Two main steps are necessary in developing reliable propagation 

models: high resolution bathymetric mapping of the coastal regions of interest and running 

appropriate propagation models based on reasonable source events.  Both of these steps are 

discussed in detail in the following sections. 

 The purpose of this modelling is to isolate maximum expected wave heights and 

current velocities within specific port environments.  Estimates for maximum wave heights 

exist for most coasts of New Zealand, but as many ports are located in protective harbours, 

these previous results may not reflect realistic conditions within the ports themselves.  

Determining the expected wave heights near port infrastructure provides valuable 

information regarding localized exposure and provides a connection to the results of the 

structural modelling portion of this research.  Thus the particular inputs for these models 

consist of regional bathymetry surrounding the ports of interest with the finest grids lying 

closest to the ports, and tsunami sources that are perceived to present the greatest threats to 

each location. 

The results of propagation modelling provide three important types of information: 

potential wave amplitudes, current velocities, and tsunami travel time.  The former two 

indicate the degree of damage that may occur in a port as tsunami forces are a function of 

amplitude and velocity.  The latter provides the port with crucial information by indicating 

the available time to react before the tsunami arrives.  The combination of these categories 

of information allows for predictions regarding potential damage to infrastructure and for 

decision making regarding whether evacuation of vessels is either necessary or possible.   
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4.1 Bathymetry Mapping and Gridding 

 Propagation models require high resolution bathymetric and topographic maps to 

function since the propagation of a tsunami is influenced heavily by the geographic 

features along its travel path.  The programs involved in developing bathymetric maps 

included QGIS, GNU Octave, Surfer, and Cloud Compare. 

• QGIS – A freeware alternative to ArcGIS which was used to convert raw data files 

to XYZ ASCI format that could be read into Surfer. (https://www.qgis.org/) 

• GNU Octave – A freeware alternative to Matlab which was used periodically to 

convert file types and structures and to apply required modifications to depth and 

elevation data. (https://www.gnu.org/software/octave/) 

• Surfer – The principle program for collating various datasets, digitizing additional 

data points to fill in gaps, and generating grids. 

(http://www.goldensoftware.com/products/surfer/) 

• Cloud Compare – Used to edit and “clean” data sets. (http://www.danielgm.net/cc/) 

Data employed in the development of bathymetric and topographic grids was obtained 

from Land Information New Zealand (LINZ).  LINZ data service 

(https://data.linz.govt.nz/) makes available a multitude of geospatial survey data.  Of 

particular interest were data sets providing information in the coastal regions surrounding 

the fourteen ports discussed in Chapter 3.  These data sets included: 

• Sounding Points (Hydro, 1:4k – 1:22k) 

• Sounding Points (Hydro, 1:22k – 1:90k) 

• Sounding Points (Hydro, 1:90k – 1:350k) 

• Depth Contour Polyline (Hydro, 1:4k – 1:22k) 

• Depth Contour Polyline (Hydro, 1:22k – 1:90k) 

• Depth Contour Polyline (Hydro, 1:90k – 1:350k) 

• NZ Geodetic Vertical Marks 

• NZ Contours (Topo, 1:50k) 

• Approach Charts 

• Harbour Charts 

https://www.qgis.org/
https://www.gnu.org/software/octave/
http://www.goldensoftware.com/products/surfer/
http://www.danielgm.net/cc/
https://data.linz.govt.nz/
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Fourteen separate data crops were utilized from each of the above named datasets, one for 

each port location.  Bathymetric datasets were collated with depths relative to Lowest 

Astronomical Tide (LAT) which is defined as the lowest tidal level predicted to occur 

under normal meteorological conditions over a period of 18 years and is thus lower than 

the average minimum during spring tidal phases.  Because topographic datasets were 

collated with respect to Mean Sea Level (MSL), both must be normalized to the same 

reference elevation.  New Zealand coasts are divided into 13 separate local mean sea level 

datums, shown in Figure 4.1.  Naturally, MSL varies within these datums as well and more 

refined tidal data is available specifically for port locations as well.  Thus bathymetric data 

for each port was modified to reference the port-specific MSL.  Figure 4.2 provides 

definitions for common tidal designations and indicates the initial charted depths for each 

dataset and the final converted depth. 

 

Figure 4.1: 13 local mean seal level datums used in New Zealand (LINZ 2017) 
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Figure 4.2: Typical tidal designations and abbreviations.  Charted depth indicates the initial reference depth 

for bathymetric datasets while converted depth indicates the utilised reference after the data was changed to 

reflect this designation. 

 Although existing datasets cover the majority of coastal regions, some features are 

not accounted for.  Thus additional points were digitized to improve the quality of maps.  

A base map consisting of both approach and harbour charts was used to indicate the 

appropriate latitude and longitude of each added point.  Figures 4.3 and 4.4 provide an 

example of these base maps by way of the approach and harbour charts used for 

Waitemata Harbour.   

 Additional points were added to account for dredged channels and berths within 

ports, as seen in Figure 4.5, structures along the coastline as shown in Figure 4.6, and the 

coastline itself at which a large set of zero elevation points were placed, an example of 

which is seen in Figure 4.7.  Furthermore, because the topographic contours were present 

at 20 metre intervals, relatively flat sections of land were devoid of elevation data.  

Regions devoid of sufficient data points also commonly included rivers, lakes, and shallow 

sections along the coastline where neither contours nor sounding points were available.  

These regions caused instabilities and poor results when gridding and so additional 

contours were defined to smooth the resulting maps.  An example of this process is shown 

in Figure 4.8.  Contours falling between those in the datasets were approximated using two 
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methods.  First, interpolation was employed simply examining the previously defined 

contours and guessing the locations of the additional points.  For example, if a twenty 

metre contour existed some distance from the coastline, it was possible to guess the 

locations of the five and ten metre contours based on the shape of the 20 metre contours.  

For more extensive gaps, Google Earth provided an additional tool for estimating 

elevation.  As the accuracy of the elevation data from Google Earth is uncertain, this 

method was used as a final resort.  Blank regions of water were more difficult as there 

were often no contours to aid in the development of sufficient data points, particularly in 

rivers and lakes.  Since no depth data was available from other sources, reasonable guesses 

were made to ensure that these regions were at the very least set below sea level.   

 
Figure 4.3: Approach chart for Waitemata Harbour (LINZ/NZHA 2016) 

 
Figure 4.4: Harbour chart for Waitemata Harbour (LINZ/NZHA 2016) 
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Figure 4.5: Additional points were used to define dredged channels and berths.  Though the dredged depths 

were indicated on harbour charts, no data points were initially defined.  This example depicts the dredged 

channel (blue) into Dunedin Harbour and consists of 36,904 manually-defined points. 

 
Figure 4.6:  Additional points (brown) were used to define coastal structures and steep slopes.  Red points 

indicate the coastline.  This example was taken from the harbour chart for Primeport in Timaru. 



81 
 

 
Figure 4.7: Extra data points (red) were added to define coastlines and assigned an elevation of zero.  The 

spacing of coastline data points was finer immediately around the harbour.  The total number of points 

required at each location varied widely by the size of the map but was typically on the order of 10,000 to 

100,000.  This example was taken from the approach chart of Northport near Whangarei. 

 
Figure 4.8: Data points overlain on base map with blank regions along coastline (left).  Additional 

topographic and bathymetric points were then added to produce better grids (right).  Green points indicate 

initially defined contours, red points indicate the coastline, blue points indicate added bathymetric data, and 

purple points indicate added topographic points.  This example was taken from a region south of Whangarei. 

 Once sufficient data points were collated, the sets were cropped in Cloud Compare.  

In limited situations, edge sections of topographic and bathymetric datasets converged as a 

result of slight errors in their latitude and longitude values.  The converging sections were 

erased as retaining those points would again result in errors in the grid.  The previous steps 

culminated in a large point cloud which was then used to generate grids.  Though the 
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number of data points used to define each individual grid varied, the total generally fell 

between on and eight million with more mountainous regions near the higher end.  Figure 

4.9 shows the final point cloud as displayed in Cloud Compare for Port of Otago.  Figure 

4.10 displays the same point cloud zoomed to Dunedin Harbour where the port is located.  

Note the point cloud is much denser within the harbour where the finer grid was 

developed.   

 
Figure 4.9: Point cloud defining coastal region surrounding Dunedin and Port of Otago.  Brown points 

indicate topographic contours, light blue points indicate bathymetric contours, and the remainder indicate 

digitised additional points and smaller data sets.  This cloud consists of 2,208,986 data points. 
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Figure 4.10: Zoomed view of Port of Otago point cloud displaying Dunedin Harbour and Port Chalmers, the 

location interest for propagation modelling with relation to Otago 

 The final step in the development of bathymetric maps was to convert the data sets 

into evenly spaced grids in Surfer.  This was accomplished by implementing a .bas script 

with all required information including the latitude and longitude extents of the grid, the 

grid spacing, the input data file, and the details of the gridding algorithm.  For the purpose 

of this research, a kriging algorithm was used for gridding.  Kriging is a statistical method 

of interpolation which uses the values of numerous nearby data points to predict a path 

between two nodes.  This method differs from either linear or quadratic interpolation 

where the connection between two nodes is direct and determined by a function of a 

defined order.  Kriging within Surfer is customizable by editing the variogram model 

which produces either a direct or smoothed interpolation. 

 

4.1.1 Grid Extents and Resolution 

 ComMIT uses a three-tiered bathymetry grid system whereby the ensuing tsunami 

propagates into finer grids as it approaches the target of interest.  Those maps featuring 

wider extents comprise coarser grids to balance the model runtime and the quality of 

results.  The grid spacing at the local level is much finer to ensure better results in the area 

of interest.  These finer grids are often on the order of five to ten metres and in the present 

case, would cover the entire port and the immediate surroundings.  There is no exact 

criterion under which extents of the model must be defined, but there are guidelines which 

will produce better results if adhered to.  ComMIT utilizes pre-calculated unit source 
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models to determine input wave heights to the defined model.  The input wave heights are 

spread among a coarse grid, each block measuring approximately 750 by 750 metres.  If 

the grid extents are too small, few input nodes will be utilized.  The A-grid must be large 

enough to permit the inclusion of a substantial number of nodes.  Figure 4.11 shows the 

region surrounding Primeport and the nodes outside the A-grid that provide the initial 

condition for the model.  Given the above considerations, the grid extents for each location 

are detailed in Table 4.1.   

 
Figure 4.11: Sample initial condition and input wave heights for Primeport in Timaru, New Zealand 

Table 4.1: Grid extents for each port modelled rounded to nearest kilometre 

Port Name 
A-Grid Extents B-Grid Extents C-Grid Extents 

X (km) Y (km) X (km) Y (km) X (km) Y (km) 

Northport 59 100 23 31 7 8 

Auckland 89 56 19 15 5 2 

Taranaki 87 133 16 12 5 4 

Eastland 135 120 13 11 3 3 

Centreport 75 66 16 25 2 4 

Marlborough 57 106 13 9 3 4 

Nelson 93 61 23 16 3 3 

Lyttelton 116 178 20 18 3 3 

Primeport 120 133 17 22 3 4 

Otago 109 150 26 27 2 2 

Southport 92 65 19 24 8 11 
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For the purpose of this research, the grid spacings were set at ten metres for the C-level 

grids (smallest area), 150 metres for the B-level grids, and 500 metres for the A-level grids 

(largest area).  These grid spacings are consistent with previous studies that were 

previously carried out in ComMIT (Borrero et al. 2015b, Borrero & Goring 2015a). 

 

4.2 ComMIT 

 Community Model Interface for Tsunami (ComMIT) is a tsunami propagation 

software developed by NOAA and used today by tsunami researchers and professionals 

throughout the world.  ComMIT uses the MOST (Method of Splitting Tsunamis) model 

and the Shallow Water Equation to model a tsunami as it propagates across the ocean 

based on a source earthquake event.  ComMIT is only internally capable of modelling 

tsunami generated from subduction zone sources.  While additional sources for fault line 

earthquakes can be developed, the process is extremely involved.   

ComMIT comprises a database of precomputed results from unit slip distances 

along each subduction zone segment.  The parameter “Alpha” alters the slip distance of a 

selected segment and additional propagation results may be computed by ComMIT scaling 

and combining the results of the unit analyses.  The following sections will briefly detail 

the theory behind ComMIT and the MOST model. 

 

4.2.1 Navier-Stokes 

 The Navier-Stokes Equations, named for French physicist Claude-Louis Navier 

and Irish physicist George Gabriel Stokes, describe the motion of fluid substances.  These 

equations have a wide range of potential applications which depend on simplifying 

assumptions and boundary conditions.  Due to their complex nature, it has not been proven 

that exact solutions always exist in three dimensional problems and many solutions 

involve eliminating one dimension.  The solution to the Navier-Stokes Equations is not a 

position, but a velocity field or flow field which describes the velocity of a specific particle 

at a given location and time.   

 The Navier-Stokes Equations are derived from Newton’s second law and relate the 

viscous, pressure, and gravitational forces to the mass and acceleration of a fluid.  

Equation 4.1 is the general form of the Navier-Stokes Equations in an inertial frame of 

reference. 
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𝜌 (
𝜕𝐯

𝜕𝑡
+ 𝐯 ∙ ∇𝐯) = −∇𝑝 + ∇ ∙ 𝐓 + 𝐟 (Eq. 4.1) 

• ρ = Fluid density 

• v = Flow velocity 

• p = Pressure 

• T = Second order deviatoric component of the total stress tensor 

• f = Body forces per unit volume 

 

4.2.2 Shallow Water Equations 

 The Shallow Water Equations provide the basis for most tsunami propagation 

models and are derived by depth integrating the Navier-Stokes Equations.  The Shallow 

Water Equations are based on the assumption that for a particular application, the fluid’s 

horizontal length scale is much larger than its vertical length scale.  Conservation of mass 

then implies that the vertical velocity is negligible compared to the velocity in the two 

horizontal dimensions.  Thus, the vertical velocity component is removed from the 

equation and the Nonlinear Shallow Water Equations, Equations 4.2-4.4, are derived.  

These equations directly or indirectly employ three variables related to water depth which 

are shown in Figure 4.12.  The variable h is defined as water depth, d is defined as water 

depth below still water level, and η is defined as wave amplitude. 

ℎ𝑠,𝑡 + (𝑢ℎ𝑠)𝑥 + (𝑣ℎ𝑠)𝑦 = 0 (Eq. 4.2) 

𝑢𝑡 = 𝑢𝑢𝑥 + 𝑣𝑢𝑦 + 𝑔ℎ𝑠,𝑥 = 𝑔𝑑𝑥 (Eq. 4.3) 

𝑣𝑡 + 𝑢𝑣𝑥 + 𝑣𝑣𝑦 + 𝑔ℎ𝑠,𝑦 = 𝑔𝑑𝑦 (Eq. 4.4) 

• hs = η(x,y,t) + d(x,y,t) (See Figure 4.12) 

• u,v = X and Y components of velocity respectively 

 
Figure 4.12: Definitions of h, d, and η in the Shallow Water Equations 
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4.2.3 Method of Splitting Tsunami (MOST)  

 MOST (Method of Splitting Tsunami is a tsunami propagation model developed by 

Vasily Titov of the United States’ Pacific Marine Environmental Laboratory (PMEL) and 

Costas Synolakis of the University of Southern California.  MOST attempts to solve the 

Shallow Water Equations by applying the Splitting Method or the Method of Fractional 

Steps (Yanenko 1971).  Applying this method reduces three dimensional Equation 6.2-6.4 

(two directions and one time dimension) into a pair of two dimensional (x-direction, time 

and y-direction, time) sets of equations, Equations 4.5 and 4.6. 

{

ℎ𝑠,𝑡 + (𝑢ℎ𝑠)𝑥 = 0

𝑢𝑡 + 𝑢𝑢𝑥 + 𝑔ℎ𝑠,𝑥 = 𝑔𝑑𝑥

𝑣𝑡 + 𝑢𝑣𝑥 = 0

} (Eq. 4.5) 

{

ℎ𝑠,𝑡 + (𝑣ℎ𝑠)𝑦 = 0

𝑣𝑡 + 𝑣𝑣𝑦 + 𝑔ℎ𝑠,𝑦 = 𝑔𝑑𝑦

𝑢𝑡 + 𝑣𝑢𝑦 = 0

} (Eq. 4.6) 

These two systems have the advantage of being directly solvable in their characteristic 

form, as opposed to the original two-directional functions.  These characteristic forms are 

given in Equations 4.7 – 4.9. 

𝑝1 + 𝜆1𝑝𝑥 = 𝑔𝑑𝑥 (Eq. 4.7) 

𝑞1 + 𝜆2𝑞𝑥 = 𝑔𝑑𝑥 (Eq. 4.8) 

𝑣′ + 𝜆3𝑣′ = 0 (Eq. 4.9) 

The Riemann invariants of the system are given in Equations 4.10-4.12.   

𝑝 = 𝑢 + 2√𝑔ℎ𝑠 (Eq. 4.10) 

𝑞 = 𝑢 − 2√𝑔ℎ𝑠 (Eq. 4.11) 

𝑣′ = 𝑣 (Eq. 4.12) 

The distinct eigenvalues are given in Equations 4.13-4.15. 

𝜆1 = 𝑢 + √𝑔ℎ𝑠 (Eq. 4.13) 

𝜆2 = 𝑢 − √𝑔ℎ𝑠 (Eq. 4.14) 

𝜆3 = 𝑢 (Eq. 4.15) 
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To outline the general procedure, assume u, v, and h are known at a specific time step, n, 

so the current time is t=nΔt.  The values for u, v, and h at time step (n+1) are computed 

from the following steps (Titov & Synolakis 1998).   

1. The known variables un, vn, and hn are converted to Riemann invariants pn, qn, and 

v’n. 

2. The values pn+1, qn+1, and v’n+1 are computed solving the characteristic equations, 

Equations 4.7-4.9 along the x-coordinate. 

3. The invariants pn+1, qn+1, and v’n+1 are converted back to un+1, vn+1, and hn+1 using 

an inverse transformation. 

4. Steps 1-3 are repeated for the y-direction.  

 

4.3 Validation of ComMIT 

 Although a validation study was not developed for the ComMIT model as part of 

this research, existing studies do provide substantial evidence of its reliability in a New 

Zealand context.  Borrero & Goring (2015a) conducted a study investigating South 

American tsunami in Lyttelton Harbour.  The purpose of the study was to highlight the 

exposure of Lyttelton and investigate the sensitivity of the region to tsunami generated 

from various points along the South American Subduction Zone.  Thus each of the large 

historic tsunami indicated in Figure 4.13 were modelled and compared with tidal gauge 

data where possible, thus making the results useful for the purpose of testing the efficiency 

and reliability of ComMIT.   

 Of particular interest for validation purposes are the 1960, 2010, and 2014 tsunami 

since tidal gauge data was available to compare to the model results.  Seismic slip 

distributions for both the 1960 and 2010 events were derived from the work of Fujii and 

Satake (2012).  The slip distribution for the 2014 event was more complicated as the 

propagation modelling was carried out immediately after the event and before a final 

source model was available.  Thus four different slip distributions were used to estimate 

wave heights at Lyttelton Harbour.  Source models one and three were determined based 

on the known earthquake parameters and were intended for sensitivity testing rather than 

producing accurate results.  Source model two was the shared source model produced by 

the National Oceanic and Atmospheric Administration (NOAA) using inversion 

techniques via Deep-Ocean Assessment and Reporting of Tsunami (DART) buoys.  The 
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fourth source model was based on the United States Geological Survey (USGS) Finite 

Fault Model.  Slip distributions for the 1960 and 2010 events are shown in Figure 4.14 and 

the four slip distributions for the 2014 event are shown in Figure 4.15. 

 

 

Figure 4.13: Source locations for tsunami investigated in Borrero & Goring (2015a).  Note that Arica was 

part of the Peruvian Republic at the time of the 1868 earthquake although it later became a province of Chile 

in 1883. 
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Figure 4.14: Earthquake slip distributions for 1960 and 2010 Chilean tsunami models utilized by Borrero & 

Goring (2015b) (Modified from Borrero & Goring 2015b) 
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Figure 4.15: Earthquake slip distributions for 2014 Chilean tsunami models utilized by Borrero & Goring 

(2015b) (Modified from Borrero & Goring 2015b) 

 

Each of these figures shows the inbuilt map in ComMIT overlaid with potential fault 

segments for which unit propagation data is available.  Red fault segments are active and 

contribute to the tsunami with the indicated slip distances which are in units of metres.  

Each fault segment measures 100 by 50 kilometres and thus the 1960 tsunami, to give one 

example, was generated by an earthquake which occurred over a slip plane measuring 

approximately 900 by 150 kilometres with variable slip distances in each segment. 

Figures 4.16, 4.17, and 4.18, show the water level profile for the 2014, 2010, and 

1960 tsunami respectively including both the model runs and the tidal gauge data. 
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Figure 4.16: Water level profiles for 2014 Chilean tsunami comparing four earthquake source models (top) 

and two best estimated source models with Lyttelton and Sumner tidal gauges (middle and bottom) (Borrero 

& Goring 2015b) 
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Figure 4.17: Predicted water level profiles for 2010 Chilean tsunami compared with tidal gauge data 

(Borrero & Goring 2015b) 

 



94 
 

 

Figure 4.18: Predicted water level profiles for 1960 Chilean tsunami based on three source models compared 

with tidal gauge data (Borrero & Goring 2015b) 

 

 The 2014 result contains three plots, the first comparing the four source models and 

the second two comparing source models three and four to the two tide gauges near 

Lyttelton Harbour.  Peak amplitude from each of the four models varies by approximately 

five centimetres and each underestimates the actual peak recorded by the two tidal gauges.  

However, the difference is not excessive given the ten centimetre peak amplitude and each 

model does perform well in capturing the period of the first several wave cycles.  The 

arrival of the tsunami is clearly visible in the tidal gauge data approximately 15 hours after 
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the earthquake.  Water level fluctuations prior to the arrival were the harbour seiche which 

was likely tidal or meteorologically driven. 

 The results of the Maule 2010 tsunami model produced remarkably good results 

that captured both the peak crest and trough as well as the period.  Peak amplitude was 

approximately 75 centimetres and the first waves arrived 14 hours after the earthquake.  

Results from the Valdivia 1960 analysis also provided good agreement with tidal gauge 

data.  The model of most interest in Figure 4.18 is represented by the dotted red line.  The 

remaining models were slight modifications of the original slip distribution which were 

used to test sensitivity to slight changes in the source. 

 Considering each of the three events examined above, ComMIT provided relatively 

good results.  Discrepancies were generally underestimates in peak amplitude, though by a 

relatively small amount and finer grid spacing may improve these results at the cost of 

runtime.  Additionally, uncertainty in the seismic source is inevitable and always prevalent 

in imperfect results.  In spite of these difficulties, the results inspire confidence in the 

outputs of the model, though it is noted that the quality of the bathymetric data also plays a 

substantial role in the quality of the results. 

 

4.4 Port Selection 

 A comprehensive overview of the largest New Zealand ports was given in Chapter 

3.  Ultimately, three ports were excluded from the final analysis. Westport is located on the 

west coast of the South Island and in addition to the lack of exposure of that coastline, that 

region was not explicitly discussed in Power’s (2013) analysis.  Thus, it is difficult to 

define the most likely sources that may affect Westport.  Westport does not facilitate any 

amount of international trade and is the least economically prominent of the fourteen ports.  

The second excluded port was Napier due to its close proximity to Eastland which was 

modelled.  Wave heights at Napier are expected to be slightly less than those around 

Gisborne though still substantial from a tsunami generated along the Hikurangi Subduction 

Zone.  Finally, Port of Tauranga was excluded as previous propagation studies (Borrero et 

al. 2015b, Power et al, 2015, Borrero et al. 2015c) have investigated this location and it 

was therefore deemed unnecessary to re-examine.  Each of the other 11 ports was 

examined explicitly and the results are presented later in this chapter. 
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4.5 Earthquake Source Models 

For each port two general source locations were identified, one local and one 

distant.  These general locations were based on Power’s (2013) source analysis, the results 

of which are presented by port in Chapter 3.  The local and distant subduction zones that 

Power contends are most likely to produce the 500 and 2500 year tsunami at each location 

are used.  Although Power presents both 500 and 2500 year wave heights, the likely source 

locations are generally the same with the earthquake magnitude differing.  Note that this 

may not coincide with the source location that produces the largest tsunami at the port.  

Table 4.2 summarizes the source locations used for each port.  For local source tsunami, 

seismic source model magnitudes ranged from 7.0 to 9.0 Mw at intervals of 0.5 units which 

exceeds the likely capacity of any subduction zone in close proximity to New Zealand.  

The distant source which contributes most to New Zealand’s hazard, South America, has 

produced earthquakes far exceeding 9.0 Mw while earthquakes in the 7-7.5 range are 

unlikely to produce damaging tsunami and therefore, magnitudes ranging from 8.0 to 9.5 

Mw at 0.5 intervals were used.  Thus for each port, five local source and four distant source 

analyses were carried out. 

Table 4.2: Source locations for ports included in propagation modelling 

Port Local Source Location Distant Source Location 

Northport Kermadec Peru 

Ports of Auckland Kermadec Chile 

Port Taranaki Puysegur Peru 

Eastland Port Hikurangi Peru 

Centreport Hikurangi Peru 

Port of Marlborough Hikurangi Peru 

Port Nelson Puysegur Solomon Islands 

Lyttelton Port Hikurangi Peru 

Primeport Hikurangi Peru 

Port of Otago Hikurangi Peru 

Southport Puysegur Peru 
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4.5.1 Uniform and Variable Slip Models 

 The upper limit of any fault plane or subduction zone to produce an earthquake is 

uncertain.  For local subduction zones, New Zealand has never experienced a Mw 9.0 in 

recorded history.  The largest local earthquake in recent centuries may have been the 1855 

Wairarapa Earthquake which is estimated at Mw 8.2.  The South American Subduction 

Zone, the distant source for all port locations except Nelson, has periodically generated 

earthquakes near or in excess of Mw 9.0 and has once in recent history, generated an 

earthquake estimated at Mw 9.4-9.5. Thus, these upper magnitude limits are considered 

justified for the purpose of this modelling.  However, the results may not reflect the worst 

possible tsunami to impact New Zealand shorelines.  Earthquakes are rarely characterised 

by perfectly uniform slip and localized sections of great slip distance may account for a 

large portion of the energy released.  Those localized sections will likely produce greater 

tsunami than an even slip plane of greater extents but smaller slip distance.  Although the 

tsunami may be greater, it will also likely pose danger to a smaller region.  Thus there is 

great uncertainty related to the generation of tsunami.  The purpose of this discussion is to 

highlight that although the earthquake magnitudes employed may represent a de facto 

upper limit for the subduction zone in question, the tsunami generated by such an 

earthquake may not represent the most extreme case for an earthquake of either the same 

magnitude or a slightly smaller magnitude.  Although this has been stressed with regards 

to the most extreme cases, it is likely that smaller earthquakes will also not result from 

even rupture and therefore, the tsunami characteristics at a particular site may be more 

extreme than what is predicted. 

Multiple studies have been conducted investigating the role slip distribution plays 

in local tsunami wave heights (Mueller et al. 2015, Geist 2002).  To incorporte uncertainty 

in the variable slip, Power (2013) implemented a concept to his source model that he 

called the “effective magnitude” of an earthquake, which increases the moment magnitude 

of a uniform slip earthquake to account for possible inundation from each possible variable 

slip model.     This model was not employed here due to the difficulty in determining a 

likely variable slip model and the necessary increase in uniform magnitude as well as the 

inability to validate the effective magnitude theory.   
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4.5.2 Theoretical Slip Plane 

 Using some general theory, an assumption may be made regarding the size of the 

uniform slip plane.  Abe (1975) contends that earthquakes occurring along the Pacific Rim 

are similarly characterised by an average stress drop, σs, of 30 bars and a slip plane of 

width Wp (in km) and Lp=2Wp (in km).  Thus the seismic moment is reduced to a function 

of the area of the rupture.   The full equation for seismic moment as presented by Abe is 

shown in Equation 4.16.  The parameter ξ is a function of the fault geometry and is 

calculated via Equation 4.17. 

𝑀𝑜 = 𝜉𝜎𝑠𝑆𝐴
3/2

 (Eq. 4.16) 

𝜉 =
3𝜋

16
√

𝑊𝑝

𝐿𝑝
 (Eq. 4.17) 

• Mo = Seismic moment 

• σS = Stress drop 

• SA = Area of fault plane of earthquake 

• Wp = Width of slip plane of earthquake 

• Lp = Length of slip plane of earthquake 

Seismic moment is the basis for earthquake measurement on the moment magnitude scale 

(Mw).  Equation 4.18 provides the link between earthquake magnitude and seismic 

moment. 

𝑀𝑤 =
2

3
log(𝑀𝑜) − 10.7 (Eq. 4.18) 

• Mw = Moment magnitude of earthquake 

Thus using the above assumptions, the expected slip area for a Pacific Rim earthquake can 

be calculated based on the moment magnitude.  Table 4.3 provides theoretical uniform slip 

plane dimensions for several earthquakes of various moment magnitudes.  As each 

subduction zone segment is represented by a 100 kilometre long by 50 kilometre wide 

section, any earthquake magnitude less than 8.0 would be represented by a single segment.   
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Table 4.3: Theoretical slip plane dimensions for earthquakes of various magnitudes 

EQ Moment 

Magnitude (Mw) 
Slip Area (km2) 

Slip Segment Length 

(km) 

Slip Segment Width 

(km) 

8.0 9,406 137 69 

8.25 16,726 183 91 

8.5 29,744 244 122 

8.75 52,893 325 163 

9.0 94,058 434 217 

9.25 167,260 578 289 

9.5 297,440 771 386 

 

 

4.6 Specific Source Model Configurations 

4.6.1 Hikurangi Subduction Zone 

 The Hikurangi Subduction Zone presents what is perhaps the greatest tsunami 

threat to New Zealand of all possible sources due to its close proximity to much of New 

Zealand’s coastline.  All east coast ports, which include some locations subject to the most 

severe threats derive the greatest local risk from the Hikurangi Trench and other ports on 

the north and western coasts are also potentially exposed, though to a lesser degree.  Two 

slip distributions were employed, one along the southern end of the Hikurangi Tench 

which was used to model local source tsunami for Centreport, Marlborough, Lyttelton, and 

Primeport, and one farther north which was used to model local source tsunami for 

Eastland.  The northern and southern configurations are shown in Figures 4.19 and 4.20 

respectively.  
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Figure 4.19: Seismic source models of various magnitudes for northern Hikurangi trench.  Note that slip 

distance is in units of metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 

 
Figure 4.20: Seismic source models of various magnitudes for southern Hikurangi trench.  Note that slip 

distance is in units of metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 
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4.6.2 Puysegur Subduction Zone 

 The Puysegur Subduction Zone which extends off the southwest end of the South 

Island presents the most significant local tsunami threat for most western and southern 

New Zealand coastlines.  Ports that are located in this range include Taranaki, Nelson, and 

Southport.  Each location would be most impacted by a tsunami generated along the north 

end of the Puysegur Subduction Zone.  Slight variations were made to the source model 

for Southport versus the others.  Figures 4.21 and 4.22 show the slip distributions used for 

Southport and the remaining ports respectively. 

 
Figure 4.21: Seismic source models of various magnitudes for southern Puysegur trench.  Note that slip 

distance is in units of metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 

 
Figure 4.22: Seismic source models of various magnitudes for northern Puysegur trench.  Note that slip 

distance is in units of metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 
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4.6.3 Kermadec Subduction Zone 

 The Kermadec Trench extends to the north of the Hikurangi Trench and towards 

Tonga.  Ports of Auckland (specifically the Waitemata Harbour facilities), Tauranga, and 

Northport are three of the largest ports in New Zealand and each lies along the northern 

coastline which is oriented towards the Kermadec Trench.   Figure 4.23 shows the slip 

distributions used for the Kermadec Subduction Zone. 

 
Figure 4.23: Seismic source models of various magnitudes for Kermadec subduction zone.  Note that slip 

distance is in units of metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 

 

4.6.4 Peru 

 The South American Subduction Zone off the Peruvian coast has produced large 

earthquakes, in excess of Mw 9.0, multiple times throughout the past couple of centuries.  

Peru is the most significant distant source for much of New Zealand’s coastline according 

to Power (2013).  Sensitivity studies as well as the work of Power et al. (2015) suggest the 

southern part of Peru, near the Chilean border, is most directly oriented toward New 

Zealand and produces the largest local wave heights.  Figure 4.24 shows the source models 

used for Peru-generated tsunami. 
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Figure 4.24: Seismic source models of various magnitudes for Peru.  Note that slip distance is in units of 

metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 

 

4.6.5 Chile 

 Waitemata Harbour is the sole location which derives the greatest distant tsunami 

risk from the Chilean coastline despite Chile’s proximity to Peru.  Sensitivity tests suggest 

the largest wave heights are generated along the northern section of Chile, just south of the 

slip distribution used for Peruvian sources.  Figure 4.25 shows the slip distributions used 

for the Chilean coastline. 

 
Figure 4.25: Seismic source models of various magnitudes for Chile.  Note that slip distance is in units of 

metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 
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4.6.6 Solomon Islands 

 The Solomon Islands are the most likely distant source for Port Nelson.  This is 

simply a result of Nelson’s lack of exposure to other distant sources.  USGS indicates that 

since 2010, subduction zones off the Solomon Islands have produced 32 earthquakes in 

excess of Mw 7.0 and four in excess of Mw 7.8.  Although these subduction zones are much 

closer to New Zealand than South America, they are not as well oriented, nor have they 

produced earthquakes of the same magnitude as the South American Subduction Zone.  

Additionally, the travel path to New Zealand is not devoid of other islands that may serve 

to mitigate the tsunami.  Power (2013) indicates that the point of most concern in the 

region for tsunami generation would be the San Cristobal Trench.  Figure 4.26 shows the 

slip distributions used in tests of the Solomon Islands.  

 
Figure 4.26: Seismic source models of various magnitudes for Solomon Islands.  Note that slip distance is in 

units of metres and each fault segment measures 100 kilometres long by 50 kilometres wide. 

 

4.7 Run Time 

 ComMIT data is reliable up to approximately 30 hours after a tsunami is generated 

(Borrero & Goring 2015a), though the maximum wave height and current velocity occurs 

long before that.  Those 30 hours include the travel time of the tsunami so a tsunami 

generated along the South American Subduction Zone which takes 15 hours to propagate 

to New Zealand could be modelled for an additional 15 hours.  Because the primary 

interest was peak values, four hours of data was originally collected for each run.  If in 

examining the profile, there was any indication that the peak had not yet occurred, 

additional time was added to the analysis.  The maximum time required was approximately 
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six hours though in almost all cases, four was sufficient.  A four hour analysis took 

between one and five hours to run depending on the extents of the grids.  In particular, 

large C-level grids resulted in long runtimes because of the finer node spacing. 

 

4.8 Overview of Propagation Modelling Results 

 A comprehensive discussion of the model procedure has thus far been presented.  

However, there are a few issues related to the presentation of the results which are 

discussed in the following subsections.  Results from each port location are then presented 

in Section 4.9. 

 

4.8.1 Model Scales 

 Each port location was plotted using separate boundaries for the scales of their 

water levels and current speeds.  While it would be ideal to plot each according to the 

same scale in order to better illustrate differences in hazards between ports, there was too 

much variation to do so effectively.  For each port, a unique boundary for both water level 

and current speed was defined and applied to all tests so that there could be direct 

comparison between source events, but variation across the grids would also be evident.  

Thus it is easier to estimate the specific maximum water level at or near wharf locations 

which likely varies from the absolute maximum in the grid.  Identical boundaries were also 

applied for local and distant scenarios to compare the potential difference in tsunami 

hazards.  The sole exception was for Eastland Port which derived a much greater threat 

from local sources.  Distant source tsunami still present a potential hazard to Eastland, but 

plotting the results along the local scale would make the threat appear insignificant. 

 

4.8.2 Current Evaluation 

 Lynnett et al. (2014) highlights the notion that a tsunami devoid of significant 

inundation can still generate damaging currents.  The threshold for constituting a damaging 

current is necessarily based on limited subjectivity as damage from one tsunami to another 

will vary greatly in type and scope, making it difficult to define a perfectly objective 

framework.  However, Lynnett used damage observations in coastal regions of California, 

following both the 2011 Tohoku Tsunami and 2010 Chile Tsunami supplemented by other 
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previously published data and defined six damage indices which are reproduced in Table 

4.4. 

Table 4.4: Tsunami current damage indices defined by Lynnett et al. (2014) 

Damage Index Description/Characterising Features 

0 No damage / Impacts 
 

1 Small buoys moved 
 

2 1-2 docks damaged / Small boats damaged / Large buoys 

moved 
 

3 Moderate dock and boat damage (<25% of docks and vessels  

damaged) / Midsized vessels off moorings 
 

4 Major dock and boat damage (<50% of docks and vessels 

damaged) / Large vessels off moorings 
 

5 Extreme/complete damage (>50% of docks and vessels 

damaged) 

  

Observed damage in various locations was linked to current velocities by 

eyewitness accounts where they were deemed reliable.  In most cases, such information is 

difficult to verify and so modelling of tsunami currents was employed to provide 

additional confidence.  The link between current velocities and observed damage was used 

to develop Figure 4.27 which defines thresholds for damage of various degrees. 

 
Figure 4.27: Definition of damage indices and thresholds for tsunami induced currents (modified from 

Lynnett et al. 2014) 
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Below 1.5 m/s, currents are not expected to cause damage.  As currents increase, the level 

of damage expected should correspondingly increase.  Above approximately 4.5 m/s, 

extreme damage to structures and vessels is possible.  These thresholds should aid in 

deciphering the damage potential of elevated currents projected within various New 

Zealand ports as presented in the following sections.  Note that the duration of hazardous 

currents is another determining factor in damage though the determination of this 

characteristic is outside the scope of this research. 

 

4.9 Port Specific Modelling Results 

 The following sections discuss results related to specific port locations and in 

particular, the maximum water level and current speed throughout the C-level grid for each 

scenario.  Contour maps produced from the bathymetric grids are presented in Appendix A 

which may help to visualise the surrounding region and the location of each port.  Specific 

results in close proximity to wharves are discussed and it may be beneficial to refer to the 

wharf names which were presented via port maps in Chapter 3.  

A small number of analyses connected to ports with low exposure to tsunami 

produced no results.  ComMIT requires that a minimum input wave amplitude be detected 

in order to run.  By default, the minimum threshold is five millimetres and that value was 

not changed for any analysis.  If no input wave was detected at that height for an analysis, 

it was assumed the results would be insignificant.  This lack of results occurred only in a 

few ports and only under small input earthquake magnitudes. 

 

4.9.1 Northport 

 All results pertaining to Northport are with respect to facilities located at Marsden 

Point.  For modelling purposes, the geographic extents of the largest grid cover the entire 

harbour and extend far out east into the ocean to give adequate input data for the finer 

grids.  The northern extent is near the Bay of Islands and in the south, the grid reaches 

Mangawhai.  The C-grid is the largest used in any of the test locations and was developed 

that way to capture the port and the entrance into the harbour.  The three layered grids are 

shown in Figure A.1 a, b, and c.  Source locations for model runs were the Kermadec 

Trench for a near-field and Southern Peru for a far-field tsunami.  The results of the local 
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source tests are presented in Figures 4.28 and 4.29 and the results of the distant source 

tests are presented in Figures 4.30 and 4.31. 

 
Figure 4.28: Maximum water levels for local source analyses across C-grid of Northport 

 
Figure 4.29: Maximum current speeds for local source analyses across C-grid of Northport 
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Figure 4.30: Maximum water levels for distant source analyses across C-grid of Northport 

 
Figure 4.31: Maximum current speeds for distant source analyses across C-grid of Northport 
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 Results indicate tsunami propagation is somewhat obstructed at the entrance into 

Whangarei Harbour.  Maximum amplitudes occurring immediately outside the harbour in 

extreme cases are approximately double what they are just inside.  As all wharves are 

located inside the harbour, the maximum amplitudes these structures would be subject to 

appear to be in the range of one to 1.5 metres.  The oil refinery wharf is very close to the 

tip of Marsden Point and therefore could be impacted by more extreme peaks.  Current 

speeds are a greater issue as strong currents clearly enter the harbour and flow past the 

wharf locations.  These currents are primarily a concern for a 9.0 Mw local source 

earthquake and a Mw 9.5 distant source earthquake, but even at lower magnitudes, slightly 

elevated currents are seen near the oil refinery wharf. 

 Northport and Marsden Point have been investigated in previous studies.  Borrero 

(2014) chose Marsden Point as one of four locations for examination in researching far-

field tsunami impacts in New Zealand.  Although the modelling approaches are slightly 

different, the results are similar with peak currents and amplitudes occurring at similar 

locations and even suggesting similar magnitudes.  Some differences are expected since 

Borrero presented results of tests for source locations around the entire Pacific Rim. 

However, for a Mw 9.0 source event, the peak tsunami amplitude, just outside Whangarei 

Harbour was just more than one metre and peak currents were approximately three metres 

per second.  Having evaluated his grid against tidal gauge data for both the 2011 Tohoku 

Tsunami and 2010 Chile Tsunami, the quality of these comparative results are presented 

with good confidence. 

 

4.9.2 Ports of Auckland 

Although Ports of Auckland operates at two locations, Waitemata and Manukau 

Harbours, the focus of this study was on Waitemata.  Auckland’s bathymetry was 

developed with a large A-grid that extends from the city out past the Coromandel 

Peninsula in the east and as far north as Matakana and Kawau Island.  The smallest grid 

spans the width of Waitemata Harbour and reaches from the harbour bridge and 

Westhaven Marina in the west to Ferguson Container Terminal in the east.  The three 

layered grids are shown in Figure A.2 a, b, and c.  Maximum water level and current speed 

results for local source tsunami are presented in Figures 4.32 and 4.33.  Distant source 

results are presented in Figures 4.34 and 4.35. 
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Figure 4.32: Maximum water levels for local source analyses across C-grid of Ports of Auckland 

 
Figure 4.33: Maximum current speeds for local source analyses across C-grid of Ports of Auckland 
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Figure 4.34: Maximum water levels for distant source analyses across C-grid of Ports of Auckland 

 
Figure 4.35: Maximum current speeds for distant source analyses across C-grid of Ports of Auckland 
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Auckland is one of few locations for which distant source models generated more 

significant tsunami than local source models.  In both cases wave amplitudes and current 

velocities were small and in fact undetected by the model for any local earthquake smaller 

than Mw 8.0 and any distant earthquake smaller than Mw 8.5.  There is very little threat 

from local source tsunami.  Based on coarse results from the largest grid, the Coromandel 

Peninsula blocked waves from propagating further west.  Tsunami further north along the 

Kermadec Trench may manifest in greater amplitudes, but northern regions are not well 

oriented toward Waitemata so those would likely be relatively small as well.  The worst 

local scenario suggests amplitudes of approximately 30 cm spread evenly throughout 

Waitemata Harbour.  For the distant cases, those amplitudes rise to 61 cm for a Mw 9.5 

earthquake, though that drops to less than 20 cm for anything Mw 9.0 or below.  While 

currents in all cases remain largely below the threshold for any degree of damage to occur, 

isolated regions saw currents exceed two m/s under the Mw 9.5 distant source scenario, 

particularly flowing around the edge of the Wynyard Wharf.  Based on the results of this 

modelling, Auckland appears to be well protected against potential tsunami inundation.  

Manukau Harbour facilities are expected to experience even more mitigated effects. 

 

4.9.3 Port Taranaki 

As a west coast port, Taranaki is expected to experience mitigated effects from the 

benefits of its natural location and from the breakwaters protecting the inner harbour.  As 

shown before, the local source and distant sources tested here are the Puysegur Subduction 

Zone and the South American Subduction Zone off the coast of Peru.  The widest grid 

generated for Port Taranaki covers the majority of the Taranaki region of New Zealand 

and extends far offshore.  The smallest, C-grid, covers the port, the immediate approach, 

and several small outlying islands.  The bathymetric contour maps generated by the A, B, 

and C-grids are shown in Figure A.3 a, b, and c, respectively.  Note that the C-grid tested 

is slightly smaller than that shown in the contour map.  The bathymetry surrounding the 

small islands farthest to the west repeatedly caused convergence issues and so were 

cropped out of the final grid.  Figures 4.36 and 4.37 present the maximum water levels and 

maximum current speed for each local source run and Figures 4.38 and 4.39 present the 

same data for distant source runs. 
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Figure 4.36: Maximum water levels for local source analyses across C-grid of Ports Taranaki 

 
Figure 4.37: Maximum current speeds for local source analyses across C-grid of Port Taranaki 
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Figure 4.38: Maximum water levels for distant source analyses across C-grid of Ports Taranaki 

 
Figure 4.39: Maximum current speeds for distant source analyses across C-grid of Port Taranaki 
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 As expected, each model run produced relatively small wave amplitudes.  Local 

source tsunami appear to be more of a concern for Taranaki, but even large tsunami along 

the Hikurangi trench show little destructive potential.  Wave amplitudes peak under a Mw 

9.0 local earthquake at 157 cm with the maximum water level being relatively constant 

across the grid.  For a distant source tsunami, peak water level was 57 cm around the port 

with the maximum inside the breakwaters being only slightly larger than the maximum on 

the outside.  Elevated currents moved around the sharp edge of the Main Breakwater in the 

local scenario but ultimately mitigated before reaching many berths.  Slightly elevated 

currents, between 150 and 200 cm/s were seen in an isolated section along the Blyde 

Wharf and the innermost section of the Lee Breakwater.  Similar spikes were seen for the 

distant source tsunami at a magnitude of Mw 9.5, but the spikes were much lower in 

magnitude.  Couple the relatively reserved wave characteristics with the longer arrival time 

for a tsunami to a west coast port and Taranaki appears to be as expected, one of the ports 

with the lowest exposure and potential hazard in New Zealand.   

 In several instances, larger current speeds were seen in the analysis but these 

occurred well outside the port and along the islands whose topographic features include 

steep cliff faces and small channels which accelerate currents.  Borrero et al. (2015) used 

Taranaki as a study location and conducted similar model tests using numerous distant 

sources.  Though the results are slightly different as a result of the differing scope of the 

study, the results indicate consistency with the current velocities and locations and 

maximum wave amplitudes.   

 

4.9.4 Eastland Port 

 Eastland is generally considered the most exposed region to tsunami impact as a 

result of its proximity to the Hikurangi Subduction Zone and a history of large tsunami 

inundation.  Its exposure to potential South American tsunami is also significant, but 

largely overshadowed by local concerns.  Each of the three layered grids used in Eastland 

analyses are shown in Figure A.4 a, b, and c.  Grids for Eastland were developed by Jose 

Borrero at eCoast Ltd.  Water level and current speed maxima for each local source 

scenario are shown in Figures 4.40 and 4.41 while results for distant source scenarios are 

shown in Figures 4.42 and 4.43.  
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Figure 4.40: Maximum water levels for local source analyses across C-grid of Eastland Port 

 
Figure 4.41: Maximum current speeds for local source analyses across C-grid of Eastland Port 
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Figure 4.42: Maximum water levels for distant source analyses across C-grid of Eastland Port 

 
Figure 4.43: Maximum current speeds for distant source analyses across C-grid of Eastland Port 
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 As mentioned in Section 4.8.1, note the different scales for local and distant source 

scenarios.  It is immediately obvious that the local source scenarios are a significant 

concern for even the smallest cases.  Although the peak amplitude in the grid does not 

exceed one metre until the moment magnitude reaches 8.0, the currents generated in 

smaller scenarios do exceed what may be considered a small hazard.  Furthermore, those 

currents are apparent entering the port between the two breakwaters.  For a Mw 8.0 

scenario, amplitudes within the port reach approximately three metres, currents entering 

the breakwaters range between six and seven metres per second, and extensive runup is 

seen along the coastline.  At Mw 8.5, most of the region is inundated and at Mw 9.0, the 

only part escaping submersion is the hill in Titirangi Domain.  Depths become severe at 

Mw 8.5 with the entry to the port experiencing five metre peaks and the marina farther in 

experiencing four metre peaks.  At these amplitudes, the breakwaters are overtopped and 

effectively useless.  Amplitudes rise to between eight and ten metres within the port for the 

Mw 9.0 case.  Current speeds from Mw 8.5 are extreme throughout the port and well 

beyond what is necessary to cause severe damage. 

 The distant source cases are also significant, though well less so than the local 

sources.  Peak amplitudes remain under one metre until Mw 9.0, though those peaks occur 

within the breakwaters.  At Mw 9.5, near three metre peaks are seen within the 

breakwaters and slightly smaller two metre peaks are seen within the marina.  Current 

speeds are much more reserved in distant source scenarios.  Though the peak values 

indicate extreme currents, those peaks occur well outside the port.  Within the port, the 

maxima in the largest case are between three and four metres per second which occurs at 

the entrance and in the section where the breakwaters converge just before the marina.   

 Power et al. (2016) produced an additional in-depth study on the Poverty Bay 

region which modelled tsunami from six sources, three distant, two regional, and two 

local, each over four return periods.  Both a Hikurangi earthquake and Peru earthquake 

were modelled and are directly comparable with this study, although the resolution and 

scope makes it difficult to examine variation in amplitudes within the port itself.  Power et 

al. predicted a Mw 9.38 earthquake off the coast of Peru would result in maximum flow 

levels of between 400 and 500 cm around the town of Gisborne, considered to be a 500 

year tsunami while a 2,500 year tsunami generated by a Mw 9.52 Peruvian earthquake 

would result in a maximum flow depth of between 600 and 700 cm.  In both cases, these 

are significantly larger than what was predicted from propagation modelling here, though 
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the exact source model employed by Power et al. is unknown.  According to Power et al., a 

500 year local tsunami, generated by a Mw 8.76 earthquake in the Hikurangi Trench, 

results in between 500 and 600 cm flow depths while a 2,500 year tsunami, generated by a 

Mw 8.94 earthquake in the same region causes between a 600 and 700 cm maximum flow 

depth.  There is more variation in these results which is difficult to evaluate and determine 

localised results, but based on the approximate estimates, the Mw 8.5 scenario here appears 

to be in line with Power et al.’s 500 year assessment.  The 2,500 year assessment results in 

significantly smaller amplitudes than those predicted from the Mw 9.0 scenario in this 

study.  

 

4.9.5 Centreport 

Although Centreport comprises facilities at three locations including the 

Wellington CBD, Seaview, and Miramar, the focus of propagation modelling was 

restricted to the main facility in the CBD, which includes far more infrastructure and 

services far more cargo than the secondary locations.  Rough water level and current speed 

approximations could be attained from B-grid results which covers Wellington Harbour 

entirely, but the reliability of coarse results in suspect.  The three layered grids are shown 

in Figure A.5 a, b, and c.  Using local results based on earthquakes in the Hikurangi 

Trench, Figures 4.44 and 4.45 show resulting water levels and current speeds.  Distant 

source results, from a Peru earthquake, are presented in Figures 4.46 and 4.47. 
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Figure 4.44: Maximum water levels for local source analyses across C-grid of Centreport 

 
Figure 4.45: Maximum current speeds for local source analyses across C-grid of Centreport 
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Figure 4.46: Maximum water levels for distant source analyses across C-grid of Centreport 

 
Figure 4.47: Maximum current speeds for distant source analyses across C-grid of Centreport 
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Centreport is a particularly bad scenario as not only does Wellington Harbour 

experience much greater wave amplitudes than other locations, those peaks occur in the 

vicinity of Waterloo Quay and Jervois Quay where most of the wharves are located.  

Furthermore, extensive runup is seen in the case of a Mw 9.0 earthquake that penetrates 

deep into the CBD and the potential extents of that are unknown since they exceeded the 

boundaries of the grid.  For local source events, a Mw 8.0 earthquake potentially generates 

1.3 metre waves in the vicinity of the port.  A Mw 8.5 generates 3.7 metre waves and a Mw 

9.0 generates almost six metre waves, all potentially impacting the container terminal, 

Glasgow Wharf, Kings Wharf, the Interislander Terminal, Waterloo Quay Wharf, Queens 

Wharf, and the Overseas Passenger Terminal.  Fast currents, in the five to six metre per 

second range, develop around the sharp edge of the container terminal and flow toward the 

wharves.  Peak velocities in most cases are higher than those seen around the wharves, but 

these are instantaneous and occur in a small inlet near the Wellington waterfront.  Distant 

source tsunami are far less able to penetrate into Wellington Harbours and do not produce 

nearly the impact of a local source tsunami.  Peak wave amplitude for even the largest 

distant event was 1.75 metres which is significant, but this peak was unaccompanied by 

excessive currents and for any drop in the magnitude of the source event, the peak 

amplitude fell substantially.   

 

4.9.6 Port Marlborough 

Port Marlborough lies deep inside Marlborough Sound and although it is one of the 

smaller international ports within New Zealand (by import/export cargo), it is important 

due to its facilities servicing the Interislander Ferry, regional exports (mainly forestry), and 

cruise ships which stop in Picton regularly throughout the summer.  The largest grid used 

to test this location covers the Marlborough Sound and the surrounding ocean.  The 

smallest grid covers Picton Harbour and Shakespeare Bay.  Each of the three layered grids 

are shown in Figure A.6 a, b, and c.  As this location was not investigated in Power (2013), 

the source locations are speculative, but justifiable.  The Hikurangi Trench serves as the 

local source for several other ports and its immediate proximity to Picton makes it an 

obvious choice.  Peru is the distant source for all surrounding ports including Centreport 

and Lyttelton and so was also used for Picton.  Figures 4.48 and 4.49 show the maximum 

water levels and current speeds for local source tsunami and Figures 4.50 and 4.51 show 

the same for distant source tsunami. 
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Figure 4.48: Maximum water levels for local source analyses across C-grid of Port Marlborough 

 
Figure 4.49: Maximum current speeds for local source analyses across C-grid of Port Marlborough 
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Figure 4.50: Maximum water levels for distant source analyses across C-grid of Port Marlborough 

 
Figure 4.51: Maximum current speeds for distant source analyses across C-grid of Port Marlborough 
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As with most other ports, Marlborough sees its greatest hazard from local source 

tsunami.  Peak wave amplitudes exceeded four metres under the largest earthquakes and 

spanned three to four metres around the berths.  Slightly taller amplitudes would 

potentially overtop the Waimahara Wharf and inundate the timber yard.  Current velocities 

were high entering Picton Harbour but dissipated to some degree.  Elevated currents are 

noted by the Town Wharf and in the inlet to Picton Marina which could be a concern given 

the potential for smaller vessels to be lifted and moved.  Extensive inland inundation was 

also seen under local source tsunami into central Picton and at the far end of Picton 

Marina, though this was confined to occurrence under a tsunami generated by a local Mw 

9.0 earthquake.  A Mw 8.5 local earthquake also produced significant peak amplitudes of 

approximately 1.9 metres, though these were unaccompanied by the potentially hazardous 

currents of the Mw 9.0 event and not great enough to cause similar inundation.  Although 

distant source tsunami were not as prominent, a roughly uniform peak amplitude of almost 

2.5 metres covered Picton Harbour and Shakespeare Bay for a Mw 9.5 source event.  Those 

amplitudes drop significantly for a Mw 9.0 event as do the magnitudes and distributions of 

elevated currents.  Though peak current velocities in the C-grids were extreme, in excess 

of 10 metres per second, these peaks were localized in areas with sharp, steep changes in 

bathymetry and occurred well outside the port. 

 

4.9.7 Port of Nelson 

 As a west coast port, Port of Nelson’s location is expected to provide natural 

protection from tsunami hazards.  Although Power (2013) indicated the Nelson region 

would experience 3.7 and 6.4 metre tsunami amplitudes at 500 and 2500 year intervals 

respectively.  However, the port’s location inside the Tasman Bay suggests those peaks 

would occur outside of the port.  Furthermore, the port is protected by a large boulder bank 

breakwater which would provide additional protection from tsunami inundation.  While 

the Hikurangi Trench is closer geographically, Power suggests the Puysegur subduction 

zone as the most likely source of a significant tsunami for Nelson.  As the Tasman Bay 

opens toward the north, its orientation away from the most likely local sources is one 

reason for the lower exposure of the Port of Nelson as compared to other ports.  Nelson 

presents the sole location at which the Solomon Islands were used as the distant source.  

The largest bathymetric grid for this location covers the extents of the Tasman Bay while 
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the smallest covers the port and the immediate approach outside the breakwater.  Each of 

the three layers are shown in Figure A.7 a, b, and c. 

 Figures 4.52 and 4.53 provide the maximum water levels and current speeds on the 

C-grid for each local source scenario while Figures 4.54 and 4.55 provide the same results 

for distant source cases. 

 
Figure 4.52: Maximum water levels for local source analyses across C-grid of Port of Nelson 

 
Figure 4.53: Maximum current speeds for local source analyses across C-grid of Port of Nelson 
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Figure 4.54: Maximum water levels for distant source analyses across C-grid of Port of Nelson 

 
Figure 4.55: Maximum current speeds for distant source analyses across C-grid of Port of Nelson 
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 Port of Nelson is subject to one of the lower tsunami risks in New Zealand.  Peak 

amplitudes during any run fell short of two metres and those peaks occurred outside the 

boulder bank breakwater.  Within the port itself, the maximum potential amplitudes were 

between one and 1.5 metres.  For any local earthquake less than Mw 9.0 or distant 

earthquake less than Mw 9.5, peak amplitude within the port did not exceed 50 cm.  The 

Nelson Marina experiences some of the largest amplitudes in the port.  Of greater concern 

are the tsunami induced currents that enter the harbour, though these currents are smaller 

than seen in other locations.  The distant source scenario generated far greater current 

velocities, approaching four metres per second near the Main Wharf.  Main Wharf, Brunt 

Quay, and McGlashen Quay experience the greatest current speeds though in some cases, 

elevated currents also reached Nelson Marina. 

 

4.9.8 Lyttelton Port 

Lyttelton is a location projected to see some of the largest potential wave heights.  

Although the port lies inside Lyttelton Harbour and the berths are surrounded by protective 

breakwaters, parts of the South American Subduction Zone are well oriented toward 

Lyttelton and the Hikurangi Trench’s close proximity suggests exposure to both local and 

distant source tsunami.  The largest bathymetric grid developed for Lyttelton Port extends 

from just above Kaikoura in the North to just south of Banks Peninsula.  The finest grid 

covers the port itself and the immediate surrounding within Lyttelton Harbour.  The three 

layered grids are shown in Figure A.8 a, b, and c respectively.  Peak water level and 

current speed for local events are presented in Figures 4.56 and 4.57 and for distant events 

in Figures 4.58 and 4.59. 
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Figure 4.56: Maximum water levels for local source analyses across C-grid of Port Lyttelton 

 
Figure 4.57: Maximum current speeds for local source analyses across C-grid of Port Lyttelton 
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Figure 4.58: Maximum water levels for distant source analyses across C-grid of Port Lyttelton 

 
Figure 4.59: Maximum current speeds for distant source analyses across C-grid of Port Lyttelton 
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 Lyttelton is clearly at significant risk from both local and distant source tsunami.  A 

local source Mw 8.0 earthquake generated peak amplitudes of approximately one metre 

evenly throughout the port.  As the earthquake magnitude increased, the amplitudes grew 

substantially to a 6.5 metre peak under a Mw 9.0 earthquake.  This peak occurred outside 

the port itself, but the amplitudes inside the port were still between five and six metres, 

large enough to intrude inland.  Current velocities flowing around the breakwater at the 

harbour entrance were high and starting at Mw 8.5, those high velocities penetrated into the 

port itself.  In the worst local case, four to six metre per second currents impacted the 

locations of nearly all wharves in Lyttelton Port.  The distant scenario is only slightly 

better.  Peak wave amplitude fell just short of one metre for a distant source Mw 9.0 

earthquake, though this maximum was seen throughout the entire port.  In the case of a 

larger Mw 9.5 earthquake, peak amplitude within the port was around four metres.  

Although currents were marginally slower for distant source earthquakes and largely 

restricted to only the most extreme cases, their upper limits were well into magnitudes that 

could potentially be damaging to infrastructure. 

 Lyttelton Port has been the subject of previous propagation studies, one of which 

was largely discussed in Section 4.3 with regard to historical South American Subduction 

Zone tsunami in New Zealand.  However, the results of that study are also relevant here as 

a comparison with the model outputs.  Though several tsunami were examined by Borrero 

& Goring (2015a), the most applicable case to this research is the 2014 Iquique Tsunami 

which occurred in northern Chile, near the fault segments activated to produce distant 

source tsunami models for Lyttelton in this research.  Given the moment magnitude of the 

2014 earthquake, the maximum water level in the Lyttelton Port region would be slightly 

greater than nine cm, the predicted maximum for an Mw 8.0 earthquake.  The tidal gauges 

indicated a maximum of approximately ten cm which agrees with the model peaks. 

Borrero et al. (2015b) also models a number of Mw 9.0 tsunami sources throughout the 

Pacific Rim and their resulting impact on Lyttelton Harbour.  While it is more difficult to 

draw direct comparisons, the maximum water level for any source was just over one metre, 

compared to a theoretical 98 cm peak predicted by this study for an earthquake of 

equivalent magnitude.  Current spikes were also seen in a similar configuration and with 

comparable three metre per second peaks, most notably passing the breakwater at the 

harbour entrance.  Overall, the results of this study appear consistent with previous 

findings when accounting for differences in the model setups. 
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4.9.9 Primeport 

 Primeport is expected to reveal a similar tsunami exposure to Lyttelton.  Both ports 

lie on the same coast with the principal difference being Primeport’s location further south 

and therefore further from the Hikurangi Trench.  Though the Hikurangi Subduction Zone 

is the local source for both locations, Primeport will likely experience slightly smaller 

wave amplitudes from an earthquake in this location, though the same may not be true of 

distant source tsunami.  The geographic extents of the largest bathymetric grid range from 

the south end of Banks Peninsula in the north to Oamaru in the south and cover a sufficient 

degree of the sea to the east to provide adequate inputs for smaller grids.  The three layered 

grid can be seen in Figure A.9 a, b, and c.  Water level and current speed results for local 

source scenarios are presented in Figures 4.60 and 4.61 while distant source results are 

presented in Figures 4.62 and 4.63. 

 
Figure 4.60: Maximum water levels for local source analyses across C-grid of Primeport 
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Figure 4.61: Maximum current speeds for local source analyses across C-grid of Primeport 

 
Figure 4.62: Maximum water levels for distant source analyses across C-grid of Primeport 
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Figure 4.63: Maximum current speeds for distant source analyses across C-grid of Primeport 

 Primeport faces significant threats from both local and distant tsunami as modelling 

suggests both large amplitudes and dangerous currents can be expected in and around the 

port itself.  For a local event, peak amplitude exceeded one metre inside the port for a Mw 

8.5 earthquake and rose above two metres for a Mw 9.0 event.  Wave amplitudes were 

much larger, approaching four metres inside the port for a distant Mw 9.5 earthquake 

which implies potential for overtopping of the structures and inundation into port facilities.  

However, although the distant source tsunami produced larger peak amplitudes, the local 

source tsunami resulted in higher current velocities.  In all cases, currents flowing in from 

east are of concern.  These may impact all wharves in the most extreme scenarios, but in 

particular, the Old No. 1 Wharf is directly in the path.  Some elevated currents, between 

two and three metres per second also develop just inside the Inner Mole and may impact 

the North Mole Wharf. 



136 
 

4.9.10 Port of Otago 

 Port of Otago contains facilities at two locations, Dunedin and Chalmers.  

Chalmers is the larger location and is nearer to the Otago Harbour entrance.  Otago 

Harbour is expected to provide significant protection against tsunami and as Dunedin lies 

20 km inside the harbour, Chalmers is far more worthwhile to examine and is thus the 

subject of this study.  The largest grid employed for Otago reaches from the Catlins in the 

south to approximately halfway between Dunedin and Oamaru in the north and far out into 

the Pacific Ocean in the east.  Each grid layer is shown in Figure A.10 a, b, and c.  Water 

level and current speed maxima for local source tsunami tests are shown in Figures 4.64 

and 4.65 while those for distant source tests are shown in Figures 4.66 and 4.67. 

 
Figure 4.64: Maximum water levels for local source analyses across C-grid of Port of Otago 
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Figure 4.65: Maximum current speeds for local source analyses across C-grid of Port of Otago 

 
Figure 4.66: Maximum water levels for distant source analyses across C-grid of Port of Otago 
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Figure 4.67: Maximum current speeds for distant source analyses across C-grid of Port of Otago 

 In both local and distant cases, tsunami amplitudes were small for anything less 

than the most extreme earthquake.  Even for the greatest magnitude earthquakes, the 

maximum amplitude seen in the port was between 1.2 and 1.5 metres.  High velocities 

developed in the shallow region to the east of the dredged channel.  Some elevated 

currents were seen at the corner of the Beach Street Wharf, particularly in the local source 

Mw 9.0 scenario where those currents exceeded three metres per second.  Some smaller 

current spikes were also seen in the marina just north of the wharves which could be a 

concern for smaller vessels.  Compared to other locations, the Port of Otago appears to be 

at small risk of large scale damage from tsunami and is certainly protected from anything 

smaller than the worst case scenarios.  

 



139 
 

4.9.11 Southport 

 Southport lies on the far southern edge of New Zealand.  While it is not particularly 

exposed to tsunami from the Hikurangi Trench, it is located closer than any other port to 

the Puysegur Subduction Zone, which has also produced large earthquakes in the past, the 

Mw 7.8 Dusky Sound earthquake being one example.  However, Southport lies inside the 

protective Bluff Harbour which should offer some protection against direct inundation and 

faces southeast.  Invercargill contrastingly lies inside a harbour which directly faces the 

Puysegur Subduction Zone to the west.  The largest bathymetric grid for Southport 

covered a large part of the south end of New Zealand and extended down to Stewart 

Island.  Each of the three grid layers are shown in Figure A.11 a, b, and c.  Water level and 

current speed maxima for each local source scenario are shown in Figures 4.68 and 4.69 

and results for distant source scenarios are shown in Figures 4.70 and 4.71. 

 
Figure 4.68: Maximum water levels for local source analyses across C-grid of Southport 
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Figure 4.69: Maximum current speeds for local source analyses across C-grid of Southport 

 
Figure 4.70: Maximum water levels for distant source analyses across C-grid of Southport 
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Figure 4.71: Maximum current speeds for distant source analyses across C-grid of Southport 

 Southport experiences similar hazards from both local and distant source tsunami.  

In each case, wave amplitudes peak between two and 2.5 metres, though these peaks occur 

outside the harbour.  Bluff Harbour appears to provide excellent protection against tsunami 

inundation as the difference in amplitudes from outside to inside is substantial, but it also 

accelerates currents.  Peak amplitude impinging upon the wharves is approximately one 

metre.  For any earthquake of lower than the most extreme magnitude, the peak amplitude 

by the wharves is less than 50 cm.  Constricted flow entering Bluff Harbour does create 

hazardous currents, particularly at the mouth of the harbour.  The high currents spread and 

dissipate to some degree within, but potential hazards exist around the port.  For the 

highest magnitude earthquakes, the currents near the Island Harbour berths reach three to 

four metres per second.  For almost any other scenario, two to three metre per second 

currents are possible.  The Town Wharf is better protected and experiences smaller 
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currents.  The Tiwai Wharf, which lies just inside the harbour mouth, is directly in the path 

of the strong currents and may experience velocities much higher than the other berths. 

 

4.10 Arrival Times 

 Tsunami arrival times for various events provide important information as they 

dictate how much time a port has to react which in turn dictates what actions can and will 

be taken.  Tsunami generally comprise three categories based on their travel time, local (< 

1 hour), regional (1 – 3 hours), or distant (> 3 hours).  Arrival times vary within these 

categories based on the exact epicentre and moment magnitude.  The analysis here was 

predominately focused on local sources and distant sources and so the majority of events 

are expected to arrive within those associated time frames.  Arrival time was defined as the 

time at which water level fluctuations were first detected within the modelling grids.  The 

time to reach the port would be slightly longer but is difficult to specifically determine 

from the models.  For most local source cases, the time of initial detection was 

instantaneous.  That is not to imply the tsunami arrived in the port instantly, nor that the 

peak amplitude occurred the immediately following the earthquake, but simply that water 

level fluctuations were detected within the grids immediately.  Thus the time to arrival in 

this context is more relevant to distant source tsunami.  Arrival times for each distant test 

are displayed in Table 4.5.   

Table 4.5: Time between earthquake and arrival of tsunami in hours for distant source scenarios 

 8.0 8.5 9.0 9.5 

Northport 15.3 14.9 14.9 14.9 

Auckland - 15.8 15.6 15.5 

Taranaki - 17.4 16.9 16.8 

Eastland 14.7 14.1 14.0 14.0 

Centreport 15.7 14.9 14.8 14.8 

Marlborough 15.8 15.1 15.0 15.0 

Nelson 8.5 9.2 7.2 7.2 

Lyttelton 15.3 14.9 14.8 14.9 

Primeport 15.3 14.8 14.7 14.8 

Otago 15.6 15.0 14.8 14.9 

Southport 16.5 15.8 15.7 15.8 
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4.11 Near-Wharf Analysis 

Although results thus far have presented water levels and currents within a small 

radius of the ports, better estimates are preferable for producing the most reliable possible 

connection to the structural models which will be discussed in the following chapters.  

This is done by indicating the maximum predicted tsunami amplitudes near the wharves at 

each port.  The proximity to the wharves is somewhat imprecise as each port comprises 

multiple berths, some over a wider geographical area than others.  However, the maximum 

amplitudes determined from modelling were relatively consistent over small geographical 

areas and varied more between regions of variable bathymetric or topographic features.  

Regardless, the maximum amplitudes achieved in proximity to the wharves are not the 

same as the maximum amplitudes in the C-grid for many locations and earthquake 

scenarios.  In cases where the absolute maximum in the grid occurs at a significant 

distance from any wharf infrastructure, that peak is largely irrelevant to structural damage 

predictions.  Table 4.6 presents the maximum water level from each propagation model 

run at each of the 11 tested locations in the vicinity of a wharf.   

Table 4.6: Maximum water level in cm for each propagation model run near the wharf structures.  Note that 

in many cases, this value is not the same as the maximum in the grid. 

 
Local Source Tsunami Distant Source Tsunami 

7.0 7.5 8.0 8.5 9.0 8.0 8.5 9.0 9.5 

Northport 1 5 40 59 148 1 9 44 137 

Auckland - - 20 21 31 - 26 17 61 

Taranaki 1 4 33 35 157 - 4 20 57 

Eastland 30 70 300 500 930 20 50 112 250 

Centreport 6 26 130 340 520 3 10 44 169 

Marlborough 10 13 28 160 350 2 3 25 230 

Nelson - 50 60 69 168 46 71 72 192 

Lyttelton 8 20 73 183 480 5 23 81 407 

Primeport 22 25 51 105 254 25 42 86 571 

Otago 7 12 15 41 111 18 18 48 142 

Southport 38 37 48 48 96 47 39 43 106 

Most ports are unlikely to experience significant wave amplitudes, though consideration of 

potential elevated currents is also merited.  However, as the link to structural damage 
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considered by this research was tsunami amplitude, that remains the primary focus.  Ports 

of Auckland, Northport, Port of Otago, Southport, Port Taranaki, and Port of Nelson may 

all expect tsunami amplitudes to remain below two metres in almost all situations.  While 

there is a possibility, as was discussed previously, that a larger localised tsunami could 

exceed these estimates, the probability of that occurrence would be exceedingly low.  

Naturally, it is more likely that smaller tsunami will occur than those detailed in Table 4.6 

and so the predicted amplitudes for those smaller than the maximum source events will 

also be relevant.  Below a maximum magnitude distant source earthquake, only on port, 

Eastland, is likely to see water levels rise more than one metre.  Below the maximum local 

event, Eastland, Centreport, Marlborough, Lyttelton, and Primeport, are likely to see 

greater than one metre fluctuations.  The connection between this modelling and analysis 

and the structural damage assessment will be presented in Chapter 6.   

 

4.12 Chapter Conclusions 

Chapter 4 has presented a comprehensive discussion of the propagation modelling 

segments of this research starting with the background of the model employed, the inputs 

most appropriate for delivering the required results, and finally the results themselves.  The 

result of this effort was a set of predictions regarding water level fluctuations and current 

speeds near major New Zealand ports.  Three ports, Port of Tauranga, Port of Napier, and 

Westport, were ultimately excluded from the final analysis as a result of redundancy or 

insignificance in the context of tsunami analysis.  As tsunami are a secondary phenomenon 

which are generated by some other largescale disturbance, realistic predictions required 

that source events be defined that were likely to occur and generate significant tsunami at 

the location of interest.  All source events were subduction zone earthquakes.  While other 

source events such as volcanoes or landslides are possible, their irregularity makes it 

difficult to define realistic source models.  Earthquake magnitudes ranged from Mw 7.0-9.0 

for local events and 8.0-9.5 for distant events thresholds that likely represent the upper 

limit for local or distant subduction zones and the lower limit for what would generate a 

tsunami of any significance within New Zealand harbours.  The specific locations of these 

source events were based on the findings of Power (2013) which indicated the source 

locations posing the greatest threats to various regions of New Zealand.  Consist with the 

findings of Power, ports along the east coast are subject to much greater exposure as a 

result of their proximity and orientation to both the Hikurangi Trench locally and the South 
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American Subduction Zone at a distance.  In particular, Eastland, Centreport, Lyttelton, 

and Primeport may experience tsunami amplitudes in excess of five metres depending on 

the location and magnitude of the source event.  While it is possible that larger tsunami 

may impact each location tested depending on not only the location and magnitude of the 

source event, but also the slip distribution, it becomes increasingly unlikely.  These results 

will be used in Chapter 6 to connect to the structural models which together will indicate 

the potential damage states wharves may experience at each port. 
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Chapter 5: Characterisation of Tsunami Loads 

 

 

Tsunami loads are generally broken down into a number of fundamental 

components which can fit into two main categories: lateral and vertical loads.  Tsunami 

loading is of an immensely complex and irregular nature as a result of the turbulent state of 

flow, amongst other factors, and therefore is often represented in terms of a series of 

constituent loads.  Tsunami inundation may require examination of some or all of these 

possible constituent loads.  Which loads apply depend on the impacted environment and 

the type of structures under consideration.   Although all possible loads are examined in 

the following sections, the most relevant loads for this research are the initial impact and 

drag components of both horizontal and uplift loading.  Horizontal loading is quantified by 

many design standards and other publications and these are the source that was applied to 

the development of loading time series in this research.  Conversely, uplift loading has 

received less attention in previous research.   

This chapter will discuss tsunami load magnitudes and time series.  Presented first 

will be the details of and loading equations provided by existing design standards that were 

largely used in the development of horizontal load time series.  The second section will 

discuss experimental studies pertaining in particular to tsunami uplift loading on pile 

supported wharf structures.  Two studies were carried out at the University of Auckland, 

one investigating uplift loads from a tsunami bore and the other from a solitary wave.  

Finally, comparisons will be drawn between the experimental study results and the design 

standard approximations where applicable. 

 

5.1 Design Standard Loads 

 A comprehensive overview of tsunami design standards was provided in chapter 

two.  The following sections will provide specific design equations for each constituent 

tsunami loading characteristic. 
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5.1.1 Breaking Wave Force 

 Breaking wave forces are forces exerted on a structure as a wave breaks over it.  

Both ASCE (2010) and the FEMA (2011) provide information and equations on this force.  

However, both do so with regard to standard wave forces rather than tsunami.  FEMA 

(2012) does not provide equations for this due to the assumption that tsunami break far 

offshore and this is therefore not a relevant load.  This research employed the same 

assumption and therefore did not consider breaking wave loads.     

 

5.1.2 Lateral Hydrostatic Force and Buoyancy 

 Hydrostatic forces are only applicable in certain cases for tsunami.  As a tsunami is 

typically a fast moving wave, hydrostatic forces will only apply in cases where the flow 

velocity has either ceased or slowed significantly to where it can be modelled as static.  

Examples of this would be after a tsunami surge has passed a specific point and the flow 

velocity slows, when a tsunami results in water getting trapped inside of a structure, or if a 

tsunami leaves water behind after drawdown.  In most cases, these forces will not be 

applicable upon the initial impact of the tsunami.  However, hydrostatic forces are 

typically present at some point during inundation and are simple enough that most 

standards will define them.  Lateral hydrostatic force is typically a simple relationship 

between force and depth, defined by Equation 5.1 (FEMA 2012). 

𝐹ℎ = 𝜌𝑔𝐵ℎ2 (Eq. 5.1) 

• Fh = Hydrostatic force 

• ρ = Fluid density 

• g = Acceleration of gravity 

• B = Breadth of wall 

• h = Tsunami bore height/wave amplitude 

CCH (2000) defines an extra parameter as seen in Equation 5.2 to account for slowly 

moving water. 

𝐹ℎ = 𝜌𝑔𝐵 {ℎ +
𝑢𝑛

2

2𝑔
}

2

 (Eq. 5.2) 

• un = Component of tsunami celerity normal to structure 
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In order for a lateral hydrostatic force to be present, there has to be a difference in 

pressures on opposing sides of a face.  Otherwise, the hydrostatic forces will cancel 

(FEMA 2012). 

 Buoyancy is simply a measure of vertical hydrostatic forces.  Any object that is 

fully or partially submerged is subject to buoyancy.  Of additional concern is air which 

becomes trapped underneath a structure during rapid inundation and may increase the 

upward force.  All standards define buoyancy using Equation 5.3. 

𝐹𝑏 = 𝜌𝑔𝑉𝑤 (Eq. 5.3) 

• Fb = Buoyancy force 

• Vw = Volume of water 

 

5.1.3 Hydrodynamic/Drag Force 

 The hydrodynamic force, also known as the drag force, refers to the loads imposed 

as water moves around a structure.  In most cases, the hydrodynamic force is considered 

uniform across an entire structure, though due to the turbulent nature of a tsunami, this 

assumption may prove unreliable.  Typically, this force is a function of the flow velocity 

and a drag coefficient, though a derivation may have subtle, and sometimes significant, 

differences (Palermo 2008). 

 CCH (2000) defines the drag force using Equation 5.4.   

𝐹𝐷 =
𝜌𝐶𝐷𝐴𝐷𝑢𝐷

2

2
 (Eq. 5.4) 

• FD = Tsunami drag force 

• CD = Drag coefficient 

• AD = Area of the submerged face normal to the direction of flow 

• ud = Tsunami celerity relative to submerged body 

The drag coefficient is defined as 1.0 for circular piles, 2.0 for square piles, and 1.5 for 

wall sections.  FEMA (2011) provides the same equation but defines the drag coefficient 

differently.  For square or rectangular piles, the value is 2.0, and for round piles, 1.2.  For 

all other shapes, the coefficient is based on the ratio between the width of an object and its 

height if fully immersed, or the water depth if not.  The values are summarized in Table 

5.1. 
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Table 5.1: Values for drag coefficient, CD. Note width refers to the width of the pile and depth refers to the 

height of the pile if fully submersed or the water depth if not. (FEMA 2011) 

Width-to-Depth 

Ratio 
CD 

1-12 1.25 

13-20 1.3 

21-32 1.4 

33-40 1.5 

41-80 1.75 

81-120 1.8 

>120 2.0 

  

FEMA (2012) redefines the hydrodynamic equation to make it more suitable for 

tsunami loads, rather than typical wave loads.  The total force is shown in Equation 5.5. 

𝐹𝐷 =
1

2
𝜌𝐶𝐷𝐵(ℎ𝑢𝑡

2)𝑚𝑎𝑥 (Eq. 5.5)  

• ut = Tsunami celerity 

FEMA recommends that the drag coefficient be taken as 2.0 in all situations involving 

tsunami.  The combination of flow velocity and depth create the moment flux per unit 

mass.  Since the maximum flow velocity and depth are unlikely to occur at the same time, 

the maximum moment flux is defined as (hu2)max rather than (hmaxu
2

max).  FEMA 

approximates this value via Equation 5.6. 

(ℎ𝑢2)𝑚𝑎𝑥 = 𝑔𝑅2 (0.125 − 0.235
𝑍

𝑅
+ 0.11 (

𝑍

𝑅
)

2

) (Eq. 5.6) 

• R = Design runup elevation (1.3 times the maximum runup elevation) 

• Z = Ground elevation at base of structure relative to mean sea level 

 

5.1.4 Wave Slam/Surge Force 

 Wave Slam refers to the force exerted when the leading edge of a surge of water 

contacts a structure.  This is a high magnitude, low duration force.  Each standard defines 

it differently, suggesting that there is a high level of uncertainty related to the 

quantification of wave slam.  FEMA (2011) defines wave slam using Equation 5.7.  
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𝐹𝑆 = 𝜌𝑔𝐶𝑆𝑑ℎ𝑤 (Eq. 5.7) 

• FS = Wave slam force 

• Cs = Wave slam coefficient 

• w = Width of inundated structure or face 

The slam coefficient is recommended to be 2.0.  FEMA (2012) provides Equation 5.8 

which defines wave slam as 1.5 times the hydrodynamic load.  

𝐹𝑆 = 1.5 ∗ 𝐹𝐷 = 1.5 ∗
1

2
𝜌𝐶𝐷𝐵(ℎ𝑢𝑡

2)𝑚𝑎𝑥 (Eq. 5.8) 

CCH (2000) derives Equation 5.9 for wave slam. 

𝐹𝑆 = 4.5𝜌𝑔ℎ2𝑤 (Eq. 5.9) 

 

5.1.5 Debris Impact 

 Debris impact is of great concern in harbours due to the presence of vessels and 

shipping containers as well as structures that could be badly damaged if these objects were 

to strike them during a tsunami.  There is substantial difficulty in modelling debris impact 

loads because of the difference in size, shape, and stiffness of the objects that could be 

carried and the uncertainty associated with velocity and orientation of the object upon 

striking a structure, among other things.  FEMA (2011) uses several coefficients to define 

the debris impact force via Equation 5.10.  These equations are defined in Tables 5.2-5.4. 

𝐹𝑖 = 𝑚𝑑𝑏𝑔𝑢𝑑𝑏𝐶𝑑𝐶𝐵𝐶𝑆𝑡𝑟 (Eq. 5.10) 

• Fi = Tsunami driven debris impact force 

• mdb = Mass of floating debris 

• udb = Velocity of floating debris 

• Cd = Depth coefficient 

• CB = Blockage coefficient 

• CStr = Building structure coefficient 

Table 5.2: Values for depth coefficient, Cd (FEMA 2011) 

Flood Hazard Zone and Water Depth Cd 

Floodway or Zone V 1.0 

Zone A, stillwater flood depth ≥ 5 ft 1.0 

Zone A, stillwater flood depth = 4 ft 0.75 

Zone A, stillwater flood depth = 2.5 ft 0.375 

Zone A, stillwater flood depth ≤ 1 ft 0.00 
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Table 5.3: Values for blockage coefficient, CB (FEMA 2011) 

Degree of Screening or Sheltering within 100 feet Upstream CB 

No upstream screening, flow path wider than 30 feet 1.0 

Limited upstream screening, flow path 20 feet wide 0.6 

Moderate upstream screening, flow path 10 feet wide 0.2 

Dense upstream screening, flow path less than 5 feet wide 0.0 

 

Table 5.4: Values for building structure coefficient, Cstr (FEMA 2011) 

Construction Type Cstr 

Timber pile and masonry column supported ≤ 3 stories 0.2 

Concrete pile or concrete or steel moment frame ≤ 3 stories 0.4 

Reinforced concrete foundation wall 0.8 

 

In FEMA (2012), Equation 5.11, the origins of which were discussed in Chapter 2, is 

suggested which employs the object’s mass and stiffness. 

𝐹𝑖 = 𝐶𝑚𝑢𝑑𝑏√𝑘𝑑𝑏𝑚𝑑𝑏 (Eq. 5.11) 

• Cm = Added mass coefficient 

• kdb = Stiffness of floating debris 

CCH (2000) provide Equation 5.12. 

𝐹𝑖 = 𝑚𝑑𝑏
𝑑𝑢𝑑𝑏

𝑑𝑡
 (Eq. 5.12) 

 

5.1.6 Uplift Force 

 The uplift force is a dynamic force separate from buoyancy.  Of all the standards 

examined with relation to this study, the only that mentioned and attempted to quantify 

this load is FEMA (2012).  This force can occur anytime there is rapid inundation and may 

be particularly high directly in front of a wall that obscures the tsunami’s flow, though the 

equation provided by FEMA may not account for this effect.  The recommended value for 

the uplift force is given in Equation 5.13. 
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𝐹𝑢 =
1

2
𝐶𝑢𝜌𝐴𝑓𝑢𝑣

2 (Eq. 5.13) 

• Fu = Tsunami uplift force 

• Cu = Uplift coefficient 

• Af = Area of floor panel 

• uv = Vertical component of flow velocity 

FEMA concedes that this is a rough estimate and should only be used until better research 

becomes available.  This equation is specifically defined for use with elevated structures 

through which the tsunami may flow unobstructed and therefore may provide a better 

estimate for a bridge than a coastal-mounted wharf. 

 

5.1.7 Additional Gravity Load 

 FEMA (2012) is the only publication which mentions this possible load.  Upon 

retreating, a tsunami may leave behind a significant amount of water and the extra weight 

associated must be taken into account in the design of coastal structures.  FEMA provides 

Equation 5.14 to represent this force per unit floor area. 

𝐹𝑟 = 𝜌𝑔𝑑𝑟 (Eq. 5.14) 

• Fr = Additional gravity load 

• dr = Depth of retained water 

For surfaces without walls, such as wharves, water may be retained until it has had time to 

drain.  If necessary, drainage systems should be built in order to allow for quick relief of 

the extra load. 

 

5.2 Experimental Determination of Tsunami Loads 

 A series of experimental studies was carried out at the University of Auckland in 

order to complement the available knowledge regarding tsunami loading characteristics 

and fill in perceived shortfalls.  As uplift loading is not well documented compared to 

horizontal tsunami loads, the focus was predominately on uplift load characteristics related 

to pile supported wharves.  Two simultaneous studies were thus conducted to achieve this 

end.  The first involved assessing uplift on a model pile supported wharf which would be 

directly representative and scalable through principles of similitude of true tsunami 

inundation.  The second study sought to compare the uplift load exerted by a tsunami bore 

with that of a solitary wave.  Many existing design standards and studies treat tsunami in 
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conjunction with either wave loads or flood loads.  The reason for this has primarily 

remained a lack of additional information available specifically related to tsunami, an issue 

which is also being addressed, but it is also worthwhile to assess this relationship and 

whether the simplified wave loading characteristics may also be properly applied to 

tsunami loading scenarios as well as to deduce the most applicable characteristics to the 

later modelling phases of this research.  Thus a second study was developed and pursued, 

nearly identical in nature to the first, but utilizing a different type of wave generator which 

produced sinusoidal-type wave rather than dam-break style bores.  This study also 

evaluated uplift loads on a model pile supported wharf.  Finally, the comparison was 

drawn between the two regarding load magnitudes.  As the nature of the applied loads 

differs between a standard wave and a tsunami, only certain components are directly 

comparable.   

 The following sections will discuss each of the experimental studies and draw 

comparisons between the results.  Section 5.2.1 begins with a discussion of the tsunami 

bore study and Section 5.2.2 will discuss a second previous tsunami bore study on an 

elevated bridge model which addresses both horizontal and uplift loads.  Section 5.3 will 

then discuss in detail the experimentation related to the solitary wave loads with the load 

magnitudes providing the final outcome of that phase of research.  Finally, Section 5.4 and 

related subsections will compare the results of each of the experimental studies and 

relevant design standards, including an assessment of the relationship between tsunami 

bore uplift and solitary wave uplift. 

 

5.2.1 Tsunami Bore Experiments on Scale Wharf Model 

A comprehensive experimental study was undertaken at the University of 

Auckland to quantify uplift loads from a tsunami bore (Chen et al. 2016).  A large 

reservoir with a sliding sluice gate was used to create tsunami bores of various heights that 

traversed a flume measuring 14 metres long, 1.2 metres wide, and 0.8 metres high.  At the 

far end lay a scale wharf model mounted on an adjustable artificial slope.  This setup and 

the dimensions of the wharf model are seen in Figures 5.1 and 5.2. 
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Figure 5.1: Profile of tsunami flume and experimental setup from Chen et al. (2016) 

 
Figure 5.2: Plan view of deck and layout of pressure sensors for Chen et al. (2016) 

A series of wave probes were placed along the length of the flume to record both the water 

level as the bore passed as well as the bore velocity by measuring the travel time between 

probes.  A series of pressure transducers were placed in the deck which recorded pressure 

exerted on the bottom as the bore struck.  The transducers were placed along the width and 

length of the deck to determine the magnitude and distribution of pressure on the model.  

Factors which were varied throughout the study included the height of the generated bore, 

the height of the deck above ground and the slope on which the model rested.  Table 5.5 

shows the parameters utilized. 

Table 5.5: Parameters employed in experimental tests by Chen et al. (2016) 

Bore Height (cm) Deck Height (cm) Slope Angle (°) 

15 20 20 

17 25 25 

19 30 30 

21  35 

22  40 

25  45 

28  50 

  90 

Seven bore heights, three deck heights, and eight slope angles provided 168 unique 

combinations, each of which were tested three times for a total of 504 runs.  The ratio of 

the height of the deck to the height of the tsunami bore was ultimately utilized as a core 

parameter in quantification. A time history was recorded for each run via the pressure 
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transducers which clearly indicated two phases of loading: initial impact and quasi-steady 

state loading.  Using the distribution of transducers, the load magnitudes were found to be 

consistent along the length of the deck (perpendicular to flow direction) whereas along the 

width (parallel to flow), the pressures at the front end were higher in every case.  The 

results presented focus predominately on the centre transducer which provided a rough 

average pressure along the width.  Figure 5.3 provides results for a range of bore tests run 

with a deck height of 25 cm and a slope angle of 35°.  Because unavoidable vibration in 

the transducer created significant statistical noise, a moving mean methodology was 

applied to the data set which was based on the period of the vibrations.   

 
Figure 5.3: Resulting pressures under a range of bore heights for a deck height of 25 cm and a slope angle 

35° from Chen et al. (2016) 

The ratio of deck height to bore height had a large impact on the magnitude of the 

pressure.  Conversely, slope angle appeared to have a great impact on the initial front-

hitting load but little on the quasi-steady state phase, though Chen et al. do not discuss this 

distinction in great detail.  Equations 5.15 and 5.16 were ultimately proposed for the 

impact and steady state phases respectively based on the experimental results.   

𝑝𝑢

𝜌𝑔ℎ
= 𝐶𝑢3 −

ℎ𝑑

ℎ
 (Eq. 5.15) 
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𝑝𝑓

𝜌𝑔ℎ
= (cot 𝜃𝑠 + 𝐶𝑢2) ∗ ln [

ℎ𝑑

ℎ
∗ (

1

2
𝐹𝑟𝑏

2 + 1 −
1

2
𝑘1𝐹𝑟𝑏

2)] (Eq. 5.16) 

• pu = Tsunami uplift pressure (steady state phase) 

• Cu3 = Experimental uplift coefficient 

• hd = Height of wharf deck above still water level 

• pf = Tsunami uplift pressure (initial impact phase) 

• θs = Angle of slope 

• Cu2 = Experimental uplift coefficient 

• Frb = Froude number 

• k1 = Energy loss coefficient 

Chen et al. stipulate that these equations are reliable for cases where 0.5 ≤ hb/h ≤ 1.4, 20° ≤ 

θs ≤ 90°, and Frb ≈ 1.6 where Frb is the Froude Number.  Chen et al. provide both an 

experimental and theoretical value for the coefficient Cu3 and thus the resulting pressure 

magnitudes for the quasi-steady state phase will vary depending on which value is utilized. 

 

5.2.2 Experimental Study on Bridge Model 

 Kosa (2011) carried out a series of experiments at Kyushu Institute of Technology 

in Japan to evaluate horizontal and uplift tsunami loads on a simple 1/50 scale bridge 

model.  Two cases incorporating both broken and unbroken waves were investigated.  The 

model setup and wave flume dimensions from this experimentation are shown in Figure 

5.4.  

 
Figure 5.4: Experimental setup schematic for Kosa (2011) 

Kosa’s results suggested the uplift loads were larger in magnitude for the unbroken wave 

case whereas horizontal loads were larger for the broken wave.  Two equations were 

ultimately proposed to quantify each load, shown in Equations 5.17 and 5.18. 

𝐹𝑢 = 𝜌𝑔𝐵𝑊 (0.53ℎ −
1

2.18𝑍𝑔
) (Eq. 5.17) 
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𝐹𝐷 = 𝜌𝑔𝐵 ∫ (2.61ℎ −
1

0.54𝑍
)

𝑍𝑔𝑡

𝑍𝑔
𝑑𝑍 (Eq. 5.18) 

• Zg = Height of bottom of girder above still water level 

• Zgt = Height of top of girder above still water level 

 

5.3 Solitary Wave Experiments on Scale Wharf Model 

 As part of this research, two sets of experimental tests were carried out in the Fluid 

Mechanics Laboratory at the University of Auckland.  The first series was discussed in 

Section 5.2.1.  A second set was performed using a wave flume which sought to compare 

the uplift loading induced from solitary waves to that of tsunami bore loading.  Like the 

tsunami bore testing, the intent was to quantify loading specifically on pile supported 

wharf structures.   

 

5.3.1 Laboratory Equipment and Facilities 

The wave flume utilised, shown in Figure 5.5, is 25.2 metres long, 0.86 metres 

wide, and 1.12 metres tall.  The base of the first 14 metres is concrete followed by a sloped 

section with sand.  A full profile is shown in Figure 5.6, including the soil bed profile. 

 
Figure 5.5: Wave Flume Used in Research 

 
Figure 5.6: Schematic of Wave Flume 
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Waves are generated within the flume by a piston operated wave paddle that moves back 

and forward according to settings defined by the user.  The wavemaker is controlled by a 

Wavetek Model 75 Arbitrary Waveform Generator and a Wavetek Model 180 LF Function 

Generator.  The output from the wave controllers passes through a Vickers amplifier which 

converts the signal to a format understood by the wave maker.   

 Wave probes are used along the length of the flume to record the wave height at a 

point in time as well as average velocities between probes.  Data from the probes must also 

pass through an amplifier which converts the signal from analog to digital.  The data is 

then received by a National Instruments USB 6211 DAQ device. 

 The pressure transducers chosen were Honeywell 26PC differential transducers, 

shown in Figure 5.7, with a maximum pressure capacity of five pounds per square inch 

(34.5 kPa).  These parts were fully compatible with the experimental setup and had been 

used previously in numerous studies, suggesting their reliability.  As care must be taken to 

avoid moisture penetrating the device, the transducers were coated in a silicone gel with 

only the prongs exposed to which pressure would be applied.  Transducers, like the wave 

probes, require regular calibration and as the devices’ calibration equations change slightly 

over time as they are used.  Calibration of all devices was performed regularly at 

approximately one month intervals 

 
Figure 5.7: Close-up image of pressure transducer employed in uplift load studies  

 

5.3.2 Wave Generation 

The wave controller allows for customisation of several settings which allow the 

user to manipulate the height of the wave.  Two of these settings, period and frequency, are 

reciprocal.  The remaining two are offset and amplitude.  The offset command controls the 

initial position of the wavemaker while the amplitude setting controls the degree to which 
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it displaces when generating a wave.  As the wave maker has a maximum degree to which 

it can displace, increasing the offset decreases the maximum allowable amplitude.     

 A series of rudimentary tests were conducted where each of the wave controller 

settings was varied to determine the maximum amplitude wave that could be generated.  

Upon testing each unique combination, the maximum amplitude attainable was 

approximately 14 centimetres.   

 

5.3.3 Model Scaling 

 The concept of similitude must be invoked to liken model results and 

characteristics to those of a full scale wave.  Because a tsunami’s propagation is controlled 

in part by gravity, the dimensionless parameter most suited to define the relationship is the 

Froude Number.  The Froude Number is defined as the ration of inertial forces to 

gravitational forces and is represented by Equation 5.19. 

√
𝐼𝑛𝑒𝑟𝑡𝑖𝑎𝑙 𝐹𝑜𝑟𝑐𝑒𝑠

𝐺𝑟𝑎𝑣𝑖𝑡𝑎𝑡𝑖𝑜𝑛𝑎𝑙 𝐹𝑜𝑟𝑐𝑒𝑠
= √

𝜌𝐿2𝑉2

𝜌𝐿3𝑔
=

𝑉

√𝑔𝐿
 (Eq. 5.19) 

• L = Length 

• V = Velocity 

Expressing this relationship in terms of ratios produces Equation 5.20, though the ratio of 

gravitational acceleration, Ng, is generally 1.0. 

𝑁𝐹𝑟 = 1 =
𝑁𝑉

√𝑁𝑔𝑁𝐿
 (Eq. 5.20) 

• NFr = Ratio of Froude Numbers between prototype and model 

• Nv = Ratio of flow velocity between prototype and model 

• Ng = Ratio of gravitational forces between prototype and model 

• NL = Ratio of length between prototype and model 

From this relationship, two necessary scales may be determined.  The first and more trivial 

is the scale of the physical dimensions of the model.  The ratio of the wave height 

produced in the flume to the wave height expected in a realistic scenario provides this 

scale.  Second is the scale of the forces exerted by the wave generated in the flume to the 

real tsunami.  The best current estimate for the magnitude of an uplift load is given in 

Equation 5.13.  Resolving this equation in terms of velocity gives Equation 5.21. 
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𝑢𝑣 = √
2𝐹𝑢

𝐶𝑢𝜌𝐴𝑓
 (Eq. 5.21) 

Invoking similitude, this equation may be rewritten in terms of ratios between model and 

prototype characteristics while eliminating coefficients which will not change.  This gives 

Equation 5.22. 

𝑁𝑢 = √
𝑁𝐹

𝑁𝜌𝑁𝐴
= √

𝑁𝐹

𝑁𝜌𝑁𝐿
2 (Eq. 5.22) 

• Nu = Ratio of vertical flow velocity between prototype and model 

• NF = Ratio of uplift loads between prototype and model 

• Nρ = Ratio of fluid densities between prototype and model, taken as 1.2 since the prototype is 

present in seawater while the model is in freshwater 

• NA = Ratio of areas between prototype and model 

This quantity is substituted into Equation 5.20 in place of the velocity ratio and solved for 

the force ratio.  Equation 5.23 then provides the necessary scaling parameters while 

maintaining similitude, to determine prototype forces upon completion of testing (Hughes 

1993). 

𝑁𝐹 = 𝑁𝐿
3𝑁𝛾 (Eq. 5.23) 

• Nγ = Ratio of unit weight between prototype and model 

 Based on the maximum attainable wave height in the flume and the maximum 

expected wave height along New Zealand’s coastline, as suggested by Power (2013), the 

appropriate length scaling ratio was determined to be 1/90.  Thus all dimensions of the 

wharf model were scaled from existing structures by this factor.  The width of the wharf 

(the dimension parallel to the coast) spanned the width of the flume.  Since these structures 

would be continuous over a great span, it was not necessary that the width be properly 

scaled. 

 

5.3.4 Modified Flume Dimensions 

The rough flume boundaries coupled with the long propagation distance caused 

substantial energy loss for a solitary wave over the 25 metre length of the flume.   As the 

long flume was not necessary, but was in fact detrimental, for the proposed experiments, 

an artificial slope was built and fixed to the flume’s surface six metres from the wave 

generator.  The slope was created from multiboard reinforced with stiffeners and permitted 
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easy adjustment for varying the angle between tests.  The artificial slope is shown in 

Figure 5.8.  Additionally, a revised profile of the wave flume with the location of the slope 

is shown in Figure 5.9. 

 
Figure 5.8: Artificial slope placed in wave flume, front view 

 
Figure 5.9: Profile of modified flume. 

 A model pile supported wharf was placed on the artificial slope.  The wharf 

consisted of an acrylic deck and two threaded bolts that supported the deck and kept it 

horizontal.  The back of the deck was fixed to the slope with a metal strip and a series of 

bolts.  Holes were drilled in the deck into which one end of the pressure transducers could 
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be inserted and in order to protect the tubing and wires connected to the transducers, a 

barrier was placed on the deck which surrounded the transducers.  In the absence of the 

barrier, inundation of the tubing and wires caused excessive noise in the data which drew 

into question the integrity of the resulting data.   

 The still water level in the flume was a constant 70 centimetres throughout all tests 

and the wharf deck was kept at a constant five centimetres above that still water level.  The 

physical dimensions of the wharf model and the slope are summarized in Figure 5.10 and 

the dimensions of the deck are shown in Figure 5.11. 

 
Figure 5.10: Profile view with details of artificial slope and wharf model 

 
Figure 5.11: Details and dimensions of wharf deck model 
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5.3.5 Data Acquisition and Interpretation 

The wave flume was equipped with three wave probes, two of which were placed 

one and six metres respectively from the wave paddle. These recorded wave heights 

immediately after generation and directly in front of the slope. The location of the third 

wave probe was varied with the angle of the slope, and was always placed immediately 

before the wharf model in order to record wave heights upon impact. These wave probes 

were also used to calculate wave celerity by isolating the time steps of peak amplitude 

readings. 

Two differential pressure transducers were attached to the centreline of the deck. 

These recorded impact pressure through a small hole in the deck as the wave struck. One 

transducer was placed 5.5 centimetres from the rear of the wharf while the other was 

placed at the centre of the wharf deck. For ease of reference, the terms “rear transducer” 

and “centre transducer” will be employed to refer to the respective device. The width of 

the channel required that pressure transducers be concentrated in the centre of the structure 

in order to eliminate data contamination from wave reflection. Though tests were initially 

run at both 100 and 1000 Hz, the transducer sampling rate was set to 1000 Hz, which was 

adequate for capturing low period peak pressures. Given the approximate 30 second 

intervals over which each test was run, the raw data sets consisted of around 30,000 points.  

Figure 5.12 shows the wharf model, slope, and wave probes used in this experimentation.  

Also evident is the barrier used to protect the transducers and the tubes that were used to 

exert a reference pressure. 
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Figure 5.12: Experimental setup including artificial slope, wharf mode, and wave probes 

As the research interest was the instantaneous uplift load created by the rising 

water, the parameters used in the interpretation of the data were the peak wave height and 

the first peak pressure reading in the transducers. It was impossible to eliminate any 

successive trace waves and create a truly solitary wave, and therefore subsequent pressure 

peaks were evident following the initial reading in most cases. These peaks were ignored 

as the point of interest was the load resulting from the leading wave crest. Figures 5.13 and 

5.14 present representative data readings by a wave probe and transducer respectively and 

highlight the region of data that was isolated and utilised. 

 
Figure 5.13: Representative wave probe data profile indicating the particular point of interest at the peak of 

the leading wave 
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Figure 5.14: Representative pressure transducer data profile indicating particular point of interest at peak of 

first pressure spike 

5.3.6 Velocity 

 This analysis focused predominately on wave amplitudes rather than velocity.  Due 

to the experimental setup, the velocities of each wave could not be varied independently of 

the amplitude.  Because the still water depth was kept constant, for any set of experimental 

runs where the wave heights varied significantly, the velocities remained the same.  

Shallow water wave theory provides Equation 5.24 for wave celerity based on gravity and 

the depth of water through which the wave propagates.   

𝑉 = √𝑔𝑑 (Eq. 5.24) 

To show that there was no variation, Figure 5.15 presents velocity readings from 280 runs 

over various wave heights.   
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Figure 5.15: Wave velocities from 280 experimental runs compared with theoretical velocity 

Notably, the mean velocity is lower than the theoretical value, though by a small amount.  

The shallow water celerity equation is not perfectly applicable as the wave here propagates 

through a confined channel and is subject to significant friction from the concrete floor and 

wall.  Additionally, the relative depth changes very quickly between the second and third 

transducer and the wave travels faster initially in the instant before it interacts with the 

slope.  Thus the difference is not unexpected, but the analysis serves to indicate that 

variation in uplift pressure can be associated with amplitude rather than celerity. 

5.3.7 Classification of Wave Heights 

 Based on the offset value used with the wave controller, the amplitude setting 

could be varied between 1.8 and 3.4.  These values are simply an indication of the degree 

of displacement of the paddle but do not necessarily correspond directly to any physical 

dimension or motion.  Regardless, tests were conducted at intervals of 0.2 amplitude units 

for a total of eight test cases.  For each case, 35 runs were carried out for a total of 280.  

This procedure was repeated for five slope angles: 25°, 30°, 35°, 40, and 45°, for a grand 

total of 1,400 runs.  As the amplitude increased the motion of the paddle, the wave height 

increased in conjunction.  However, a particular setting did not consistently generate 

perfectly identical wave heights over all 35 runs.  Figure 5.16 displays wave heights 
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generated by each setting on the wave controller including the upper and lower limits and 

the mean. 

 
Figure 5.16: Distribution of wave heights among each wave controller setting 

As the intention was to connect wave amplitudes to pressure magnitudes, all 280 runs 

conducted for one slope angle were redistributed into groups based on that amplitude 

rather than the wave controller setting.  This arrangement was more useful for seeking 

trends in pressures as there was significant overlap in wave heights if the analysis was 

based on the settings from the experimentation.  Five two-centimetre intervals were 

ultimately used to categorise runs, a span in which there was no notable or significant 

trend in pressure magnitudes.  Figure 5.17 shows the redefined intervals as well as the 

mean wave amplitude within each category. 
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Figure 5.17: Redefined wave amplitude categories employed in data analysis with mean amplitude defined 

for all waves within each category 

 

5.3.8 Comparison of Peak Amplitude and Pressure 

 Figure 5.18-5.22 shows peak pressure on the deck in the centre transducer plotted 

against the maximum wave amplitude for each run, sorted by the angle of the slope. 

 
Figure 5.18: Pressure versus wave amplitude for each run on 25° slope angle 
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Figure 5.19: Pressure versus wave amplitude for each run on 30° slope angle 

 
Figure 5.20: Pressure versus wave amplitude for each run on 35° slope angle 
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Figure 5.21: Pressure versus wave amplitude for each run on 40° slope angle 

 
Figure 5.22: Pressure versus wave amplitude for each run on 45° slope angle 

Although a clear upward trend is apparent regardless of slope angle, there is great 

variability in uplift pressures for waves of approximately equivalent heights.  Thus it 

proved more reliable to present the results of this testing in the form of a probability 

distribution.  Pressures were categorized according to wave heights and grouped into two 
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centimetre intervals, consistent with Figure 5.17.  Thus the resulting distributions indicate 

the probability of a wave with an amplitude falling inside that two centimetre range 

exerting a certain uplift pressure.  Pressures were not normally distributed for most 

amplitude intervals but rather were skewed to the lower end with limited runs producing 

exceptionally high pressures and thus a lognormal distribution was adopted as the most 

appropriate means of representation.  The results of this probability analysis is separated 

by slope heights and presented via the cumulative probability distribution functions in 

Figures 5.23-5.27. 

 
Figure 5.23: Cumulative distribution functions dictating uplift pressure percentiles for each wave amplitude 

category on a 25° slope 
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Figure 5.24: Cumulative distribution functions dictating uplift pressure percentiles for each wave amplitude 

category on a 30° slope 

 
Figure 5.25: Cumulative distribution functions dictating uplift pressure percentiles for each wave amplitude 

category on a 35° slope 
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Figure 5.26: Cumulative distribution functions dictating uplift pressure percentiles for each wave amplitude 

category on a 40° slope 

 
Figure 5.27: Cumulative distribution functions dictating uplift pressure percentiles for each wave amplitude 

category on a 45° slope 
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 Regardless of slope, there is a clear upward trend of pressure magnitudes as wave 

amplitude increases.  Pressures presented were collected in the transducer in the centre of 

the wharf deck while pressures recorded in the back transducer were consistently higher by 

a marginal degree.  This was expected to some degree, but more applicable to tsunami bore 

situations where the long bore continues to force water against the back end of the deck 

after initial loading.  This type of pressure is also possible under solitary wave uplift, but 

predictably mitigated as a result of the nature of the wave.   

 The impact of slope angle on load magnitude was assessed by comparing 

probability distributions between slopes for identical amplitude intervals.  Three intervals 

were selected to sample results: the lowest amplitudes (4-6 cm), the middle amplitudes (8-

10 cm), and the largest amplitudes (12-14 cm).  Figures 5.28-5.30 provides the slope 

comparisons for these three intervals. 

 
Figure 5.28: Uplift pressure cumulative probability distribution functions for all waves between four and six 

centimetres, divided by slope angle 
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Figure 5.29: Uplift pressure cumulative probability distribution functions for all waves between eight and 

ten centimetres, divided by slope angle 

 
Figure 5.30: Uplift pressure cumulative probability distribution functions for all waves between 12 and 14 

cm, divided by slope angle 
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From the data collected, it is difficult to identify a particular trend in uplift pressure as a 

result of slope angle.  In a loose sense, lower slope angles tend towards lower uplift 

pressures, but there is not a clear, decisive decrease as the angle increases.  The loose trend 

is consistent with the findings of Chen et al. (2016) who discovered that in the case of a 

tsunami bore, angle was a factor in initial impact but not necessarily in steady state loads. 

   Given the confined channel, it was impossible to eliminate all impact resulting 

from wave reflections off the concrete and plastic walls.  The centred positioning of the 

transducers was intended to reduce the effects to the greatest degree possible.  Though 

reflective effects on the load magnitudes were still present, the magnitude of change 

resulting from this phenomenon is thought to be small as the main generated wave 

dominated the pressure profile.  At most, the reflection may have slightly skewed the peak 

magnitudes under the effects of constructive interference.  No studies appear to have been 

carried out that attempt to quantify the results of intrusion from wave reflection so the 

exact effects are difficult to determine.  

 

5.4 Comparison of Design Standard and Experimental Loads 

 To assess the consistency of load magnitudes from various sources as well as to 

define the best estimate to apply to the structural models, experimental results are 

compared in the following sections with each other and with the loading equations from 

the previously discussed design standards. 

 

5.4.1 Comparison Between Bore and Solitary Wave Uplift 

 The nature of a tsunami bore is fundamentally different from that of a solitary 

wave, hence the general inapplicability of simple wave loading to tsunami.  A solitary 

wave exerts only an instantaneous load, reminiscent of the initial impact of a tsunami bore, 

but does not include the subsequent sustained stage.  A sinusoidal wave consists of a peak 

which strikes the deck and is then followed by a trough which relieves the load whereas a 

tsunami bore is a continuous, elevated column of water which continually impacts the 

deck, hence the lack of an equivalent steady-state phase for the solitary wave.  Thus a 

direct comparison can only be drawn between that initial impact phase of tsunami loading 

for the bore and the solitary wave uplift.  Additionally, a couple of cases in particular were 

applicable for direct comparison based on the experimental setups and the ratio of bore 
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height to deck height versus solitary wave amplitude.  The comparative pressures are 

presented in Table 5.6. 

Table 5.6: Comparison of uplift pressures between tsunami bores and solitary waves for applicable cases 

Applicable Cases 

Bore Uplift Pressure 

(Pa) 

Solitary Wave 

Pressure – 90th 

Percentile (Pa) 
Bore Height 

Solitary Wave 

Amplitude 

Range 

21 cm 4 - 6 cm ~ 6,000 ~ 4,000 – 5000 Pa 

28 cm 6 – 8 cm ~ 10,000 ~ 5,000 – 6,000 Pa 

 

It is clear that in each of the above cases, the solitary wave uplift significantly 

underestimates the tsunami uplift and is not a reliable representation.  This discrepancy 

becomes even more notable when scaled up to estimate loading on prototype structures.  

Although solitary wave uplift may not be the best estimate for tsunami bore applications, it 

likely does bear implications for other situations such as storm surges or other sources of 

harbour wave excitation such as seiches.   

 

5.4.2 Comparison of Bore Related Uplift 

 Figure 5.31 provides a comparison between quantified pressure magnitudes for 

uplift loads from Chen et al. (2016), Kosa (2011), and FEMA (2012).   Chen et al.’s results 

applied specifically to pile supported wharf structures.  Conversely, the FEMA and Kosa 

equations are better suited to bridge structures which explains in part why there is some 

discrepancy between the results.  Regardless, Chen et al.’s results generally provide good 

agreement with FEMA, particularly within the relevant range of tsunami wave heights.  

Despite the differing scope of Kosa’s work, the low magnitudes are inconsistent with even 

the FEMA equation and so largely disregarded for the purpose of this research.  It should 

be noted that this comparison does not include the initial impact pressures identified in 

experimental testing, and instead focuses on the steady state magnitude of this 

experimental time series.  The uplift loads are presented as a function of bore height due 

the difficulty in predicting velocity for specific cases.  A general assumption of the 

application of shallow-water wave theory was utilized to present velocity as a simple 

function of depth.   While the steady-state phase of uplift loading is readily comparable 
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between different sources, those other than Chen et al. (2016) neither discuss nor estimate 

the initial impact phase and that phase cannot therefore be compared with other sources. 

 
Figure 5.31: Comparison between steady state uplift pressure magnitudes for a tsunami bore as quantified by 

various studies 

 

5.5 Application of Tsunami Loads 

Tsunami loads were applied in terms of a number of time series.  The wharf 

structures described in the previous section comprise several elements connected by nodes.  

At each node, a tsunami load time series was applied that consisted of both an initial peak 

impact and a sustained steady-state load, seen in Figure 5.32 (a) for the lead pile and 

Figure 5.32 (b) for each subsequent pile. The initial impact was first applied to the nodes 

farthest over the water, where the tsunami would theoretically strike first, represented by 

Figure 5.33 (a).  At those first nodes, the initial impact gave way to the steady-state load as 

the tsunami progressed while the initial impact was continuously applied to subsequent 

piles as shown in Figure 5.33 (b & c).  The same time series was applied to the rest of the 

structure, but was staggered to begin at a later time step to account for the travel time to 

each node.  This stagger was based on the theoretical velocity of the tsunami and the 

distance between the nodes.  This setup was chosen as a result of the short duration of the 
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tsunami’s initial impact and the difficulty in achieving convergence at larger step sizes.  

The result was a theoretical ten second duration of structure inundation which provided 

enough time for the entire structure to reach a steady-state loading distribution.  As both 

the lateral and vertical loads consist of impact and steady-state phases, similar procedures 

were used in their developments.   

 
Figure 5.32: Generic tsunami loading time series for first pile (a) and subsequent piles (b) 

 
Figure 5.33: Progression of tsunami loading time series.  Red arrows indicate initial impact and green 

arrows indicate steady state loads. 

 

5.6 Chapter Conclusions 

 Chapter 5 has presented a comprehensive examination of tsunami loading 

characteristics suggested by both existing design standards and original experimental 

research.  As the purpose of this research is ultimately to employ these characteristics to 

predict potential damage to wharf structures, it is necessary to re-examine the results and 
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explicitly determine what will be applied in the following sections.  As horizontal loads 

were neglected due to sufficient previous investigation, the equation used to calculate both 

steady state horizontal loads and horizontal wave slam were taken from FEMA (2012).  

Although there were several distinct approximations, Equations 5.5 and 5.8 are developed 

specifically for tsunami loads rather than regular wave loads, a characteristic that other 

approximations do not boast.  Based on the comparison between model tsunami bore uplift 

and solitary wave uplift, the latter is inapplicable when the topic of interest is tsunami 

loading.  The comparison between design standard defined uplift and experimental uplift 

from a tsunami bore revealed a reliable consistency between the two for the relevant range 

of wave heights.  Ultimately, the experimental values were employed in the modelling as 

their applicability is specifically to pile supported wharves and they include both initial 

impact and steady state phases.   
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Chapter 6: Wharf Models 

 

 

 Chapter 6 discusses the wharf models used in this research including their 

characteristics, development, and the results of the analyses in which they were used.  The 

ultimate goal of this segment is to determine damage states to various wharf typologies 

under tsunami loading.  While one critical piece of this analysis was discussed in Chapter 

5, the development of tsunami loading time series, the remainder are discussed in the 

following sections.  First is presented general characteristics of wharf infrastructure 

present in New Zealand ports which provide the inputs to the structural models 

themselves.  The second part discusses the methodology used to represent those 

characteristics within the models including the derivation of relevant material and soil 

parameters and the selection of element types most appropriate to represent the 

infrastructure.  Also discussed is the chosen structural model, OpenSees, or Open System 

for Earthquake Engineering Simulation (PEERC 1999).  Finally, a comprehensive 

discussion of the details and analysis of the model outputs is presented.  Resulting damage 

states to each structural typology are presented along with the method by which that 

damage is connected to specific ports.   

 

6.1  Existing Wharf Characteristics 

 In order to develop wharf models representative of those structures that presently 

exist in New Zealand, data was collated from port companies that details characteristics of 

their existing infrastructure.  As the specific details of individual wharves are considered 

commercially sensitive information, it is neither possible nor practical to model specific 

wharves.  Whether great or small, the variation between wharves both within and between 

ports necessitates a generalized approach.  The following sub-sections detail the 

parameters employed in the structural wharf models. 
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6.1.1 Geometry 

 The overwhelming majority of wharves in New Zealand are open-style pile-

supported wharves.  While solid fill and semi-solid fill wharves do exist in some limited 

number, they are largely confined to a few specific ports and do not represent the general 

infrastructure.  A typical cross section of an open-style pile-supported wharf is shown in 

Figure 6.1, displaying all common components. 

 
Figure 6.1: Typical pile-supported open-style wharf (Tsinker 2004) 

 The geometry of the representative geometric model consisted of six reinforced 

concrete piles, each 18 metres long (including below ground sections), topped by a pile 

cap and a deck.  In many modern wharves, pile caps are neglected and the piles extend 

directly into the deck, though this is not the case with many older structures.  The piles are 

separated by a distance of two metres, giving the structure a total breadth of ten metres.  

The piles are embedded into a shore slope at a 45 degree angle, a representative slope for 

New Zealand shores.  Pile bays (the distance between piles parallel to the shore), which 

were also considered in model development, typically ranges from six to ten metres at 

New Zealand ports. 
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6.1.2 Material Characteristics 

 Wharf structures in New Zealand consist primarily of reinforced concrete, 

particularly at large ports.  Many communities contain smaller, private or commercial 

wharves that service small vessels and local industries.  These smaller wharves are more 

likely to be constructed of timber which is not expected to perform well as reinforced 

concrete.  However, their potential performance is not within the scope of this research.  

Limited timber construction exists within New Zealand ports as does concrete-filled steel 

pipe piling.  However, these are rare and greatly outnumbered by more traditional 

reinforced concrete.  Thus the material models developed for this research consisted of 

reinforcing steel and concrete.  Details of the existing material properties in New Zealand 

wharves are difficult to obtain and not available in much of the port documentation.  Thus 

estimates were relied upon by examining historical design from the era of construction of 

various wharves when specific details were not available. 

Minimum concrete compressive strength has increased periodically in New 

Zealand concrete structures design standards and in practice.  Port documentation suggests 

that wharf structures from the earliest eras were designed with concrete based on 

compressive strengths of between 25.7 and 38.6 MPa.  This compressive strength is in line 

with the current minimum of 25.7 MPa and exceeds those of even the most recent 

revisions to the concrete structure design standards (NZS 2006).  As a conservative 

estimate, 25.7 MPa was generally applied to wharf models for older structures and 30 MPa 

was implemented for more recent structures. 

Additional considerations were made for the long term aging trends of concrete.  

Concrete is a material which experiences both short and long term changes to its properties 

upon curing.  It is generally accepted that the maximum substantial gain in compressive 

strength is experienced 28 days after curing, though it continues to improve in strength 

after that at a much slower rate.  As the structures examined have been in place for a long 

period of time, it is also necessary to consider the longer term trends in compressive 

strength.   

 Several studies have been carried out on trends in long term concrete strength.  

Washa and Wendt (1975) and Washa et al. (1989) performed a series of tests on concrete 

specimens of various ages which had been cured as early as 1910, showing that the 

concrete appeared to gain strength at a logarithmic rate until reaching an age of ten years.  



186 
 

After ten years, the trend either flattened or was slightly reversed due to deterioration of 

the concrete or corrosion of the steel reinforcement.  MacGregor (1983) used this study to 

formulate a relationship for the concrete compressive strength as a function of age.  For 

concrete specimens with a mean 28 day compressive strength of 292.7 kg/cm2 (28.7 MPa), 

the relationship is shown in Equation 6.1 in units of kg/cm2. 

𝑓′
𝑐
(𝑡) =  {

158.5 + 40.3 ln(𝑡) … … … … 𝑓𝑜𝑟 𝑡 < 10 𝑦𝑒𝑎𝑟𝑠
489 … … … … 𝑓𝑜𝑟 𝑡 ≥ 10 𝑦𝑒𝑎𝑟𝑠

 (Eq. 6.1) 

• f’c = Concrete compressive Strength 

• t = time 

 The New Zealand Society of Earthquake Engineering (NZSEE) (2006) utilized a 

series of studies on the 30 year strength of specimens taken from various reinforced 

concrete structures.  Specimens collected from a number of 30-year-old bridges in 

California consistently showed compressive strengths approximately two times the 

originally specified 28 day value (Priestley 1995).  Samples taken from concrete columns 

of the Thorndon overbridge in Wellington showed a compressive strength of 2.3 times the 

initial 27.5 MPa value (Park 1996).  Finally, concrete samples from a collapsed column of 

the elevated Hanshin Expressway in Kobe, Japan, showed a compressive strength of 1.8 

times the initial 28 day value (Park 1996, Presland 1999).  Based on the results of these 

studies, NZSEE recommends a conservative value of 1.5 times the 28 day compressive 

strength be adopted for the purposes of modelling.  All of the wharf infrastructure that 

would be represented by the models developed for this research is more than ten years old.  

Much of the infrastructure dates back to the 1960s, 1970s, and 1980s.  Therefore, based on 

the finding that concrete strength is at an approximate maximum after 10 years, the same 

modification factor would apply to all time periods defined herein.   

The New Zealand steel reinforcement design standard has been updated several 

times, including in 1963, 1975, and 1989.  Infrastructure built prior to 1962 is more 

difficult to assess, though it has been suggested that grade 227 steel is generally a 

reasonable assumption (NZSEE 2006).  In 1962, the specified minimum yield strength for 

steel reinforcement was 227 MPa (NZS 1962) but this was increased to 275 MPa in an 

amendment to the same standard.  A further modification was introduced in 1964 which 

introduced grade 414 steel for construction that would be required to withstand greater 

seismic loads (NZS 1964).  Since that time, two grades of steel have been consistently 

specified in New Zealand steel reinforcement design standards.   From 1975 until 1989, 
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the two steels in use were grades 275 and 380 (NZS 1975) and from 1989 until 2001 were 

300 and 430 (NZS 1989).  Since 2001, the New Zealand steel reinforcement design 

standard has specified two grades, 300E and 500E (AS/NZS 2001).  Note that the “E” 

simply indicates the ductility class.  Other ductility classes are generally meant for use in 

Australia where the seismicity is lower.  In site tests, recorded yield strengths have 

generally been higher than their specified values (Chapman 1991).  In the case of the 

Thorndon Overbridge, a structure from the 1960s, the mean yield strength of tested 

samples was 318 MPa (Presland 1999).  Thus the specified values likely represent a 

conservative estimate.  NZSEE (2006) suggests that for the purposes of modelling, a 1.08 

modification factor should be applied to lower characteristic values. 

 

6.1.3 Section Properties 

Pile section properties, which collectively consist of materials, rebar layout and 

dimensions, and shape and dimensions of the section, vary greatly throughout New 

Zealand presently and historically.  All of these characteristics have changed over time and 

while there has been great variation at any particular time, some designs have proven more 

representative of certain eras.  Design variations have occurred for many reasons though 

one governing factor is advancement in seismic design and knowledge of New Zealand’s 

seismicity.  Five pile section types were ultimately tested: one representative section for 

the period prior to 1963 and two sections each for the periods 1963 to 1989 and 1989 to 

2001, one for low seismicity regions and one for high seismicity regions.  As two steel 

reinforcement grades were available upon the introduction of higher grade steel in 1964, 

those sections pertaining to regions of higher seismicity employ this higher grade steel 

whereas those pertaining to regions of relatively low seismicity employ the lower grade.  

Furthermore, both square and circular piles are common and so variations of both section 

shapes were developed.  Finally, transverse reinforcement was carefully considered as this 

would play a large role in the performance of piles.  The spacing and diameter of 

transverse reinforcement were ascertained for each era from construction drawings which 

granted sufficient detail, though material properties ultimately relied on the same 

estimations as for lateral reinforcement.  To evaluate the comparative performance of each 

of these sections, a simple moment curvature analysis was performed in OpenSees, the 

results of which are presented in Figure 6.2 for square piles and Figure 6.3 for circular 
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piles.  Table 6.1 summarizes the material characteristics of the pile sections from each era.  

Note that the material values specified include the modification factors outlined earlier. 

 
Figure 6.2: Results of moment curvature analysis for square pile sections representing various eras and 

designs for different seismicity zones 

  
Figure 6.3: Results of moment curvature analysis for circular pile sections representing various eras and 

designs for different seismicity zones 
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Table 6.1: Time periods and governing material strength parameters 

Time Period 

Yield Strength for 

Low Seismicity 

(MPa) 

Yield Strength for 

High Seismicity 

(MPa) 

Concrete 

Compressive 

Strength (MPa) 

Prior to 1963 245 - 41.25 

1963 to 1989 297 414 41.25 

1989 to 2001 324 430 45 

 

6.1.4 Soil Characteristics 

Geotechnical site investigation data was collated from nearly every major port in 

New Zealand to characterise typical soils encountered in a New Zealand context. Not 

surprisingly, results suggested not only significant variation in soil properties between 

ports, but within ports as well.  To provide a simple representation of the effect of different 

soil profiles on the performance of wharves, four single-layered soil profiles were defined 

to represent loose sand, dense sand, soft clay, and stiff clay. In reality layered soils are 

evident at these locations, however as the response is dominated by the soil profiles along 

the pile lengths this simplification is deemed appropriate. Properties of each of the soil 

types were defined based on the aforementioned site investigation data and are 

summarized in Table 6.2. 

Table 6.2: Summary of soil properties for simplified soil profiles 

 Loose Sand Dense Sand Soft Clay Stiff Clay 

Saturated Unit 

Weight 

(kN/m3) 

1.75 2.15 1.4 2.0 

     

Angle of 

Internal 

Friction 

30 45 - - 

     

Undrained 

Shear Strength 

(kPa) 

- - 50 150 

 

6.1.5 Lateral Resistance 

 Lateral resistance is addressed explicitly in wharf design through a number of 

methods.  The most common of these are raked piles (also called batter piles) or tieback 

anchors.  In some limited cases, these designs are excluded and the frame itself of a pile-

supported wharf serves to resist lateral loads, but this is typically only the case in zones of 



190 
 

low seismicity.  In other instances, lateral resistance practices serve to resist seismic loads, 

berthing loads (in conjunction with fender systems), and other horizontal loads, or to 

provide a restraining force on the wharf.   

 The most common type of resistance mechanism in New Zealand is a tieback or 

dead-man anchor where the back of the wharf is connected to a buried mass through a steel 

strand that restrains lateral motion through soil resistance.  Soil is generally supported by a 

retaining wall at the back of the wharf.   

 Contrary to the anchors, a raked pile may serve better to resist tsunami loading.  

However, the use of raked piles in New Zealand is far less common and so representing 

existing infrastructure in the most general sense requires their omission.  From a design 

perspective, the usefulness of evaluating raked piles is limited as well since they are not 

implemented in new wharves due to their poor performance under seismic loading.  

Although it will be discussed in more detail in Section 6.5, the dominance of axial stresses 

throughout the structures also mitigates the effectiveness of lateral resistance mechanisms 

in general for resisting tsunami loads. 

 

6.2 Development of Wharf Models 

Structural wharf models used in the damage state analysis were developed in 

OpenSees, an open-source nonlinear structural analysis framework built on the TCL 

programming language (Tool Command Language).  A two-dimensional model was used 

in this analysis, as the form of an open-style wharf repeats itself (in bays) along the 

shoreline. By assuming propagation of the tsunami bore in line with each bay of the wharf, 

a single line of piles perpendicular to the shoreline was modelled. A two-dimensional 

model only allows for examination of stresses and application of loads horizontally and 

vertically, but not out of plane.  Figure 6.4 depicts the generic wharf model employed in 

this research with some key details highlighted which will be discussed in more detail in 

the following sections. 
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Figure 6.4: Details of representative wharf model employed in this research with dimensions and details of 

elements, connections, and foundation model which are discussed in the following sections 

 

6.2.1 Elements 

Beams, piles, and girders are modelled using a force (nonlinear) beam-column.  

These types of beam-columns consider the spread of plasticity throughout the entire 

element via a predefined number of integration points along the element’s length rather 

than concentrating deformations at the member’s ends.  This method of calculating 

plasticity is shown in Figure 6.5 (d) which depicts the integration points along the element.  

The number of integration points used in all analyses is five.  
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Figure 6.5: Various methods of modelling plasticity in beam-column elements (Deierlein et al. 2010) 

 

6.2.2 Pile Sections 

Several section options are predefined and the most applicable is a simple fibre 

sections through which a reinforced concrete pile may be easily defined.  A base layer of 

concrete patches is first defined over which reinforcing strands are laid.  The base layer 

may consist of either rectangular or circular segments, both of which were used in this 

research.  OpenSees further provides section aggregator functions which permit the user to 

represent additional force-deformation models for a predefined section based on a material 

model.  Section aggregators were used to define the shear behaviour of the pile sections 

which is not accounted for in the initial fibre section using an elastic perfectly-plastic 

material model in which the stress and strain increase linearly until the point of failure.  

The elastic phase of the model was based on the theoretical shear modulus of the section 

which is a function of the elastic modulus and Poisson ratio, while the shear capacity 

defined the stress at which shear failure occurred.  Initially, this model was applied based 

on the concrete parameters alone which is conservative and would indicate the point at 

which shear cracking commenced in the section.  As shear cracks develop, the rigidity of 

the section is reduced and thus a perfectly elastic representation would not be appropriate 

as shear increases.  Rather, a multilinear material would be necessary to indicate the 

reduction in the shear modulus.  However, initial results indicated shear failed to approach 

the point of initial cracking and thus the elastic perfectly-plastic model was maintained for 

a simplified representation of the shear as the later phases played no role.   

 

6.2.3 Connections 

Many wharves contain extended strand moment resisting connections where 

reinforcing strands extend from the pile and into the pile cap or deck.  This connection 
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type was implemented as a series of zero length members with assigned material 

characteristics equivalent to the reinforcing steel.  Since the steel is the material providing 

the connection and the majority of elevated tension would be carried by steel, this was 

deemed an appropriate representation.  Zero-length members are implemented by placing 

multiple nodes in the same location and connecting them to different elements.  In this 

case, up to three nodes were defined for one point and attached to a pile, pile cap, and deck 

element respectively.  The zero-length elements are then placed between these nodes 

which would deform and ultimately fracture under the internal stresses.   

 

6.2.4 Representation of Lateral Resistance 

 As was discussed in Section 6.1.4, the primary means of resisting lateral loads in 

New Zealand wharves is through dead-man or tieback anchors which are not ideal for 

resisting tsunami loads.  Tsunami loading is of a different nature than seismic and is not 

likely to be resisted by an anchor.  Whereas seismic loading is cyclical, tsunami loading is 

sustained and, in the case of a wharf mounted parallel to the coastline, acts to compress the 

structure against the coastline.  This directional loading is irrelevant to the primary purpose 

of the anchor and as the anchors are generally connected to the structure by a cable the 

proportion of the compressive force absorbed would be negligible.  Whereas raked piles 

may absorb some additional lateral loading, strong, sustained compressive loads are not 

likely to be greatly impacted by anchors.  Thus the load is transferred to the soil by the 

base of the piles or at the back end of the wharf.  Pile-soil interaction was modelled via a 

P-y approach which is discussed in Section 6.4.  The back end of the wharf was fixed 

which represents the likely lack of movement and ultimate transfer of loads to this point.  

The coast to which the wharf is connected is unlikely to compress to a great degree given 

the confined soil, retaining wall, and concrete or asphalt construction facilitating various 

infrastructure over the soil which is common in any port environment. 

 

6.3 Material Characteristics 

 Appropriate concrete and steel models were carefully chosen and employed in each 

structural typology.  The following sections provide details regarding the development of 

parameters required to define material models. 
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6.3.1 Concrete 

The OpenSees concrete model chosen for use in this research was Concrete04: 

Popovics Concrete Model (Popovics 1973).  This concrete model is characterized by the 

compressive response curve shown in Figure 6.6.   

 
Figure 6.6: Compressive response of Popovics concrete material 

The tensile response curve associated with this material model is not based on Popovics 

numerical model, which accounts for only the compressive response.  Rather, the tensile 

response consists of a linear relationship until the point of yield within the concrete after 

which the strength decays exponentially to the point of failure. This relationship is shown 

in Figure 6.7.  The specific parameters required to define and implement this material 

model are discussed in detail in the following sections. 

 
Figure 6.7: Tensile response of Popovics concrete material 

 Compressive strength is the governing parameter for most concrete material 

models.  As concrete is strong in compression and thus used specifically to resist 
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compressive stresses, the compressive side of the stress strain curve is carefully defined 

whereas the tensile side is estimated based on the compressive parameters.  In some 

design, tensile strength of concrete is disregarded completely, though Popovics model does 

incorporate a tensile stress-strain relationship. 

 The other concrete parameters required to define Popovics concrete model are the 

strain at the compressive strength, the strain at the crushing strength, and the initial elastic 

modulus.  Popovics (1973) suggests a numerical estimate for the strain at compressive 

strength is Equation 6.2.  

𝜀𝑐 = 𝑘𝑐 ∗ 10−4 ∗ √𝑓′
𝑐

4  (𝑖𝑛 𝑝𝑠𝑖) (Eq. 6.2) 

• εc = Strain at concrete compressive strength 

• kc = Concrete coefficient based on aggregate type and testing method 

Popovics estimated that, based on experimental tests, a fair approximation for the 

coefficient, kc, is 2.7.   

 Concrete strain at crushing strength is more difficult to estimate, but generally falls 

between values of 0.003 and 0.004.  A value of 0.003 is recommended by the American 

Concrete Institute as a conservative estimate and is generally acceptable for all but the 

highest strength concretes, those with compressive strengths exceeding 55.2 MPa 

(McCormac & Brown 2014).  For the purpose of this research, the conservative value of 

0.003 was used. 

 The final parameter, the elastic modulus is also derived from Popovics (1973). 

Popovics derived the formula given in Equation 6.3 for the initial elastic modulus. 

𝐸𝑐 =
104

𝑘𝑐
∗

𝑓′𝑐+2,500

√𝑓′𝑐
4  (Eq. 6.3) 

• Ec = Initial elastic modulus of concrete 

This approximation fits well with the traditional empirical formula, shown in Equation 6.4, 

provided the concrete bears a compressive strength between 13.8 and 68.9 MPa.   

𝐸𝑐 = 𝐾𝑐√𝑓′𝑐 (Eq. 6.4) 

• Kc = Concrete coefficient 

For the purpose of this research, Popovics estimation is employed. 
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 Though not required in the definition of the material model, the modulus of rupture 

is relevant to the analysis of the concrete damage state.  The modulus of rupture is another 

term for the concrete specimen’s flexural strength, or the stress induced just before flexural 

failure (tension cracking) occurs.  New Zealand’s reinforced concrete design standard 

specifies that the mean modulus of rupture to be used is given in Equation 6.5 (NZS 2006).  

Note that the coefficient λ is generally taken as 1.0 for normal weight concrete. 

𝑓𝑟 = 0.6𝜆√𝑓′𝑐 (Eq. 6.5) 

• fr = Concrete modulus of rupture 

• λ = Concrete coefficient based on concrete mix. 1.0 for normal weight concrete. 

 

6.3.2 Confined Concrete Model 

Rather than directly modelling the transverse reinforcement, a common modelling 

technique is to utilize a confined concrete model to represent the increased strength of the 

core concrete as a result of the steel confinement.  Mander (1988a) developed a numerical 

model to represent the confined concrete effect of transverse reinforcement and verified it 

through a series of experimental tests (Mander 1988b).  Mander’s confined concrete model 

will be used to represent transverse reinforcement in this study.  Figure 6.8 shows the 

comparison in response between a typical unconfined concrete and a confined concrete 

based on Mander’s model. 

 
Figure 6.8: Confined verses unconfined concrete response curves (Mander 1988a) 
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 Defining a confined concrete model requires a number of parameters related to the 

section geometrical properties, the reinforcement layout, the material properties of the steel 

reinforcement, and material properties of the cover concrete.  Rectangular sections are 

defined using a slightly different procedure than circular sections and both are examined 

here since both are relevant to this study.  In both cases, the effective lateral confining 

stresses are defined and used to calculate the confined compressive strength.  For a circular 

section, the confining stresses are uniform whereas they may vary for a rectangular 

section.  Because a symmetric square section is applied to the wharf structures, the lateral 

confining stresses are, in this application, uniform for both sections.  However, the 

definition of the compressive strength is still different.  Note that the procedures defined 

here are for specific types of transverse reinforcement, namely for closed stirrups for a 

square section and hoops for a circular section.  Therefore, it would likely require 

modification if it were to be applied to other sections.   

 For a rectangular section, the lateral confining stresses are defined for each lateral 

direction by Equations 6.6 and 6.7.  For a circular section, the procedure is the same, with 

the pressure in only a single direction required due to the symmetric confinement. 

𝑓𝑙𝑥 =  
𝐴𝑠

𝑠𝑐𝑑𝑐𝑐
𝑓𝑦 =  𝑝𝑐𝑥𝑓𝑦 (Eq. 6.6) 

𝑓𝑙𝑦 =  
𝐴𝑠

𝑠𝑐𝑏𝑐𝑐
𝑓𝑦 =  𝑝𝑐𝑦𝑓𝑦 (Eq. 6.7) 

• flx = Lateral confining pressure in the x-direction 

• fly = Lateral confining pressure in the y-direction 

• As = Area of transverse reinforcement bar 

• sc = Distance between spirals or hoop bars 

•  bcc = Breadth of confined concrete core to centreline of transverse reinforcement 

•  dcc = Depth of confined concrete core to centreline of transverse reinforcement 

• fy = Steel yield strength 

As the confining pressure is only fully exerted on part of the confined core, a coefficient is 

introduced so that the effective lateral confining pressures are defined by Equation 6.8 and 

6.9. 

𝑓′𝑙𝑥 =  𝑘𝑒𝑝𝑐𝑥𝑓𝑦 (Eq. 6.8) 
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𝑓′𝑙𝑦 =  𝑘𝑒𝑝𝑐𝑦𝑓𝑦 (Eq. 6.9) 

• f’lx = Effective lateral confining pressure in the x-direction 

• f’ly = Effective lateral confining pressure in the y-direction 

• ke = Confinement effectiveness coefficient 

• pcx = Confined concrete parameter defined in Equation 6.6 

• pcy = Confined concrete parameter defined in Equation 6.7 

The coefficient ke is a confinement effectiveness coefficient and is defined by Equation 

6.10. 

𝑘𝑒 =
𝐴𝑒

𝐴𝑐𝑐
 (Eq. 6.10) 

• Ae = Area of the effectively confined concrete core 

• Acc = Area of confined concrete within the centreline of transverse reinforcement 

Regardless of the shape of the concrete cross section, the confinement effectiveness 

coefficient is calculated based on two variables: Ae, the area of the effectively confined 

concrete core, and Acc, the area of the confined concrete within the centreline of the 

transverse reinforcement.  The definition of these areas is dependent on both the shape of 

the cross section and the type of reinforcement utilized.  Equations 6.11 and 6.12 give the 

confinement effectiveness coefficients as defined for closed square stirrups and circular 

hoops respectively (Mander 1988a). 

𝑘𝑒,𝑠𝑡𝑖𝑟𝑟𝑢𝑝 =  
(1−∑

(𝑤′𝑖)
2

6𝑏𝑐𝑐𝑑𝑐𝑐

𝑛
𝑖=1 )(1−

𝑠𝑐′

2𝑏𝑐𝑐
)(1−

𝑠𝑐′

2𝑑𝑐𝑐
)

1−𝑝𝑐𝑐
 (Eq. 6.11) 

𝑘𝑒,ℎ𝑜𝑜𝑝 =
(1−

𝑠𝑐′

2𝑑𝑐𝑐
)

2

1−𝑝𝑐𝑐
 (Eq. 6.12) 

• w’ = Lateral spacing of longitudinal bars in rectangular section 

• sc’ = Clear distance between spirals or hoop bars in which arching action of concrete develops 

• pcc = Ratio of area of longitudinal steel bars to area of confined concrete core 

Finally, with the effective confinement stresses known, the effective compressive strength 

of the confined core, f’cc is taken from Figure 6.9. 
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Figure 6.9: Confined Concrete Strength in Terms of Effective Lateral Confinement Stresses (Mander 1988a) 

For a circular section, Equation 6.13 is used to calculate the confined concrete compressive 

strength. 

𝑓′𝑐𝑐 =  𝑓′𝑐 (−1.254 + 2.254√1 +
7.94𝑓′

𝑙

𝑓′
𝑐

− 2
𝑓′𝑙

𝑓′𝑐
) (Eq. 6.13) 

• f’cc = Compressive strength of confined concrete 

• f’l = Effective lateral confining pressure on confined concrete 

The concrete strain corresponding to the confined compressive strength is further 

defined by Mander (1988a) via Equation 6.14. 

𝜀𝑐𝑐 =  𝜀𝑐 [1 + 5 (
𝑓′𝑐𝑐

𝑓′𝑐
− 1)] (Eq. 6.14) 

• εcc = Compressive strain of confined concrete 

Scott (1982) defines the ultimate strain of confined concrete as the strain at which the first 

hoop fracture occurs, thus indicating the end of the useful life of the confinement due to a 

release of the lateral confining pressure.  Scott thus defines the ultimate strain as Equation 

6.15. 

𝜀𝑐𝑢 = 0.004 + 0.9𝜌𝑠
𝑓𝑦

300
 (Eq. 6.15) 

• εcu = Ultimate strain of confined concrete 
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6.3.3 Steel 

The steel model chosen for use in this research is the Dodd-Restrepo steel 

reinforcement model.  Dodd-Restrepo is a simple steel model comprising an elastic phase 

which, upon yielding, is followed by strain hardening, culminating in fracture at the 

ultimate tensile stress (Dodd & Restrepo-Posada 1995).  This behaviour and the entire 

stress-strain curve is summarized in Figure 6.10.  The elastic phase is described by a 

simple standard relationship shown in Equation 6.16. 

𝜎 = 𝐸𝑆𝜀 (Eq. 6.16) 

• σ = Stress 

• Es = Elastic modulus of steel 

• ε = Strain 

The strain hardening behaviour of steel is more complicated and has been the subject of 

extensive study.  Implemented within the Dodd-Restrepo model is a modified version of 

the power relationship suggested by Mander (1983).  The resulting complex relationship 

describing the strain-hardening region is shown in Equation 6.17. 

𝑓′
𝑠

= 𝑠𝑑[𝑓𝑆𝐻 + 𝑓𝑢
∗(𝜀𝑢 + 𝜀𝑆𝐻) − 𝑓𝑢] {

𝜀𝑢 − 𝑠𝑑[𝜀′
𝑠 − 𝜀′

𝑜(𝑘)]

𝜀𝑢 − 𝜀𝑆𝐻
}

𝑃

 

−𝑓𝑢
∗{𝑠𝑑𝜀𝑢 − [𝜀′𝑠 − 𝜀′𝑜(𝑘)]} + 𝑠𝑑𝑓𝑢 (Eq. 6.17) 

• f’s = Stress within strain hardening region of steel 

• sd = Direction coefficient: +1.0 for tensile strain, -1.0 for compressive strain 

• fSH = Stress at which strain hardening curve begins 

• fu = Steel ultimate tensile strength 

• fu* = Slope of stress-strain curve at fu 

• εu = Ultimate tensile strain of steel 

• εSH = Strain corresponding with fSH 

• ε’s = Strain corresponding with f’s 

• ε’o(k) = “Shift” strain which is zero for monotonic loading 

The power, P, is calculated via Equation 6.18. 

𝑃 =  
log[

𝑓𝑆𝐻𝐼+𝑓𝑢
∗(𝜀𝑢−𝜀𝑆𝐻𝐼)−𝑓𝑢

𝑓𝑆𝐻+𝑓𝑢
∗(𝜀𝑢−𝜀𝑆𝐻)−𝑓𝑢

]

log(
𝜀𝑢−𝜀𝑆𝐻𝐼
𝜀𝑢−𝜀𝑆𝐻

)
 (Eq. 6.18) 

• fSHI = Stress for additional point on strain hardening curve of steel 

• εSHI = Strain corresponding with fSHI 
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Figure 6.10: Response Curve for Reinforcing Steel Model 

 Yield strength is the governing parameter in defining a steel model and the 

applicable yield strengths in this research are discussed in Section 6.1.2. The elastic 

modulus of steel is not entirely dependent on the strength and generally varies between 

190 and 210 GPa.  Most studies as well as the Eurocodes and AISC standards adopt values 

of approximately 200 GPa for structural steel.  AS/NZS 4671 does not specify an elastic 

modulus for the various grades. 

 Lim (1991) in conjunction with Pacific Steel Ltd. presented a series of statistical 

results detailing steel characteristics from a large set of experimental tests.  Two steel 

grades, 300 and 430 were tested as those were the two primary steel grades employed in 

reinforced concrete design at the time.  Lim found that the ratio of the ultimate tensile 

strength to the yield strength varied from 1.15 to 1.50.  This coincides with the 

requirement in AS/NZS 4671 which requires a Fu/Fy ratio of 1.15-1.50 and 1.15-1.40 for 

300E and 500E steels respectively.  

 Lim also tested the Luder strain for each steel specimen, which is relevant to 

defining the point at which the strain hardening curve begins. Lim found the mean percent 

Luder strain for grades 300 and 430 steel were 2.0 and 1.3 respectively.  This is consistent 

with the fact that higher strength, higher carbon steel generally comprises a lower Luder 

strain.  Previously, the mean Luder strains for grades 275 and 380 steel were 

approximately 2.2 and 0.9% respectively.   
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 Finally, Lim derives the strain hardening rate, the initial slope of the strain 

hardening curve, based on two parameters he calls the strain hardening coefficient, kSH, 

and exponent, nSH, respectively.  The strain hardening rate is then calculated based on 

Equation 6.19, which is derived from the initial form of the strain hardening curve, show 

in Equation 6.20. 

𝐸𝑆𝐻 =
𝑑𝜎

𝑑
= 𝑛𝑆𝐻𝑘𝑆𝐻(𝜀)𝑛𝑆𝐻−1 (Eq. 6.19) 

𝜎 = 𝑘𝑆𝐻𝜀𝑛𝑆𝐻  (Eq. 6.20) 

• ESH = Slope of stress-strain curve at onset of strain hardening 

• nSH = Strain hardening exponent 

• kSH = Strain hardening coefficient 

Lim found the strain hardening rates for grades 300 and 430 steel based on mean strain 

hardening coefficient and exponent values.  These values were compared to previous steel 

characteristics and are summarized in Table 6.3. 

Table 6.3: Strain Hardening Rates for Various Steel Grades (Lim 1991) 

Time Period Grade Strain Hardening Rate (MPa) 

1975-1989 
275 5266 

380 8979 

1989-2001 
300 4587 

430 7099 

 

Lim speculates that the difference in the strain hardening rates are a result of variations in 

the method of calculating the value as steel of similar chemical composition should have a 

similar strain hardening rate.  The remaining values required for the definition of the 

Dodd-Restrepo model can be derived from the experimental strain hardening coefficient 

and exponent.  

 

6.4 Soil Characteristics 

 For this research, a soil spring model was adopted which represented the response 

fo the soil surrounding the piles.  This model can be easily implemented into OpenSees via 

the uniaxial materials PySimple1, TzSimple1, and QzSimple1.  A P-y model is used to 

represent lateral soil resistance and can be defined by calculating the ultimate lateral soil 

resistance, Pult, and the displacement at 50 percent of Pult, y50.  The lateral soil response is 

based either on the Matlock (1970) curve for soft clay or the API (2003) curve for sand 
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depending on the user’s need.  The T-z and Q-z models are vertical soil resistance models, 

representing side friction of the pile and soil bearing at the end of the pile respectively.  

Both are defined in a similar manner to that of the P-y curve though the T-z response is 

based on Reese and O’Neill’s (1999) relationship for soft clay and Mosher’s (1984) 

relationship for sand while the Q-z response is based on Reese and O’Neill’s (1999) 

relationship for soft clay and Vijayvergiya's (1977) relationship for sand.  The 

implementation of the P-y, T-z, and Q-z soil models into the structural model is shown in 

Figure 6.4.  The definition of the soil resistance and the displacement for each respective 

soil type is described in detail in the following sections.  It should be noted that the 

ultimate resistance factors in design are generally taken as stresses.  For implementation in 

OpenSees, these must be converted to loads by multiplying by either the pile or pile tip 

area. 

 

6.4.1 Modelling of Clay Soils 

 The clay P-y soil model implemented in OpenSees is largely based on the 

relationship developed by Matlock (1970).  Matlock found that the ultimate resistance, Pult, 

could be estimated based on Equation 6.21.  The resistance coefficient, NP, is calculated 

from a combination of the resistance at the surface, the depth and overburden pressure, and 

a third term signifying a geometrically-related restraint.  This coefficient is defined via 

Equation 6.22.  

𝑝𝑢𝑙𝑡 = 𝑁𝑃𝑐𝑑𝑝 (Eq. 6.21) 

𝑁𝑃 = 3 +
𝜎𝑥

𝑐
+ 𝐽

𝑥

𝑑𝑝
 (Eq. 6.22) 

• pult = Ultimate soil resistance 

• Np = Resistance coefficient for clay soils 

• c = Undrained shear strength 

• dp = Pile diameter or width 

• σx = Soil overburden pressure 

• J = Dimensionless empirical constant with values ranging from 0.25 to 0.5 having been determined 

by field testing 

• x = Depth below soil surface 

Although Matlock employs a value of three as the resistance at the surface, he states that 

that value may range from two to four depending on the geometry of the pile, three being 

meant for a cylindrical shape.  He further states that the maximum value of the coefficient, 

NP, at great depth should be nine, even if Equation 6.23 would indicate a higher value.  
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The displacement under a given soil pressure can be obtained from the experimental 

curves that Matlock developed.  Equation 6.23 describes the displacement at 50% of the 

ultimate soil resistance, y50. 

𝑦50 = 2.5𝜀50𝑑𝑝 (Eq. 6.23) 

• y50 = Lateral soil displacement at 50% of pult 

• ε50 = Strain at 50% of pult 

In general, ε50 should be determined experimentally.  In a situation where it cannot be, 

Matlock suggests the value generally falls between 0.005 and 0.020.  A value of 0.010 is 

acceptable for most purposes.   

 Both vertical soil resistance factors, T-z and Q-z, are derived from the work of 

Reese and O’Neill (1999). Base resistance, or soil bearing, is represented by a Q-z material 

model.  Like the lateral P-y model, the ultimate base resistance, qult, and the displacement 

at 50% of qult must be defined.  Reese and O’Neill (1999) suggest that the method of 

calculating qult for a cohesive soil depends on the shear strength and the depth of the base 

below ground-level.  These relationships are summarized in Table 6.4.  

Table 6.4: Calculation of qult for sandy soil 

Shear Strength (kPa) Depth qult 

≥ 96 ≥ 3dp = 9𝑐 

< 96 ≥ 3dp =
4

3
[ln(𝐼𝑅 + 1)] ∗ 𝑐 = 𝑁∗

𝑐 ∗ 𝑐 

Any < 3dp =
2

3
[1 + (

1

6
) (

𝑑𝑝

𝑏𝑝
)] ∗ 𝑁∗

𝑐 ∗ 𝑐 

 

• qult = Ultimate base resistance at tip of pile 

• IR = Rigidity index 

• bp = Breadth of pile section 

• N*c = Coefficient for calculating qult 

For the ease of calculation, Reese and O’Neill provide some values for the coefficient N*
c 

and suggest interpolation for other stiffness or shear strength characteristics.  These values 

are summarised in Table 6.5. 

Table 6.5: Suggested Values of Coefficient N*
c 

Undrained Shear Strength IR ( = ESoil / 3c) N*
c 

24 kPa 50 6.5 

48 kPa 150 8.0 

≥ 96 kPa 250 - 300 9.0 
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• Esoil = Elastic modulus of soil 

Note that in the case of pure uplift, the effective end bearing would be zero.  While the 

wharf structure is subjected to significant uplift loads, the complexity arising from the 

combined vertical and lateral loads will likely result in a situation where the end bearing 

must be considered. 

Reese and O’Neill further describe the method for defining the ultimate side 

resistance, or side friction, for a pile driven into cohesive soil layers.  The ultimate side 

resistance is given in Equation 6.24 and is simply a function of the soil shear strength and 

a dimensionless coefficient.  

𝑡𝑢𝑙𝑡 = 𝛼 ∗ 𝑐 (Eq. 6.24) 

• tult = Ultimate soil side resistance on pile 

The values of the dimensionless coefficient, α, are described in Table 6.6. 

Table 6.6: Determination of Coefficient α 

Value of α Condition 

0 

Between ground surface and a depth of 1.5 

metres of depth of seasonal moisture 

change, whichever is deeper 

  

0 
For a distance dp (width or diameter of pile) 

above the base 

  

0.55 

Elsewhere for c/pa ≤ 1.5, or varying linearly 

between 0.55 and 0.45 for c/pa  between 1.5 

and 2.5 

• pa = Atmospheric pressure 

The displacements at 50% of tult and qult respectively are obtained from the “load transfer” 

curves shown in Figures 6.11 and 6.12 and reproduced from Reese and O’Neill. 
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Figure 6.11: Load transfer curve for pile side friction (Reese & O’Neill 1999) 

 
Figure 6.12: Load transfer curve for pile end bearing (Reese & O’Neill 1999) 
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6.4.2 Modelling of Sand Soils 

 The procedure for defining sandy soil parameters is similar to that of clay soil.  

Like the clay soil, the ultimate resistance must be defined as well as the displacement at 

50% of ultimate resistance for the lateral pressure, the soil bearing, and the side friction.  

The governing equations that define the p-y curve for sandy soil is presented in API 

(2003).  Two separate relationships exist for the purpose of calculating the ultimate lateral 

resistance, one at shallow depth and one at a greater depth.  There is no explicit separation 

between “shallow” and “deep” for this purpose and API recommends using whichever 

relationship provides the lower value.  These two relationships for the ultimate lateral 

capacity are given in Equations 6.25 and 6.26.   

𝑝𝑢𝑙𝑡,𝑠 = (𝐶1𝑥 + 𝐶2𝑑𝑝)𝛾𝑠𝑥 (Eq. 6.25) 

𝑝𝑢𝑙𝑡,𝑑 = 𝐶3𝑥𝛾𝑠𝑑𝑝 (Eq. 6.26) 

• C1, C2, C3 = Coefficients based on angle of internal friction 

• γs = Unit weight of soil 

The coefficients, C1, C2, and C3, are taken from Figure 6.13. 

 
Figure 6.13: Evaluation of constants C1, C2, and C3 (API 2003) 
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In the absence of experimental data, the p-y curve at a specific depth, x, can be assumed to 

follow the form of Equation 6.27.  

𝑃 = 𝐴𝑝𝑢𝑙𝑡 tanh [
𝑘𝑟𝑥

𝐴𝑝𝑢𝑙𝑡
𝑦] (Eq. 6.27) 

• P = Lateral soil resistance 

• A = Coefficient depending on cyclic or static loading, = 0.9 for cyclic loading or, = (3.0-0.8(x/dp)) ≥ 

0.9 for static loading 

• kr = Initial modulus of subgrade reaction 

• y = Lateral soil displacement 

The modulus of subgrade reaction, kr, is a function the angle of internal friction and can be 

determined from Figure 6.14 where it is denoted k. 

 
Figure 6.14: Evaluation of modulus of subgrade reaction, k (API 2003) 

 Soil resistance pertaining to an axially loaded pile is described in detail by 

Kulhawy (1991).  For a drained condition (granular soil), the total side friction acting on 

the pile is given in Equation 6.28. 
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𝑡𝑢𝑙𝑡,𝑡 = 𝜋𝑑𝑝
𝐾

𝐾𝑜
∑ (𝛾𝑠𝑥)𝑖

𝑁
𝑖=1 𝐾𝑜 tan [𝜙𝑖 (

𝛿

𝜙
)] 𝑡𝑙,𝑖 (Eq. 6.28) 

• tult,t = Total ultimate side resistance over whole pile 

• Ko = In-situ horizontal stress coefficient 

• ϕ = Angle of internal friction 

• δ = Interface friction angle 

• tl = Thickness of soil layer 

Parameters that are dependent on a specific layer are evaluated at the mid-depth of the 

layer.  The ratio K/Ko represents soil disturbance and is a function of the construction 

method and its influence on in-situ soil stress.  In cases where the soil disturbance is 

minimized, K/Ko approaches 1.0.  The ratio δ/Φ generally varies from 1.0 to 0.5, though 

lower values can be attained, and is a function of the roughness of the soil-pile interface.  

Well-constructed concrete foundations in which a rough interface develops will have 

values of approximately 1.0.  Thus, if good construction techniques are assumed, the 

ultimate side friction for a single layer (or node as applied herein) is represented in 

Equation 6.29. 

𝑡𝑢𝑙𝑡 = 𝜋𝑑𝛾𝑠𝑥𝐾𝑜 tan[𝜙]𝑡𝑙,𝑖 (Eq. 6.29) 

Mosher (1984) suggests the load deflection curve of the soil adopts the form shown in 

Equation 6.30.   

𝑡𝑠 =
𝑧

1

𝐸𝐹
+

1

𝑡𝑢𝑙𝑡
𝑧
 (Eq. 6.30) 

• ts = Soil side resistance corresponding with deflection z 

• z = Vertical soil deflection 

• EF = Initial modulus of load deflection curve 

Solving Equation 6.30 for the initial condition ts = 0.5*tult results in the simplified 

relationship given in Equation 6.31 for z50.  Some values are given for the initial modulus, 

EF.  These are reproduced in Table 6.7.  For other internal friction angles, the modulus can 

be interpolated. 

𝑧50 =
𝑡𝑢𝑙𝑡

𝐸𝐹
 (Eq. 6.31) 

• z50 = Vertical soil displacement at 50% of tult or qult 
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Table 6.7: Initial Slope of Load-Displacement Curve (t-z) 

Φ (Degrees) Initial Modulus, EF (psf/in) 

28-31 6,000-10,000 

32-34 10,000-14,000 

35-38 14,000-18,000 

 

 The evaluation of the ultimate base resistance is laid out by Meyerhof (1976) and is 

simply a function of the overburden pressure and a bearing factor, as shown in Equation 

6.32. 

𝑞𝑢𝑙𝑡 =  𝑝𝑜𝑁𝑞 (Eq. 6.32) 

• po = Effective overburden pressure at pile tip 

• Nq = Bearing capacity factor 

The bearing capacity factor is a function of the angle of internal friction and the bearing 

depth ratio, the ratio of the depth of the tip to the width or diameter of the pile.  The value 

of this coefficient can be taken from Figure 6.15.   

 
Figure 6.15: Values for bearing capacity factor, Nq (Meyerhoff 1976) 

The associated displacement is defined by Vijayvergiya (1977). Vijayvergiya’s load-

displacement function takes the form of Equation 6.33. 
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𝑞 = (
𝑧

𝑧𝑐
)

1/3

𝑞𝑢𝑙𝑡 (Eq. 6.33) 

• q = Soil base resistance at tip of pile 

• zc = Critical soil displacement 

The critical displacement, zc, is a function of the pile diameter and generally ranges from 

0.04dp - 0.09dp (Mosher 1984).  Thus at a stress equal to 50% of the ultimate resistance, 

the displacement is given in Equation 6.34. 

𝑧50 = 0.125𝑧𝑐 (Eq. 6.34) 

 

6.5 Dominant Modes of Damage 

 Initial tests were conducted to identify in a general sense what were the governing 

stresses throughout the structure that would contribute to the majority of damage.  It is 

necessary to investigate the nature of internal stresses that result from tsunami loading in 

order to determine not only the key outputs on which to focus, but to properly evaluate and 

develop plans to mitigate potential damage.  For example, should shear or bending 

dominate in certain members, the use of braces and pile muffs may serve to prevent failure 

of the pile.  However, if axial forces were of greater consequence than shear or bending, 

the same technique may serve little purpose.  The following sections investigate various 

sections of the wharf structures and the loads that dominate in each.  For each initial test, 

the full tsunami loading time series was applied to the structure, but a limited number of 

data recorders were defined for the structure which focussed on specific elements and 

output types in order to reduce the time of each test. 

 

6.5.1 Axial Stresses 

Pile caps and decks are treated in unity because their horizontal orientation ensures 

the dominant internal stresses and strains are similar.  Since the stress characteristics of 

both under the tsunami loading series are similar, the data presented here pertains to the 

pile caps.  The magnitudes of the stresses within these horizontal elements were low in 

comparison to the piles.  The orientation of the tsunami loads led to a balance of 

compressive and tensile forces within pile caps and decks whereas piles were subject to 

nearly pure tension.  To contrast the two member types, pile elements experienced flexure 

from the horizontal loads and direct tension from the uplift loads.  Uplift loads similarly 



212 
 

generated flexure within the pile caps and decks, but horizontal loads developed 

compressive stresses within these elements.  The compressive stresses induced by 

horizontal loads are highlighted by Figures 6.16 and 6.17 which present the axial stresses 

in pile cap elements during a test in which only horizontal loads were applied to the 

structure.  Figure 6.16 presents the axial stresses in the front of the pile cap where the 

tsunami impacts first and Figure 6.17 presents the axial stresses in the back.  In each 

figure, the stresses in each of the three layers of rebar are shown.  All three layers of rebar 

are in pure compression for the duration of the test.  However, the magnitude of the 

compression is low and not of great concern.  Figures 6.18 and 6.19 show the same time 

histories for a test with all loads applied. 

 
Figure 6.16: Time history of axial stress for front of pile cap in wharf subjected to purely horizontal loading 

 
Figure 6.17: Time history of axial stress for back of pile cap in wharf subjected to purely horizontal loading 
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Figure 6.18: Time history of axial stress for front of pile cap in wharf subjected to horizontal and uplift 

loading 

 

Figure 6.19: Time history of axial stress for front of pile cap in wharf subjected to horizontal and uplift 

loading 

These time history results further highlight the nature of the internal stresses within the 

horizontal elements.  Whereas each layer experienced similar stress states under purely 

horizontal loading, adding in the flexure induced from uplift predictably causes the top 

layer of rebar to experience tension which eventually overcomes the compression while 

the bottom layer experiences increased compression.  While the loading applied in these 

tests was based on a mid-amplitude tsunami, greater loading did not any pile caps to fail 

and in fact, no damage was apparent at any time other than cracking of concrete.   

 Stress states within piles were significantly different than those in pile caps and 

deck elements.  With trivial exception, tsunami loading caused piles to experience 

significant tension as a result of the combined uplift and horizontal forces.  To investigate 

the axial stress states, time histories were plotted for a sample analysis for several points 

among the wharf’s piles.  These points, intended to illustrate the stresses throughout the 

structure, are shown in Figure 6.20. 
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Figure 6.20: Locations within wharf piles examined in analysis of internal stresses 

Figure 6.21 shows plots of the stress time histories taken at the tops of the three piles, 

indicated points 1, 4, and 5 in Figure 6.20.  Spikes occurring due to the direct impact of the 

tsunami bore are apparent and staggered in accordance with the time series.  Although it is 

difficult to identify, the steady-state stress before and after impact increase slightly as the 

bore strikes subsequent piles and the deck.  Direct bore impact on a pile causes much more 

significant increases in the internal stresses in contrast to the impact on surrounding 

members.  The points taken in Figure 6.21 were from the reinforcement with the highest 

tensile stress at that particular cross section.  While some instances of compression were 

noted, the magnitudes were small in comparison to tension.  As piles further back from the 

front of the wharf had longer sections buried, the flexure and corresponding axial stresses 

were severely reduced in these elements.   

 
Figure 6.21: Time history of axial stress taken at the tops of the first, third, and fifth piles from the front of 

the wharf 
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 Figure 6.22 illustrates the distribution of axial stress within a single pile via the 

time histories recorded at the top, centre, and bottom of the first pile, points 1, 2, and 3 in 

Figure 6.20.  While the figure presented shows only one instance from a single test, peak 

stresses from each case indicated similar patterns arising within the structure.  The most 

significant stresses, and those that most often caused failure from excessive tension, were 

concentrated at the top of the pile.  Stresses at the bottoms of each pile, near the ground 

surface, were also high, particularly in cases of large tsunami heights.  Stresses at the 

centres consisted of relatively low tension and rarely resulted in significant damage.   

 
Figure 6.22: Time history of axial stress taken at three points along the length of the first pile  

 Like piles, connections also experienced elevated axial stresses though, lower than 

the piles themselves.  Connections between piles and pile caps and those between pile caps 

and the deck were modelled separately.  The stresses were consistently greater by far in the 

connections between the piles and pile caps and particularly in connections close to the 

front of the wharf, following the same general trend as the piles themselves.  However, the 

stresses were significantly lower than the piles and the connections did not fail at any 

point.  Thus the deeper damage analysis did not focus on the connections but rather on the 

larger members that experienced more severe damage. 

 

6.5.2 Shear 

 Shear stresses were less critical in this analysis than axial stresses.  The American 

Concrete Institute presents shear capacity of a reinforced concrete section as the sum of the 

shear capacities of the concrete and steel, modified by a load reduction factor.  

Additionally, concrete subject to large axial loads as is the case here will exhibit a 
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modified shear capacity which is reduced for tensile stresses and increased for 

compressive stresses (McCormac & Brown 2014).  Nevertheless, shear capacity of 

concrete is generally greater than tensile capacity and concrete will crack in tension prior 

to cracking in shear, though shear can result in secondary cracking in the member’s 

interior.  For steel, the shear strength is lower than the yield strength in tension, but given 

the great apparent difference between shear forces and tensile forces in the models, with 

tension regularly peaking four to five times higher than shear, shear did not play a 

significant role in the failure of reinforcement either.  Thus the analysis focuses 

predominately on axial stresses rather than shear since they are more prevalent and shear is 

not high enough to result in failure in even the largest cases. 

 

6.6 Other Considerations 

6.6.1 Displacements 

 Node displacements were recorded for each analysis, however there relatively 

small magnitude clearly indicated that displacement was not a key factor is characterising 

the wharf performance.   

 

6.6.2 Key Damage Locations 

 Based on observations of the element damage states, significant damage was 

spread throughout much of the wharf structures, particularly under larger wave heights.  

However, the most significant damage was consistently present in two locations where 

there were high bending moment concentrations: immediately beneath the pile-pile cap 

connections and along the ground surface, as shown in Figure 6.23.  The concentrations 

near the top of the pile are generally larger and more prone to result in fracture.  Of the six 

piles comprising the generic wharf model, the front four fractured throughout various 

analyses.  While the stresses were elevated in the fifth pile under high loads, they were not 

high enough to result in fracture but did frequently cause yielding.  The final pile never 

experienced significant damage as a result of the lesser length of pile that was exposed 

directly to horizontal loads.     
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Figure 6.23: Locations of consistent high stresses in wharf models 

 

6.6.3 Comparison with Damage from Historical Events 

A number of field investigations were carried out following the 2004 Indian Ocean 

tsunami and the 2011 Tohoku Tsunami.  Some of the findings from various studies were 

summarized in the introduction, including the type of damage that had occurred to 

different wharf structures when that information was available.  Photos of partially 

destroyed structures in Thailand indicated a greater degree of damage to deck members in 

the Indian Ocean from large uplift forces than by the results of this study.  However, the 

impacted decks consisted of lightly reinforced precast concrete slabs which are 

significantly different than what is present in New Zealand.  Uplift damage also resulted 

from weak pile-deck connections.  Models indicated elevated tension in connections but no 

failures.  Some wharves in New Zealand utilize different connections, such as drift pins, 

which may perform more poorly.  Finally, structural concrete in Thailand often exhibits an 

ultimate compressive strength near 18-24 MPa while steel exhibits a yield strength of 

approximately 240-300 MPa (PIANC 2009).  This concrete characteristic is weaker than 

most structural concrete in New Zealand while the steel resembles only that found in the 

oldest structures.   While Indonesia is known to lie in a zone of high seismicity, the wave 

heights along the Indonesian coasts were larger in many cases than even the largest tested 

here, particularly in Banda Aceh.  While specific damage modes to wharves are more 
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difficult to determine based on the information available in Japan, images suggested they 

performed well though in some cases were subject to high magnitude debris impact loads. 

 

6.7 Element Damage States 

Four simple damage states were initially defined to describe the level of damage to 

each element of the wharves.  The element damage states were developed to investigate 

the distribution of damage throughout the structures and later to assign an overarching 

damage state for the entire structure.  Sectional stresses and strains within each element 

related to the concrete and reinforcement response were evaluated and a corresponding 

damage state was assigned.  These damage states were defined as follows: 

1. Elastic – An element falling within the elastic state has not surpassed the elastic phase 

on the stress-strain response at any point in its cross section. Concrete within the elastic 

state has not cracked and steel has not reached its yield point. 

 

2. Cracked – Applies to elements where the tensile stress in the concrete has exceeded the 

modulus of rupture, thus resulting in tension cracking.  The damage state is assessed by 

examining the stresses in the cover concrete cross sectional patches.  This state is 

reached regardless of the degree of cracking across the section.  Cover concrete will 

crack first and as loading increases, cracks may penetrate deeper into the pile.  While 

cracking in cover concrete alone may not compromise the integrity of the member, it 

can potentially expose rebar which, particularly in a coastal location where it is 

vulnerable to seawater, may cause corrosion which can significantly reduce the rebar 

strength over time. 

 

3. Yield – Applies to elements where the internal tensile stress in the reinforcing bar 

exceeds the yield strength.  This damage state is assessed by recording the stresses and 

strains at the locations of the rebar within the cross section and comparing to the steel’s 

defined yield point. 

 

4. Fracture – Applies to elements where tensile stress in the reinforcement exceeds the 

ultimate tensile strength (UTS) and corresponding strain, causing the steel to fracture.  

Like yield, this is identified by recording the stress and strain at the locations of the 
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rebar and comparing to the UTS which is defined as a material property of the steel 

model.  Partial fracture of an element is assigned when the stress in one or more rebar 

exceeds the UTS whereas complete fracture occurs when all rebar in a section fail.    

 

These element damage states were assigned based on an examination of the strains at 

various locations within each section, including locations on each face and corner of the 

piles as well as the centres in order to ensure the maximum strain was detected in both the 

concrete and steel reinforcement.  Sections 6.3.1 – 6.3.3 discussed the derivation of the 

material models as well as the parameters associated with the elemental strain at which 

damage states would progress including the strain at which yield and fracture occurred in 

the steel and the modulus of rupture of the concrete.  Upon examining the strain at each 

point in a given element, the most severe damage state resulting from the loading was 

assigned to that element.  Most sections in which reinforcement yields will also experience 

cracking of the concrete, but as it is implied the cracking is onset at a lower loading 

threshold, the higher damage state is yielding and thus that is the one ultimately assigned.   

The following subsections will summarise the performance of each wharf typology 

and the damage states of each individual element from tsunami loads.  As there were 360 

unique combinations of wharf characteristics, soil models, and tsunami bore heights, a 

sample of the models was selected to compare the performance of each of the various 

model characteristics.  

 

6.7.1 Comparison of Wharf Typologies 

For the purpose of identifying the individual damage states to each wharf element 

and for drawing comparisons between the locations and magnitudes of damage for each 

wharf typology, Figures 6.24-6.28 present sample results assigning the previously defined 

damage states to wharf elements. Each individual wharf typology is represented for a 

single soil type, loose sand.  Soil model impacts will be further discussed in Section 6.7.2.  

There are several notable distinctions that can be derived from the presented data.  

First, there is a great difference in the performance of wharves from regions of high 

seismicity and low seismicity.  Those designed with higher grade reinforcement endure far 

less damage for all loading.  Eventually, the magnitude of the tsunami loads becomes 

excessive and even high grade steel fractures, but the extents of the fractured sections are 
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more concentrated than in low seismicity cases.  Similarly, newer wharves that were 

designed to comply with stricter standards perform in a superior manner.  To highlight 

this, a square piled wharf built after 1989 with high grade steel would be the only 

construction to avoid all reinforcement yielding under loading from a four metre tsunami.  

While differences are marginal in some cases, there is a clear trend toward better 

performance for newer wharves.  These findings indicate some compatibility between 

seismic design and tsunami design.  In situations where the infrastructure is designed to 

withstand greater seismic loads, the tsunami loads also tend to be mitigated to some 

degree.  This is beneficial from a design perspective as those regions that are characterised 

by low seismicity are rarely simultaneously at great risk of tsunami inundation. 

The other notable occurrence is the difference in performance between pile section 

shapes.  Without exception, square piles performed better than circular piles when all other 

factors were equal, an observation which is attributed to the two dimensional nature and 

the perpendicular angle of approach of the tsunami.  With one exception, more piles 

fractured under ten metre tsunami loading for a structure with circular piles than for the 

same structure with square piles.  The only structure to experience a degree of fracture 

under four metre tsunami loading was a structure from prior to 1963 with circular piles.  

The moment curvature analysis presented in Figures 6.2 and 6.3 highlight the superior 

performance of the square section but the reason for that superior performance is 

worthwhile to consider.  Whereas a circular pile responds approximately the same 

regardless of the direction of loading as a result of the fact that it is more uniformly 

symmetric between axes, a square pile will react differently because the width of the face 

impacted and the layout of the reinforcement varies depending on the angle of approach.  

The best possible scenario for a square pile is to be impacted directly along one of the flat 

faces as the width is minimal and there is the maximum number of reinforcing strands 

resisting the maximum tensile stresses simultaneously.  If the square pile were impacted at 

an angle, a likely scenario, the performance would be reduced as the tension would be 

concentrated in the corner of the pile.  However, for the situation explicitly investigated in 

this research, the square section performed consistently better. 
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Figure 6.24: Element damage states for a wharf built in New Zealand prior to 1963 
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Figure 6.25: Element damage states for a wharf built in New Zealand between 1963 and 1989 in a zone of 

lower regional seismicity 
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Figure 6.26: Element damage states for a wharf built in New Zealand between 1963 and 1989 in a zone of 

higher regional seismicity 
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Figure 6.27: Element damage states for a wharf built in New Zealand between 1989 and 2001 in a zone of 

lower regional seismicity 
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Figure 6.28: Element damage states for a wharf built in New Zealand between 1989 and 2001 in a zone of 

higher regional seismicity 

 

6.7.2 Soil Comparison 

 In order to assess the impact of soil type on wharf performance, the damage state 

plots for one wharf typology were assessed across each of the four soil types.  The results, 

which present damage under loading from four and ten metre tsunami bores, are presented 

in Figure 6.29.  One typology was chosen simply to highlight the difference in 

performance based on soil type though the same trend would be consistent across other 

typologies.   
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Figure 6.29: Element damage states for a wharf built in New Zealand between 1963 and 1989 in a zone of 

lower regional seismicity in four separate soil types 
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The results of this comparison would suggest soil type does play some role in 

damage states as in cases where characteristics of the soil profile are varied but all else 

remains equal, differences in the performance are evident, though not extreme.  Damage in 

each four metre tsunami case is limited to yielding of rebar.  Only the wharf buried in a 

dense sand-dominated soil avoids yielding throughout the entire structure while in soft 

clay, the front three piles see yielding.   Cracked concrete is possible throughout each 

structure and cracks may occur at similar depths regardless of soil type.  In the case of a 

ten metre tsunami, there is also some difference in the distribution and spread of yielded 

and fractured reinforcement.  More individual elements fractured in clayey soils though the 

number of piles in which fracture was seen were the same for each.  It appears from the 

direct soil comparison that those soils providing greater resistance to displacements offered 

marginally better support with dense sand performing best, soft clay worst, and loose sand 

and stiff clay in the middle.  Despite these considerations, the difference in performance as 

a result of variation in wharf typology is greater than the differences that arise from soil 

type.  While changes occurred in the location of fractures appearing under ten metre 

tsunami loading as a result of the soil types, the number of fractured sections is similar.  

The difference between the strain required for a reinforcing stand to fracture or simply 

yield is marginal and in many cases those strains were either just above or just below the 

threshold.  Although this slight difference may result in significant loss of load bearing 

capacity of the structure, the characteristics that result in more substantial differences are 

of more interest and more likely to control the performance of the comprehensive 

structure.    

 

6.8 Comprehensive Damage State  

Upon assigning damage states to each element, the damage to the structure as a 

whole is described and presented for each wharf.  It is difficult to suggest a specific failure 

point for a generic structure as even a geometrically identical structure in reality would be 

subject to slightly different loading and would comprise slightly different characteristics.  

The weight of materials, the live loading on the deck, the pile depth, and soil properties are 

just a few of the large number of factors independent of the damage resulting directly from 

the tsunami loading which may have an impact on whether or not the structure collapses at 

a certain point.  Thus, this analysis provides general damage thresholds and suggests there 
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is potential for a certain degree of damage for any tsunami at or exceeding a defined wave 

height.  These damage thresholds for the overall structure are: 

1. Concrete Cracks – Similar to the cracking element damage state, cracking 

indicates the structural concrete has cracked.  Cracks in the cover concrete are 

assumed, though cracks may penetrate deeper and compromise the core as well.  

Similar to before, this may play a larger role than the apparent damage would 

indicate by exposing reinforcing steel to corrosion. 

 

2. Pile Yielding – Indicates that reinforcing steel has yielded somewhere in the 

structure.   

 

3. Pile Fracture – At the associated wave height, steel has fractured somewhere in 

the structure.  This may indicate that some of the rebar has fractured in a 

particular cross section resulting in partial pile fracture or all rebar has fractured 

resulting in complete pile fracture. 

 

4. Severe Damage, Partial Fracture in Half of Piles – Indicates at least three piles 

have experienced partial fracture.   

 

5. Severe Damage, Complete Fracture in Half of Piles – Indicates at least three 

piles have completely fractured, thus greatly reducing the bearing capacity of 

the structure.   

The resulting data is presented in Figures 6.30-6.33.  These figures each present the 

tsunami wave amplitude thresholds at which each damage state occurs for the structural 

models.  For example, an examination of Figure 6.33 reveals that a square pile wharf built 

prior to 1963 in a soil consisting predominately of stiff clays will likely experience some 

level of cracking in the concrete from a two metre tsunami, will begin to experience 

yielding of the reinforcement at three metres, and will see three piles fracture completely if 

the tsunami amplitude is six metres or greater.  The same relationships may be derived for 

each unique combination of structural characteristics and soil types.  As concrete cracking 

requires only small tensile strains, there is no tsunami measuring at least two metres in 

height that will not likely generate cracks in the structure.  Depending on the 

characteristics of the structure, the wave amplitude that will result in more severe damage 
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will be much higher.  In the case of older structures, yielding begins at very low 

amplitudes regardless of the pile section or soil type and so the exposure of these structures 

should be carefully evaluated to assess the potential damage resulting from small tsunami.  

Although some cases indicate two metres could produce some localised yielding, three 

metres is more consistently the threshold.  These small events generate yielding in limited 

numbers of elements which is still an issue, but for waves greater than or equal to four 

metres, the damage is more widely evident throughout the wharf.  Fracture begins to occur 

at four metre wave amplitudes but are more consistently seen at five metres.  In newer 

wharves and those adhering to more rigorous seismic design, fracture is not seen until the 

wave amplitudes reach approximately six or seven metres.  Yield does not play a 

significant role in these wharves as the yield plateau and strain hardening curves of the 

reinforcement is much shorter than that of steel with lower yield strengths.  Thus the point 

of yield spans between three and six metres for the pre-1963 wharves in multiple soil types 

but the 1989-2001 wharves designed for high seismic loads have no wave amplitude at 

which they will experience just yielding.  Regarding fracture, a distinction much be drawn 

between the final two damage states.  Both indicate severe damage resulting from fracture 

of at least half of the piles but the final damage state indicates complete fracture of the 

reinforcement in half of the piles whereas the second-to-last indicates fracture of a lesser 

number of reinforcement bars in half the piles.  The load bearing capacity of a pile that has 

partially fractured will be reduced and the exact degree of that loss depends on the 

proportion of the pile that has failed.  However, a pile that has fractured completely has 

effectively lost all ability to support lateral load and thus wharves experiencing this 

complete fracture in multiple piles are at much greater risk of complete collapse.  This 

final damage state only occurs at greater tsunami amplitudes and in the case of wharves 

that have been designed according to more modern seismic codes, it may not occur for any 

tsunami less than ten metres in height. 
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Figure 6.30: Comprehensive damage states for each wharf typology in a loose sandy soil 
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Figure 6.31: Comprehensive damage states for each wharf typology in a dense sandy soil 
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Figure 6.32: Comprehensive damage states for each wharf typology in a soft clayey soil 
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Figure 6.33: Comprehensive damage states for each wharf typology in a stiff clayey soil 
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6.9 Connection to Specific Ports 

Section 6.8 presented damage thresholds for each wharf typology and suggested 

tsunami amplitudes at which certain damage states consistently appeared throughout each 

structure.  These trends are presented in a general sense and in order to connect the 

predictions to specific sites, the structural analysis must be combined with the results of 

the propagation models presented in Chapter 4.  The propagation models provide the 

tsunami amplitudes expected within each of the researched ports.  Those amplitudes can 

then be reconnected with Figures 6.30-6.33 depending on the specific structural 

configuration of the wharf and the predominant soil type present.  Figure 6.34 presents the 

maximum expected wave heights for each port that occurred near the wharf structures as 

well as a comparison with the regional wave heights to assess the relative exposure of the 

ports to that of the surrounding regions in general.  The top colorbar presents the 

maximum wave amplitudes expected within the ports and particularly near the wharf 

structures.  The data presented is taken from Table 4.6.  The second colorbar indicates 

maximum wave amplitudes within the region surrounding the port, defined as the area 

covered by the mid-level B-grid.  The specific extents of the B level grids vary between 

locations but are typically between ten and 30 kms in latitude and longitude.  This grid 

layer provides the best comparison with the amplitudes predicted Power (2013).  The 500 

year wave amplitudes for each location are presented in the bottom colorbar.   

The connection between wave heights and performance was made for the broader 

port but not for specific wharves within those ports.  This is appropriate first because the 

maximum water level within a port is relatively consistent in most cases.  In some limited 

cases such as Ports of Auckland, the wharves each lie farther apart, though in that 

particular scenario the maximum water levels are largely insignificant.   In most cases, the 

wharves are in close proximity to each other and the difference in maximum water level 

within the port is marginal.  Since the structural tests were run at one metre intervals, less 

variation than one metre will not indicate different results in the evaluation.  Furthermore, 

while data regarding some wharf structures is available, this is far from complete.  There 

are many wharves for which only limited information is available and others for which no 

documentation was obtained.  It is more beneficial to provide the results for a series of 

structural configurations and allow the port companies who are in a better position with 
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regard to knowledge of the specific wharves to connect them to the appropriate damage 

states.   

Predicted wave amplitudes are expected to be smaller within the port than were 

previously predicted by Power given the 20 km extents within which the maximums may 

have fallen in that study.  Some variation is also expected given that the magnitude of the 

earthquakes generating the 500 year tsunami in Power’s study are not exactly the same as 

the largest earthquakes implemented in ComMIT, but are typically smaller, though not by 

a large degree.  Consistent with these expectations, only two locations of the 11 tested 

produced larger amplitudes within the ports than were predicted regionally by Power: 

Eastland and Primeport.  Both ports lie directly on the coastline without natural protection 

and in the case of both, the tsunami employed in ComMIT was larger than that generating 

the 500 year wave heights.  Both sites suggest greater consistency between the “near 

wharf” maximum amplitudes and the 2500 year amplitudes, along with greater consistency 

between the locations and magnitudes of the tsunami that generated them.  In general, the 

findings suggest the tsunami exposure of ports is less than what previous studies have 

indicated for the surrounding regions.     

 
Figure 6.34: Maximum tsunami amplitude expected near the wharf structures (top), maximum in 

surrounding region (middle), and 500 year heights from Power (2013) (bottom) of each port examined in 

propagation modelling 

 

6.10 Peak Impact and Steady State Components Isolated 

 In discussing with port companies and consultants who would apply the results of 

the structural models, a common question is whether to design for the peak impact or 



236 
 

steady state phase when considering tsunami loading in structural design.  In order to 

assess this issue, both loading phases were isolated and applied to the structural model 

separately.  In each case, a loading time series was developed which started at zero, 

increased linearly to the point of either the steady state load magnitude or peak impact 

magnitude, and maintained that load for the duration of the analysis.  Schematic 

representations of the load series are shown in Figure 6.35.  The resulting damage states 

indicate the degree of damage expected from the different loading representations and can 

be compared to the damage expected from the full tsunami time series.   Two structural 

configurations were chosen for this comparison, one for a wharf constructed prior to 1963 

and one for a wharf built between 1963 and 1989.  It is expected that the trends presented 

here would be representative of the broader set of wharf models.  It is not necessary to test 

each configuration as the purpose was simply to ascertain the relative damage based on the 

three loading series.  Each structural configuration was tested using three and six metre 

tsunami waves and the element damage state plots were derived and are presented in 

Figures 6.36 and 6.37. 

 
Figure 6.35: Time series applied to a). steady state analyses and b). initial impact analysis.  These series 

were applied evenly to all members and the pattern is identical for horizontal and uplift loads while (c) 

provides the full tsunami load series for comparison 

 The most immediate observation is the incremental difference in damage states in 

the expected order.  Given the low magnitude of the steady state load compared to other 

time series, the associated lowest level of damage arising for both tsunami amplitudes 

comes as little surprise.  The six metre loading applied to the oldest wharves resulted in 

some yielding of reinforcement near the top of the piles but in most cases, the damage 

never exceeded concrete cracking under steady state loading.  As was mentioned upon 

initially defining the damage states, the degree and depth of cracking is uncertain but 

provided no damage was sustained by the reinforcement, the damage level is considered 

low and thus the necessity of explicit consideration of the steady state loading is deemed 
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insignificant.  The full tsunami time series resulted in heavier damage than the steady state 

loads applied in isolation.  The addition of the initial impact is sufficient to generate a 

notable increase in the degree of damage to the structures, causing yielding of 

reinforcement under a three metre tsunami loading in the older structure and pile fracture 

under six metre loading in both structures.  The time series consisting of pure initial impact 

loading predictably resulted in the most severe damage as it is the maximum load in the 

tsunami time series applied constantly for the duration of the analysis.  In summary, one 

load series, the steady state, underestimates the damage to the wharf structures while the 

other, the peak impact, overestimates the damage.   

 For the three metre tsunami analyses, the differences in damage resulting from each 

load scenario was less than those for the six metre tsunami.  Since the initial impact is a 

function of the steady state, as the steady state load reduces, the difference between that 

steady state load and the initial impact also decreases and thus the difference in the degree 

of damage.  At some point, the damage states would be virtually identical though at that 

point, the load may be irrelevant altogether.  However, the amplitude plays a role not only 

in the absolute damage, but the relative damage as a result of each phase and thus specific 

exposure of the location in question should play a role in decision making.  Regardless, 

this study indicates that the damage states resulting from initial impact are a better 

representation of the damage resulting from the full tsunami time series.  Conservative 

recommendations require at minimum that the damage states arising from the actual 

tsunami are captured in the design and if the tsunami series indicates fracture of the 

reinforcement, then a steady state load series causing no more than cracking of the pile’s 

concrete would not be sufficient.  Initial impact better reflects the actual damage states 

without greatly exaggerating the results.  For example, in no case did more piles fracture 

under pure initial impact loading than under the full tsunami time series.  Thus if the 

structure is designed to withstand initial impact loads from a tsunami of a realistic 

amplitude for the region in question, it should be able to withstand a real tsunami of 

equivalent size.  Conversely, if it is designed simply to withstand the steady state load, the 

initial impact phase may cause largescale damage.  One final consideration that remains in 

question is the possibility of fatigue failure under sustained steady state loads which will 

depend on the magnitude and the length of time the structure remains inundated.   
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Figure 6.36: Comparison of steady state, peak impact, and full tsunami time series tests for a pre-1963 wharf 
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Figure 6.37: Comparison of steady state, peak impact, and full tsunami time series tests for a 1963-1989 

wharf 

 

 Though the earlier analyses’ results were presented with samples from four and ten 

metre tsunami cases, here it is more useful to adopt lower thresholds.  Whereas in the 

precise tsunami loading time series, it may be appropriate to show average and worst-case 
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results, when determining the difference between loading regimes, it is more useful to 

examine loads below the points where all loading causes failure in the sections.  At ten 

metres, each of the three loading scenarios would cause the section to fail but at lower 

levels, the resilience of the sections better allows for observance of the discrepancies 

between the peak, steady-state, and true loading time series.  Thus the three and six metre 

scenarios were selected for representation.  

 

 

6.11 Chapter Conclusions 

 Chapter 6 presents the setup and results of the structural modelling as well as the 

connections to the specific port sites in New Zealand.  Wharf models employed in this 

study were intended to be as representative as possible of existing New Zealand wharf 

infrastructure with regards to structural, geometric, and soil characteristics.  Wharf 

configurations covered structures built in three eras: Pre-1963, 1963-1989, and 1989-2001.  

Wharves built after 2001 are expected to perform marginally better than those from the 

preceding period.  Subsequently, load magnitudes and time series developed in Chapter 5 

were applied to the models and the resulting damage states were presented.  An element 

level breakdown of the distribution of damage throughout the wharf structures indicated 

the damage levels and the locations in each wharf configuration where the most severe 

damage was sustained.  These results were then formulated into comparative 

comprehensive damage states for each typology.  In general, damage to older wharves was 

greater than damage to newer wharves as a result of more rigorous seismic design 

standards coming into effect in later eras.  Thus particular attention should be focused on 

older wharves built prior to 1963.  Furthermore, a series of soil types were tested to 

investigate their impact on the performance of the wharf.  While dense sand performed the 

best and soft clay the worst, the differences resulting from variation in soil properties were 

smaller than the difference resulting from variations in structural properties.  However, the 

results of these models must be combined with tsunami exposure studies for specific port 

locations which is provided by the results of the propagation models.  Most ports are not 

expected to experience excessive amplitudes with only Eastland potentially being 

impacted by waves over six metres.  Thus most ports will be concerned with damage states 

on the lower end of the damage plots, though this depends on the characteristics of the 

wharves themselves.  Finally, the peak impact and steady state loads were compared for 
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the purpose of design priorities.  Although the peak impact did result in more damage to 

the wharves, the difference was marginal in cases that would be most expected in ports and 

are more likely to be designed for.  In cases of larger tsunami, the load magnitudes of peak 

impact phases become unrealistically high for the purpose of design though a greater 

concern may remain the long time over which the steady state load is sustained given the 

long wavelength of a tsunami.  For these and other reasons outlined in Section 6.10, the 

design priority is recommended to be the steady state phase of tsunami loading.  
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Chapter 7: Conclusions 

 

 

7.1 Exposure of New Zealand Ports to Tsunami 

 As New Zealand lies on the Pacific “Ring of Fire” it is predictably exposed to 

tsunami from a variety of source locations.  The general exposure has been previously 

investigated, but because ports are often located in protected coastal regions, the regional 

exposure does not necessarily translate into equivalent exposure of the port itself.  The lack 

of data providing specific tsunami amplitude predictions within these port environments 

was addressed via a series of propagation models that provided the maximum water level 

for 11 ports given a series of subduction zone earthquake source events.  In general, the 

expectation that the exposure of the ports would be lower than the regional exposure was 

true, in many cases because of the natural harbours that the ports are located in.  Most 

ports would not likely see tsunami exceeding three metres.  Eastland port is exposed to the 

largest tsunami amplitudes with model predictions exceeding ten metres in the worst cases.  

Centreport, Lyttelton, Marlborough, and Primeport are also potentially exposed to large 

tsunami and should exercise caution.  As tsunami induced currents have also historically 

caused great damage in port environments, the lack of exposure to large tsunami 

amplitudes does not imply a lack of potential damage to infrastructure.  Thus the models 

also provided maximum current speeds which can be compared to previously developed 

damage thresholds for tsunami currents.  Though the maximum current is presented for 

each location and source event, the duration of those elevated currents also plays a role and 

this particular characteristic was beyond the scope of the propagation modelling.  

However, an instantaneous elevated current is not likely to do as much damage as a 

sustained high velocity current.  These propagation models provide important information 

in isolation, but are also necessary as a link to the structural models.   
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7.2 Tsunami Loads 

 Tsunami loading has been the subject of substantial research, particularly following 

the 2004 Indian Ocean Tsunami and 2011 Tohoku Tsunami.  Since open-style pile 

supported wharves are a unique category of infrastructure, some additional experimental 

modelling was carried out in order to define the tsunami loading characteristics 

specifically applying to them.  These elevated structures are subject to both horizontal and 

uplift components of tsunami loading whereas many previous studies have investigated 

only horizontal loading.  Thus two sets of experiments were developed and conducted in 

the fluid mechanics laboratory at the University of Auckland to provide uplift load 

magnitudes on elevated decks.  The first study utilised a tsunami flume and a dam break-

type bore in conjunction with a series of wave probes and pressure transducers to ascertain 

the uplift loads.  The second study was identical in most respects but was carried out in a 

wave flume with a paddle wave generator, thus providing magnitudes for solitary 

sinusoidal waves.  This second study was intended to provide a comparison and investigate 

the accuracy of representing tsunami uplift forces with regular waves.  The magnitudes of 

the uplift resulting from solitary waves proved to be consistently lower than those resulting 

from the tsunami bores and thus the bore estimates were utilised in the structural models.  

The tsunami bore study also provided the basis for a tsunami time series consisting of two 

distinct phases of loading: initial impact and steady state.  These loading series were 

developed for tsunami ranging in amplitude from two to ten metres and applied to the 

structural wharf models, thus providing damage predictions.   

 

7.3 Structural Resilience of New Zealand Wharves 

 Structural wharf models were developed based on the characteristics of existing 

New Zealand infrastructure.  Data from various ports and design standards was compiled 

regarding the dimensions and layout of the wharves, the material characteristics, soil types 

and foundation characteristics, etc.  Though specific wharves could not be modelled, nor 

would it be an efficient method of characterisation, generic representative parameters were 

employed in the models.  A number of structural typologies were ultimately implemented 

and tested, representing three time periods during which the associated wharves would 

have been constructed.  Upon subjecting these structural models to the tsunami loading 

series, the resulting damage states in each element were presented.  Damage states were 
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intended to be broad and simple, including an elastic state, concrete cracking, and yielding 

and fracture of the reinforcement.  Figures were presented comparing the performance of 

different structural typologies and identical structures in different soil types.  Upon 

discerning the damage states at an element level, comprehensive damage states were 

assigned for the overall structures.  These comprehensive damage states can then be 

compared with the results of the propagation models, providing predictions of damage 

resulting to wharves in specific port locations.  More significant damage states such as 

fracture of piles do not appear to be a concern for smaller tsunami and given the fact that 

many ports are not exposed to large tsunami, the infrastructure is expected to withstand 

even the worst case scenario events.  For those ports which were mentioned as being 

exposed to more significant tsunami, the infrastructure may sustain varying degrees of 

damage.  The age of the structure and the exact structural configuration appears to play a 

large role in governing the performance whereas the soil type appears to play a 

comparatively small role.  The final step in the structural modelling was to isolate the peak 

impact and steady state components of the tsunami loading series in order to determine 

which phase should be appropriately designed for in order to mitigate the greatest degree 

of damage.  After applying both phases separately to the wharf models, the peak impact 

slightly overestimated the damage states while the steady state load slightly 

underestimated the damage.  As steady state loading rarely resulted in damage more severe 

than cracking of concrete and never resulted in fracture of reinforcement, the initial impact 

is more appropriate to be explicitly considered in designing these structures.  The 

difference in magnitude between the initial impact and steady state loads is dependent on 

the size of the tsunami.  For smaller tsunami, the magnitudes converge and so does the 

relative damage.  Thus the design for each location should depend on the local exposure.  

However, based on the modelling conducted here, in the absence of more precise 

information, it is best to focus on the initial impact load.   

 

7.4 Recommendations for Future Work 

 The structural analysis undertaken in this research applies to unoccupied berths 

within a port.  Local port infrastructure personnel have suggested that any given berth is 

occupied in excess of 50% of the time, though if there is time following a tsunami 

warning, the harbour would be evacuated.  Thus if a tsunami is locally generated and the 

travel time to the port is very small, it is likely several berths will be occupied within the 
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port when the tsunami arrives.  Other berths will likely be unoccupied in which case the 

loading analysis presented here would apply.  If the tsunami is generated at great distance, 

there will be adequate time to evacuate the port and far more, if not all, berths will likely 

be unoccupied upon the tsunami’s arrival.  However, it is also useful to evaluate the result 

of impact loads from berthed vessels on wharf infrastructure as this may also be relevant in 

many situations.   

 In a related issue, Chapter 2 discussed historical examples of damage to port 

infrastructure from tsunami.  Much of the damage apparent was the result of debris impact 

which was beyond the scope of this study.  However, there is substantial evidence to 

suggest that this debris may play a large role in structural damage to coastal infrastructure.  

While some basic experiments have been performed, a great deal of work is required to 

assess the complex phenomenon.  Specifically within a port environment, there are a large 

number of objects that could be carried by a tsunami wave including vessels, cargo 

containers, and logs in ports that facilitate forestry exports.  It would be of great benefit to 

investigate the loading characteristics of debris impact as well as exposure to specific 

locations and the types of potential debris which would help ports plan accordingly. 

 Finally, a brief investigation into the performance of wharf structures as a result of 

soil characteristics was discussed in Chapter 6.  As the performance of wharves and other 

pile-supported structures depends heavily on the support provided by the foundation, 

severe displacement of the soil could have a significant impact on the performance of the 

structure.  Scour as a result of tsunami is a topic in the early stages of research.  The 

turbulence associated with tsunami is a cause of great concern for structural foundations 

and should be investigated further.  In the case of wharves, the bed beneath the structure is 

generally armoured but the extent to which this would protect against scour is uncertain. 

 This study was restricted in scope to wharf structures.  In many places, significant 

population centres lie along the coastline and with them, a significant degree and variety of 

critical infrastructure including bridges, roads, utility infrastructure, and much more.  All 

of this may be exposed to similar events and the destruction of any critical infrastructure 

could bear great consequences for the surrounding communities.  While it is not possible 

to investigate all possible varieties of exposed structures in one study, the framework 

herein developed may prove useful to apply to other case studies and aid in predicting the 

potential impacts of tsunami in the future.   
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Appendix A: Bathymetry Map Images 

 

 

A.1 Northport 
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Figure A.1: Contour maps generated from bathymetric grids for Northport utilized in ComMIT analysis.  

Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, middle, and 

(c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with reference to 

mean sea level and thus elevation above sea level is negative. 

 

A.2 Ports of Auckland 
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Figure A.2: Contour maps generated from bathymetric grids for Ports of Auckland utilized in ComMIT 

analysis.  Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, 

middle, and (c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with 

reference to mean sea level and thus elevation above sea level is negative. 
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A.3 Port Taranaki  
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Figure A.3: Contour maps generated from bathymetric grids for Port Taranaki utilized in ComMIT analysis.  

Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, middle, and 

(c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with reference to 

mean sea level and thus elevation above sea level is negative. 

A.4 Eastland Port 
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Figure A.4: Contour maps generated from bathymetric grids for Eastland Port utilized in ComMIT analysis.  

Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, middle, and 

(c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with reference to 

mean sea level and thus elevation above sea level is negative. 
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A.5 Centreport 
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Figure A.5: Contour maps generated from bathymetric grids for Centreport utilized in ComMIT analysis.  

Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, middle, and 

(c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with reference to 

mean sea level and thus elevation above sea level is negative. 

A.6 Port of Marlborough 
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Figure A.6: Contour maps generated from bathymetric grids for Port Marlborough utilized in ComMIT 

analysis.  Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, 

middle, and (c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with 

reference to mean sea level and thus elevation above sea level is negative. 
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A.7 Port Nelson 
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Figure A.7: Contour maps generated from bathymetric grids for Port of Nelson utilized in ComMIT 

analysis.  Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, 

middle, and (c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with 

reference to mean sea level and thus elevation above sea level is negative. 

A.8 Lyttelton Port 
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Figure A.8: Contour maps generated from bathymetric grids for Port Lyttelton utilized in ComMIT analysis.  

Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, middle, and 

(c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with reference to 

mean sea level and thus elevation above sea level is negative. 
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A.9 Primeport 
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Figure A.9: Contour maps generated from bathymetric grids for Primeport utilized in ComMIT analysis.  

Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, middle, and 

(c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with reference to 

mean sea level and thus elevation above sea level is negative. 

A.10 Port of Otago 
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Figure A.10: Contour maps generated from bathymetric grids for Port of Otago utilized in ComMIT 

analysis.  Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, 

middle, and (c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with 

reference to mean sea level and thus elevation above sea level is negative. 
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A.11 Southport 
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Figure A.11: Contour maps generated from bathymetric grids for Southport utilized in ComMIT analysis.  

Three layers were employed including (a) A-grid, largest extents, top, (b) B-grid, middle extents, middle, and 

(c) C-grid, finest geographic area and node spacing, bottom. Note each scale defines depth with reference to 

mean sea level and thus elevation above sea level is negative. 


