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ABSTRACT 

The testing of thirteen large scale beam-column joints forms the framework for the 

content of this thesis.  The thirteen tests were divided into three series, each of which 

investigated an aspect of earthquake resistant design of moment resisting frames. 

The results obtained from testing the first series of four beam-column joints contradicted 

the conclusion of earlier research that design criterion specifying the ratio of column 

depth to bar diameter required to anchor beam longitudinal reinforcement at interior 

beam-column joints was non-conservative when applied to Grade 500E reinforcement.  

As a result, a database of approximately 100 beam-column joints was assembled and used 

to parametrically develop an improved design criterion that was shown to satisfactorily 

predict experimental performance based on the anchorage length provided.  It was also 

shown in the first part of the thesis that the flexural overstrength factor should be the 

same irrespective of whether Grade 300E or Grade 500E longitudinal reinforcement is 

used in a beam.  This finding contradicts current New Zealand practice, which specifies a 

higher flexural overstrength factor for Grade 500E reinforcement. 

The second set of four tests assessed the performance of beam-column joints constructed 

using inorganic polymer concrete.  The properties of inorganic polymer concrete are 

similar to those of concrete produced using Portland cement, but the production of 

inorganic polymer concrete releases 80% less “greenhouse gases” into the atmosphere 

than the production of Portland cement concrete.  The results of these tests showed that 

satisfactory performance can be expected from beam-column joints designed using 

existing New Zealand standards but constructed using inorganic polymer concrete. 

The final series of five tests were conducted to assess the performance of beam-column 

joints when the joint core was constructed using high performance fibre reinforced 

cementitious composites (HPFRCC) and contained no conventional transverse 

reinforcement.  The results of this testing showed that satisfactory performance could be 

achieved when the magnitude of the joint core shear stress was commensurate with the 

strength of the HPFRCC used.  It was also evident that HPFRCC is significantly superior 

to plain concrete with regards to the anchorage of reinforcement within the joint core.  A 

number of comments were made regarding the practicalities of using HPFRCC joint cores 

in real structures, from which it was concluded that for most structures HPFRCC joint 

cores are unlikely to be a practical alternative to conventionally reinforced joint cores. 
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NOTATION 

Ag gross area of a column cross section 

As area of tension reinforcement group in a beam 

'

sA  area of compression reinforcement group in a beam 

As,slab,n area of slab reinforcement contributing to nominal flexural capacity, 

determined using effective flange width criteria from NZS 3101:2006 

As,slab,o area of slab reinforcement contributing to overstrength flexural 

capacity, determined using effective flange width criteria from 

NZS 3101:2006 

bj effective width of beam-column joint as defined in NZS 3101 

bw beam web width 

Cc flexural compression force resisted by concrete 

Cs flexural compression force resisted by reinforcement 

d depth from centroid of beam tension reinforcement to extreme 

compression fibre 

d'  depth from centroid of beam compression reinforcement to extreme 

compression fibre 

db diameter of a reinforcing bar 

Ec elastic modulus of concrete 

'

cf  concrete compressive strength 

feq equivalent flexural stress resisted by an FRCC beam 

fcc tensile stress required to cause first cracking of concrete 

fpc concrete tensile strength 

fs reinforcement stress 

fs,max calculated maximum reinforcement stress occurring during a beam-

column joint test 

fu ultimate stress of reinforcement 

fy reinforcement yield stress 

hb total beam depth 

hc total column depth 

hj effective depth of a beam-column joint as defined by NZS 3101 

hunit height of a beam-column joint subassembly, measured between the 

points of contra flexure (pinned supports) at the top and bottom of the 

column 
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jd flexural lever arm 

k stiffness of a structural element 

K constant relating member depth and reinforcement yield strain to yield 

curvature 

KD theoretical curvature ductility used by NZS 3101 to determine 

detailing requirements 

lb width of a beam-column joint subassembly, measured between the 

points of contra flexure (pinned supports) at the left and right ends of 

beam.  Equivalent to the bay width of a frame. 

lp effective beam plastic hinge length according to NZS 3101:2006 

amendment 1 

m mass of an elastic oscillator 

Mconst moment in the constant moment region of a beam subjected to four-

point bending 

Mmax maximum beam moment occurring during a test 

Mn nominal moment capacity 

Mo overstrength moment capacity of a beam 

n exponent relating bond strength to concrete compressive strength 

N column axial force 

Nb number of reinforcing bars 

P500 multiplier indicating the premium charged for Grade 500E 

reinforcement relative to Grade 300E reinforcement 

q number of repeat cycles to displacement level before failure occurred 

R return period factor 

Sp structural performance factor 

T, T’ flexural tension forces 

T1 longest period of vibration of a structure 

ub basic average bond stress developed along beam reinforcement 

passing through a joint core in the absence of column axial load 

ub,avail maximum dependable average bond strength that can be developed 

along beam reinforcement passing through a beam-column joint 

ub,FRCC average reliable bond stress for a fibre reinforced cementitious 

composite 

ub,max peak bond stress at the compression-edge end of a triangular bond 

stress distribution 
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ub,NA peak bond stress resulting in the component of bond stress distribution 

accounting for enhanced anchorage within the compressed region of a 

column 

ub,req average bond strength required along the length of a beam reinforcing 

bar passing through a joint core to ensure anchorage of the bar 

Vcol column shear force 

VbL, VbR shear forces in the left and right beams of a beam-column joint 

Vf fibre volume fraction 

Vjh horizontal joint shear force 

vjh horizontal joint shear stress 

αf parameter used to account for the influence of frame geometry on 

bond strength in a beam-column joint 

αhar component of αo that accounts for strength increase due to strain-

hardening 

αmat component of αo that accounts for actual material strength being 

greater than nominal material strength 

αo reinforcement overstrength factor 

αp parameter used to account for the influence of column axial load on 

bond strength in a beam-column joint 

αs parameter used to account for the influence of unequal top and bottom 

reinforcement areas on bond strength in a beam-column joint 

αt parameter used to account for the influence of fresh concrete depth on 

bond strength in a beam-column joint 

β ratio of area of compression reinforcement to area of tension 

reinforcement in a doubly reinforced beam 

γ parameter used to account for the influence of high strength beam 

longitudinal reinforcement on bond strength in a beam-column joint, 

introduced in amendment 3 to NZS 3101:1995 

∆col interstorey displacement of a beam-column joint at the occurrence of 

the maximum effective column shear force including P-delta effects 

∆max maximum displacement occurring during a displacement cycle 

∆min minimum displacement occurring during a displacement cycle 

εcc concrete tensile strain at first cracking 

εpc maximum strain capacity of concrete 

εy  reinforcement yield strain 

ζ relative beam reinforcement ratio, defined such that ζ(ρw,min) = 0 and 

ζ(ρw,max) = 1 
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η constant used to define ub 

ηl fibre efficiency factor accounting for fibre length, equal to 0.5 for an 

optimised fibre 

ηθ fibre efficiency factor accounting for fibre orientation, equal to 1.0, 

2/π, or 0.5 for 1D, 2D, or 3D fibre alignment respectively 

θfailure calculated bond failure drift of a beam-column joint 

θmax peak positive drift before the occurrence of bond failure 

θmin peak negative drift before the occurrence of bond failure 

θy yield interstorey drift ratio 

κ ratio of compression to tension forces acting in a reinforcing bar on 

opposite sides of a beam-column joint 

µ displacement ductility 

ρw beam reinforcement ratio 

ρw,max maximum beam reinforcement ratio permitted by NZS 3101 

ρw,min minimum beam reinforcement ratio permitted by NZS 3101 

ς fraction of total flexural compression force resisted by concrete 

φ curvature 

φpb plastic curvature required in a beam plastic hinge 

φy yield curvature 

χbeam cost per cubic metre of a beam 

χconc cost per cubic metre of concrete 

χFRCC cost per cubic metre of FRCC 

χsteel cost per cubic metre of reinforcing steel 

ψ ratio of area of smaller reinforcement group to area of larger 

reinforcement group in a doubly reinforced beam 
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Chapter 1  

INTRODUCTION 

1.1 Moment resisting frames 

A range of topics related to the seismic performance of reinforced concrete moment 

resisting frames are considered in this thesis.  Moment resisting frames are commonly 

found acting as lateral force resisting systems in earthquake resistant buildings throughout 

the world, either alone or in concert with shear walls.  Moment resisting frames consist of 

vertical columns and horizontal beams, with the points at which beam and column 

elements meet defined as beam-column joints.  It is now recognised that the performance 

of these joints is vital to ensuring satisfactory behaviour when moment resisting frames 

are subjected to earthquake loading.  The performance of moment resisting frames is 

commonly verified experimentally by testing isolated beam-column joints, which reduces 

the complexity and expense of testing. 

Between one and four beams frame into a beam-column joint depending on the type of 

frame that the joint is part of and the location of the joint within the frame.  Frames may 

be categorised as either perimeter (one way) or uniform (two way) frames.  Joints are 

generally classified as either exterior or interior types, with classification dependent on 

whether one or two beams frame into the joint on the plane being considered.  Exterior 

joints have only one beam framing into the joint on the considered plane, while interior 

joints have two beams framing into the joint on the considered plane.  Both types of joint 

may have either zero, one or two beams framing into the joint on a second plane, 

depending on the type of frame and the joint’s location within the frame.  Beam-column 
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joints are normally isolated for testing purposes by ‘cutting’ through the midspan points 

of beams and columns surrounding a joint, creating tee or cruciform shaped 

subassemblies.  Examples of different types of subassembly are shown in Figure 1-1. 

Although the importance of the role of beam-column joints in the seismic performance of 

reinforced concrete moment resisting frames is almost universally recognised today, this 

has not always been the case.  The need to properly detail reinforced concrete beam-

column joints was not given special attention by Blume et al. (1961) in their landmark 

textbook on earthquake engineering, although Japanese researchers had previously 

considered the issue (Tsuboi and Tomii 1955).  The inadequacies of then-current methods 

of detailing beam-column joints were revealed by a series of severe earthquakes during 

the 1960s.  In cases where moment resisting frames performed poorly, failure of beam-

column joints was identified as a primary cause (Hanson and Connor 1967).  This 

observation motivated the first widely known research that investigated the seismic 

performance of exterior (Hanson and Connor 1967) and interior (Hanson 1971) 

reinforced concrete beam-column joints.  These tests revealed that reinforced concrete 

moment resisting frames with beam-column joints well confined by transverse 

reinforcement were able to meet the required performance standards of the time, i.e. 

avoiding visible damage during moderate earthquakes and surviving more severe 

earthquakes without collapse (Blume et al. 1961).  Following these initial tests, scores of 

researchers have investigated both interior and exterior beam-column joints, focussing on 

seismic performance and methods for designing and modelling joints. 

 

Figure 1-1 Possible configurations of exterior and interior beam-column joints 
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1.2 Capacity design 

“Capacity design” has been the philosophy that forms the basis of New Zealand seismic 

design for approximately thirty years, and remains so today.  It is therefore useful to 

provide a brief overview of the capacity design philosophy here as background to the 

research described in the rest of this thesis.  Anecdotally, capacity design was developed 

through discussions between New Zealand academics and practicing structural engineers 

during the 1960s before first being presented in the literature by Hollings (1969).  Park 

and Paulay are generally the names most closely associated with the capacity design 

philosophy due to their seminal textbook (Park and Paulay 1975), which can be 

considered to provide the first comprehensive treatment of the capacity design 

philosophy. 

The concept of capacity design is most easily explained with reference to the classic 

“chain analogy” introduced by Park and Paulay (see Figure 1-2).  This analogy shows that 

a chain of brittle links can be made to perform in a ductile manner by the addition of a 

single ductile link that is proportioned so that it yields before any of the brittle links reach 

their strength limit.  Yielding of the ductile link prevents brittle failure of the chain by 

limiting the force transmitted through the chain to a level that can be safely resisted by 

the brittle links.  Capacity design involves the application of this type of protective 

mechanism to structures through the application of the following steps: 

1. The designer selects a ductile sway mechanism for the structure and identifies the 

location of plastic hinges required for this mechanism to form. 

2. The plastic hinges are detailed so that they have sufficient strength to resist actions 

other than those caused by earthquakes, and sufficient deformation capacity to 

perform satisfactorily during specified levels of earthquake loading. 

3. Other (potentially brittle) components of the structure are designed so that their 

strength exceeds the maximum actions that could occur in them.  The designer is 

able to reliably estimate the maximum possible design actions in these parts of the 

structure by determining the upper bound actions that would cause the selected 

ductile sway mechanism to occur. 

In New Zealand the introduction and acceptance of capacity design (Hollings 1969; Park 

and Paulay 1975) as the philosophy underpinning seismic design increased the emphasis 

placed on ensuring that beam-column joints were not the weak link that governed the 

performance of moment resisting frames.  Beam-column joints are typically designed so 
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that they respond elastically during the design earthquake.  Paulay et al. (1978) described 

the criteria for a beam-column joint to meet capacity design requirements as: 

“1. The strength of a joint should not be less than the maximum strength of the 

weakest members it connects, to eliminate the need for repair in a relatively 

inaccessible region, and to prevent the need for energy dissipation by mechanisms 

which undergo strength and stiffness degradation when subjected to cyclic loading 

in the inelastic range.” 

“2. The capacity of a column should not be jeopardised by possible strength 

degradation within the joint.” 

“3. During moderate seismic disturbances a joint should preferably respond 

within the elastic range.” 

“4. The joint reinforcement necessary to ensure satisfactory performance should 

not cause undue construction difficulties.” 

The four goals listed above have informed the design of moment resisting frames in New 

Zealand during the ensuing three decades, and continue to do so today.  Fulfilment of 

these four goals was therefore a key aim of the research reported in this thesis. 

Force

Brittle links

Ductile link

Force

Brittle links

Brittle failure

Ductile link yields before 

failure occurs in brittle links

(b) Chain with ductile link

(a) Chain of brittle links

 

Figure 1-2 Chain analogy for capacity design (after Park and Paulay (1975)) 

1.3 Research motivation 

The genesis of this doctoral investigation occurred at a meeting held in early 2003.  

Present at the meeting were representatives from the University of Auckland, the 

reinforcing steel and concrete industries, and the Auckland and wider New Zealand 



  Chapter 1 

  5 

structural design community.  The purpose of this meeting was to determine areas in 

which industry experts believed academic research could readily improve the 

attractiveness of reinforced concrete structures.  It was indicated at this meeting that 

beam-column joints still caused difficulty in both the design and construction of concrete 

structures, despite almost four decades of extensive research having been published on 

the subject. 

At the meeting it was suggested that previous research on beam-column joints meant that 

New Zealand design rules (NZS 3101 1995) allowed beam-column joints to reliably meet 

goals 1-3 above, but that the resulting joints often marginally achieved or failed to 

achieve the fourth goal, which is arguably the most important because a well designed 

structure will perform inadequately if poorly constructed.  The primary aim of this 

doctoral investigation thus became the development of a method for constructing beam-

column joints that met the performance requirements of the capacity design philosophy 

while simultaneously being simple to construct. 

A second point raised at the meeting was that experimental evidence suggested that then-

current criteria for determining the depth of a column required to anchor beam 

longitudinal reinforcement were non-conservative when applied to (then recently 

introduced) high strength reinforcement (Grade 500E, having 500 MPa nominal yield 

strength).  It was decided that a secondary aim for the thesis should be the validation of 

existing design criteria, and the development of improved criteria if the non-conservatism 

was proven. 

During the course of the study an opportunity occurred to partially verify the seismic 

performance of concrete made using an environmentally friendly Portland cement 

alternative.  It was decided that this was a worthwhile aim that could be achieved without 

dramatically altering the scope of the research.  This project was therefore introduced as a 

tertiary aim for the thesis. 

1.4 Thesis outline 

This thesis is divided into three parts, with the three parts being aligned to the three aims 

discussed in the previous section.  While somewhat independent, all parts describe 

investigations on topics related to the seismic performance of reinforced concrete beam-

column joints.  The experimental aspects of each part of the study were conducted 

sequentially, and the conduct of each part was informed by those parts that had occurred 
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previously.  To ensure a clear and logical presentation of the evolving experimental 

methods, this thesis is arranged in chronological order. 

In Part 1 of the thesis the occurrence of bond or anchorage failure in interior beam-

column joints is investigated.  Specifically, the work assesses whether a disproportionate 

increase in column depth is required to adequately anchor beam longitudinal 

reinforcement when Grade 500E reinforcement is used instead of Grade 300E or Grade 

430 reinforcement. 

Chapter 2 presents a literature review outlining previous research related to bond failure 

in interior beam-column joints and also provides details of New Zealand and international 

design requirements intended to prevent bond failure in interior beam-column joints. 

Chapter 3 describes the design and construction of test units related to Part 1 of the thesis, 

and outlines the method used to test beam-column joints during the research described in 

Parts 1 and 2 of the thesis.  The chapter concludes with presentation and analysis of the 

results obtained from testing of four interior beam-column joints. 

In Chapter 4 a performance-based criterion for determining the column depth required to 

anchor reinforcement in interior beam-column joints is developed.  This criterion was 

developed by analysing a database of beam-column joint test results, including those 

described in Chapter 3 and previous results from the University of Auckland and from 

other institutions worldwide. 

Chapter 5 presents research focussed on the broader implications of using Grade 500E 

beam longitudinal reinforcement in moment resisting frames.  Analyses were conducted 

to determine the effects of using Grade 500E on frame stiffness, an appropriate 

overstrength factor, cost implications, and reinforcement congestion.  From the results of 

these analyses it was concluded that in most situations use of Grade 500E beam 

longitudinal reinforcement has no significant impact or a mildly positive impact on the 

performance of moment resisting frames. 

Chapter 6 reports on Part 2 of the thesis, which was an investigation of the seismic 

performance of inorganic polymer concrete.  Inorganic polymer concrete is an alternative 

to Portland cement based concrete that offers significant environmental benefits.  These 

benefits accrue from the use of an alternative binder, the production of which releases 

significantly less carbon dioxide than the production of Portland cement.  A brief 

overview of inorganic polymer concrete is presented, followed by results and conclusions 

derived from an experimental programme in which the performance of three inorganic 
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polymer concrete interior beam-column joints was compared with the performance of a 

companion unit constructed from Portland cement concrete. 

The goal of developing an easily constructed beam-column joint with excellent seismic 

performance is addressed in Part 3 of the thesis, which begins with a literature review 

presented in Chapter 7.  The subjects of this review are methods used to construct 

equivalent monolithic precast concrete moment resisting frames, the use of fibre 

reinforced concrete in beam-column joints, and high performance fibre reinforced 

cementitious composites (HPFRCCs).  HPFRCCs are defined in this thesis as fibre 

reinforced cementitious composites that do not decrease in tensile strength until the strain 

sustained is of the order of 1% or greater. 

Chapter 8 begins by proposing a simple method for the assembly of moment resisting 

frames using precast beam and column elements, which relies on the tensile properties of 

HPFRCCs to transfer forces through the joint core.  Five beam-column joints were 

constructed using this method and tested using an improved test method that was 

developed to address deficiencies previously identified in the test method used during 

Parts 1 and 2 of the thesis.  Two different HPFRCCs and various beam longitudinal 

reinforcement anchorage details were used in the test specimens.  Test results showed that 

HPFRCCs do have the ability to transfer forces through joint cores, even when the joint 

core is subjected to severe reversed cyclic loading. 

In Chapter 9 an attempt is made to develop a rational understanding of the mechanisms 

by which HPFRCC joint cores resist applied forces.  Strut-and-tie models were developed 

to estimate the distribution of forces within the joint core, and the resulting models were 

compared with the experimental results described in Chapter 8.  The attempt to develop a 

rational design method for HPFRCC beam-column joints was not successful; however, a 

number of recommendations relating to the practical use of HPFRCC joint cores were 

made to conclude the chapter. 

The thesis is concluded in Chapter 10, where conclusions from each of the three Parts of 

the study are collected.  In addition, suggestions are made for future research based on 

questions raised or left unanswered by this doctoral investigation. 

To enhance the readability of the thesis, at many points in the text the results of routine 

calculations are presented without detailed explanation of the methods used to arrive at 

these results.  The methods used for these routine calculations are instead described in 

Appendix A.  There are two further appendices to the thesis.  Appendix B provides details 

of the database of beam-column joint tests assembled for use during the analyses 
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discussed in Chapter 4, and Appendix C contains design and performance details related 

to the new beam-column joint test setup developed for use during the testing described in 

Chapter 8. 

1.5 NZS 3101 – Concrete Structures Standard 

NZS 3101 is the standard governing the design of concrete structures in New Zealand 

During the period of time when the research described in this thesis was being conducted 

a major revision of NZS 3101 was completed, and as a result, three different iterations of 

this document are referred to when discussing the design of test units throughout the 

thesis.  With regards to the design of beam-column joints, the main change made to the 

design standard was the introduction of provisions to address the anchorage of Grade 

500E reinforcement.  These provisions are reviewed in detail in Chapter 2.  Changes to 

the provisions relating to the shear strength of beam-column joints were also made.  

However, these revisions were minor in nature, and inconsequential to the research 

described in this thesis. 

In case future researchers are attempting to determine the basis of the design for the 

various test units described in this thesis, the specific details of the design standard used 

during each series of tests is outlined in the following paragraphs. 

The test units constructed to investigate the occurrence of bond failure in beam-column 

joints containing Grade 500E reinforcement were designed according to the 1995 edition 

of the design standard (NZS 3101 1995).  At the time when these units were designed the 

third and final amendment to NZS 3101:1995 was available in draft form, and the 

changes included in this amendment were considered in the designs. 

The test units constructed to assess the seismic performance of structures built using 

inorganic polymer concrete were designed using a draft revision of the design standard 

(DZ 3101.1 rel.2 2004). 

The precast fibre reinforced beam-column joints contained many features that were 

outside the bounds of any edition of NZS 3101.  However, where appropriate the most 

recent edition of the design standard (NZS 3101 2006) was used to design the test units 

relating to this part of the research. 

 



 

  9 

Part 1: 
 

Grade 500E 
Reinforcement in 

Beam-Column Joints 

Scope 

The aim of Part 1 of this thesis was to determine whether the use of Grade 500E 

beam longitudinal reinforcement is detrimental to the performance of beam-column 

joints.  The primary question investigated in Part 1 is whether Grade 500E 

reinforcement requires disproportionately large columns to ensure adequate 

anchorage of beam longitudinal reinforcement within the beam-column joint.  This 

subject is discussed in Chapters 2 to 4.  Chapter 5 considers the broader effects of 

using Grade 500E beam longitudinal reinforcement, specifically considering the 

issues of frame stiffness, capacity design requirements, and reinforcement 

congestion. 
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Chapter 2  

LITERATURE REVIEW – BOND 
FAILURE IN BEAM-COLUMN JOINTS 

2.1 Overview 

The objective of this literature review was to outline the rational basis of design 

requirements intended to prevent bond failure in interior beam-column joints, and to 

compare international differences between such requirements.  This comparison is 

achieved by reviewing local and international experimental and analytical studies that 

have influenced the development of these requirements.  The review also covers the 

introduction of Grade 500E reinforcement to New Zealand and the resulting alterations 

that were made to New Zealand anchorage design criteria.  The review does not examine 

the modelling of bond failure in beam-column joints, as this is not directly relevant to the 

aims of this thesis. 

The content of the review presented in this chapter is extended in Chapter 4 to include a 

comparison between New Zealand design requirements for the prevention of bond failure 

and similar requirements found in overseas design standards.  This detailed comparison 

was felt to be beyond the scope of literature review, and hence was not included in this 

chapter. 
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2.2 Failure of interior beam-column joints 

There are two modes of failure that can prevent interior beam-column joints from 

achieving the requirements of the capacity design philosophy (see section 1.2).  These 

two modes are shear failure and bond failure, with the latter also commonly described as 

anchorage failure.  While there continues to be international disagreement about the 

design of beam-column joints (Park 2002), it is generally recognised that the 

consequences of joint shear failure are more severe than the consequences of bond failure 

in a joint, because shear failure has a brittle nature and is likely to compromise column 

axial capacity (Paulay and Priestley 1992).  The main consequences of bond failure in a 

beam-column joint are that the stiffness and hysteretic energy dissipation of the joint are 

significantly reduced (Paulay 1988).  It is also widely accepted in New Zealand that the 

mechanism of shear resistance in interior beam-column joints is affected by the bond 

conditions along the beam and column longitudinal reinforcement (NZS 3101 2006), 

although this relationship between bond and joint shear strength is not universally 

recognised internationally (ACI 318 2005).  A further motivation for designing to avoid 

bond failure during earthquakes is that damage due to bond failure is difficult to detect, 

and if detected is difficult and costly to repair. 

Anchorage requirements are particularly severe in interior beam-column joints.  Typically 

detailed joints have beam and column longitudinal reinforcement running continuously 

through the joint core, and this reinforcement is normally in tension on one side of the 

joint and in compression on the other side.  Thus the total force to be anchored in the joint 

core can considerably exceed the yield force of a reinforcing bar, especially where plastic 

hinges form adjacent to the joint, in which case significant strain-hardening can be 

expected to occur during reversed cyclic loading.  Except in situations where 

reinforcement anchorage is improved by the use of steel anchor plates (Fenwick and 

Irvine 1977a; Young 1998), the anchorage of longitudinal reinforcement in an interior 

beam-column joint is normally dependent on the bond forces that develop between the 

reinforcement and the surrounding concrete over the depth of the column.  If it is 

assumed that the critical sections of members framing into a joint occur immediately 

adjacent to the faces of the joint, then the available anchorage length for beam and 

column reinforcement is equal to the depth of the column or beam respectively.  This 

assumption is obviously incorrect in cases where plastic hinges are deliberately relocated 

away from the joint faces, which is another approach that can be used to prevent 

anchorage failure (Blakeley et al. 1979; Galunic et al. 1977; Shibata et al. 1987). 
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The study described in Part 1 of this thesis was focused on beam reinforcement anchorage 

failure.  It has been shown that high bond stresses can be sustained within a beam-column 

joint, as long as yielding does not occur within the anchorage length (Fenwick 1981).  

Yielding significantly reduces the dependable bond strength, particularly when it occurs 

repeatedly during reversed cyclic loading.  In well designed moment resisting frames 

subjected to earthquake forces, inelastic reinforcement strains are prevented from 

occurring in column reinforcement by adopting capacity design principles (see section 

1.2).  Therefore column bar anchorage failure is unlikely to occur, and design standards 

allow designers to rely on larger bond stresses between column bars and the surrounding 

concrete, and consequently to specify shorter anchorage lengths for column bars (NZS 

3101 2006). 

2.3 Designing to prevent bond failure 

Bond failure was noticed during the earliest cyclic testing of an interior beam-column 

joint (Hanson 1971).  Hanson noted that failure of longitudinal reinforcement anchorage 

increased the flexibility of the test unit, but did not reduce the moment capacity.  This 

maintenance of strength was possible because flexural tension forces in the beam 

longitudinal reinforcement could be anchored in the compressed concrete of the beam on 

the opposite side of the joint. 

Park and Paulay (1975) discussed the problem of bond failure, noting that the precise 

effects of bond failure were difficult to quantify due to the limited experimental data 

available.  Discussing the results of Hanson (1971), they postulated that the anchorage of 

beam reinforcement in the flexural compression region of the beam on the opposite side 

of the joint would reduce the ductility capacity of the beams framing into the column.  

This assertion was later shown to be correct by Hakuto et al. (1999).  Park and Paulay 

also suggested that interior beam-column joints should be expected to perform better if 

numerous small reinforcing bars were used in place of fewer large bars, implicitly 

recognising that the anchorage length required is less for small diameter reinforcing bars 

than for large diameter bars. 

Early New Zealand concrete design codes did not incorporate specific design 

requirements for beam-column joint regions (Blakeley 1983).  Users of these codes were 

instead referred to then-current American codes published by the Structural Engineers 

Association of California (SEAOC 1968) and the American Concrete Institute (ACI 318 

1971).  These American codes contained guidance on the provision of adequate shear 



Bond Performance of Beam-Column Joints   

14 

strength and confinement in the joint region, but did not contain specific guidance on 

longitudinal reinforcement anchorage in interior joints.  For instance, ACI-ASCE 

Committee 352 emphasised the fact that bond stresses in interior beam-column joints may 

be high, but stated only that bond deterioration could be reduced by using smaller 

diameter reinforcing bars (ACI-ASCE Committee 352 1976). 

2.3.1 Basis of design equations 

The intention of guidelines related to bond in interior beam-column joints should be to 

specify anchorage lengths to achieve a certain performance level.  As discussed in section 

2.2, bond failure in beam-column joints results in a progressive reduction of joint stiffness 

and energy dissipation during cyclic loading, with the rate and extent of degradation 

determined by the reinforcement anchorage length.  The development of anchorage 

design guidelines is complicated because of the number of factors that affect the 

performance of a beam-column joint, and by the need to define an acceptable 

performance level.  Discussing the experimental validation of beam-column joint 

performance, Loring Wyllie (1993), a senior engineer at Degenkolb Engineers, stated: 

“…design criteria in the United States are less stringent and more damage is 

permitted in a beam-column joint than in New Zealand.  Thus the reality of the 

situation is that there is no disagreement (between design codes), only a difference 

in criteria reflecting the philosophies behind our Building Codes.” 

By considering a single reinforcing bar anchored in an interior beam-column joint, a 

fundamental equation giving the column depth required to anchor a reinforcing bar can be 

developed. 

When a moment resisting frame resists earthquake lateral forces, the reinforcing bar 

shown passing through a joint in Figure 2-1 is normally subjected to a tensile stress on 

one side of the joint and to a compression stress on the other side of the joint.  When the 

capacity design philosophy is used (see section 1.2), the magnitude of the tensile stress is 

assumed to equal the overstrength stress of the reinforcing bar, and the magnitude of the 

compression stress is expected to be less than the overstrength stress of the reinforcing 

bar.  Equilibrium of the reinforcing bar must be maintained, and in the absence of 

mechanical anchors, the equilibrating force is generated by bond stresses along the length 

of the bar passing through the joint.  The distribution of these bond stresses is known to 

be complex, and to vary depending on the prior load history of the bar (Paulay and 

Priestley 1992), but for design purposes it is normally assumed that an average bond 
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stress acts along the complete length of the reinforcing bar in the joint core.  Further 

discussion of the bond strength available in a joint core is presented in section 2.3.2. 

αofyAsκαofyAs

average bond 

stress, ub
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Figure 2-1 Free body diagram of a reinforcing bar anchored in a beam-column joint core 

Applying the requirements of force equilibrium to the free body diagram of the bar shown 

in Figure 2-1, equation 2-3 must be true: 

bar surface area × bond stress = tension force + compression force (2-1) 
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where ub,req is the average bond stress required over the column depth, and 0 ≤ κ ≤ 1 is a 

constant equal to the reinforcement compression stress divided by the reinforcement 

overstrength stress.  db is the bar diameter of the beam longitudinal reinforcement, hc is 

the column depth, and fy is the yield strength of the beam longitudinal reinforcement. 

To prevent bond failure from occurring the required bond stress should be less than the 

available bond stress, i.e. ub,req ≤ ub,avail.  A design criterion relating bar diameter and 

column depth can be obtained by incorporating this requirement into equation 2-3 and 

then rearranging the result: 
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where ub,avail is the maximum average bond stress that can be developed without bond 

failure occurring. 

While the derivation of equation 2-4 is simple, it contains two factors that have proven 

difficult to determine.  These factors are the maximum average bond stress that can be 

sustained in a beam-column joint core, and the level of stress in the compression 
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reinforcement entering the joint core.  Refining the way that these quantities are estimated 

has been the focus of significant research over the previous three decades. 

2.3.2 Available bond strength in a beam-column joint 

It is self evident that the available bond strength plays a key role in determining the 

ability of a beam-column joint to anchor beam longitudinal reinforcement.  It is generally 

recognised that the maximum bond stress that can be developed between steel 

reinforcement and concrete in a beam-column joint core is related to the tensile strength 

of concrete, and hence proportional to the compressive strength of concrete raised to an 

exponent less than one.  Thus the bond strength available in a joint core can be expressed 

as: 

( )n'
cavailb, fηu =  (2-5) 

where n < 1 and η is a constant.  The constant η can be considered to be a curve fitting 

coefficient that is dependent on such factors as the stress state in the anchor region and 

also on the system of units being used (i.e. S.I. or imperial/U.S. customary units); it is 

therefore unsurprising that the value of η varies widely.  It might be expected that the 

exponent n defines a more fundamental relationship between bond strength (or tensile 

strength) and concrete strength; however, despite this expectation, there is little 

international consensus on what the value of n should be.  It will be seen in the remainder 

of this chapter that values of n = ½ and n = ⅔ have been adopted by different design 

standards for joint core anchorage design criteria.  Considering a broader range of 

literature, it is evident that an even wider range of exponents, n, have been suggested for 

relationships between concrete compressive strength and concrete tensile strength or bond 

strength.  Considering concrete tensile strength, Raphael (1984) concluded that n = ⅔, but 

Zheng et al. (2001) stated that curves with n = ½ more closely matched experimental 

data.  Considering bond strength, U.S. and New Zealand design codes (ACI 318 2005; 

NZS 3101 2006) have traditionally assumed, and currently assume, that n = ½.  However 

this view has been contradicted by Darwin et al. (1998; 1996a; 1996b; Zuo and Darwin 

2000), who concluded that the strength of lap splices should be calculated by assuming 

that n = ¼ to determine the bond strength of unconfined concrete, and that n = ¾ is 

appropriate in order to determine the bond strength of confined concrete. 

It can be concluded from the discussion above that selection of appropriate values for n 

and η is challenging, but also vital if a joint core anchorage criterion is to be appropriately 

conservative.  This statement raises the issue that definition of ub,avail according to 
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equation 2-5 requires not only values for n and η, but also a definition of what constitutes 

appropriate conservatism.  This aspect has not been defined clearly, or in many cases at 

all, for most joint core anchorage design criteria.  The clearest explanation of how the 

available bond strength was determined is probably that found in documentation outlining 

the background to the current (NZS 3101 2006) New Zealand design criterion (Paulay 

and Priestley 1992), which states that the available bond strength used is an “average 

useable” value based on observations made during testing conducted by Eligehausen 

(1983).  This use of an average value for strength is in contrast to most other aspects of 

modern design standards (including NZS 3101:2006), which are typically based around 

the use of lower characteristic (fifth percentile) material strengths at the ultimate limit 

state.  The reasons for basing bond strength on average values rather than lower 

characteristic values are not given explicitly by Paulay and Priestley (1992), but are likely 

to include: 

• The relatively minor consequences of bond failure occurring. 

• The fact that reinforcement anchorage is effected over a substantial length of bar, 

and thus it can reasonably be expected that localised bond stress variation along 

and around the bar should average out. 

• Recognition of the reality that accurate determination of the variability of bond 

strength is unlikely to be possible, given the difficulty of defining bond strength in 

relation to concrete compressive strength. 

Taking these probable reasons into account, it seems appropriate for an “average useable” 

value of bond strength determined from testing to be used as the basis of design criteria. 

2.3.3 Early design guidelines 

Recommended anchorage lengths for beam reinforcement in interior joints were first 

published in New Zealand by a discussion group of the New Zealand Society for 

Earthquake Engineering (Smith and Sidwell 1977).  Limited test data available at the time 

prevented estimation of the individual variables found in equation 2-4, and instead it was 

recommended that Grade 275 reinforcement could be properly anchored in a column with 

a depth of at least 25 times the diameter of the bar to be anchored.  The restriction on bar 

sizes proposed by the discussion group was retained and expanded upon when the New 

Zealand concrete design code was revised (NZS 3101 1982).  This code recognised that 

higher strength reinforcement would require a longer anchorage length in order to achieve 

the same anchorage performance, proposing that column depth and bar diameter be 

related by equation 2-6. 
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Note that equation 2-6 is unit dependent, and is presented here such that the 

reinforcement yield stress, fy, should be measured in megapascals (MPa).  Anchorage 

design criteria are typically unit dependent; in this thesis the units for all reinforcement 

and concrete strengths should be taken as megapascals. 

Some relaxation of the strict requirement of equation 2-6 was permitted if the column 

carried a large axial load (NZS 3101 1982).  It may be noted that using equation 2-6 to 

determine the required anchorage length of a Grade 275 reinforcing bar does not give the 

25 bar diameter length referred to above.  The coefficient in the equation was originally 

11, but had to be amended in the late 1980s to account for the change to designation of 

reinforcing steel by lower characteristic (fifth percentile) yield strength rather than 

minimum yield strength (NZS 3402 1989).  The revised version of the equation is 

presented here to allow direct comparison with later criteria, which have been developed 

based on lower characteristic reinforcement strengths. 

In contrast to early New Zealand developments, which while simple were based on the 

rational basic equation developed in section 2.3.1, when recommendations on anchorage 

length were introduced in the United States they were entirely empirical.  A blanket 

recommendation was first made that the column depth be at least 20 times the bar 

diameter, irrespective of reinforcement yield stress (ACI-ASCE Committee 352 1985).  

In addition to the failure to account for the influence of reinforcement yield strength on 

required anchorage length, the ACI-ASCE recommendation was less conservative than 

New Zealand design rules, implying that greater degradation of stiffness and energy 

dissipation would occur during cyclic loading.  Committee 352 recognised this potential 

for greater strength and stiffness degradation; but considered it more desirable than the 

large column sizes that would result from using more conservative anchorage lengths.  

The same design requirement discussed in this paragraph is still found in the principle 

U.S. concrete design standard (ACI 318 2008). 

2.4 Improved understanding of bond in interior 
beam-column joints 

A desire to reduce column depths in concrete frames through the use of less conservative 

anchorage design recommendations lead many researchers to investigate the mechanics 

of reinforcement anchorage in beam-column joints.  This research is summarised here, 
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divided into subsections by country of origin in order to isolate the different performance 

expectations underpinning each research project.  Much of the research was conducted as 

part of the joint United States-New Zealand-Japan-China research programme on beam-

column joints (Park and Hopkins 1989), with the results published in an ACI special 

publication (Jirsa 1991). 

2.4.1 U.S. research 

A significant research programme on cyclic bond was undertaken in the late 1970s and 

early 1980s at the University of California at Berkeley (Ciampi et al. 1982; Cowell et al. 

1982; Eligehausen et al. 1983; Filippou et al. 1983; Soleimani et al. 1979; Viwathanatepa 

et al. 1979b; Viwathanatepa et al. 1979a).  The high likelihood of bond failure occurring 

in interior beam-column joints was re-emphasised (Soleimani et al. 1979; Viwathanatepa 

et al. 1979a), and an analytical model for predicting the bond-slip behaviour of 

reinforcing bars was developed and described by Viwathanatepa et al. (1979b), Ciampi et 

al. (1982) and Eligehausen et al. (1983). 

Ciampi et al. (1982) suggested that for design purposes the minimum anchorage length 

should be restricted to between 25 and 40 bar diameters depending on reinforcement 

properties, and noted that when high strength concrete was used these limits could be 

relaxed in proportion to the tensile strength of the concrete.  It was also noted that the 

recommendations were similar to those found in New Zealand design codes (NZS 3101 

1982), but were derived using a different process. 

Filippou et al. (1983) assessed the influence of various parameters on beam-column joint 

performance, using a model that incorporated the effects of bond degradation.  The main 

conclusion reached was that the hysteretic energy dissipation of beam-column joints was 

significantly affected by the bond strength in the joint core.  It was also concluded that the 

ratio of the area of top and bottom reinforcement, bar diameter and yield strength, load 

history and specimen size all affected bond behaviour in beam-column joints. 

Zhu and Jirsa (1983) reviewed the bond performance of previously published beam-

column joint tests, from which they observed that the bond performance of many beam-

column joints only deteriorated at large levels of interstorey drift.  They proposed 

assessment of bond performance at a drift level of 3%, and concluded that beam-column 

joints performed well if the column depth was greater than 17 bar diameters for Grade 40 

(fy = 275 MPa) reinforcing bars, or greater than 20 to 22 bar diameters for Grade 60 

(fy = 414 MPa) reinforcing bars. 
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Guimaraes et al. (1989) conducted tests on interior beam-column joints that were 

representative of a uniform frame (see Figure 1-1), with the aim of the tests being to 

consider the impact of using high strength materials in beam-column joints.  Bond 

performance was assessed by relating the bond stress to energy dissipation in the same 

way as Kitayama et al. (1987; 1991) (see section 2.4.2).  Guimaraes et al. noted that 

beam-column joints with Grade 75 (fy = 517 MPa) beam longitudinal reinforcement 

dissipated less energy during cycles to 2% drift than did beam-column joints with Grade 

60 beam longitudinal reinforcement.  This observation was attributed to the plastic 

deformations being smaller in the beam-column joint specimens that used high strength 

reinforcement, rather than poorer bond performance.  It was concluded that there was no 

discernable difference between the bond behaviour of Grade 60 and Grade 75 

reinforcement passing through beam-column joints. 

Leon (1989) noted that it was desirable to reduce column depths by allowing shorter bar 

anchorages, but also noted that U.S. design requirements were already considerably less 

conservative than New Zealand requirements.  By testing four half-scale beam-column 

joints in which the column depth varied between 16 and 28 bar diameters, Leon 

concluded that the anchorage length of reinforcement with a yield strength of 414 MPa 

should be 28 bar diameters.  However, it appears that even with this anchorage length, 

tensile stresses existed at the far side of the joint, which is not desirable according to New 

Zealand recommendations.  In a further paper on the subject, Leon (1991) identified three 

different performance levels that could be expected when anchorages of different lengths 

were used, and recommended a new design criteria for determining anchorage lengths.  

This equation accounted for reinforcement and concrete strength, and also for the joint 

shear stress level, which was adopted as a measure of the expected extent of joint 

cracking.  Anchorage lengths calculated using this equation were almost always greater 

than the length normally required in U.S. designs (i.e. 20 bar diameters). 

2.4.2 Japanese research 

Until the 1980s high rise concrete construction was relatively uncommon in Japan.  The 

development of such construction was driven by large companies, and design techniques 

were initially developed within these companies (Kurose and Jirsa 1987).  These 

proprietary guidelines relied on empirical limits to prevent anchorage failure in interior 

beam-column joints.  For example, Takenaka Komuten Co. Ltd. designed beam-column 

joints so that the column depth was at least 20 times the diameter of beam longitudinal 

reinforcement passing through the column (Kurose and Jirsa 1987). 
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The first official Japanese guidelines for the design of concrete beam-column joints were 

not published until 1988 (Otani 1991).  It is not surprising therefore that their “first 

generation” recommendations on anchoring bars in interior joints were more 

sophisticated than the U.S. and New Zealand recommendations described in section 2.3.3.  

The guidelines, published by the Architectural Institute of Japan in 1988, required beam-

column joints to maintain their integrity until a drift of at least 1.5% was sustained by the 

frame.  To ensure that bond failure did not affect the performance of interior joints before 

this drift level, the guidelines required the ratio of bar diameter and column depth to 

satisfy equation 2-7 (Otani 1991). 
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Equation 2-7 was developed by Kitayama et al. (1987; 1991), who noted that bond failure 

reduced the energy dissipated by beam-column joints during cyclic loading, and that this 

reduction could be quantified by determining the equivalent viscous damping of the joint.  

By conducting time-history analyses for reinforced concrete moment resisting frames, it 

was shown that earthquake performance was not compromised by reducing the equivalent 

viscous damping ratio from 0.25 to 0.10, suggesting that some bond deterioration was 

acceptable within a beam-column joint.  The equivalent viscous damping that occurred 

during cycles to 2.0% drift was calculated for a series of beam-column joint tests, from 

which it was found that joints should meet the criteria given by equation 2-7 in order to 

guarantee an equivalent viscous damping ratio of at least 0.10.  In the derivation of 

equation 2-7 it was assumed that the force to be anchored in the joint core was equal to 

twice the yield strength of the bar, i.e. the bar was assumed to yield in tension on one side 

of the joint and in compression on the other side of the joint.  No allowance was made for 

strain-hardening of the reinforcement. 

Kitayama et al. (1991) considered the influence of axial load on beam reinforcement 

anchorage, but found that there was no significant effect on bond strength when the 

column axial load was between 0% and 30% of the gross column axial capacity. 

Kaku and Asakusa (1991) provided a summary of some of the factors that can influence 

bond strength in interior beam-column joints.  Amongst the factors mentioned were 

observations that column axial load improved bar anchorage, specifically reducing push-

in slip rather than pull-out slip.  However, they were not able to make design 

recommendations. 
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Kitayama et al. (1992) considered the performance of beam-column joints constructed 

with high strength concrete (compressive strength up to 99 MPa) and high strength 

reinforcement (yield strength up to 800 MPa).  A key finding of the study was the 

recognition that the reinforcement force to be anchored in a joint was influenced by the 

ratio of top to bottom reinforcement areas.  From the results of a series of tests, Kitayama 

et al. suggested that bond strength in beam-column joints was proportional to concrete 

compressive strength, and that there was only minor deterioration of bond strength when 

three dimensional joints (i.e. joints from a uniform frame) were subjected to bi-directional 

loading.  It is noteworthy that due to the high yield strength of the beam longitudinal 

reinforcement, yield drift levels were large and hence imposed displacement ductility 

levels were low. 

Noguchi and Kashiwazaki (1992) also investigated the performance of beam-column 

joints constructed using high strength materials.  They suggested that existing design 

rules (equation 2-7) could be used to design joints that performed well despite using beam 

longitudinal reinforcement with yield strength greater than 700 MPa.  However, test 

results presented by Noguchi and Kashiwazaki showed that beam “compression” 

reinforcement was in tension at the column face during cycles to 2.0% drift despite 

conventional flexural theory for reinforcement indicating that the reinforcement should be 

in compression, which indicated that the joint core was not capable of completely 

anchoring the beam longitudinal reinforcement. 

A revised Japanese design criteria limiting the permitted ratio of bar diameter to column 

depth was introduced in the 1999 edition of the Japanese concrete design standard (AIJ 

1999), and has been reported by Hakuto et al. (1999) and Lee et al. (2007).  The revised 

equation is shown here as equation 2-8, and accounts for the effect of axial load and 

differing areas of top and bottom beam longitudinal reinforcement on bar anchorage.  The 

revised equation also assumed that bond strength is proportional to a larger exponent of 

concrete compressive strength than used in previous design equations.  This change 

allows a greater reduction of column depth as concrete strength increases. 
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In equation 2-8 N is the axial load on the column, Ag is the gross cross section area of the 

joint and β is the ratio of the area of compression to tension reinforcement, and should be 

taken as 1.0 or less.  Note that the coefficient 0.46 has been added to equation 2-8 so that 
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correct results are obtained when stress quantities are input as megapascals, rather than 

kilogrammes-force per square centimetre as in the original equation. 

2.4.3 New Zealand research 

The conservatism of early New Zealand provisions for the prevention of bond failure in 

beam-column joints (equation 2-6) was recognised by several researchers.  Subsequent 

research was therefore concentrated on developing an improved design criterion, based 

on the equilibrium requirements of equation 2-3.  Park and Dai (1988) noted that the 

average bond strength was related to the tensile strength of concrete, and that when the 

area of compression reinforcement was greater than the area of tension reinforcement the 

maximum reinforcement compression stress that could develop was less than the 

overstrength stress, i.e. with reference to equation 2-3 κ < 1.0.  By assuming that equation 

2-6 gave the anchorage length required for bars embedded in 20 MPa concrete, Park and 

Dai calculated the average bond strength implied by equation 2-6.  After modification to 

reflect the change from use of minimum to lower characteristic yield strengths in New 

Zealand (NZS 3402 1989), this value was '
cavailb, f1.68u = .  Park and Dai also suggested 

that greater bond strength could be relied upon when significant axial compression 

stresses were transmitted through the joint, but they had insufficient evidence to make a 

design recommendation on the magnitude of this increase. 

Cheung (1991) further refined the understanding of bond conditions in beam-column 

joints, observing that bond strength was reduced when plastic hinges formed in beams at 

all four faces of a beam-column joint, which would occur in a uniform frame (see Figure 

1-1c) subjected to bi-directional loading.  Cheung also proposed a method to account for 

the bond strength improvement observed when joints were subjected to column axial 

loads.  Cheung also noted that compression stresses in reinforcement were likely to be 

less than the yield stress, even in cases where equal areas of top and bottom 

reinforcement passed through the joint core.  To incorporate this and other effects noted, 

Cheung proposed a revised design equation to replace equation 2-6 in New Zealand 

design standards. 

Cheung et al. (1992) presented another possible design equation, now recognising that 

reliable bond strength was decreased when significant depths of fresh concrete are cast 

underneath a bar.  To account for this decrease, they suggested that the assumed bond 

strength should be reduced by approximately 10% when 300 mm or more of fresh 

concrete was cast underneath a bar. 
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Paulay and Priestley (1992) and Xin (1992) considered all the factors identified by Park 

and Dai (1988), Cheung (1991), and Cheung et al. (1992) and developed a design 

equation that accounted for the influence of column axial load, potential bi-directional 

loading of a frame, depth of fresh concrete cast beneath a bar, and the likely compression 

stress in a reinforcing bar.  The equation proposed by Paulay and Priestley was 

incorporated into a revised New Zealand concrete design standard (NZS 3101 1995) in 

the form shown here as equation 2-9. 
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In equation 2-9 αf accounts for the detrimental effect of bi-directional loading on bond 

strength, αp is a factor that accounts for the positive effect of column axial load on bond 

strength, αt is a factor that accounts for the bond strength reduction resulting from a large 

depth of fresh concrete being cast under a reinforcing bar, and αs is a factor indicating the 

magnitude of the stress in the compression reinforcement.  The physical meaning of 

equation 2-9 can be clarified by rearranging to give an equilibrium requirement similar to 

equation 2-3, shown below as equation 2-10. 
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Equation 2-10 shows that the average bond strength assumed by NZS 3101:1995 to be 

available is 
'

cfpt fααα5.1 MPa.  Assuming no increase from axial load (αp = 1.0), a 

one-way frame (αf = 1.0) and less than 300 mm of fresh concrete underneath the 

reinforcing bar (αt = 1.0), the implied average bond stress of 
'

cf5.1 MPa is less than 

implied by Japanese design criteria such as equation 2-7.  Park and Dai noted that it was 

appropriate to rely on greater bond strength in Japanese structures, because they were 

typically strong and stiff, and hence the ductility demands on them were expected to be 

less than on New Zealand structures.  As discussed previously in section 2.3.2, the 

average bond stress used to define equation 2-9 was taken to be a “useable” value based 

on a peak bond stress of approximately '
cf5.2  being achievable (Eligehausen et al. 

1983), and assuming that some bond deterioration was acceptable (Paulay and Priestley 

1992). 
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The total force to be anchored by bond stresses in equation 2-10 is yos

2
b fαα

4

πd
.  For 

joints with equal top and bottom reinforcement areas it is specified that αs = 1.55, with the 

tension stress in the reinforcement at one side of the joint assumed to be αofy, and the 

compression stress at the other side of the joint assumed to be 0.55αofy.  This latter value 

is equal to approximately 0.7fy, which is considered to be the maximum compression 

stress likely to occur in this situation (Paulay and Priestley 1992).  Where unequal areas 

of top and bottom reinforcement pass through the joint it is reported that the compression 

stress in reinforcement that is part of the smaller reinforcement group is likely to be more 

than 0.7fy, and hence αs ranges from 1.55 to 1.8 for these bars depending on the ratio of 

the reinforcement areas.  The extreme value of 1.8 implies that the reinforcement 

compression stress is 0.8αofy, which is equal to approximately 1.0fy.  This limiting value 

is imposed because it is considered extremely unlikely for strain-hardening to occur in 

compression (Paulay and Priestley 1992). 

While some of the research reviewed above considered how bond stresses might 

realistically be distributed along a beam reinforcing bar passing through a beam-column 

joint, the design criteria proposed by these studies were universally developed by 

assuming that an equivalent average bond stress could be developed along the full length 

of the reinforcing bar within the joint.  The assumption of uniform average bond stress 

acting along the full length of a reinforcing bar passing through a joint is also a feature of 

design criteria used in Japan and Europe and reviewed elsewhere in this chapter.  

Restrepo-Posada (1993) considered the anchorage of reinforcing bars in beam-column 

joints, and uniquely developed a design criterion based on the non-uniform distribution of 

bond stresses shown in Figure 2-2.  Restrepo-Posada noted that much higher bond 

stresses could be developed within the depth of concrete compressed by column flexural 

forces than in the concrete subjected to flexural tension, and proposed a two part equation 

to model this effect (see Figure 2-2).  Due to the influence of the neutral axis depth on the 

force anchored by the frictional component of the model, the design criterion developed 

from this model inherently accounted for the beneficial effects of column axial load on 

bond strength.  The design criterion also accounted for the influence of different ratios of 

top and bottom beam reinforcement (specifically considering the contribution of slab 

reinforcement to flexural strength), bi-directional loading, and fresh concrete depth.  

Restrepo-Posada’s design criterion is shown below as equation 2-11, although in a form 

modified to aid comparison with equation 2-9 as adopted by NZS 3101:1995 (see section 

4.2). 
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Figure 2-2 Bond model proposed by Restrepo-Posada (1993) 
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When compared to equation 2-9, equation 2-11 was reported to be more strongly 

influenced by the column axial load level and concrete compressive strength.  This 

second effect was due to the proposed bond strength model including a component that 

was proportional to concrete compressive strength, rather than concrete tensile strength 

(i.e. concrete compressive strength raised to an exponent less than one) as was assumed in 

most other design criteria.  Restrepo-Posada also specified a subtly different definition of 

β, noting that slab/flange reinforcement should be considered to be effective in resisting 

flexural tension forces but not flexural compression forces.  This definition was 

recommended because the flow of forces in a structure makes it impossible for slab 

reinforcement to sustain significant compression stresses at the critical section adjacent to 

a joint face. 

Hakuto et al. (1999) investigated the effects of bond deterioration on the strength and 

ductility of frames.  They observed that complete bond failure lead to tensile stresses in 

beam “compression” reinforcement at the joint face, but that this observation did not 

significantly affect the strength of the beam.  However, the increased reliance on concrete 

to resist flexural compression forces dramatically reduced the curvature ductility capacity 

of the beams. 
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2.4.4 European research 

Pan-European guidelines on the anchorage of beam reinforcement in interior beam-

column joints are contained in Eurocode 8 (BS EN 1998-1 2004).  Bar diameter and 

column depth must meet the requirement shown below as equation 2-12, which has been 

rewritten to use common New Zealand notation. 
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Equation 2-12 is rather similar to current Japanese design requirements (equation 2-8).  

Uma and Jain (2006) have previously shown that for a range of parameters the ratio db/hc 

calculated from equation 2-12 is generally somewhat more conservative than the 

requirement calculated from equation 2-9 as found in NZS 3101:1995. 

2.5 Introduction of Grade 500E reinforcement to 
New Zealand 

Since the 1970s the strength of steel used to reinforce concrete in New Zealand has 

gradually increased.  There have traditionally been two strengths of reinforcement 

commonly available.  Initially strength designations were based on minimum yield 

strength values, and a mild steel with fy = 275 MPa (Grade 275) and a high strength steel 

with fy = 380 MPa (Grade 380) were commonly used.  Limit state design and a revised 

specification for steel reinforcement (NZS 3402 1989) required the introduction of lower 

characteristic (fifth percentile) yield strength for designating steel reinforcement, which 

lead to Grade 275 reinforcement being re-designated as Grade 300 reinforcement.  

Subsequently, Grade 380 reinforcement was replaced with Grade 430 reinforcement, 

which was both stronger (fy = 430 MPa) and more ductile.  More recently a desire to 

standardise material properties and design standards with those used in Australia has led 

to the much discussed (O'Grady 2002) introduction of reinforcement with fy = 500 MPa 

to replace Grade 430 reinforcement.  This reinforcement is referred to as Grade 500E, 

with the E differentiating this reinforcement from less ductile class N and class L 

reinforcement specified in the same reinforcing steel standard (AS/NZS 4671 2001), but 

intended primarily for use in Australia. 

Amongst other concerns about the use of Grade 500E reinforcement in moment-resisting 

frames (see Chapter 5), particular attention has been paid to its effect on anchorage of 
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reinforcement in beam-column joints.  Whilst these concerns will be discussed in detail in 

Chapter 4 it is appropriate to provide an overview of past research on the topic here.  

Further details of the tests described below can also be found in Appendix B. 

The first indication that anchorage of Grade 500E reinforcement in beam-column joints 

could be problematic came from tests conducted by Young (1998).  Bond failure (i.e. 

significant slip of the beam longitudinal reinforcement within the joint core) occurred 

during testing of interior beam-column joints that used Grade 500E beam longitudinal 

reinforcement, despite the ratio of bar diameter to column depth meeting the requirements 

of equation 2-9, indicating that existing design criteria were non-conservative.  The 

diameter of the beam longitudinal reinforcement used in Young’s test unit was 16 mm, 

and the reinforcement content of the beams was approximately 1.1%. 

Lin (1999) tested a number of interior beam-column joints that used Grade 500E beam 

longitudinal reinforcement, and noted that bond failure occurred in these units, despite the 

fact that the ratio of bar diameter to column depth met New Zealand design requirements 

(equation 2-9).  The diameter of the beam longitudinal reinforcement used in these test 

units was 12 mm, and the beam reinforcement content was in all cases approximately 

0.5%.  Lin assembled a database of previous interior beam-column joint test results, and 

determined that bond failure occurred at lower bond stress levels in joints containing 

Grade 500E reinforcement.  Lin proposed that the ratio of db/hc required to prevent bond 

failure was proportional to 
1.3

y

'

c /ff , rather than y

'

c /ff  as indicated by New Zealand 

standards.  This suggestion is not consistent with the rational basis of most design 

requirements.  If Lin’s suggestion is accepted and used as the basis of an equilibrium 

requirement similar to equation 2-3 then equation 2-13 is derived: 
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Considering the physical meaning of equation 2-13, the left side of the equation 

represents the anchorage strength of the concrete in the beam-column joint core, while the 

right side represents the overstrength reinforcement force that must be anchored.  Based 

on this interpretation, equation 2-13 implies that the overstrength force that must be 

anchored is not directly proportional to the yield strength of the reinforcement.  This 

implication is not compatible with the mechanics of the free body diagram shown in 

Figure 2-1.  Lin gave no evidence supporting the force in the reinforcing bar being 

proportional to fy
1.3. 



Part 1  Chapter 2 

  29 

Amso (2005) investigated whether db/hc ratios calculated for Grade 500E reinforcement 

using equation 2-9 were sufficient to prevent premature bond failure in beam-column 

joints subjected to earthquake loading.  Four interior beam-column joints were tested, 

which had beam reinforcement contents of 0.6% to 1.3% and used beam longitudinal 

reinforcement with diameters ranging from 16 mm to 20 mm.  In all four tests bond 

failure occurred at displacement ductility levels significantly lower than the maximum 

value of µ = 6 specified for moment resisting frames in the New Zealand concrete design 

standard, although the drift levels imposed on the specimens when bond failure occurred 

exceeded design limits of 2.5% (NZS 1170.5 2004). 

In order to determine if it was necessary to alter anchorage requirements in 

NZS 3101:1995 to prevent premature bond failure in interior beam-column joints, 

Fenwick and Megget (2003) conducted an analytical study of previous beam-column joint 

tests, including those of Young (1998), Lin (1999), and Amso (2005).  By comparing the 

stage at which bond failure occurred in 59 beam-column joint tests with the effectiveness 

of the anchorage provided in each test, Fenwick and Megget concluded that unacceptable 

premature bond failure was likely to occur in joints with Grade 500E beam longitudinal 

reinforcement that narrowly satisfied the anchorage requirement represented by equation 

2-9.  The methods used to arrive at this conclusion were empirical and did not consider 

whether the reportedly poor performance of joints containing Grade 500E beam 

longitudinal reinforcement was a result of a disproportionately greater force having to be 

anchored or a result of a reduced reliable bond strength being available (i.e. whether the 

use of Grade 500E reinforcement increased the demand on anchorages or reduced their 

capacity).  Further, assessments were based on the calculated value of bond stress 

required for the beam longitudinal reinforcement to develop its measured yield stress, 

rather than the value of bond stress required to develop the maximum reinforcement 

stress that occurred during testing, which appears to be erroneous.  To prevent premature 

bond failure Fenwick and Megget recommended that the design interstorey drift levels of 

moment resisting frames containing Grade 500E beam longitudinal reinforcement should 

be restricted more severely than if Grade 300 reinforcement was used. 

2.5.1 Incorporation of Grade 500E reinforcement in design criteria 

Due to concerns that premature bond failure could occur in beam-column joints 

containing Grade 500E reinforcement and designed to NZS 3101:1995, an alteration was 

made to the design criteria intended to prevent bond failure.  This alteration was 

originally included in the third amendment to NZS 3101:1995, published in 2003.  A 
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similar alteration was included in the recent revision of the design standard (NZS 3101 

2006). 

Based primarily on the results of the study by Fenwick and Megget (2003), the alteration 

to the design standard required that the ratio db/hc obtained from equation 2-9 be 

multiplied by a constant, γ (see Figure 2-3), unless one or more of the following 

statements applied to the beam-column joint: 

• The beam reinforcement passing through the joint was Grade 300E steel; 

• The design interstorey drift was less than 1.8%; 

• Plastic hinge formation could not occur at the faces of the joint (for example, due 

to use of haunched beams); 

• Plastic hinge rotations at the joint faces did not exceed 0.016 radians. 

In structures where all lateral force resistance is provided by moment resisting frames 

these statements are likely to require significantly (25%) larger column depths, because 

the flexibility of moment resisting frames means their structural design is typically 

governed by the requirement to not exceed specified drift limits (2.5% according to 

NZS 1170.5). 
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Figure 2-3 Relationship between γ and interstorey drift according to NZS 3101:2006 

Several concerns can be raised about the approach taken by NZS 3101:2006 to the 

anchorage of Grade 500E beam reinforcement in beam-column joints.  Significantly, it 

appears that the approach taken is not consistent with international practice.  In countries 
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such as Japan where the use of high (and ultra-high) strength reinforcement is common, 

no distinction is made in design requirements, and investigations that have specifically 

considered the use of high strength materials in beam-column joints have concluded that 

anchorage requirements do not change when high strength beam longitudinal 

reinforcement is used (Guimaraes et al. 1989).  The method adopted in NZS 3101:2006 

also seems inconsistent with the rational basis of design requirements (including 

equation 2-9) obtained from equation 2-3 and Figure 2-1, as neither the standard nor the 

related literature indicate whether the modification factor γ represents an increased force 

to be anchored, or a reduced ability of concrete to provide anchorage.  The modified 

version of equation 2-9 found in NZS 3101:2006 is also inconsistent with the rest of the 

standard with regards to the overstrength stress expected to develop in Grade 500E 

reinforcement.  Generally NZS 3101:2006 specifies that the overstrength factor used for 

Grade 500E reinforcement should be 1.4, rather than the value of 1.25 which has for 

many years been specified for Grade 300E reinforcement and the now obsolete Grade 430 

reinforcement.  However, the overstrength factor αo used to determine the anchorage 

length required is specified as 1.25 irrespective of the reinforcement type used, which is 

inconsistent with the specification of 1.4 as the overstrength for Grade 500E 

reinforcement in most aspects of design. 

2.6 Conclusions 

In Chapter 2 a review has been conducted of design regulations intended to prevent 

premature bond failure from occurring in interior beam-column joints.  It has been shown 

that such regulations can be rationally developed from consideration of equilibrium of a 

reinforcing bar passing through the concrete of the joint core.  To allow development of 

design criteria from this equilibrium requirement, it is necessary to determine the 

distribution and magnitude of reliable bond stresses within the joint core, and the 

magnitude of the tension stress and the compression stress in the reinforcing bar at 

opposite sides of the joint. 

International design codes published since the early 1980s have included design criteria 

intended to prevent bond failure in interior beam-column joints.  Continuing research has 

refined these design criteria and reduced the degree of conservatism inherent in early 

criteria.  Improved understanding has allowed the effects on anchorage length of column 

axial load, asymmetric beam reinforcement, bi-directional loading, and depth of fresh 

concrete cast beneath a bar to be included in design criteria.  Researchers have proposed 

the use of quasi-realistic distributions of bond stress to improve design criteria, although 
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to date criteria included in design codes have been developed from an assumed average 

bond stress acting over the full anchorage length. 

Review of current international design requirements has shown that the criterion used in 

the U.S.A. is a completely empirical equation, while the criteria used in New Zealand, 

Japan, and Europe are all rationally based.  All three of these rational requirements 

consider the effect of column axial load and the effect of asymmetrical beam 

reinforcement on anchorage requirements in beam-column joints.   

Recent testing of beam-column joints in New Zealand has indicated that use of the 

existing design criterion to determine anchorage lengths required for Grade 500E beam 

longitudinal reinforcement may result in premature anchorage failure during cyclic 

loading.  To account for this fact amended design criteria were included in the 2006 

revision of NZS 3101. 

2.6.1 Topics identified as requiring further research 

The purpose of a literature review is to motivate and guide a programme of research.  

Three areas requiring further research have been revealed by the literature review 

presented in Chapter 2.  Firstly, recent research has suggested that special attention must 

be paid to the anchorage of Grade 500E beam longitudinal reinforcement in beam-column 

joints.  However, the methods adopted to deal with this issue appear to be inconsistent 

with international practice and the physical basis of anchorage design requirements.  

Secondly, it has been identified that many different anchorage design criteria are 

currently used worldwide.  Whilst the anchorage design criteria currently used in different 

countries are broadly similar, they differ significantly when examined in detail (see 

Chapter 4).  Thus a thorough revision of the basis of these criteria paying particular 

attention to the anchorage of high strength reinforcement is warranted.  Finally, the beam 

longitudinal reinforcement ratios and diameters used in recent tests of beam-column 

joints containing Grade 500E reinforcement do not cover the upper end of the realistic 

ranges for either of these variables – i.e. beam reinforcement ratios of 1.5% or greater, 

and reinforcement diameters exceeding 20 mm.  These gaps in the existing literature 

justify the series of beam-column joint tests described in Chapter 3. 
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Chapter 3  

BEAM-COLUMN JOINT 
TESTS USING GRADE 500E 
REINFORCEMENT 

3.1 Overview 

This chapter describes the experimental programme conducted for Part 1 of this thesis.  

The objective of this programme was to investigate the occurrence of bond failure in 

beam-column joints containing Grade 500E beam longitudinal reinforcement, and to 

determine whether design criteria found in NZS 3101:1995 could predict this bond 

failure.  To achieve this aim a series of four beam-column joints were constructed and 

tested.  The use of large diameter beam longitudinal reinforcement and relatively high 

beam reinforcement ratios were key features of these test units.  This chapter contains a 

description of the four test units and the materials used to construct them, provides details 

of the experimental methods used to test the beam-column joints, and reports the results 

obtained from testing the beam-column joints. 

3.2 Test units 

The four beam-column joints tested for Part 1 of this thesis are shown in Figure 3-1 and 

Figure 3-2.  The joints were approximately ⅔ scale models of joints from a one-way 

moment resisting frame, as found in a typical perimeter frame structure.  The purpose of 

testing these joints was to investigate anchorage failure when Grade 500E beam 
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longitudinal reinforcement was used.  As discussed in section 2.5, previous studies 

reported the occurrence of premature bond failure in tests of beam-column joints 

designed using NZS 3101:1995 and containing Grade 500E beam longitudinal 

reinforcement (Amso 2005; Lin 1999; Young 1998).  Fenwick and Megget (2003) noted 

that the diameter of the beam longitudinal reinforcement in these beam-column joints was 

smaller than the diameter of beam longitudinal reinforcement commonly used in real 

structures, with the diameter of the beam longitudinal reinforcement being 12 mm in the 

beam-column joints tested by Lin, 16 mm in the conventionally reinforced joint tested by 

Young, and 16 mm or 20 mm in the joints tested by Amso.  This use of relatively small 

diameter bars limited the range of variables that were covered in a database of beam-

column joint test result assembled by Fenwick and Megget.  To address the paucity of 

results available from testing of beam-column joints with large diameter, high strength 

beam longitudinal reinforcement it was decided to utilise 25 mm diameter Grade 500E 

beam-longitudinal reinforcement in the four beam-column joints constructed for this 

study.  While it would have been desirable to test beam-column joints containing 32 mm 

beam longitudinal reinforcement, the physical size and strength of such assemblages 

would have made testing difficult using the laboratory facilities available.  The joints 

were designated units 1B-4B to avoid confusion with units previously tested by Young 

and Amso. 

All dimensions measured in millimetres
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Figure 3-1 Reinforcement details of units 1B and 2B 
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Figure 3-2 Reinforcement details of units 3B and 4B 

The design of units 1B-4B was not based on any particular prototype structure.  As a 

starting point for design and to aid comparison with previous studies, the beam cross 

section used by Young (1998) and Amso (2005) was adopted.  The strength of the test 

units was dictated by a desire to maximise the beam reinforcement ratio (area of beam 

longitudinal reinforcement as a proportion of the area of the beam cross section).  The 

New Zealand concrete design standard (NZS 3101 2006) specifies minimum and 

maximum values for the reinforcement ratio of beams to ensure ductile behaviour at the 

ultimate limit state.  Specifically, it is required that: 
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where ρw is the beam reinforcement ratio: 
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w =  (3-2) 

and As is the area of tension reinforcement in the beam, bw is the web width of the beam, 

and d is the effective depth of the beam.  The beam reinforcement ratios of the units 

tested by Young and Amso ranged from 0.64% to 1.33%, and were generally closer to the 

lower limit allowed by NZS 3101.  To expand the range of variables covered by available 

test results, units 1B-4B were designed so that their reinforcement ratios were close to the 
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maximum value of approximately 1.67% allowed by NZS 3101.  This resulted in three 

HD25 reinforcing bars being placed in the top and bottom of each beam, giving a 

reinforcement ratio of 1.6%. 

After selection of the cross section dimensions and reinforcement detailing of the beams, 

the overstrength actions on the beam-column joint were calculated and used to design 

column flexural reinforcement and beam, column and joint shear reinforcement based on 

the capacity design requirement that the strength of the beam-column joints was limited 

by formation of beam plastic hinges on either side of, and adjacent to the joint core (see 

section 1.2).  The overstrength factor used was 1.4, as recommended by Bull and 

Allington (2003) and since adopted by NZS 3101:2006 for beams containing Grade 500E 

longitudinal reinforcement. 

3.2.1 Determination of bar diameter to column depth ratios 

The purpose of units 1B-4B was to investigate the ability of existing design criteria to 

determine suitable anchorage lengths for Grade 500E reinforcement passing through an 

interior beam-column joint.  Referring to equation 2-9, the main variables describing the 

anchorage length are the reinforcing bar diameter, column depth, concrete compressive 

strength, and reinforcement yield strength.  Because the beam reinforcement strength and 

diameter were fixed, the variables used to define the designs of units 1B-4B were the 

column depth and concrete compressive strength. 

Table 3-1 shows the nominal column depths and concrete compressive strengths specified 

for units 1B-4B.  These values were chosen to achieve some spread of the ratio db/hc 

relative to the value of the ratio required by NZS 3101:1995.  Figure 3-3 compares the 

anchorage lengths of units 1B-4B with New Zealand design requirements with and 

without the extra factor added in the third amendment of NZS 3101:1995 and in 

NZS 3101:2006 (see section 2.5.1), and with the units previously tested by Amso (2005) 

and Young (1998).  It can be seen in Table 3-1 that the column depths of units 1B, 3B and 

4B were approximately at the limit originally set by NZS 3101:1995 (equation 2-9), while 

the column depth of unit 2B was larger than required by equation 2-9 and was 

approximately at the limit set by NZS 3101:2006.  Compared to the units test previously 

by Amso and Young, units 1B-4B had somewhat less conservative column depths. 
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Table 3-1 Nominal column depths and concrete strengths, units 1B-4B 

Unit 
Column depth, 

hc (mm) 

Concrete strength, 
'

cf  (MPa) 
hc/db 

hc/db required 
(equation 2-9) 

1B 800 35 32 30.6 

2B 800 50 32 25.6 

3B 675 50 27 25.6 

4B 675 40 27 28.6 
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Figure 3-3 Comparison of designs of units 1B-4B with 1995 and 2006 New Zealand concrete 
design standards 

3.3 Construction 

Units 1B-4B were constructed monolithically in the Civil Engineering Test Hall at the 

University of Auckland.  Due to the limited space available in the test hall and the size of 

the test units, each unit was tested before construction of the following unit began.  The 

steps undertaken during construction of each test unit were, in order: 

1. The reinforcing cage was assembled from reinforcing bars delivered cut to length 

and bent as necessary by the reinforcement supplier.  Reinforcement for units 1B 

and 2B was delivered in one batch, as was the reinforcement for units 3B and 4B.  

Extra lengths of reinforcement were obtained to allow assessment of material 

properties.  These properties are discussed further in section 3.4.2. 
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2. Mounting points for instrumentation were welded to reinforcing cages, observing 

procedures necessary to ensure that welding did not affect the properties of Grade 

500E reinforcement.  The instrumentation used is discussed further in section 3.5.2. 

3. The reinforcing cages were placed into formwork that had been specifically 

fabricated for these tests.  The formwork was constructed from medium density 

fibre board (MDF), which was coated with polyurethane and then oiled to aid 

removal of the formwork.  The reinforcing was placed with the instrumentation 

mounting points against the bottom of the formwork. 

4. The subassembly was cast using ready-mix concrete delivered from an Auckland 

batching plant.  During casting the subassembly was positioned so that the beam 

and column were both parallel to the floor.  This was significant because it meant 

that the depth of fresh concrete under all of the beam longitudinal reinforcement 

was less than 300 mm, indicating that the deleterious effects of water gain on bond 

strength would be insignificant in units 1B-4B. 

 At the time of construction at least three concrete test cylinders were cast for the 

purpose of measuring the compressive strength of the concrete used.  Further 

details of the concrete used can be found in section 3.4.1. 

5. The subassembly was cured under moist sacking for approximately 72 hours, and 

was removed from the formwork approximately one week after casting.  At this 

time the unit was installed in the test frame and prepared for testing as described in 

section 3.5. 

Figure 3-4 shows a typical reinforcing cage placed in the MDF formwork immediately 

prior to casting of the subassembly. 

3.4 Material properties 

Key properties of the materials used to construct units 1B-4B were measured 

experimentally to allow accurate assessment of the performance of the subassemblies.  

Concrete properties were assessed by crushing cylinders, and reinforcement properties 

were assessed by tensile testing of representative bar samples.  The results of these 

properties are recorded in this section. 

3.4.1 Concrete properties 

As previously stated, units 1B-4B were cast sequentially over a period of several months.  

Because of this and the requirement to use different concrete strengths, each test unit was 
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cast from a different batch of ready-mix concrete.  This concrete was supplied by a 

number of different companies. 

 

Figure 3-4 Reinforcing cage of unit 3B before casting 

At the time of casting each test unit, at least three concrete cylinders were cast from the 

same concrete.  These cylinders were cast and tested according to the requirements of 

New Zealand standards (NZS 3112.2 1986), and so had nominal dimensions of 100 mm 

diameter and 200 mm height.  The cylinders were stored alongside the test units after 

casting, initially under the moist sack cloth, and then on top of or adjacent to the test units 

until the time of testing. 

On the day prior to testing the cylinders were weighed, the diameter and height were 

measured using digital callipers, and the cylinders were capped with high strength 

gypsum plaster to ensure that the end surfaces were flat and parallel.  After allowing the 

plaster to cure overnight the maximum uniaxial compression strength of the cylinders was 

measured using a 2,000 kN capacity test machine on the day of testing of the beam-

column joint.  The concrete properties measured are listed in Table 3-2. 

It may be observed in Table 3-2 that the measured concrete strengths for units 1B, 2B, 

and 3B were lower than the specified strengths.  While undesirable this was not felt to 

have a significant impact on the test programme.  When calculations of strength were 

undertaken the lower than expected concrete strengths were used in these calculations.  

The most significant effect of the unexpectedly low concrete strengths was to make units 
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3B and 4B effectively identical, thus reducing the range of variables covered by the series 

of tests.  This was unfortunate, but not rectifiable after construction had taken place. 

Table 3-2 Measured concrete properties 

'

cf  measured (MPa) 
Unit 

'

cf  specified 

(MPa) 

Age at test 
(days) 

Mean Standard deviation 

Density 
(kg/m3) 

1B 35 55 31.2 2.3 2401 

2B 50 26 40.6 0.9 2337 

3B 50 33 44.8 0.2 2426 

4B 40 28 42.8 1.0 2508 

3.4.2 Reinforcement properties 

All reinforcement used in units 1B-4B was manufactured to comply with the New 

Zealand standard for steel reinforcement (AS/NZS 4671 2001).  Reinforcement was 

delivered in two batches, the first batch being for units 1B and 2B and the second batch 

being for units 3B and 4B.  All reinforcement was delivered cut to length, and where 

appropriate was pre-bent to form stirrups. 

Because the purpose of testing units 1B-4B was to investigate the column depth required 

to adequately anchor Grade 500E reinforcement, it was important to know the true 

properties of the beam longitudinal reinforcement.  To measure these properties an excess 

of reinforcing bars was ordered, and a sample reinforcing bar was chosen at random from 

the delivered order and cut into 800 mm lengths for testing in a 1,000 kN capacity Avery 

machine.  Force and elongation data was recorded constantly, allowing the stress strain 

behaviour of the reinforcement to be graphed.  Figures 3-5, 3-6, and 3-7 show the 

measured stress strain response for the beam and column longitudinal reinforcement of 

units 1B-4B.  The column longitudinal reinforcement of units 1B and 2B was not tested, 

due to the fact that the surplus reinforcement requested was not included in the order 

when it was delivered.  Table 3-3 summarises the yield and ultimate strengths of the 

reinforcement tested (as used to predict the strength of the test units, see Appendix A.5), 

and also shows that the ratio of ultimate to yield strength for all reinforcement tested was 

approximately 1.23.  Figures 3-5, 3-6, and 3-7 show that the strain when the ultimate 

strength was reached was in all cases greater than the value of 0.1 required by 

AS/NZS 4671:2001 for Grade 500E reinforcement.  These two values indicate that the 

reinforcement was compliant with AS/NZS 4671:2001. 
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Table 3-3 Reinforcement properties for units 1B-4B 

Bar Type Unit fy (MPa) fu (MPa) fu/fy 

HD25 1B, 2B 552 682 1.24 

HD25 3B, 4B 543 670 1.23 

HD16 3B, 4B 584 717 1.23 
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Figure 3-5 Stress-strain response of HD25 beam longitudinal reinforcement used in units 1B 
and 2B 
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Figure 3-6 Stress-strain response of HD25 beam longitudinal reinforcement used in units 3B 
and 4B 
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Figure 3-7 Stress-strain response of HD16 column longitudinal reinforcement used in units 
3B and 4B 

3.5 Test procedure 

In this section the methods used during testing of units 1B-4B are described.  Following 

the installation of a beam-column joint in the test frame approximately seven days after 

casting, the pre-test procedure was as follows: 

1. Actuators and supports as described in section 3.5.1 were installed to properly 

locate the test unit within the two primary reaction frames. 

2. A thin coat of water based white paint was applied to the top and side surfaces of 

the test unit.  The purpose of the paint was to make identification and marking of 

cracks easier during testing. 

3. Instrumentation for measuring displacements and deformations was installed on the 

unit as described in section 3.5.2.  This instrumentation, and further 

instrumentation intended to measure applied forces, was connected to a 120 

channel Hewlett-Packard datalogger, which was in turn connected to a Microsoft 

Windows based computer. 

4. An electric powered hydraulic pump was connected to the actuators.  Immediately 

prior to the start of testing, all instrumentation was checked to ensure that it was 

functioning correctly.  Following these checks testing commenced, following the 

sequence described in section 3.5.3. 
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Procedures used, including the setup, instrumentation, and load history, were similar to 

those previously adopted by Young (1998) and Amso (2005). 

3.5.1 Test setup 

The intent of testing units 1B-4B was to simulate the forces that would affect the beam-

column joints if they were part of a moment resisting frame subjected to an earthquake.  

Figure 3-8 shows the pattern of bending moments expected to act on a section of a 

moment resisting frame subjected to combined earthquake and gravity loading, while 

Figure 3-9 shows the forces and moments that would have to be applied to an isolated 

beam-column joint to reproduce this pattern of bending moments.  While some 

researchers have gone to the trouble of accurately replicating this pattern of moments 

(Yoshimura et al. 1992), it is common to assume that the points of contraflexure (and 

hence zero moment) coincide with the beam and column midpoints.  This assumption 

reduces the pattern of bending moments to that shown in Figure 3-10, which can be 

produced solely by the application of point forces at the beam and column ends.  The 

assumption of contraflexure occurring at mid-span is considered reasonable because the 

magnitude of gravity moments acting on perimeter frames are normally small in relation 

to the magnitude of earthquake moments, and because the positive and negative moment 

capacity of plastic hinges in moment resisting frames are typically similar. 

direction of earthquake forces

 

Figure 3-8 Typical combined earthquake and gravity bending moment diagram for beam in a 
moment resisting frame 
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Figure 3-9 Combined earthquake and gravity loading bending moment diagram for an 
isolated beam-column joint 

 

Figure 3-10 Bending moment diagram assumed for testing of an isolated beam-column joint 

The setup used to apply the required forces to test units 1B-4B is shown in Figure 3-11.  

During testing the beam-column joints were held parallel to the strong floor in the Civil 

Engineering Test Hall, with the axes of the beams and column on a horizontal plane.  The 

primary points of support were two steel frames placed at either end of the column that 

supported the weight of the subassembly, and also restrained the column ends from 

moving laterally.  A concrete block topped with a steel plate was placed close to the end 

of each beam to provide additional support to the subassembly.  To reduce friction a 

PTFE (polytetrafluoroethylene) pad was placed between the beams of the subassembly 

and the steel plate atop the support. 
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Figure 3-11 Plan view of test setup 

Simulated earthquake forces were applied to the test units by a pair of double acting 

hydraulic actuators.  One of these actuators was mounted at the end of each beam, and 

they were positioned so that the actuators would both be extending or retracting during a 

cycle.  Each actuator was connected to the test unit through a spherical pivot to allow 

rotation of the beam ends, and reacted against a second pivot attached to a steel frame 

which was anchored to the strong floor. 

The test setup used did not allow for the application of a structurally significant axial load 

to the columns of the test units.  However, single acting hydraulic actuators were 

mounted at each end of the column and were used to apply a small force to restrain the 

test unit from translating along the axis of the column.  This column axial compression 

force was applied immediately prior to testing and was not altered during testing.  The 

magnitude of the force in the column was approximately one percent of its gross capacity. 

Although Figure 3-11 is drawn to scale, for clarity individual dimensions are not shown.  

Two important dimensions relevant to the testing of beam-column joints are the height of 

the column and the length of the beam between points of zero moment.  Units 1B-4B 
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were designed so that the nominal length of the beam between the points of load 

application was 4872 mm, and the nominal height between column support points was 

3240 mm.  When related to the prototype structure, these dimensions are respectively 

representative of the beam span between column centrelines and the interstorey height. 

3.5.2 Instrumentation 

In order to obtain as much information as possible during testing, a significant amount of 

instrumentation was installed on units 1B-4B.  This instrumentation can be divided into 

groups of devices used to measure forces applied to the test unit, devices used to measure 

overall displacements of the test unit, and devices used to measure local deformations of 

the test unit.  The location of instrumentation used can be seen in Figure 3-11. 

The forces applied to the test unit were measured at four locations.  120 kN capacity load 

cells were attached to the single acting actuators at the top and bottom ends of the 

columns and used to measure the small force applied to hold the column in position.  The 

cyclic forces applied to the test units were measured by 400 kN capacity load cells 

attached between the beam tips and the double acting actuators used to apply the cyclic 

forces.  A shortcoming of the test setup used was that it did not provide a means of 

measuring lateral forces acting against the column ends, which resulted in it not being 

possible to verify by calculation that the test unit was in equilibrium.  This oversight did 

not however affect interpretation of the test results or reduce their validity. 

The most important measurement required to define the overall displacement of the test 

units was the displacement of the beam ends, which was primarily measured by a turn 

potentiometer mounted on a steel frame in line with the actuator.  Due to the importance 

of this measurement, the accuracy of the turn potentiometer was verified by mounting a 

portal gauge in parallel with the turn potentiometer.  These portal gauges had a range of 

only ±50 mm, so had to be removed after the cycles to small displacements were 

completed.  The turn potentiometers used had a range of approximately ±500 mm, and 

comparison with data from the portal gauges showed that the data obtained was accurate.  

Displacements were also verified manually at the peak of each displacement cycle. 

Although efforts were made to ensure that the test units were held securely in place by the 

frames supporting the column, it was inevitable that some slack would exist, allowing 

rigid body movement of the test unit.  Three portal gauges were installed to measure these 

movements.  Two gauges were positioned at the top and bottom of the column to measure 

rotation of the subassembly and translation along the axis of the beam, and a third gauge 
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was positioned at the bottom of the column to measure translation along the axis of the 

column.  With these measurements it was possible to calculate the actual displacement of 

the beam ends relative to the column ends, using procedures outlined in Appendix A. 

The final group of instruments installed on the test units were 68 portal gauges placed on 

the top face of the beam, column and joint core.  These gauges were attached to steel 

studs that had been welded to the beam and column longitudinal reinforcement prior to 

casting of the concrete for the subassembly.  The studs were wrapped in greased tape and 

then surrounded by a sleeve of plastic tubing.  During preparation of the subassemblies 

for testing the sleeve and tape were removed, leaving a void in the concrete around the 

studs with a diameter of approximately 15 mm.  This void ensured that the studs were 

free to move without influence from the surrounding concrete when the reinforcement 

that they were attached to deformed.  The gauges were attached to the studs via steel 

rosettes, and were placed to allow assessment of flexural deformations in the beams and 

columns, shear deformations in the beams, columns, and joint core, and movement (slip) 

of the beam longitudinal reinforcement within the core.  Details can be found in 

Appendix A of the methods used to calculate shear deformations, flexural deformations, 

and beam reinforcement slip from the raw experimental data. 

All instrumentation was connected to a Hewlett Packard HP75000 Series B datalogger, 

with a constant system voltage supplied by an Agilent E3610A DC power supply.  Data 

output from the HP75000 datalogger was fed into a Windows based computer, where it 

was recorded and visualised using a Visual Basic programme previously developed by 

staff at the University of Auckland. 

Strain gauges are commonly used to try and measure the distribution of bond stresses 

along reinforcement within the beam-column joint core.  Strain gauges were not used 

during testing of units 1B-4B because researchers at the University of Auckland had 

previously found that the difficulty associated with obtaining reliable strain data 

outweighed the usefulness of such information. 

3.5.3 Load history 

The simulation of the effects of an earthquake on a beam-column joint sub-assembly is 

complex, and the requirement to make simplifying assumptions about the forces acting on 

the joint was discussed in section 3.5.1.  Additional assumptions must be made when 

determining the sequence of force or displacement cycles that are applied to the test unit.  

This sequence is referred to here as the load history. 
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Various methods are used for assessing the seismic performance of structures and parts of 

structures.  Seismic performance is always assessed by reversed cyclic loading, and 

almost always using displacement controlled load cycles.  However, test methods can be 

divided into dynamic and quasi-static methods, and also into methods that use a load 

history that replicates an actual earthquake and those where the load history consists of a 

sequence of arbitrary (increasing) displacement cycles.  Quasi-static test methods are 

used for the majority of structural testing conducted worldwide (Park 1989), including for 

the majority of tests of isolated beam-column joints.  Quasi-static methods were used 

during the testing described in this thesis due to the advantages that it is cheaper and 

simpler than dynamic testing, and also allows close observation of specimens as testing 

progresses (Leon and Deierlein 1996).  Although not necessarily an advantage, the slow 

loading rates used during quasi-static cyclic testing result in an under-estimation of 

strength and energy dissipation when compared to the dynamic response of similar 

structures (Leon and Deierlein 1996; Park 1989).   

Quasi-static tests are normally conducted using a load history consisting of a series of 

cycles to increasing displacements.  This type of load history is defined by the increments 

chosen between displacements, and by the number of cycles to each displacement 

conducted.  There is no recognised international standard load history (Ingham et al. 

2002; Krawinkler 1996; Leon and Deierlein 1996), and in lieu of such a standard the 

loading history shown in Figure 3-12 was selected for the testing of units 1B-4B with 

consideration of two sources.  The loading history described by Park (1989) was 

considered due to its long term ubiquity at New Zealand research institutions, while the 

recommendations of the American Concrete Institute given in ACI T1.1-01 (ACI 

Innovation Task Group 1 2001a) were considered because they specifically address 

testing of beam-column joints. 

The number of cycles applied at each displacement increment affects the cumulative 

displacement imposed by a load history, which is significant because the applied 

cumulative displacement is known to affect the failure displacement of structural 

components (Ingham et al. 2001).  The load history shown in Figure 3-12 specifies that 

two complete cycles be conducted to each displacement increment.  This choice was 

made because it was considered more desirable for the results in this thesis to be 

comparable with tests conducted using the Park loading history, which specifies two 

cycles per displacement increment, than with tests conducted using a load history 

compliant with ACI T1.1-01, which specifies three cycles per displacement increment.  

However, the load history shown in Figure 3-12 follows ACI T1.1-01 by having 

displacement increments defined by interstorey drift, whereas Park’s loading history 



Part 1  Chapter 3 

  49 

defines increments in terms of the yield displacement.  It is beneficial to define 

displacement increments by interstorey drift for three reasons.  Firstly, the large yield 

displacements that are characteristic of moment resisting frames containing high strength 

beam longitudinal reinforcement (Priestley 1998) lead to very large displacement 

increments being specified by a Park type load history, which reduces the ability to 

accurately relate damage levels to displacement levels.  Secondly, moment resisting 

frame structures containing high strength beam longitudinal reinforcement are sufficiently 

flexible that their design is normally governed by displacement limits rather than by 

ductility limits; thus using drift as the defining variable ensures data is collected close to 

the relevant performance point.  Thirdly, defining a load history by increments of the 

yield displacement requires an estimate to be made of the yield displacement.  

Determination of this value is acknowledged to be open to error and misinterpretation, 

whereas determination of interstorey drift is elementary and hence arguably more robust 

and engenders more direct comparison of results with the findings of previous research. 
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Figure 3-12 Loading history used during testing of units 1B-4B 

While the majority of the loading history described by Park (1989) is displacement 

controlled, the need to estimate the yield displacement requires that the first two load 

cycles be force controlled.  Normally a force equal to 75% of the predicted nominal 

strength of the test unit would be applied during these cycles, but because the load history 

shown in Figure 3-12 does not require prior knowledge of the yield displacement of the 

test unit there was no requirement for any force controlled cycles.  However, it was still 

necessary to check the functionality of the instrumentation used, preferably before the 
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subassemblies were significantly damaged (i.e. plastically deformed).  This 

instrumentation check was accomplished by initially subjecting the units to two cycles to 

0.5% drift.  During the following two cycles the units were displaced to 1.0% drift, after 

which the imposed interstorey drift was increased by 1.0% in each successive pair of 

cycles.  It is noted that the displacement steps from 0.5% drift to 1.0% drift and from 

1.0% drift to 2.0% drift exceeded the maximum step size of 25-50% of the previous 

displacement recommended by the ACI T1.1-01.  This was not a concern because no 

significant damage was expected to occur at such small displacements. 

Testing was generally continued until two complete cycles had been completed to the 

maximum drift (5%) that could be applied by the test setup.  However, in some instances 

testing was terminated at an earlier stage due to the test unit becoming unstable and 

obviously having no residual capacity.  For the purposes of determining the limits of 

acceptable performance for each test unit, failure was defined as occurring if the force 

applied to the unit at the target displacement of a cycle was less than 80% of the 

maximum force previously applied in the same direction of loading.  The maximum 

displacement capacity of the test units was taken as equal to the drift achieved in the 

complete cycle before this strength reduction occurred.  Two displacement ductility 

capacities are presented for each test unit, the first being calculated as the quotient of the 

maximum displacement capacity and the yield displacement, and the second being 

calculated using the method suggested by Park (1989) to account for the effects of 

cumulative ductility.  Park suggested that the available ductility should be taken as: 

y

ii

θ8

θ

8

µ
µ

∑∑ ==  (3-3) 

where µ is the displacement ductility capacity of the test specimen, Σµi is the sum of the 

ductilities (µi) reached at the positive and negative peaks of each displacement cycle (i.e. 

if a test unit was subjected to positive and negative ductility levels of four during a 

displacement cycle the cumulative ductility for that cycle would be 4+4 = 8), Σθi is the 

sum of drift levels (θi) reached at the positive and negative peaks of each displacement 

cycle, and θy is the yield drift calculated according to the procedure presented in 

Appendix A.5.3. 

It is noted that the load history shown in Figure 3-12 is more severe than the typical 

displacement history that a moment resisting frame building would experience during a 

real earthquake.  Realistic displacement histories have a number of characteristics that 

make them less severe the load history applied during the testing described here: 
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• The peak displacement typically occurs only once during the earthquake, not 

repeatedly. 

• The peak displacement typically occurs during the first stages of the displacement 

history, rather than after numerous cycles to displacements representing a 

significant proportion of the maximum displacement. 

While it could be concluded that the load history shown in Figure 3-12 and conclusions 

resulting from its use are overly conservative, the load history is similar to load histories 

used by other researchers for many years.  Thus the degree of conservatism implied by 

the load history is typical, and representative of accepted sound research practice. 

3.6 Results from testing of units 1B-4B 

In this section key results from testing of units 1B-4B are presented.  The section begins 

by briefly discussing the observed performance of each beam-column joint before 

selected aspects of the performance are discussed in more detail.  The detailed 

discussions relate to the effectiveness with which Grade 500E beam longitudinal 

reinforcement was anchored in the joint cores and to how deformation was distributed 

through the test units. 

3.6.1 Observed performance and force-displacement response 

The force-displacement response of units 1B-4B are plotted in Figures 3-13, 3-14, 3-15, 

and 3-16, with force and displacement each shown on two scales.  Both displacement 

scales are non-dimensionalised, respectively relative to the height of the column between 

support points (storey drift) and relative to the calculated yield displacement 

(displacement ductility).  Both force scales show the shear force in the column (storey 

shear); one scale shows the absolute shear force, while the other shows the shear force 

non-dimensionalised by dividing by the predicted yield strength of the test unit (relative 

storey shear).  The yield displacement and the predicted yield strength for each test unit 

were determined using widely accepted methods, details of which can be found in 

Appendix A.5. 

Figures 3-13, 3-14, 3-15, and 3-16 show that failure of the beam-column joints occurred 

when drift levels were 4% or more (corresponding to failure displacement ductility values 

of µ = 3.3 to µ = 3.8).  This indicates that their performance was satisfactory, recognising 

that the maximum ultimate limit state drift expected to occur in a moment resisting frame 
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designed using New Zealand standards is approximately 3.6% (see section 4.6.1).  The 

failure of the test units before reaching the maximum displacement ductility level of 6 

permitted by NZS 3101:2006 for moment resisting frames was expected due to the large 

yield drifts of the beam-column joints (1.05% to 1.20%). 
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Figure 3-13 Force-displacement response of unit 1B 
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Figure 3-14 Force-displacement response of unit 2B 
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Figure 3-15 Force-displacement response of unit 3B 
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Figure 3-16 Force-displacement response of unit 4B 

Two calculated strengths are indicated for units 1B-4B in Figures 3-13, 3-14, 3-15, and 

3-16, both of which were calculated using procedures described in Appendix A.5.  The 

nominal strength was calculated using specified material properties and ignoring the 

strength enhancement due to the presence of compression reinforcement in the beams, 

whereas the predicted strength (equal to a relative storey shear of 1.0) was calculated 

using measured material properties (discussed in section 3.4) with the strength 
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enhancement due to the presence of compression reinforcement in the beams accounted 

for.  Table 3-4 shows comparisons of the yield and maximum strengths recorded during 

testing with the nominal and predicted strengths of the test units.  It can be seen that the 

actual yield strength was in all cases very close to the predicted strength of the test units, 

and that this was generally 10-15% greater than the nominal strength (i.e. the strength 

according to calculations that would routinely be performed in the design office).  Table 

3-4 also shows that the maximum strength of the units was 12-16% greater than the yield 

strength.  This strength increase is attributable to strain-hardening occurring in the beam 

longitudinal reinforcement as testing progressed.  The ratio of the maximum strength to 

the nominal strength for the units, which is the ratio corresponding to the overstrength 

factor used in design, was between 1.24 and 1.34.  Thus the performance of units 1B-4B 

suggests that the overstrength factor of 1.4 specified by NZS 3101 for beams reinforced 

with Grade 500E longitudinal reinforcement is appropriately conservative. 

Table 3-4 Comparison of maximum and yield shear forces with predicted values for units 
1B-4B 

Ratio of yield strength to: Ratio of maximum strength to: 

Unit nominal 
strength 

predicted 
strength 

nominal 
strength 

predicted 
strength 

yield 
strength 

1B 1.15 0.98 1.34 1.14 1.16 

2B 1.12 0.99 1.27 1.13 1.14 

3B 1.11 1.01 1.24 1.12 1.12 

4B 1.13 1.00 1.28 1.13 1.13 

The performance of units 1B-4B is summarised individually in the following paragraphs. 

Due to instrumentation problems the displacement applied to unit 1B during the first 

cycle was significantly larger than intended, reaching a drift of almost 2% as shown in the 

force-displacement response in Figure 3-13.  The yield drift calculated according to the 

procedure explained in Appendix A was 1.17%.  The performance of the unit was 

excellent until the second displacement cycle to 4% drift, at which stage the maximum 

force resisted dropped to approximately 93% of the force resisted during the first cycle to 

4% drift.  During the first cycle to 5% drift it became clear that the reason for the 

deteriorating performance was buckling of the reinforcement in the plastic hinge regions 

(see Figure 3-17), and the force resisted by the unit dropped to less than 70% of the 

previous maximum value.  The buckling of the reinforcement resulted in large torsional 

deformations occurring in the beams, and testing was halted to prevent damage to the 

actuators at the beam tips.  The maximum displacement capacity of the test unit was 

considered to be 4.0%, and the maximum displacement ductility sustained was 
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µ = 4/1.17 = 3.4 (calculated directly from the maximum displacement) or 

µ = (4×2+4×3+4×4)/1.17/8 = 3.8 (calculated based on the cumulative ductility sustained, 

i.e. using equation 3-3).  It might be considered anomalous that the maximum ductility 

calculated from the cumulative ductility sustained is larger than the maximum ductility 

actually imposed during testing, but this is in fact an artefact of the calculation method 

used. 

 

Figure 3-17 Reinforcement buckling in the plastic hinge region of unit 1B 

There were no instrumentation problems during testing of unit 2B, which followed the 

loading history shown in Figure 3-12.  The force-displacement response of unit 2B is 

shown in Figure 3-14.  Unit 2B behaved elastically during cycles to 1% drift or less, and 

the yield drift was calculated to be 1.05%.  As was the case for unit 1B, satisfactory 

performance continued until the second cycle to 4% drift, at which point the strength of 

the unit dropped more significantly than had the strength of unit 1B.  Severe 

reinforcement buckling similar to that shown in Figure 3-17 reduced the strength of the 

unit by over 50% during the first cycle to 5% drift, and testing was again halted before 

the second cycle to 5% drift was conducted.  The displacement capacity of unit 2B was 

4.0%, and the maximum displacement ductility was µ = 3.8 (or µ = 4.3 if calculated using 

equation 3-3). 

Unit 3B behaved elastically during cycles to 0.5% and 1% drift.  The calculated yield 

drift was 1.20%, and performance was again satisfactory until the second cycle to 4% 

drift.  Compared to units 1B and 2B, the strength drop that occurred during the second 



Bond Performance of Beam-Column Joints   

56 

cycle to 4% drift was accompanied by greater pinching of the hysteresis loop.  During the 

cycles to 5% drift the strength decreased gradually, and the hysteresis loops became 

increasingly pinched with large displacements occurring without the applied force 

increasing.  In contrast to units 1B and 2B, no bar buckling was evident during testing of 

unit 3B (see Figure 3-18), and the performance degradation during the later stages of 

testing was attributed predominantly to slip of the beam longitudinal reinforcement within 

the beam-column joint core.  Unit 3B had a displacement capacity of 4.0%, and sustained 

a maximum displacement ductility of µ = 3.3 (µ = 3.7 based on cumulative ductility 

sustained).  The force-displacement response of unit 3B is shown in Figure 3-15. 

The performance of unit 4B was almost identical to that of unit 3B, as can be seen from 

the force-displacement response of unit 4B shown in Figure 3-16.  The calculated yield 

drift was 1.08%, and performance deterioration began during the second cycle to 4% 

drift.  This deterioration was accompanied by pinching of the hysteresis loops, which was 

more pronounced for unit 4B than for unit 3B during the cycles to 5% drift.  As was the 

case for unit 3B, no reinforcement buckling was observed during testing of unit 4B.  In 

common with the other test units the displacement capacity of unit 4B was 4.0%, and the 

maximum displacement ductility reached was µ = 3.7 (or if calculated based on 

cumulative ductility sustain µ = 4.2). 

 

Figure 3-18 Condition of unit 3B at conclusion of testing – note absence of reinforcement 
buckling 
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3.6.2 Decomposition of lateral displacements 

In order to better understand the performance of units 1B-4B during testing, methods 

described in Appendix A were used to decompose the total displacement at the peak of 

each half cycle into components attributable to beam flexural and shear deformations, 

column deformations, and joint shear deformations.  The results of these calculations for 

units 1B-4B are shown in Figures 3-19, 3-20, 3-21, and 3-22 respectively.  These graphs 

show the percentage of the total displacement at the peak of each cycle from 1% drift 

through to 4% drift attributable to each of the components mentioned.  Values are not 

shown for the cycles conducted to 5% drift because local buckling of reinforcement in the 

plastic hinges regions significantly distorted key gauge readings, resulting in calculated 

displacement components with little relation to true behaviour of the test units.  It can be 

argued that a fifth component of displacement due to slip of reinforcement within the 

beam-column joint core should be calculated.  However it was felt that this component of 

displacement could not be accurately separated from displacements due to flexural 

deformations in the beam plastic hinge regions.  Thus the flexural displacement 

component shown in Figures 3-19, 3-20, 3-21, and 3-22 actually represents the sum of 

displacements due to beam flexural deformations and reinforcement slip within the beam-

column joint core. 
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Figure 3-19 Lateral displacement components for unit 1B 
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Figure 3-20 Lateral displacement components for unit 2B 
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Figure 3-21 Lateral displacement components for unit 3B 

It is evident that for most displacement cycles the sum of the displacement components is 

less than the total displacement.  These closure errors are a result of approximations made 

in the methods used to calculate the displacement components and of imperfections in the 

test setup that made it difficult to precisely locate the point of zero moment in the 

columns.  The magnitude of the closure error was generally 5-10%, which is 

commensurate with the closure errors reported by other researchers.  In addition to the 
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closure errors it can be seen that the reliability of the calculations decreases in the later 

cycles of testing, particularly for units 1B and 2B.  These degradations are the result of 

the aforementioned reinforcement buckling.  The data for the second cycle to 4% drift for 

units 1B and 2B is therefore shown for consistency, not accuracy. 
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Figure 3-22 Lateral displacement components for unit 4B 

Considering the four figures together, several trends are evident that support previous 

statements made about the performance of the four units.  For all units the proportion of 

the total displacement resulting from deformation of the columns and joint decreases as 

testing progresses.  This pattern is expected of beam-column joints in which the applied 

forces are limited by yielding of the beam longitudinal reinforcement.  The proportion of 

displacement resulting from beam flexural deformation is perhaps surprisingly constant 

as the total displacement increases, given that the main source of displacement increase 

after yielding is rotation of the beam plastic hinges.  It seems likely that this apparent 

discrepancy is due to the calculation errors being larger in the highly deformed plastic 

hinge regions, resulting in the part of the closure error representing beam flexural 

deformation increasing as testing progressed.  In contrast, the proportion of deflection due 

to beam shear deformation did increase significantly as testing progressed, due largely to 

deformations within the plastic hinge regions. 

In summary, the data displayed in Figures 3-19, 3-20, 3-21, and 3-22 confirm that the 

displacement behaviour of units 1B-4B was dominated by flexural and shear deformation 

of the beams.  This further confirms that column and joint behaviour remained elastic 
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throughout the course of testing as should be the case for beam-column joints designed 

according to the capacity design philosophy. 

3.6.3 Anchorage of reinforcement in joint core 

Figures 3-23, 3-24, 3-25, and 3-26 show the movement of the beam reinforcement within 

the joint cores of units 1B-4B respectively.  Values shown are those recorded at the peak 

storey displacement for each loading cycle.  The vertical scale in Figures 3-23, 3-24, 

3-25, and 3-26 has a range of ±6 mm because reinforcement movements of more than 

6 mm could not be reliably recorded without the surrounding concrete interfering with the 

data recorded by the slip instruments.  The method used to calculate slip values is detailed 

in Appendix A.3.5. 

Figures 3-23, 3-24, 3-25, and 3-26 do not show values for all displacement cycles, as 

reinforcement movement during cycles to less than 2% drift was negligible and thus not 

presented.  The data for the top bars of units 3B and 4B is not presented beyond the 

second cycle to 4% drift because it was evident that the surrounding concrete interfered 

with the slip instrumentation during cycles beyond this point, and thus the data was 

meaningless.  This interference itself indicates that large reinforcement slip had occurred 

at this stage of testing. 
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Figure 3-23 Slip of beam longitudinal reinforcement within the joint core of unit 1B 
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Figure 3-24 Slip of beam longitudinal reinforcement within the joint core of unit 2B 
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Figure 3-25 Slip of beam longitudinal reinforcement within the joint core of unit 3B 

Without focussing on precise values of reinforcement slip, it is evident from Figures 3-23, 

3-24, 3-25, and 3-26 that a moderate amount of reinforcement slip occurred in unit 1B, 

negligible reinforcement slip occurred in unit 2B, and significant reinforcement slip 

occurred in units 3B and 4B.  The amount of slip that occurred during testing correlates 

with the adequacy of the anchorage provided as shown in Table 3-5, which lists the 

average bond stress required and available in units 1B-4B.  The values shown in Table 
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3-5 were calculated using methods derived from NZS 3101:1995 (equation 2-9), the basis 

of which was described in section 2.4.3.  Thus the available bond strength was calculated 

as: 

'
cfptavailb, fααα1.5u =  (3-4) 

where all of the α factors were taken as 1.0 and the measured concrete strengths shown in 

Table 3-2 were used.  The required bond strength was calculated as: 

yos

c

b
reqb, fαα

h4

d
u =  (3-5) 

where αs was taken as 1.55 and αofy was taken as 625 MPa.  The value of 625 MPa is an 

estimate of the maximum reinforcement stress that occurred during testing and was based 

on the ratios of maximum to nominal strength shown in Table 3-4.  While this is a crude 

estimate of the actual reinforcement stress that would have occurred, it gives a reasonable 

basis for comparison, and is in acceptable agreement with values calculated for the more 

comprehensive analysis described in Chapter 4.  It might be noted that some value could 

be obtained by including data in Table 3-5 related to tests reported in the literature (Amso 

2005; Lin 1999; Young 1998).  However, this addition was felt to be unnecessary due to 

the more detailed comparative study presented in Chapter 4. 
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Figure 3-26 Slip of beam longitudinal reinforcement within the joint core of unit 4B 
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Table 3-5 Comparison of magnitude of reinforcement slip and anchorage provided 

Unit 
Bond 
failure 

Reinforcement 
slip magnitude 

ub,req 

(MPa) 

ub,avail 

(MPa) '
cf

u reqb,
 

availb,

reqb,

u

u
 

1B marginal moderate 7.57 8.38 1.35 0.90 

2B no negligible 7.57 9.56 1.19 0.79 

3B yes significant 8.97 10.04 1.34 0.89 

4B yes significant 8.97 9.81 1.37 0.91 

It is clear from Table 3-5 that the estimated bond demand in units 1B-4B was less than 

the useable bond strength predicted to be available by NZS 3101:1995.  This observation 

supports the thesis that bond failure may occur in beam-column joints containing Grade 

500E beam longitudinal reinforcement that are designed according to NZS 3101:1995.  

However, since the performance of all units was satisfactory until drift levels exceeded 

the maximum drift of 3.6% (see section 4.6.1) expected to occur in moment resisting 

frames meeting the requirements of New Zealand standards, it is not clear that the 

occurrence of bond failure in the test units is inconsistent with the design objectives of 

New Zealand Standards. 

As noted in Chapter 2 it is often assumed (including by NZS 3101:2006) that the bond 

strength available in a beam-column joint core is proportional to the square root of the 

concrete compressive strength.  This relationship is the basis for the non-dimensionalised 

required bond strength shown in the last column of Table 3-5.  It is apparent from the 

right column of Table 3-5 that the bond demand in unit 2B was relatively lower than in 

units 1B, 3B, and 4B, which all had similar levels of demand.  This observation explains 

the better performance (significantly smaller reinforcement slip) of unit 2B in comparison 

to units 1B, 3B and 4B.  Note that the non-dimensionalised required bond strength is of 

course proportional to the ratio of required to available bond strength show in the final 

column of Table 3-5 due to the relationship assumed between the available bond strength 

and the square root of concrete compression strength. 

3.7 Conclusions 

Chapter 3 has described the design, construction, and testing of a series of four interior 

beam-column joints, described as units 1B-4B.  The purpose of these tests was to 

investigate the hypothesis that disproportionately large anchorage lengths are needed to 

adequately secure Grade 500E beam longitudinal reinforcement in the joint cores of 

interior beam-column joints.  Consequently, units 1B-4B were designed so that the ratio 
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of column depth to beam longitudinal bar diameter was approximately equal to the value 

required by NZS 3101:1995.  If the hypothesis described was correct it was expected that 

the performance of units 1B-4B would be limited by premature bond failure, leading to 

pinched hysteretic response and “second cycle” strength degradation. 

Rather than being affected by premature bond failure the performance of Units 1B-4B 

was satisfactory until drift levels exceeded 4%.  This drift level exceeded the maximum 

drift of 3.6% (see section 4.6.1) that would be expected to occur at the ultimate limit state 

in a moment resisting frame designed according to New Zealand standards.  The eventual 

cause of performance degradation in Unit 1B was a combination of bond failure in the 

joint core and reinforcement buckling in the plastic hinge regions.  The sole cause of 

failure in unit 2B was buckling of reinforcement in the plastic hinge regions, and failure 

of units 3B and 4B resulted from bond failure within the joint core. 

As noted, the specific intent of this study was to compare the bond performance of Grade 

500E reinforcement in beam-column joint subassemblies with the performance expected 

based on consideration of equation 2-9.  Referring to Table 3-5, it is evident that the bond 

strength demand in all units was lower than the bond strength predicted to be available by 

NZS 3101:1995 (equation 2-9).  The eventual occurrence of bond failure in several units 

that met the requirements of NZS 3101:1995 is similar to the behaviour of units described 

in the literature (Amso 2005; Lin 1999; Young 1998), and thus could be taken as further 

evidence in favour of the modification factor that must be applied to equation 2-9 

according to NZS 3101:2006 when Grade 500E beam longitudinal reinforcement is used 

in a moment resisting frame (described in section 2.5.1).  However, the occurrence of 

bond failure at advanced stages of testing is in fact consistent with the intent of New 

Zealand standards, indicating that the application of a modification factor to equation 2-9 

may be overly conservative.  Thus it is concluded that further assessment of the accuracy 

of the NZS 3101:2006 anchorage design criteria is warranted.  This assessment forms the 

focus of Chapter 4. 



 

  65 

Chapter 4  

CRITICAL RE-EXAMINATION OF 
NZS 3101 JOINT ANCHORAGE 
DESIGN CRITERIA 

4.1 Overview 

In Chapter 2 a literature review on anchorage of beam longitudinal reinforcement in 

interior beam-column joints showed that many different methods are used internationally 

to determine the column depth required to anchor beam longitudinal reinforcement at 

interior beam-column joints.  The review also discussed the apparent need for 

disproportionately larger column depths required to effectively anchor Grade 500E beam 

longitudinal reinforcement.  Chapter 3 described a series of tests conducted on four 

interior beam-column joint subassemblies with the intent of confirming the need for 

greater anchorage lengths when Grade 500E beam longitudinal reinforcement is used in a 

beam-column joint.  The conclusion drawn from these tests was that while bond failure 

occurred in test specimens that met the requirements of NZS 3101:1995 (equation 2-9), 

the drift level at which bond failure occurred exceeded the maximum drift expected to 

occur in New Zealand structures.  It was therefore concluded that the additional factor 

currently included by NZS 3101:2006 to increase anchorage lengths for Grade 500E 

reinforcement (described in section 2.5.1) may be overly conservative.  This conclusion 

contradicts the findings of earlier research (Amso 2005; Fenwick and Megget 2003; Lin 

1999; Young 1998), which found that the anchorage design criterion of NZS 3101:1995 

was non-conservative when applied to Grade 500E reinforcement. 
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The purpose of this chapter is to present a thorough re-examination of the methods used 

to determine the column depth required to anchor beam longitudinal reinforcement at 

interior beam-column joints.  In summary, four factors motivated this critique of existing 

design methods: 

• The contradictory nature of results from testing of beam-column joints containing 

Grade 500E beam longitudinal reinforcement 

• The fact that amendments made to design methods with the purpose of increasing 

the anchorage length specified for Grade 500E reinforcement cannot be rationally 

explained or related to a free body diagram of the joint core, as discussed in section 

2.5 

• The significant differences that exist between current international design 

procedures 

• The absence of a clear performance-based measure underpinning existing design 

requirements. 

Although divided into a larger number of sections, four topics are covered in Chapter 4.  

The first of these topics is the presentation of a more complete argument in support of the 

need to revise interior beam-column joint anchorage design criteria.  This argument is 

developed in section 4.2 by way of a detailed parametric comparison of recent 

international design requirements relating column depth and beam longitudinal 

reinforcement diameter.  The second topic covered is the assembly and interpretation of a 

large database of beam-column joint test results, with interpretation conducted including 

defining the boundary between acceptable and unacceptable bond performance and 

assessing whether premature bond failure did or did not occur during each test.  Section 

4.9 describes the third topic, which involved use of the database of beam-column joint 

tests to show that none of the existing anchorage design criteria were able to predict 

experimental performance with acceptable accuracy.  This result motivated the fourth 

topic covered, being the development of a completely revised design criterion that is 

shown in sections 4.10 and 4.11 to be able to predict experimental performance with 

reasonable accuracy. 

4.2 Comparison of existing anchorage design 
criteria 

The literature review presented in Chapter 2 showed that there is currently little 

consensus between criteria used internationally to determine the ratio of bar diameter to 
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column depth required to ensure adequate anchorage of beam longitudinal reinforcement 

in interior beam-column joints.  If superseded criteria are excluded, a total of five 

significantly different design criteria were identified.  These criteria are summarised 

below. 

• The rational requirement included in NZS 3101:1995 and presented in this thesis as 

equation 2-9, and the variant of this criterion included in the 2006 revision of 

NZS 3101 that was summarised in Figure 2-3. 

• The rational requirement included in the 1999 edition of the guidelines for 

designing earthquake resistant concrete buildings published by the Architectural 

Institute of Japan (AIJ 1999), presented in this thesis as equation 2-8. 

• The rational requirement included in the European design standard for earthquake 

resistant buildings (BS EN 1998-1), presented in this thesis as equation 2-12. 

• The prescriptive design requirement included in ACI 318 (2008), which is the most 

commonly used U.S. design standard for concrete. 

• A rational design equation proposed by Restrepo-Posada (1993) but not adopted 

into any design standard. This criterion was presented as equation 2-11 in this 

thesis, and was singled out from other proposed equations that have not been 

adopted by design standards because it was uniquely based on a non-uniform bond 

stress distribution. 

If use of the design criteria summarised above resulted in similar beam-column joint 

designs then the existence of so many different criteria would not be problematic.  It is 

shown below that this is not the case, i.e. that substantially different anchorage 

requirements are specified by the different criteria. 

The most basic method that can be used to compare the different design criteria is to use 

each of the criteria to design beam-column joints with the same key parameters.  Figure 

4-1 shows the results of this type of comparison.  The beam-column joint considered in 

Figure 4-1 was assumed to have the following key features: 

• The beam longitudinal reinforcement passing through the joint consisted of Grade 

500E bars 

• The areas of top and bottom longitudinal reinforcement in the beams were equal, 

i.e. β = 1.0 

• The depth of fresh concrete cast under the anchored reinforcing bar was small 

enough that the “top bar” effect did not reduce bond strength 

• The beam-column joint was part of a one-way frame 
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• The column did not carry a significant axial load. 

Figure 4-1 shows how the non-dimensional column depth specified by six different 

design criteria for the above beam-column joint changes depending on the compressive 

strength of the concrete used in the joint core.  A number of observations can be drawn 

from Figure 4-1.  Most obviously, the ACI design criterion is markedly less conservative 

than any of the other criteria, especially for joints constructed from low strength concrete.  

Considering the five rational design criteria shown in Figure 4-1, the European (EC8), 

Japanese (AIJ), and Restrepo-Posada criteria give similar results.  The criterion found in 

NZS 3101:1995 is considerably less conservative than these three criteria, although the 

difference between the New Zealand criterion and other rational criteria decreases as 

concrete strength increases.  For the Japanese and European codes this is because of the 

higher exponent (⅔ rather than ½) used to relate concrete tensile strength to concrete 

compressive strength, while for Restrepo-Posada’s expression the decreasing difference is 

caused by the available bond strength including a term that is directly proportional to the 

concrete compressive strength.  If the amended criterion discussed in section 2.5.1 and 

included in the 2006 edition of NZS 3101 is used, the New Zealand criterion is still found 

to be less conservative than other rational design criteria, but by a smaller margin because 

the 2006 amendment increased the column depth required to anchor a Grade 500E 

reinforcing bar by 25% compared to the 1995 edition of the standard. 
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Figure 4-1 Comparison of international design requirements for "reference" joint 
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While Figure 4-1 provides a basic comparison of the design criteria mentioned, the 

complexity of these criteria makes it necessary to compare them in more detail before the 

differences between them can be accurately identified.  In Chapter 2, Figure 2-1 and 

equation 2-3 were used to show that equilibrium requirements are the basis for rational 

design criteria intended to prevent bond failure from occurring in interior beam-column 

joints.  It was further evident that the equilibrium of a reinforcing bar passing through a 

joint is determined by three factors: 

• The tension stress in the reinforcing bar at one side of the joint.  If the capacity 

design philosophy is used to design a frame then it is appropriate to assume that 

this stress is equal to the overstrength stress of the reinforcement, αofy. 

• The compression stress in the reinforcement at the opposite side of the joint.  This 

stress was expressed relative to the overstrength stress as καofy, where 0 ≤ κ ≤ 1.  

Past researchers (and many design criteria) have linked the compression 

reinforcement stress to the relative areas of tension and compression reinforcement 

in a beam. 

• The average bond stress along the length of the reinforcing bar within the joint 

available to anchor the bar.  This stress is generally related to the concrete 

compressive strength of the joint core, but has also been related to the axial load on 

the column framing into the joint, and to geometric features such as bar position 

and type of joint. 

Table 4-1 shows the relationships used by four design criteria to predict values for key 

variables that affect the above factors.  The relationships were determined by rearranging 

the design criteria so that they were in the form of an equilibrium equation similar to 

equation 2-3.  An example of this type of rearrangement was presented previously as 

equation 2-10, which showed the design criterion found in NZS 3101:1995 rearranged as 

an equilibrium equation.  Only four of the six design criteria compared in Figure 4-1 

could be expressed as equilibrium requirements and therefore be included in the detailed 

comparison.  The ACI design criterion was not included because it can not be related to 

the free body diagram shown in Figure 2-1, and the modified criterion found in 

NZS 3101:2006 was not included because the factor that accounts for Grade 500E 

reinforcement (discussed in section 2.5.1) has not been rationally related to either the 

reinforcement stress or the available bond strength. 

Three components of the reinforcement anchorage equilibrium requirement are included 

for comparison in Table 4-1.  These are the compression reinforcement stress (καofy), the 

basic relationship between average bond strength (ub) and concrete compressive strength, 
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and the modifier used to increase the average bond strength when an axial compression 

force acts on the column (αp).  In relation to the terms used previously in equation 2-3, the 

maximum available bond stress can be calculated from the values in Table 4-1 as 

ub,avail = αpub.  Detailed comparisons of the relationships used by the different criteria for 

the three components are made in following subsections.  It was not necessary to compare 

tension reinforcement stress, because the same value of αofy is assumed by all of the four 

design criteria considered.  In addition to column axial force, the criteria provided by 

NZS 3101:1995 and Restrepo-Posada both account for a number of additional effects that 

affect the available bond strength in a beam-column joint.  Detailed descriptions of these 

variables (αf and αt) are not included in Table 4-1, but their effect will be discussed in the 

following sub-sections. 

Table 4-1 Comparison of key aspects of international design criteria 

Compression 
reinforcement stress, καofy 

Design 
criteria Bars that are 

part of the larger 
reinforcement 

group 

Bars that are 
part of the 

smaller 
reinforcement 

group 

Basic average 
bond stress, ub 

Bond stress 
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*The form of Restrepo-Posada’s equation makes it impractical to separately identify average bond stress 

and a column axial stress multiplier 

During the process of deconstructing the various design equations to assess their 

component parts it became evident that, confusingly, two different approaches were taken 

to including the effects of reinforcement asymmetry in the criteria.  The difference lies in 

whether, when determining the anchorage length required for a bar, the ratio of 

compression reinforcement area to tension reinforcement area (β) is calculated based on 

stresses at the side of the joint where the bar considered is in tension or at the side of the 

joint where the bar is in compression.  This is best illustrated with an example.  Consider 
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a case where the area of the bottom reinforcement group passing through a beam-column 

joint is 75% of the area of the top reinforcement group.  When determining the anchorage 

length required for a bar in the top reinforcement group β = 1/0.75 = 1.33 if stresses are 

considered at the face of the joint where the top bars are compressed (basis of the 

NZS 3101 criterion), whereas β = 0.75/1 = 0.75 if stresses are considered at the face of 

the joint where the bottom bars are compressed (basis of AIJ, EC 8, and Restrepo-Posada 

criteria).  It was found that a more straightforward comparison of the different criteria 

could be made if they were rearranged so that the variable β was replaced with a new 

variable, ψ, representing the ratio of the area of the smaller reinforcement group to the 

area of the larger reinforcement group, and it is in these forms that the criteria are 

presented in Table 4-1. 

4.2.1 Compression reinforcement stress 

It is recognised by all of the rational design criteria that the stress developed in the 

compression reinforcement of a beam depends on the relative areas of the tension and 

compression reinforcement groups of the beam.  As the total tension and compression 

forces at a section must be in equilibrium, high compression reinforcement stresses will 

exist when the area of tension reinforcement is greater than the area of compression 

reinforcement, and low compression reinforcement stresses will occur if the area of 

tension reinforcement is less than the area of compression reinforcement.  Despite 

agreeing on these basic mechanics, the actual compression reinforcement stress assumed 

to exist differs significantly between design criteria.  This is shown in Figure 4-2, which 

shows compression reinforcement stress as a function of ψ, i.e. the ratio of the area of the 

smaller to larger reinforcing groups.  For each design criteria two values of compression 

reinforcement stress are shown, with the first value being for bars that are part of the 

larger reinforcement group, and the second value being for bars that are part of the 

smaller reinforcement group. 

Considering initially the case where symmetrically reinforced beams frame into a beam-

column joint (i.e. ψ =1.0), it can be seen that differences in the compression 

reinforcement stress account for a large part of the difference that was observed 

previously in Figure 4-1.  The least conservative design criterion, that of NZS 3101:1995, 

predicts that the compression reinforcement stress in a symmetrically reinforced beam is 

55% of the reinforcement overstrength stress.  In comparison, the AIJ criterion retains the 

conservative assumption that the compression reinforcement stress could reach the 

reinforcement overstrength stress, despite this being unlikely due to the unrealistically 
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high compression strains that would have to occur in order for the reinforcement to 

develop its overstrength stress in compression (Paulay and Priestley 1992).  The other 

two design criteria considered predict similar compression reinforcement stresses of 75-

80% of the reinforcement overstrength stress (approximately equal to the reinforcement 

yield stress). 
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Figure 4-2 Relationship between reinforcement ratio and compression reinforcement stress 
level 

Cursory examination of Figure 4-2 shows that three different methods are used to account 

for the effect of unequal tension and compression reinforcement areas on compression 

reinforcement stress levels.  NZS 3101 considers the compression stress in reinforcement 

that is part of the larger reinforcement group of an asymmetrically reinforced beam to 

remain at 55% of the reinforcement overstrength stress, and provides details indicating 

that for reinforcement that is part of the smaller reinforcement group, the compression 

stress increases from 55% to a maximum of 80% of the reinforcement overstrength stress 

as the reinforcement ratio (ψ) decreases.  The limit of 80% of the overstrength stress is 

equal to the yield strength of the reinforcement when the overstrength factor has the 

common value of αo = 1.25, and was included because it was considered unlikely that 

strain-hardening would feasibly increase the compression stress above yield.  In contrast, 

Japanese and European design methods assume that the compression stress in 

reinforcement that is part of the smaller reinforcement group is the same as the 

compression stress in symmetrically reinforced beams, while the compression stress in 

reinforcement that is part of the larger reinforcement group decreases as the 
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reinforcement ratio decreases.  For these two design criteria this latter assumption is more 

realistic due to the relatively high compression reinforcement stresses that are predicted 

for symmetrically reinforced beams.  The third approach taken is used by Restrepo-

Posada, whose criterion is based on the premise that the compression stresses in the larger 

and smaller reinforcement groups of an asymmetrically reinforced beam are respectively 

lower and higher than the compression reinforcement stresses that occur in symmetrically 

reinforced beams. 

4.2.2 Available bond strength 

The four design criteria listed in Table 4-1 are all based on the assumption that bond 

strength is related nonlinearly to joint core concrete compressive strength.  A further 

assumption common to all four criteria is that the available bond strength increases if the 

anchored reinforcing bar is subjected to a transverse compressive stress, which would 

conventionally be caused by axial compression forces in the column.  The bond strength 

increase caused by transverse compression is generally accounted for by applying a 

multiplier to the basic bond strength available when no transverse compressive stresses 

are present.  Due to the more complex distribution of bond stresses used to develop 

Restrepo-Posada’s design criterion, it is not possible to neatly isolate the effect of axial 

compression on bond strength.  This difficulty explains the different presentation of 

Restrepo-Posada’s criterion in Table 4-1. 

Figure 4-3 shows relationships between concrete compressive strength and available 

average bond stress used by the four design criteria.  The values shown in Figure 4-3 

were calculated for a situation where no transverse compression enhances the available 

bond strength.  It is obvious that six curves are plotted in Figure 4-3 although only four 

design criteria are being considered.  The additional curves were plotted to show the 

effect of two additional variables that affect bond strength according to the 

NZS 3101:1995 and Restrepo-Posada criteria.  These additional variables account for the 

reduced bond strength observed when water gain affects the concrete anchoring a 

reinforcing bar, or when a joint is part of a two way frame.  The predicted effect of these 

two factors on bond strength is summarised in Table 4-2, and they are included in Figure 

4-3 by showing two curves each for the NZS 3101:1995 and Restrepo-Posada criteria.  

The first of these lines is a “best case” situation where bar anchorage in a one way frame 

is unaffected by water gain, and the second line represents a “worst case” situation where 

bar anchorage in a two way frame is detrimentally affected by water gain. 
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Figure 4-3 Relationship between concrete compressive strength and reliable average bond 
strength with no axial compression force acting on column 

Comparing the bond strengths shown in Figure 4-3, it is evident that a wide range of bond 

strengths are predicted by the criteria of NZS 3101:1995 and Restrepo-Posada due to the 

influence of the factors listed in Table 4-2.  In particular, the bond strength predicted by 

NZS 3101:1995 differs by approximately 30% depending on the inclusion of these 

factors.  A further observation is that the shape of the curves obtained from 

NZS 3101:1995 are different to those obtained from the AIJ or Eurocode criteria due to 

the different exponent used to relate bond strength to concrete compressive strength, with 

the smaller exponent (½ rather than ⅔) used by NZS 3101:1995 reducing the benefit 

obtained from using high strength concrete.  For example, NZS 3101:1995 predicts that 

doubling the compressive strength of concrete used in the joint core results in a 41% 

increase in bond strength, whereas the AIJ or Eurocode criteria predict a 59% bond 

strength increase for the same doubling of concrete compressive strength.  The more 

complex distribution of bond stresses used in Restrepo-Posada’s criterion results in a 

curve of predicted bond strengths that has a similar shape to those of the AIJ and 

Eurocode criteria. 

Although covering a broad range of values, there is reasonable consensus between the 

four design criteria about the actual bond strength available in beam-column joints.  For 

low concrete strengths NZS 3101:1995 is generally less conservative than other criteria, 

especially if the additional factors listed in Table 4-2 are not considered.  Due to the 

aforementioned forms of the curves the difference between them is smaller for higher 
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strength concrete.  It is clear that the Eurocode criterion predicts lower bond strength than 

the AIJ criterion.  This point must be considered in parallel with the earlier conclusion 

that the AIJ criterion is more conservative in its estimation of reinforcing bar stresses. 

Table 4-2 Effect of water gain and joint geometry on available bond strength 

Reduction of bond strength 
due to: Design criteria 

Water gain assumed 
to affect bars with: 

water gain joint geometry 

NZS 3101:1995, 

equation 2-9 

more than 300 mm of 

fresh concrete beneath 
15% 15% 

Restrepo-Posada, 

equation 2-11 

more than 300 mm of 

fresh concrete beneath 
~12% 9% 

4.2.2.1 Influence of column axial load on available bond strength 

Figure 4-4 shows a graphical comparison between the bond strength increases predicted 

by different design criteria when a transverse compression stress acts on the joint core 

concrete.  This comparison is achieved by plotting the percentage bond strength increase 

as a function of non-dimensional column axial force ( '
cgfN/A ).  In contrast to 

comparisons made previously it is obvious that here NZS 3101 is significantly more 

conservative than other design criteria.  Due to the bond stress distribution in its 

development, Restrepo-Posada’s criterion has a more complex relationship between 

column axial compression force and bond strength, in which the bond strength increase 

due to column axial compression force is linked to the compressive strength of the joint 

core concrete.  For this reason, two lines are plotted in Figure 4-4 for Restrepo-Posada’s 

criterion, representing joints constructed from 20 MPa and 60 MPa concrete respectively.  

It can be seen that the values calculated from Restrepo-Posada’s criterion cover a similar 

range to the values obtained from the AIJ and Eurocode criteria. 

Figure 4-3, which showed the relationship between bond strength and concrete 

compressive strength, was plotted from values calculated assuming that no axial force 

acted on the column.  This assumption could be considered a somewhat unrealistic basis 

for comparison, because the columns passing through interior beam-column joints in 

buildings are likely to support an axial force that is large enough to enhance bond 

strength.  Recognising the differing effects of axial compression force on bond strength 

revealed by Figure 4-4, the bond strength relied on by the four design criteria were 

recalculated for a situation where the axial force on the column was equal to 10% of its 

gross capacity.  The results of these calculations are shown in Figure 4-5.  Recalling that 
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Figure 4-3 showed that NZS 3101:1995 generally predicted higher bond strength to be 

available than was predicted by other design criteria, Figure 4-5 shows that the effect of 

axial compression acting on the beam-column joint is to reduce the difference between 

the bond strength predicted by NZS 3101:1995 and that predicted by the other design 

criteria.  For the specific case shown in Figure 4-5, NZS 3101:1995 is still less 

conservative than other design standards when low strength concrete is used to construct 

the joint core.  However, it is noted that when the axial load on the column is increased 

further, the difference between NZS 3101:1995 and other design criteria reduces still 

further. 

0%

5%

10%

15%

20%

25%

30%

35%

40%

45%

50%

0 0.05 0.1 0.15 0.2 0.25 0.3 0.35 0.4 0.45

N/Agf
'
c

B
o
n
d
 s
tr
e
s
s
 i
n
c
re
a
s
e

NZS 3101:1995

AIJ

EC8

Restrepo-Posada

Restrepo-Posada

f
'
c= 60 MPa

Restrepo-Posada

f
'
c= 20 MPa

 

Figure 4-4 Assumed bond stress increase due to column axial compression force 

4.2.3 Summary 

A detailed comparison of several design criteria intended to prevent bond failure from 

affecting interior beam-column joints has been presented in section 4.2.  This comparison 

has shown that many inconsistencies exist between aspects of these criteria.  In relation to 

the original goal for Part 1 of this thesis, the most significant of these inconsistencies is 

the failure of the current New Zealand design criterion or proposed alternatives to 

rationally account for disproportionately longer column depths apparently required to 

anchor Grade 500E beam longitudinal reinforcement.  However, the large number of 

other inconsistencies revealed makes it worthwhile to completely reassess the validity of 

the current New Zealand design criterion.  This task is the focus of the remainder of this 

chapter.  In summary, the inconsistencies that will be considered in depth include: 
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• What function should be used to relate concrete compressive strength and joint 

core bond strength? 

• How significantly does bond strength increase when axial compression acts 

transversely to the anchored reinforcing bar? 

• What level of conservatism is appropriate when predicting the stress in the 

compression reinforcement of a beam? 
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Figure 4-5 Relationship between concrete compressive strength and reliable average bond 
strength in the presence of a column axial compression force equal to 0.1f

’
cAg 

4.3 Overview of method used to validate design 
criteria 

Two methods were considered for assessing the validity of reinforcement anchorage 

design criteria.  The first method was to use detailed information from a small number of 

experiments to define probable relationships for bond strength, compression 

reinforcement stress, and other important parameters.  The second, and chosen method, 

was to assemble a much larger database of experimental results and consider the ability of 

existing or improved design criteria to post-dict the structural performance of each 

experiment.  Development of improved design criteria using this second procedure would 

require empirical selection of parameters, and was thus arguably less “pure” than the first 

method.  However, the large number of previous studies on bond strength suggested that 

limits on reasonable values for the main parameters should be reasonably reliable, and 
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hence empirical selection of precise values would be acceptable provided that the chosen 

values reflected existing knowledge.  The main advantage of the chosen assessment 

method was that it allowed a much broader range of experiments to be used, recognising 

that the goal was to assess overall structural performance rather than focussing on precise 

information about bar anchorage. 

4.3.1 Outline of analysis process 

The process adopted to check the ability of existing design criteria to predict beam-

column joint performance, and resultant development of improved criteria, involved a 

number of different tasks.  These tasks are described in detail in the following sections, 

but are summarised here for clarity. 

1. Beam-column joint test results were collected and superficially assessed to 

determine their suitability for inclusion in the database.  This task is described in 

section 4.3.2. 

2. The structural characteristics of each beam-column joint included in the database 

were determined, as described in section 4.4. 

3. The design of each beam-column joint was assessed to determine if it was 

sufficient to prevent bond failure from adversely affecting structural behaviour.  

This task required consideration of two separate aspects of performance.  The first 

of these aspects was to define limits beyond which performance degradation would 

be considered unacceptable (discussed in section 4.5).  The second aspect, 

discussed in section 4.6, was to define performance benchmarks (such as drift or 

ductility levels) that a beam-column joint would have to exceed without suffering 

excessive degradation in order for its design to be considered able to prevent bond 

failure from occurring. 

4. The assessed test performance of each beam-column joint was compared with the 

performance predicted by different design criteria (section 4.9). 

5. Analyses were conducted to develop improved design methods (sections 4.10 and 

4.11). 

4.3.2 Database composition 

The database of experimental results assembled for assessment purposes consisted of a 

large number of beam-column joint tests conducted in New Zealand and internationally 

over the last four decades, resulting in the database and the method of assessment being 

similar to those used in previous studies conducted by Lin (1999) and by Fenwick and 
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Megget (2003).  However, when compared to these previous studies the research 

described in this chapter was both broader and deeper.  These statements are justified 

because the number of beam-column joint tests considered was greater than in the 

previous studies and the anchorage performance of the test units was considered at a more 

fundamental level than in the earlier studies, which worked from an assumption that the 

form of the NZS 3101:1995 design criteria was substantially correct and sought to apply 

simple modifying factors to make the criteria fit the reported behaviour of test units.  As 

will be discussed in the following sections, the research described in this chapter aimed to 

reassess the design criteria by examining the component relationships defining the design 

criteria. 

A few basic criteria were initially used to judge the suitability of a beam-column joint test 

for inclusion in the database.  The primary factors considered were that the joint: 

• Was a reinforced concrete interior beam-column joint 

• Was subjected to a cyclic loading history that included multiple inelastic cycles 

• Was subjected to unidirectional loading 

• Performed in a manner consistent with the weak beam – strong column design 

ideal. 

In total 161 beam-columns joint tests reported in approximately 35 reports, theses, and 

papers were considered for inclusion in the database.  In many cases complete series of 

tests or experimental programmes were considered but ultimately disregarded.  This 

resulted in 93 beam-column joint tests finally being included in the assembled database.  

Reasons for disregarding complete experimental programmes included use of an 

insufficiently demanding load history, insufficient data being provided in the literature 

regarding detailing or performance, shear failure obviously occurring in all beam-column 

joints tested, or the beam-column joints tested being unrepresentative of current New 

Zealand design practice.  For obvious reasons these considerations excluded research 

programmes that focussed on the retrofit of older moment resisting frames (Hakuto 1995; 

Liu 2002).  Other research programmes considered but ultimately totally excluded 

included those conducted by Thompson (1975), Meinheit & Jirsa (1977), Fenwick & 

Irvine (1977b), Birss (1978), Park & Keong (1979), Stevenson (1980), Fenwick (1981), 

Wong et al. (1985), and The University of Texas at Austin (Guimaraes et al. 1989; 

Kurose et al. 1988), Leon (1989; 1990), Allington (2003), and Lee et al. (2007). 

A few of the beam-column joints included in the database were tested to assess the 

performance of moment resisting frames constructed from precast concrete elements.  It 
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was considered appropriate to include these tests as long as the beam-column joints 

emulated the performance of monolithic joints.  In some cases the construction method 

that was used required the bottom beam longitudinal reinforcement to be anchored in the 

joint core rather than passing continuously through it.  Such tests were only included if 

the literature indicated that the bottom beam reinforcement was well anchored, in which 

case analysis could be focussed on the continuous top reinforcement. 

When assembling the database of beam-column joint test results, particular emphasis was 

placed on obtaining results from Japanese research.  This often caused difficulties at the 

analysis stage as it was normally necessary to rely on rather brief conference papers for 

information about the tests.  The effort taken to realistically assess the performance of 

these joints was considered to be worthwhile due to the extensive use of high strength 

materials in Japanese research (and in real structures). 

A summary of each beam-column joint included in the database can be found in Table 

4-8 (located on page 97), while Appendix B contains complete details of each joint. 

4.4 Determination of structural design parameters 

For each beam-column joint included in the database, a large number of design 

parameters were recorded directly from the literature and further parameters were 

calculated from these.  Wherever possible basic parameters such as material properties, 

unit dimensions, and test protocol were taken directly from the source literature relevant 

to a test.  In a few cases it was necessary to use judgement to estimate the value of 

parameters because details were not given, were ambiguous, or contradictions existed 

between two or more sources reporting the same test. 

The majority of the analysis that was required before including a beam-column joint in 

the database was routine, and was based on standard New Zealand design methods.  

Examples of these routine calculations included determination of the predicted beam 

moment capacity and the joint shear strength.  However a number of the key parameters 

reported to affect anchorage performance were calculated using non-standard procedures, 

which are explained in the following sub-sections.  A summary of the reported and 

calculated data for each beam-column joint is provided in Appendix B. 

A number of beam-column joints with slabs were included in the database.  For these 

joints it was necessary to make assumptions regarding the proportion of the slab 

reinforcement that would contribute to the nominal and overstrength moment capacities 
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of the beam and regarding the width of the slab that would be effective in compression.  

For both these aspects effective widths were calculated according to the procedures found 

in NZS 3101:2006. 

4.4.1 Determination of maximum reinforcement stress 

The maximum stress that occurred in the beam longitudinal reinforcement of a test unit 

was a key parameter because it determines the force that must be anchored as the 

reinforcement passes through the joint core.  When analysing test results to include in the 

database, the maximum beam reinforcement stress was back-calculated by determining 

the peak moment that occurred in the beams and then estimating the force couple 

necessary for the beam to resist this moment, which required knowledge of the lever arm 

between the centroids of the internal flexural tension and compression forces.  The 

complex stress-strain response of concrete in compression, the interaction between 

concrete and reinforcement in the compressed region of the beam, and the uncertain 

extent of spalling during testing meant that it was not possible to accurately assess the 

location of the compression force centroid.  To overcome this problem the common 

assumption was made that the centroid of the compression force coincided with the 

centroid of the compression reinforcement.  Hence the maximum stress in the tension 

reinforcement was calculable using the following equation: 

( )( )'
oslab,s,s

max
maxs,

ddAA

M
f

−+
=  (4-1) 

where Mmax is the maximum beam moment, As is the area of the beam tension 

reinforcement group, As,slab,o is the area of slab reinforcement considered to contribute to 

overstrength moment capacity according to NZS 3101:2006 (if applicable), and d and d’ 

are the distances from the extreme compression fibre to the centroids of the tension and 

compression reinforcement groups respectively. 

It was uncommon for experimentally measured beam moments to be reported in the 

literature.  Instead the force applied to a beam-column joint subassembly was normally 

presented in the form of storey shear force.  It was therefore necessary to estimate the 

beam moments that resulted from the application of the maximum storey shear force.  

This was achieved by considering the equilibrium of the free body diagram shown in 

Figure 4-6, resulting in the following equations: 
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where definitions are as given in Figure 4-6.  The term N∆col was only included for the 

few units in the database that were tested using methods that caused P-delta moments in 

the column, because for these units it was necessary to adjust the measured column shear 

before calculating the maximum beam moments.  When formulating Equation 4-2 it was 

necessary to make an assumption about the location of the critical section at which the 

maximum beam moment occurred.  While it was recognised that the occurrence of yield 

penetration might lead to the critical section being located within the depth of the joint, 

there seemed to be no way to accurately assess this effect.  Therefore, the critical section 

was assumed to be the section at the beam-column interface. 

The free body diagram shown in Figure 4-6 is statically indeterminate and hence it is not 

possible to calculate Mmax,L and Mmax,R based on equilibrium alone.  If the length of the 

left and right beams is the same, it is reasonable to assume that the curvature profiles 

along both beams will be equal.  For symmetrically reinforced beam-column joints this 

implies that equal moments occur in both beams.  However, for asymmetrically 

reinforced beams such an assumption would clearly be incorrect.  When analysing such 

units it was assumed that the ratio of the moment at any curvature to the nominal moment 

would be the same for both beams (i.e. ML(φ)/MnL = MR(φ)/MnR where ML(φ) and MR(φ) 

are the moments developed in the left and right beams respectively when subjected to a 

curvature φ).  This assumption is not universally correct, but consideration of a number of 

beam-column joints indicated that it was sufficiently accurate when the reinforcement 

properties and beam effective depth were similar for both positive and negative bending.  

Combining equations 4-2 and 4-3 and the assumption just stated, the maximum moment 

capacities of the left and right beams can respectively be calculated as: 
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These equations were used to calculate the maximum positive and negative moments that 

developed in each beam-column joint. 
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Figure 4-6 Definitions of actions, dimensions, and displacements used during analysis of 
beam-column joints 

Due to the number of assumptions inherent in the calculations described above, it was felt 

to be prudent to check that the calculated maximum reinforcement stress was plausible.  

This check was normally achieved by comparing the calculated stress to the ultimate 

tensile strength of the beam reinforcement as reported in the literature.  Assessment of the 

reliability of the calculations for Japanese test units was difficult, because the conference 

papers from which information on these tests was often obtained did not normally include 

information about the ultimate tensile strength of the reinforcement used.  A partial 

solution was achieved by locating some information about the specified properties of high 

strength Japanese reinforcing steel (Otani 1995), which was used as a source to check 

values for calculations relating to the Japanese tests. 

4.4.2 Quantification of beam reinforcement asymmetry 

As noted previously, it is recognised by all current rational anchorage design criteria that 

the stress in beam compression reinforcement is affected if the areas of the beam top and 

bottom reinforcement groups differ.  In design criteria this issue is accounted for by the 
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inclusion of a parameter that is a function of β, the ratio of the area of the compression 

reinforcement group to the area of the tension reinforcement group.  In section 4.2 an 

inconsistency in the manner that β is calculated for different design methods was 

discussed, and a closely related variable ψ was introduced to represent the ratio of area of 

the smaller reinforcement group to the area of the larger reinforcement group. 

For design purposes it is acceptable to define β or ψ as ratios of areas, but it is more 

rationally correct to define these terms as ratios of the force resisted by the reinforcement 

groups, because the level of stress that exists in the compression reinforcement is 

determined by the force in the tension reinforcement.  The simplification of using 

reinforcement areas is acceptable for design because nominal material properties are used 

and hence it is likely that the yield stress of the top and bottom reinforcement will be 

equal.  However, for many of the tests in the database the yield stress of the top 

reinforcement was different to that of the bottom reinforcement.  β and ψ were therefore 

redefined to account for the fact that the tension force in a smaller area of high strength 

reinforcement could cause a larger area of low strength reinforcement to yield in 

compression.  β was defined in the manner used by NZS 3101, i.e. as the area of the bar 

group containing the bar for which anchorage is being considered divided by the area of 

the other bar group.  Following the logic described by Restrepo-Posada (1993), slab 

reinforcement was assumed to not resist compression forces.  Hence for bars in the top 

reinforcement group: 

ybsb

ytst

t
fA

fA
β =  (4-5) 

where the subscripts t and b refer to top and bottom reinforcement respectively.  For bars 

in the bottom reinforcement group: 

ytstslaby,nslab,s,

ybsb

b
fAfA

fA
β

+
=  (4-6) 

where As,slab,n is the area of slab reinforcement (if any) contributing to the nominal 

flexural strength of the beam according to NZS 3101:2006, and fy,slab is the yield stress of 

the slab reinforcement.  The ratio ψ was taken as the minimum of the values of β for the 

top and bottom reinforcement. 
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4.4.3 Range of key parameters covered by database 

In order for the results of this study to be applicable to the broadest possible range of 

beam-column joints, it was desirable for the beam-column joints in the database to have a 

broad spread of key parameters such as reinforcement yield strength, concrete strength, 

and column axial load.  The range of parameters covered in the database is summarised in 

Table 4-3.  For all of the main parameters it is evident that the database was broad enough 

to cover the whole range of beam-column joints likely to be constructed in New Zealand. 

Table 4-3 Range of structural parameters covered by database 

Parameter Range 

Beam reinforcement yield stress 265 – 858 MPa 

Beam reinforcement diameter 9.5 – 35 mm 

Reinforcement ratio β 0.4 – 2.5 

Concrete strength 20.8 – 138 MPa 

Beam depth 300 – 900 mm 

Column depth 300 – 1000 mm 

Anchorage length hc/db 14.5 – 37.5 

Column axial load ratio, 
'
cfgA

N
 0 – 0.43 

4.5 Performance assessment 

It was noted in Chapter 2 that the two failure mechanisms for beam-column joints that are 

subjected to reversed cyclic loading to large displacements are shear failure and bond (or 

anchorage) failure.  Three forms of structural performance degradation can result from 

the occurrence of either of these failure types (ACI Innovation Task Group 1 2001a), 

which are: 

• Peak displacement strength degradation 

• Small displacement stiffness degradation 

• Reduced energy dissipation, often described as hysteretic pinching. 

If a beam-column joint is to meet the capacity design requirements quoted in Chapter 1, 

then it should be designed in such a manner that neither shear failure nor anchorage 

failure occurs before the joint has met the performance standards expected from it.  The 

purpose of this section is to explain the procedure used during this research to define the 
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stage at which the performance of each beam-column joint in the database degraded 

beyond acceptable limits. 

4.5.1 Elimination of beam-column joints with performance limited by joint 
shear failure 

Before analysing beam-column joints to assess how well the beam reinforcement was 

anchored in the joint core it was necessary to remove from consideration those joints 

which had their test performance limited by joint shear failure.  However, when relying 

primarily on the force-displacement response of a beam-column joint test unit it can be 

difficult to identify whether bond failure or joint shear failure governed the performance, 

because both failures have a superficially similar effect on the force-displacement 

response of beam-column joints.  It was therefore necessary to use other information to 

eliminate joint shear failures from the database. 

A previous study that used a database of beam-column joint test results to assess 

anchorage design criteria assumed that the performance of beam-column joints would be 

governed by joint shear failure if the joint core contained less than 75% of the shear 

reinforcement required by NZS 3101:1995 (Fenwick and Megget 2003).  Adoption of this 

method was considered for this study, but the method was felt to be too conservative as it 

would have excluded many beam-column joints in which joint shear failure demonstrably 

did not occur.  Examples of such units include units 3 and 4 tested by Dai (Park and Dai 

1988) and units 4 and 8 tested by Lin (1999).  The implication that New Zealand 

procedures for designing joint shear reinforcement are inaccurate for some joints is in 

agreement with previous research (Attaalla 2004; Lin 1999). 

Tests where joint shear failure preceded bond failure were instead identified using a 

combination of two information sources: 

• Consideration of information other than the force-displacement response, 

especially photographs of the joint core and data about joint core deformation. 

• Precise details of hysteretic pinching that occurred in any test.  Specifically it was 

noted that when bond failure occurred during testing the peak force resisted during 

repeated cycles to the same displacement would decrease but then increase again 

during the first cycle to a larger displacement.  In contrast, strength degradation 

due to joint shear failure was not reversed during cycles to larger displacements 

because there is no mechanism by which the joint core can regain stiffness. 
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Despite earlier comments about not relying on under-reinforcement of the joint (relative 

to the requirements of NZS 3101:2006) as an indication of likely joint performance, a 

small number of tests were excluded on this basis.  These tests, which were 

predominantly conducted in Japan, showed no signs of shear failure despite having joint 

cores that were highly stressed, subjected to only small magnitude (or zero) column axial 

compression stresses, and contained apparently only 5-15% of the joint reinforcement 

required by NZS 3101:2006.  It was felt prudent to exclude these tests due to the 

apparently anomalous nature of the results. 

4.5.2 Identification of bond failure in beam-column joint tests 

It is axiomatic that a rational design criterion should be based on achieving a clearly 

identifiable performance standard.  Unfortunately, despite the sound basis in mechanics 

of the design criteria compared in section 4.2, the source literature describing the 

development of these criteria does not clearly identify the performance level that they aim 

to achieve (Cheung 1991; Park and Dai 1988; Paulay and Priestley 1992; Xin 1992). 

For this study, bond failure in beam-column joints was identified by examining the force-

displacement response and noting the stage of testing at which excessive strength, small-

displacement stiffness, or energy dissipation degradation occurred.  This method 

necessitated the definition of limits beyond which degradation would be considered to be 

excessive. 

It was initially intended to define performance degradation limits by assessing how much 

degradation could occur before the behaviour of a complete structure was excessively 

affected.  However, consideration of this task indicated that overall structural behaviour 

was unlikely to provide useful limits due to the variability of earthquake ground motions, 

variability of force-displacement response when bond failure occurs, and variable 

redundancy of complete structures.  Furthermore, review of earlier literature showed that 

despite the extensive efforts made to model bond failure in beam-column joints (Biddah 

and Ghobarah 1999; Elmorsi et al. 2000; Filippou 1986; Filippou et al. 1999; Fleury et al. 

1999; Fleury et al. 2000; Harajli and Mukaddam 1988; Limkatanyu and Spacone 2003; 

Lowes and Altoontash 2003; Mitra and Lowes 2007; Monti et al. 1997; Mukaddam and 

Kasti 1986; Popov 1984; Russo et al. 1990; Youssef and Ghobarah 1999), the few studies 

that assessed the impact of bond failure on overall structural performance found that it 

had little effect (D'Ambrisi et al. 2006; Kitayama et al. 1987).  It seems probable that this 

finding is related to the conclusion of Davidson et al. (2002) that hysteretic shape does 

not have a significant influence on the response of structures during earthquakes.  
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Consequently, the inability to use global structural performance as a guide for 

performance degradation limits required that these limits be based on engineering 

judgement. 

When assessing the performance of test specimens subjected to cyclic loading, New 

Zealand structural engineering researchers have for many years defined failure to have 

occurred if the force resisted by the specimen at the peak of a cycle is less than 80% of 

the maximum force previously resisted in the same direction of loading (Park 1989).  This 

definition was previously referred to and used during assessment of the beam-column 

joint tests described in Chapter 3.  Due to the ubiquity and adequacy of this definition, it 

was again used in this chapter to determine if unacceptable strength degradation due to 

bond failure occurred during the beam-column joint tests included in the database. 

The main problem resulting from small-displacement stiffness degradation is increased 

vulnerability of the damaged structure to aftershocks, because significant displacements 

could occur even during earthquakes with magnitudes that would have minimal effects on 

the undamaged structure (ACI Innovation Task Group 1 2001a; Paulay and Park 1984).  

The unpredictability of aftershocks makes it difficult to set a rational limit for acceptable 

small-displacement stiffness degradation.  The ACI Innovation Task Group suggested 

that the secant stiffness between +0.35% drift and -0.35% drift should be at least 5% of 

the initial stiffness of the beam-column joint.  This criterion was impractical to apply to 

large numbers of tests, particularly when the force-displacement responses were 

reproduced at small scales, and so was not adopted for this study.  Instead, the primary 

criterion used was the practical recommendation made by Fenwick & Megget (2003) that 

unacceptable bond failure had occurred if the force resisted by a beam-column joint when 

half way to a target drift was less than 25% of the previous maximum resisted force in the 

same direction of loading.  An additional judgement-based criterion was used 

simultaneously, which was based on whether large displacement changes without 

significant force increase (i.e. approximately zero stiffness over a displacement 

equivalent to quarter to a half of the peak displacement for the cycle) occurred while a 

beam-column joint was being returned to a zero displacement condition.  Figure 4-7 

shows the application of the two small-displacement stiffness criteria to an example 

beam-column joint test.  The cycle during which failure was judged to occur is 

highlighted in red.  As can be seen, the strength half way to the target displacement of this 

cycle obviously exceeded 25% of the previous maximum strength.  However, failure was 

judged to have occurred due to a significant displacement change having occurred 

without a corresponding force change during the period when the unit was returning to 

zero displacement. 
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Figure 4-7 Application of stiffness failure criteria to example beam-column joint (Durrani S3) 

After extensive consideration, it was decided to not assess energy dissipation degradation 

for the database of joints.  This decision was made primarily for the practical reason that, 

for most beam-column joints considered, it was impossible to accurately calculate energy 

dissipation data from the limited information published in the literature about force-

displacement response.  It was also apparent that reduced energy dissipation would only 

occur if the strength or small-displacement stiffness degraded, which indicated that 

explicit checking of the energy dissipation of the beam-column joints would be redundant 

even if it were feasible. 

4.5.3 Determination of failure displacement 

As will be discussed in the following section, the performance of each beam-column joint 

was based on its ability to reach a required displacement level once without failure 

occurring.  However, most beam-column joint tests involved multiple cycles to each 

displacement increment.  This load history is clearly more demanding than applying only 

a single cycle to each displacement, and it is reasonable to assume that a unit that failed 

during multiple cycles to a displacement slightly lower than the target displacement 

would have survived a single cycle to the target displacement (Fenwick and Dhakal 

2007).  Therefore it was necessary to develop a method that allowed the varied load 

histories applied to different test units to be reduced to a single failure displacement for 

each unit. 
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The method used to accomplish this reduction was adapted from the method used by 

Dhakal and Fenwick (2007) to assess the failure displacement of concrete beams 

subjected to cyclic loading.  The failure interstorey drift was calculated as: 

( )2qminmax
failure 1.05

2

θθ
θ −×







 −
=  (4-7) 

where θmax and θmin were taken as the peak positive and negative interstorey drifts applied 

to the unit during the last two half cycles before the half cycle in which failure occurred.  

The cumulative effect of multiple cycles was accounted for by the factor 1.05 and 

variable q, which was the number of half cycles previously completed to the same 

displacement as the half cycle before failure.  The exponent in equation 4-7 was altered 

from the value used by Dhakal and Fenwick so that θfailure after two half cycles to a drift 

level would equal that drift level, which was felt to be more consistent with the way that 

beam-column joint test data is typically interpreted.  It is noted that the change made to 

the exponent in equation 4-7 resulted in the calculated failure drift being more 

conservative than if the exponent suggested by Dhakal and Fenwick had been used. 

As an the example of the application of equation 4-7, the unit for which results were 

shown in Figure 4-7 was assessed to have failed during the first half cycle to a target drift 

of 4.5% due to small displacement stiffness degradation.  For the two half cycles before 

this cycle the drifts reached were θmax = +3.62% and θmin = -3.62%.  θfailure was calculated 

as 3.62% because two half cycles were completed to 3.62% drift.  Two further example 

calculations are summarised in Table 4-4. 

Table 4-4 Example calculations of failure drift 

Unit 
Failure half 
cycle drift 

Drift during 
previous set 
of half cycles 

θmax, θmin q θfailure 

Brooke 

3B 
first @ 5% 4 @ 4% 

+4% 

-4% 
4 4.4% 

Lawrance 

1993 

second @ 

7.1% 
4 @ 4.7% 

+7.1% 

-4.7% 
1 5.6% 

It is recognised that the method used to calculate θfailure is not a particularly sophisticated 

damage index.  However, when the failure drifts calculated for each beam-column joint 

were considered they appeared representative of performance and hence the method 

proposed was deemed to be adequate. 
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4.6 Definition of limit states 

In the previous section an explanation was given of how the displacement at which bond 

failure occurred was determined for each beam-column joint.  In this section the 

displacement capacity required from beam-column joints is considered. 

Recently it has been recognised that the objective of rational procedures for designing 

structures to resist earthquakes should be uniform risk, i.e. the probability of a defined 

level of damage occurring in a structure should be the same irrespective of the form or 

location of the structure.  This philosophy has been widely termed ‘Performance-Based 

Seismic Design’ (Priestley 2000; SEAOC 1995).  The fundamental requirement of 

performance-based seismic design is for structures to meet specified performance criteria 

in the event of an earthquake with a specified probability of occurrence.  The 

performance criteria for a structure depend on its perceived importance, and more 

stringent performance requirements are specified for earthquakes that are expected to 

occur frequently than for earthquakes expected to occur only rarely.  For design purposes 

earthquakes are typically defined as based on probability of occurrence during the design 

life of the structure (often 50 years) expressed as a percentage, or as a return period.  An 

example of typical performance criteria is shown in Figure 4-8. 
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Figure 4-8 Relationship between earthquake hazard and required performance level (ATC 
1997; SEAOC 1995) 

It has been argued that New Zealand seismic design practices have been performance-

based since the early 1980s (Priestley and Kowalsky 2000).  However performance-based 

seismic design has more prominence in the most recently released earthquake loading 

standard (NZS 1170.5 2004), which divides structures into five importance categories and 

requires structures to achieve specified levels of performance at up to three explicit limit 

states.  In addition to the explicit limit states, NZS 1170.5:2004 implicitly requires 

structures to be able to withstand the maximum considered earthquake (MCE) without 
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collapsing.  Performance requirements specified by NZS 1170.5:2004 for major 

structures are shown in Table 4-5. 

Relating Table 4-5 to the performance of structural elements necessitates definition of 

minimum performance levels for each limit state.  Previously in New Zealand, ultimate 

limit state performance has normally been verified by ensuring that specified levels of 

displacement ductility are achievable, and serviceability limit state performance has been 

gauged by ensuring that displacements are small enough to prevent damage to non-

structural elements.  There has been no recent change to the way that serviceability 

performance should be assessed.  However, in recognition of recent acceptance that 

damage is related to displacement rather than ductility (Priestley and Kowalsky 2000) it 

now seems appropriate to verify ultimate limit state performance based on ability to reach 

specified displacement or drift limits.  This is particularly the case for moment resisting 

frames, which in most cases have their design governed by maximum permitted 

displacement (interstorey drift) rather than maximum permitted ductility. 

Table 4-5 Return period (years) of earthquakes that structures must resist without 
exceeding performance limit states according to NZS 1170.5:2004 

Building importance level 

Performance level 
Normal 

Important, e.g. 
schools 

Critical post 
disaster structures 

Repair not required (SLS1) 25 25 25 

Operational continuity (SLS2) - - 500 

Ultimate limit state (ULS) 500 1000 2500 

Collapse prevention 2500 2500 2500 

4.6.1 NZS 1170.5:2004 displacement limits 

Displacement limits are most effectively set as specified levels of interstorey drift so that 

the displacements permitted are non-dimensionalised.  The minimum drift capacity that 

should be tolerated by a structure without excessive damage occurring should be 

considered at three limit states, which are a serviceability limit state (covering SLS1 and 

SLS2), the ultimate limit state, and the collapse prevention limit state. 

The primary limit on interstorey drift found in NZS 1170.5 relates to performance at the 

ultimate limit state.  The intent of the standard is that structures should be designed so 

that predicted interstorey drift levels are less than 2.5% at the ultimate limit state, because 

the strength and stiffness of typical structural systems are unlikely to deteriorate at this 

displacement (NZS 1170.5 2004).  An adjustment must be made to this limit value before 
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it is relevant to the interpretation of test data because earthquake design actions specified 

by NZS 1170.5 are lower than those that would be predicted based on ductility and elastic 

site hazard alone due to the inclusion of the structural performance (Sp) factor when 

calculating the design actions.  For most structures Sp = 0.7, which has the effect of 

reducing the accelerations and forces used to design the structure by 30%.  This reduction 

is justified in NZS 1170.5 mainly on the basis that the peak acceleration predicted by the 

site hazard spectrum is unlikely to cause significant damage to a structure because it is 

expected to occur only once during an earthquake.  However, it is still expected that the 

full accelerations will affect the structure at some point, and hence the peak displacement 

expected to affect the structure once during the ULS level earthquake is 1/0.7 = 1.43 

times larger than the displacement calculated during design (Fenwick and Megget 2003).  

The drift level considered equivalent to the ULS drift of a structure is therefore 

3.57%1.432.5 =× . 

The displacement that must be sustained by a structure if it is to survive the MCE can be 

determined directly from the ULS drift requirement because NZS 1170.5 is based on the 

assumption that a single hazard spectrum can be used to determine accelerations for 

earthquakes with different return periods, provided that the acceleration is multiplied by 

an appropriate return period factor, R.  Return period factors specified by NZS 1170.5 are 

listed in Table 4-6.  Based on these factors, the acceleration imposed on a structure during 

the MCE can be determined by multiplying the acceleration imposed at the ULS by 

RMCE/RULS.  For a ductile structure it can be conservatively estimated that the increased 

accelerations will result in an approximately proportionate increase in the maximum 

displacement experienced by the structure.  The MCE for all structures is represented by 

an earthquake with a return period of 2500 years, and hence the largest difference 

between ULS and MCE accelerations and displacements will be experienced by 

structures designed for the smallest ULS earthquakes.  Referring back to Table 4-5, these 

are structures classified as “normal”, for which generally RMCE/RULS = 1.8.  However, 

amendment 2 to NZS 3101:2006 indicates that for ductile reinforced concrete structures 

RMCE/RULS = 1.5 (cl. 18.6.7.1).  Thus the MCE is expected to cause deflections that are 

approximately 50% larger than those experienced at the ULS.  Therefore the peak MCE 

drift of a structure designed to have a ULS drift of 2.5% would be approximately 

( ) .4%.51.432.551. =××  

NZS 1170.5 does not specify drift limits for serviceability limit states, requiring instead 

that interstorey drift should remain small enough to avoid damage to non-structural 

components of the structure.  This requirement means that the interstorey drift limit 
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would vary depending on the performance characteristics of the non-structural 

components, but generally implies that interstorey drifts at the serviceability limit state 

should be less than 1.0%. 

Table 4-6 NZS 1170.5 return period factors 

Return period (years) Return period factor (R) 

2500 1.8 

1000 1.3 

500 1.0 

25 0.25 

4.6.2 Anchorage performance requirements for limit states 

In order to determine whether a beam-column joint performs adequately at each of the 

limit states discussed in the previous section, definitions are needed for acceptable 

damage levels at each limit state. 

NZS 1170.5 requires that structures should be useable for their original purpose without 

needing repair after exposure to a serviceability limit state earthquake.  Although minor 

bond degradation would not impact on the immediate usability of a structure, the 

commonly acknowledged difficulty of restoring damaged anchorages makes it 

inappropriate to accept such damage during frequently occurring earthquakes.  The 

performance limit for reinforcement anchorages at the serviceability limit state was 

therefore taken as “no evidence of bond degradation”.  However, further reference to SLS 

performance will not be made because cursory examination of the test result database 

showed that none of the beam-column joints showed signs of bond degradation at drift 

levels commensurate with the serviceability limit state, i.e. around 1.0%. 

It has previously been stated that some level of bond degradation is generally considered 

to be acceptable at the ultimate limit state, and the focus of the previous section was on 

setting limits for this level of degradation.  Working from the previous definition, the 

performance of beam-column joints at the ultimate limit state was judged to be adequate 

if bond failure had not occurred before the drift sustained had exceeded the value of 

3.57% explained in the preceding section. 

The performance objective specified by NZS 1170.5 for structures during the maximum 

considered earthquake is collapse avoidance.  It is proposed that the performance of beam 

longitudinal reinforcement anchorages need not be considered explicitly at this limit state 

as anchorage failure is unlikely to cause a structure to collapse (Fenwick and Megget 
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2003).  Furthermore, it is difficult to reconcile the 5.4% drift expected to occur during the 

MCE with overall structural performance.  At such large displacements, issues such as 

pounding, P-delta instability, and shear or flexural failure of beam plastic hinges are 

likely to have a much greater influence on the performance of the structure than would 

bond failure. 

A valid point could be raised that the design of very stiff frames may be limited by the 

maximum permitted displacement ductility rather than by drift limits.  NZS 3101:2006 

limits the displacement ductility of moment resisting frames to µ = 6 or less.  However, 

the use of µ = 6 in design is not generally appropriate as the ultimate limit state base shear 

for a structure designed for this level of ductility will be less than the serviceability limit 

state base shear.  Hence, following the rationale of NZS 3101:2006A2 clause C2.6.3.1 

and ignoring the imponderable of redistribution, it is more appropriate to consider µ = 5 

to be the maximum realistic displacement ductility for reinforced concrete moment 

resisting frames.  Joints in such frames should be considered adequate if they were able to 

achieve a displacement ductility (based on the failure drift calculated using equation 4-7) 

of .1.71.435µ =×=   This criterion, rather than the drift limit, governs if the yield drift of 

a beam-column joint is less than 2.5/5 = 0.5%.  Bond failure occurred in only one of the 

nine joints in the database that achieved this level of stiffness.  This joint was unit Joh 

B8-HL, and examination of Table B-37 shows that bond failure occurred at a 

displacement that exceeded both the ductility limit discussed above and the drift limit 

discussed previously.  Therefore ductility considerations did not affect the performance 

requirements used. 

4.7 Performance of beam-column joints in the 
database 

It was previously reported that 93 beam-column joints were included in the assembled 

database.  After the methods described in sections 4.5 and 4.6 were applied to the 93 

joints, it was determined that shear failure occurred in 29 of the joints.  37 of the 

remaining joints had their performance limited by bond failure, which occurred at 

calculated drifts of 1.29% to 6.71%.  17 of these bond failures occurred when the drift 

was significantly less than the required ULS level of 3.57%, and 16 occurred when the 

drift was significantly greater than the required ULS level.  This left four joints that failed 

when the drift was approximately equal to (i.e. within 0.1% of) the required ULS drift 

level.  Identification of these joints with “marginal” performance provided additional 

information when working with the database of results, and also recognised the rather 
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precise threshold (3.57%) that was used to determine performance when the measures 

underpinning the ascertained performance (strength and stiffness degradation) were rather 

imprecise and subjective.  Table 4-7 provides a summary of the performance of joints in 

the database, while Table 4-8 includes details of the performance of individual beam-

column joints.  Where no failure type is listed for a test unit in Table 4-8 it should be 

assumed that the performance of the unit was controlled by formation of stable beam 

plastic hinges. 

Table 4-7 Summary of beam-column joint database 

 
Number of beam-

column joints 

Total considered 161 

Included in database 93 

Joint shear failure 29 

Available for bond strength analysis 64 

Premature bond failure 17 

Bond failure when drift = 3.57±0.1% 4 

Satisfactory performance 43 

4.8 Application of design criteria to experimental 
data 

After assembly of the database of information about anchorage performance in interior 

beam-column joints, two sequential tasks were considered: 

• The ability of existing design criteria to predict experimental performance of beam-

column joints was assessed.  This task is discussed in section 4.9. 

• Based on the outcome of the first task it was determined that a revised criterion 

should be developed.  This task is described in section 4.10. 

For both of these tasks it was necessary to decide on a method of relating values 

calculated using design criterion based on the details of a specimen to the performance of 

that specimen.  This comparison was achieved by using the design criterion being 

considered to calculate a demand to capacity (D/C) ratio for the joint core beam 

longitudinal reinforcement anchorages of each test specimen and then determining 

whether the performance indicated by the D/C ratio correlated with the performance that 

was assessed to have occurred during testing. 
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Table 4-8 Summary information for database of beam-column test units 

Research 
programme 

Unit 
Crit. 
bars 

fy 
(MPa) 

db 
(mm) 

β 
hc 

(mm) 

'
cf  

(MPa) 
'
cfgA

N
 Failure 

mode 

Bond 
failure 
drift 

1 All 564 16.0 1.00 360 29.3 0.00 Bond 2.0% 

2 All 584 16.0 1.00 360 40.4 0.00 Bond 4.4% 

3 All 585 16.0 1.00 360 40.9 0.00 Bond 3.0% 
Amso 

4 All 595 20.0 1.00 360 53.0 0.00 Bond 4.0% 

B11 Bot. 298 19.1 0.50 457 35.9 0.04 None - 

B12 All 298 19.1 1.00 457 34.6 0.04 None - Beckingsale 

B13 All 298 19.1 1.00 457 31.4 0.26 None - 

1B All 552 25.0 1.00 360 31.2 0.00 None - 

2B All 552 25.0 1.00 360 40.6 0.00 None - 

3B All 543 25.0 1.00 360 44.8 0.00 Bond 4.4% 

4B All 543 25.0 1.00 360 42.8 0.00 Bond 4.4% 

Brooke 

M.PC Bot. 552 25.0 1.00 400 38.0 0.00 Bond 3.0% 

L91 All 336 20.0 1.00 500 28.9 0.00 Bond 3.0% 

L93 Top 466 20.0 2.01 300 83.3 0.00 Bond 6.7% 

S88 Top 315 28.0 1.01 500 39.6 0.04 None - 
Central Labs 

S89 All 303 28.0 1.00 650 47.5 0.01 None - 

Cheung 1D-1 Bot. 283 24.0 0.55 550 38.0 0.00 None - 

1 Bot. 294 16.0 0.40 305 45.9 0.00 None - 

2 Top 300 20.0 2.05 305 36.0 0.00 Bond 4.4% 

3 Bot. 294 16.0 0.40 305 36.2 0.00 None - 
Dai 

4 Top 300 20.0 2.05 305 40.1 0.00 Bond 3.6% 

S1 Bot. 336 22.2 0.56 362 41.6 0.06 Shear - 

S2 Bot. 336 22.2 0.56 362 30.8 0.08 Shear - 

S3 Bot. 331 22.2 0.48 362 28.3 0.06 Bond 3.6% 

X1 Bot. 331 22.2 0.77 362 34.3 0.05 Shear - 

X2 Bot. 331 22.2 0.77 362 33.6 0.06 Shear - 

Durrani 

X3 Bot. 331 22.2 0.77 362 31.0 0.05 Bond 2.7% 

12-1 All 460 34.9 1.00 610 88.3 0.03 Shear - 

12-2 All 460 34.9 1.00 610 82.0 0.07 Shear - 

12-3 All 460 34.9 1.00 610 68.3 0.04 None - 
Englekirk 

6-1 All 460 34.9 1.00 610 49.6 0.06 Shear - 

B1 All 371 12.7 1.00 300 21.3 0.16 Shear - 

B2 All 371 12.7 1.00 300 20.8 0.17 Shear - 

B4 Bot. 371 12.7 0.67 300 21.7 0.16 Shear - 
Joh 

B5 All 371 12.7 1.00 300 23.1 0.15 Shear - 
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Table 4-8 (continued) Summary information for database of beam-column test units 

Research 
programme 

Unit 
Crit. 
bars 

fy 
(MPa) 

db 
(mm) 

β 
hc 

(mm) 

'
cf  

(MPa) 
'
cfgA

N
 Failure 

mode 

Bond 
failure 
drift 

HH All 404 12.7 1.00 300 25.6 0.15 Bond 4.1% 

HL All 404 12.7 1.00 300 27.4 0.15 Bond 4.1% 

LH All 404 12.7 1.00 300 26.9 0.15 Bond 4.1% 
Joh 

MH All 404 12.7 1.00 300 28.1 0.15 Bond 4.1% 

U1 All 525 12.0 1.00 390 33.3 0.43 Shear - 

U2 All 525 12.0 1.00 390 33.3 0.43 Bond 2.9% 

U3 All 525 12.0 1.00 390 37.0 0.10 Bond 3.6% 

U4 Bot. 525 12.0 0.50 390 37.0 0.10 Bond 3.7% 

Lin 

U8 All 525 12.0 1.00 390 33.2 0.10 Shear - 

Milburn U1 All 315 16.0 1.00 305 41.3 0.10 None - 

J7 Bot. 676 13.0 0.71 300 79.2 0.12 None - Oka & 

Shiohara J9 Bot. 676 13.0 0.73 300 79.2 0.12 None - 

Priestley P1 Bot. 276 28.6 0.60 686 48.5 0.03 None - 

Restrepo U5 Top 285 24.0 0.87 450 27.0 0.00 Bond 2.4% 

Restrepo U6 All 285 24.0 1.00 450 44.0 0.00 None - 

Soleimani BC3 Bot. 492 15.9 0.52 432 31.1 0.36 Bond 4.6% 

HJ1 All 382 19.1 1.00 400 54.2 0.20 None - 

HJ2 All 624 15.9 1.00 400 54.2 0.20 Bond 4.4% 

HJ3 All 858 19.1 1.00 400 54.2 0.20 Bond 3.0% 

HJ4 All 382 19.1 1.00 400 54.2 0.20 Shear - 

HJ5 All 645 19.1 1.00 400 54.2 0.20 Bond 4.2% 

HJ6 All 858 19.1 1.00 400 54.2 0.20 Bond 3.2% 

HJ7 All 422 22.2 1.00 400 92.6 0.20 None - 

HJ8 All 599 22.2 1.00 400 92.6 0.20 None - 

HJ9 All 858 19.1 1.00 400 92.6 0.20 None - 

HJ10 All 611 15.9 1.00 400 88.7 0.20 None - 

Teraoka 

HJ11 All 441 22.2 1.00 400 88.7 0.20 Shear - 

HJ12 All 604 22.2 1.00 400 88.7 0.20 Shear - 

HJ13 All 625 19.1 1.00 400 116.9 0.20 None - 

HJ14 All 604 22.2 1.00 400 116.9 0.20 Shear - 

HJ15 All 776 22.2 1.00 450 138.2 0.20 Shear - 

Teraoka 

HJ16 All 776 22.2 1.00 450 138.2 0.20 Shear - 

C1 Bot. 320 9.5 0.50 300 25.6 0.08 None - 

C2 Bot. 320 9.5 0.50 300 25.6 0.08 None - 
University of 

Tokyo 
C3 Bot. 320 9.5 0.50 300 25.6 0.08 None - 
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Table 4-8 (continued) Summary information for database of beam-column test units 

Research 
programme 

Unit 
Crit. 
bars 

fy 
(MPa) 

db 
(mm) 

β 
hc 

(mm) 

'
cf  

(MPa) 
'
cfgA

N
 Failure 

mode 

Bond 
failure 
drift 

I1 All 799 15.9 1.00 300 98.8 0.04 Shear - 

I3 Bot. 361 15.9 0.67 300 41.4 0.03 Shear - 

I4 Bot. 370 15.9 0.67 300 39.7 0.03 Shear - 

I5 Bot. 769 12.7 0.50 300 85.4 0.02 Shear - 

I6 Bot. 772 19.1 0.67 300 85.4 0.02 Shear - 

J1 Bot. 401 12.7 0.50 300 25.7 0.08 Shear - 

J2 Bot. 401 12.7 0.50 300 24.0 0.08 Shear - 

J3 Bot. 401 12.7 0.50 300 24.0 0.08 Shear - 

J4 Bot. 401 12.7 0.50 300 25.7 0.23 Shear - 

J5 Bot. 401 12.7 0.50 300 28.7 0.07 Shear - 

J6 Bot. 401 12.7 0.75 300 28.7 0.07 Bond 2.3% 

S1 Bot. 344 12.7 0.75 300 27.8 0.21 Bond 2.3% 

S2 Bot. 344 12.7 0.75 300 27.8 0.07 None - 

S3 Bot. 417 9.5 0.71 300 27.8 0.21 Bond 2.3% 

S4 Bot. 371 15.9 0.67 300 25.1 0.23 Bond 2.2% 

University of 

Tokyo 

S6 Bot. 344 12.7 0.75 300 25.1 0.23 Bond 2.2% 

U1 All 453 12.0 1.00 300 30.9 0.00 None - 

U2 Bot. 445 16.0 0.50 300 40.8 0.00 Bond 1.3% 

U3 All 445 16.0 1.00 300 42.5 0.00 Bond 4.4% 

U4 Top 492 20.0 1.73 300 47.2 0.00 Bond 3.4% 

U5 All 492 20.0 1.00 300 60.7 0.00 Bond 3.4% 

Xin 

U6 Top 492 20.0 1.84 300 59.3 0.00 Bond 4.0% 

Young U1 All 519 16.0 1.00 300 49.2 0.00 Bond 4.4% 

The D/C ratio used for most purposes was the ratio of required bond strength to available 

bond strength.  The required and available bond strengths (ub,req and ub,avail respectively) 

were calculated for the top and bottom beam reinforcement of each beam-column joint as: 

bpavailb, uαu =  (4-8) 

( )
c

b
yomaxs,reqb,

h4

d
fκαfu +=  (4-9) 

with values for αp, ub, and κ taken from Table 4-1.  The above equations were developed 

from the basic framework provided by equations 2-3 and 2-4.  To more accurately reflect 

experimental behaviour, it is assumed in Equation 4-9 that the reinforcement stress at the 
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tension side of the anchorage equals the maximum reinforcement stress as calculated 

previously (see section 4.4.1) rather than the overstrength stress αofy used in equations 2-3 

and 2-4.  Following the derivation of the NZS 3101:1995 and Restrepo-Posada criteria 

(Paulay and Priestley 1992; Restrepo-Posada 1993), the compression reinforcement stress 

was taken as a fraction (καo) of the yield stress.  For this purpose the overstrength factor 

was taken as αo = 1.25, which in combination with the κ values in Table 4-1 meant that 

the value of καo for the NZS 3101:1995 and Restrepo-Posada design criteria had the same 

value as in their original derivations.  For example, the original derivation of the 

NZS 3101:1995 criterion was based on the compression reinforcement stress being 0.7fy 

for a symmetrically reinforced beam, which is close to the value of 

καo = 0.55 × 1.25 = 0.69 obtained when αo = 1.25.  The theoretical bases for the AIJ and 

EC 8 criteria were not clear, so αo = 1.25 was adopted for these criteria for consistency. 

A weakness of the method used in this research to investigate anchorage performance was 

that it was not possible to precisely identify whether bond failure affected the top, bottom, 

or both top and bottom reinforcing bars during testing.  In some sources this information 

was reported, but in the majority of cases no information was given on the subject.  It was 

therefore necessary to determine for each beam-column joint whether the top or bottom 

reinforcing bar anchorages were more highly stressed and hence more likely to be the 

cause of failure.  This determination was achieved by calculating the D/C ratios for the 

top and bottom reinforcing bars and then assuming that the reinforcing bars with the 

greater ratio would be the initial cause of bond failure during testing. 

For consistency the method described above was applied to all beam-column joints, even 

if information about failure of specific anchorages was available in the literature.  These 

cases were used to verify the validity of the calculation, showing that the procedure was 

reliable. 

Data about db, fy, and β shown in Table 4-8 relate to the bar that was considered to be 

critical during the development of the revised design criterion described in section 4.10.  

Data relating to bars determined to be critical during the comparisons made in section 4.9 

can be found in Appendix B.  The calculations for the different design criterion generally 

gave the same answer as to which bar was critical, although there were some differences 

in cases where the depth of fresh concrete beneath the top bars was significantly greater 

than the depth below the bottom bars.  These differences were due to the assumption 

made by some design criteria that bond strength is reduced if significant depths of 

concrete are placed under a bar. 
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4.9 Post-diction of anchorage performance using 
existing design criteria 

This section describes the first of the two tasks identified in section 4.8, i.e. consideration 

of the extent to which existing design criteria are able to predict the experimental 

performance of beam-column joints.  Five design criteria are considered.  The criteria 

proposed by NZS 3101:1995, AIJ, EC 8, and Restrepo-Posada were assessed using the 

D/C (demand to capacity) ratio outlined in section 4.8 (i.e. the ratio of required to 

available bond strengths, ub,req/ub,avail).  The fifth criterion, that used by ACI 318, could not 

be assessed using this D/C ratio because the criterion is not derived from the mechanics 

of force equilibrium (as discussed in section 4.2).  The best alternative D/C ratio was 

determined to be the ratio of required to available column depth (hc,req/hc,avail), with the 

required column depth taken as 20 times the diameter of the largest beam longitudinal 

bars.  Values of the anchorage D/C ratios calculated for each joint using each of the 

design criteria can be found in Appendix B. 

Before assessing the existing design criteria using the experimental database it is useful to 

consider how data would appear for design criteria that relate in different ways to 

experimental results.  Figure 4-9 shows three charts in which the ordinate displays the 

ratio of anchorage D/C and the abscissa shows reinforcement yield stress.  The data 

points plotted on these charts are divided into three groups representing satisfactory 

performance, marginal performance, and premature bond failure.  The data points were 

generated to illustrate the various ways in which anchorage design criteria could relate to 

the data, and do not represent real data.  In all of the charts it is assumed that the design 

criterion used to calculate the data specifies anchorage lengths that are proportional to 

reinforcement yield stress, as is the case for the four criteria considered in this section. 

Figure 4-9a shows how data would appear if the anchorage demand to capacity ratio was 

calculated using an “ideal” design criterion that perfectly predicted the performance of all 

beam-column joints.  The criterion is ideal because a horizontal line ub,req/ub,avail = 1.0 

delineates joints that performed satisfactorily from those in which premature bond failure 

occurred.  Figure 4-9b on the other hand shows how data would appear for conservative 

design criterion, because the line delineating satisfactory performance from premature 

failure is ub,req/ub,avail = 1.1.  Finally, the data points in Figure 4-9c have an appearance that 

would occur if the design criterion was accurate for cases when the beam reinforcement 

yield stress was low, but non-conservative when the yield stress is high.  This is indicated 

by the negative slope of the line delineating performance categories.  It is noted that the 

slope of the line in Figure 4-9c is similar to the slope required to support the treatment of 
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Grade 500E reinforcement anchorage suggested by NZS 3101:2006.  According to 

NZS 3101:2006 the D/C ratio required for Grade 300E reinforcement (fy = 300 MPa) 

would be 1.0, and the D/C ratio required for Grade 500E reinforcement (fy = 500 MPa) 

would be 0.8.  Assuming that the average yield strength of reinforcement is 

approximately 10% greater than the nominal strength (see section 5.2), the slope of a 

regression line supporting the current requirement would be: 

/MPa10910
033055

1.00.8

ff

D/CD/C
Slope 6

y,300y,500

300500 −×−=
−
−

=
−

−
=  (4-10) 

which is the slope of the regression line shown in Figure 4-9c. 
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Figure 4-9 Examples of design criteria behaviour 

Figures 4-10, 4-11, 4-12, 4-13, and 4-14 are similar to the demonstration charts shown in 

Figure 4-9 but show the data points for each beam-column joint calculated using the 

NZS 3101, AIJ, EC 8, Restrepo-Posada, and ACI 318 design criteria respectively.  It is 

immediately apparent that compared to the “ideal” data shown in Figure 4-9, the real data 

points are much more scattered, with a significant range of D/C ratios that could result in 

either satisfactory, marginal, or poor performance.  For example, Figure 4-10 shows that 

either satisfactory or poor performance could occur in joints with anchorage D/C ratios 

between 0.81 and 1.24 calculated using NZS 3101.  This observation is not unexpected 

for experimental data of this type, but makes determination of the adequacy of each 

design criterion more difficult. 
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Figure 4-10 Prediction of beam reinforcement anchorage performance using the NZS 3101 
design criterion 
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Figure 4-11 Prediction of beam reinforcement anchorage performance using the AIJ design 
criterion 

In order to assess the “idealness” (in the sense of Figure 4-9a) of each design criterion, 

regression lines were calculated and plotted as solid black lines in Figures 4-10, 4-11, 

4-12, and 4-13.  The position of these lines allows judgements to be made about the 

conservatism of the criteria, and the slope of the line allows assessment of the hypothesis 

of other researchers that Grade 500E reinforcement requires disproportionately long 
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anchorages in order to achieve the same level of performance as Grade 300 reinforcement 

(as outlined in section 2.5).  It was not possible to calculate a regression line for the data 

obtained using the ACI 318 criterion, for reasons outlined after the explanation of the 

calculation method used to define the lines. 
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Figure 4-12 Prediction of beam reinforcement anchorage performance using the EC 8 design 
criterion 
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Figure 4-13 Prediction of beam reinforcement anchorage performance using Restrepo-
Posada’s criterion 
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Figure 4-14 Prediction of beam reinforcement anchorage performance using the ACI 318 
criterion 

The regression lines in Figures 4-10, 4-11, 4-12, and 4-13 were calculated using a non-

standard method, because the nature of the data being considered meant that standard 

methods for determining regression lines (i.e. residual/R2 values) could not rationally be 

applied.  Conventional regression methods could not be used because there is no means of 

determining the margin by which an anchorage passed or failed (i.e. there is no means of 

determining if a failed anchorage required 10% more strength to perform acceptably or 

100% more strength, or if a satisfactory anchorage had 110% or 200% of the strength 

required), and hence the actual ultimate strength of each anchorage is not known.  The 

inability to determine the actual strength of the anchorages considered means that a 

conventional regression line plotted so that residual values are minimised would have no 

meaning.  The equation of each regression line was therefore determined by plotting a 

straight line and requiring that no more than 5% of the data points below the line 

represented a beam-column joint that experienced premature bond failure or that had 

marginal performance.  Due to the fact that this single criterion was insufficient to define 

a unique line, an additional requirement to minimise an error function was added.  The 

calculation of the error for each data point varied depending on the type of beam-column 

joint performance that the data point represented.  Thus: 

• If a data point represented a joint that performed satisfactorily, then the error was 

taken as zero if the data point fell below the regression line, and was taken as 

ub,req/ub,avail – r(fy) if the data point was above the regression line, where r(fy) was 
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the value calculated when the reinforcement yield stress of the data point being 

considered was input into the regression line function. 

• If a data point represented a joint that had marginal performance or had 

experienced premature bond failure, then the error was taken as zero if the data 

point fell above the regression line, and was taken as r(fy) – ub,req/ub,avail if the data 

point was below the regression line. 

In addition to having different error calculations dependent on beam-column joint 

performance, a weighting that was dependent on beam-column joint performance was 

included when calculating the error sum.  Thus the error sum was calculated as: 

∑ ∑∑∑ ++= 2

SP

2

MP

2

BFTOT Err0.2Err60.Err1.0Err  (4-11) 

Where ErrBF, ErrMP, and ErrSP were the errors for units that experienced bond failure, had 

marginal performance, and had satisfactory performance respectively.  Although 

somewhat arbitrary, it was felt to be appropriate to include the 20% weighting for 

satisfactory performance because it is logically less of a problem if a design criterion is 

somewhat conservative (i.e. predicts unsatisfactory performance when experiment shows 

satisfactory performance) than if the design criterion is non-conservative.  The 60% 

weighting for marginal performance was in recognition of the difficulty of defining 

precisely whether these units had performed acceptably or not.  Data defining each of the 

regression lines is shown in Table 4-9. 

Table 4-9 Regression data for current anchorage design criteria 

Number of units below line 
Design 
criterion 

ub,req/ub,avail at 
fy = 300 MPa 

Slope 

(×10-6/MPa) satisfactory 
performance 

marginal or 
bond failure 

ΣErrTOT 

NZS 3101 0.874 -85.7 21 1 0.226 

AIJ 1.081 217.0 20 1 0.273 

EC 8 1.190 176.7 19 1 0.325 

Restrepo-

Posada 
1.113 95.8 21 1 0.137 

It should be noted that the intent of the process here is not to determine or imply 

determination of lower characteristic anchorage strengths, despite the use of a 5% 

criterion in the determination of the regression lines.  The data being considered is not 

amenable to the determination of characteristic strengths.  Instead of finding lower 

characteristic strengths, the intent is to find a usable or reliable design strength (as 
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discussed in section 2.3.2) that gives a small chance of unsatisfactory anchorage 

performance. 

The ACI 318 design criterion cannot be used as a basis for predicting experimental 

performance due to the plotted data points for joints with satisfactory, marginal, and 

unsatisfactory performance being completely intermingled.  The intermingling of data 

points made it impossible to define a regression line that indicated a D/C threshold below 

which satisfactory performance would be expected.  The ACI 318 criterion is also 

extremely non-conservative, with failure occurring in joints with D/C ratios as low as 

0.62.  An extension to the ACI design criterion is suggested in another publication (ACI-

ASCE Committee 352 2002), which suggests that the column depth should be increased 

in proportion to reinforcement yield stress if the yield stress exceeds 414 MPa.  A brief 

assessment (not presented here) showed that the extended criterion did not correlate to the 

experimental data any better than did the base criterion. 

Several observations regarding the four remaining design criteria can be drawn from the 

data in Table 4-9 and from Figures 4-10, 4-11, 4-12, and 4-13: 

• None of the existing design criteria are particularly well defined.  This statement is 

based on the fact that none of the calculated regression lines are close to the ideal 

of a horizontal line plotted where ub,req/ub,avail = 1.0 as demonstrated in Figure 4-9a. 

• The NZS 3101:1995 design criterion is less conservative than the other three 

rational criteria (as was noted in the direct comparisons made in section 4.2), and is 

also non-conservative.  For a joint designed using this criterion to have a low 

probability of experiencing premature bond failure the D/C ratio would have to be 

less than approximately 0.88. 

• The other three rational design criteria are all conservative by approximately 10% 

because satisfactory anchorage performance would be expected even if the D/C 

ratio was approximately 1.10.  The EC 8 criterion is particularly conservative 

because the D/C ratios for almost all the beam-column joints analysed exceeded 

1.0, which is obviously incorrect as premature bond failure occurred in only 

approximately 25% of the joints analysed.  The conservatism evident in Figures 

4-11, 4-12, and 4-13 is particularly significant because the data shown was 

calculated using estimated maximum rather than overstrength reinforcement 

stresses, and measured rather than nominal concrete strength.  Use of nominal 

concrete properties and overstrength reinforcement stresses would add a further 

level of conservatism to the design process. 
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• The ability of Restrepo-Posada’s design criterion to predict experimental 

performance is somewhat better than the abilities of the other design criteria, 

evidenced by the fact that the error sum calculated for Restrepo-Posada’s criterion 

(see Table 4-9) is smaller than for the other criteria.  Subjectively the improved 

accuracy is not sufficient to warrant the increased complexity of calculation 

inherent in this criterion. 

The regression lines calculated for the existing design criteria do not support the 

hypothesis that disproportionately long anchorages are required for Grade 500E 

reinforcement.  The slopes of the regression lines for three of the five design criteria are 

positive, in contrast to the previously stated requirement of a negative slope to support the 

hypothesis.  The slope of the regression line calculated for the NZS 3101 design criterion 

is negative.  However, the slope of this trend line is not sufficiently steep to support an 

anchorage length increase of the magnitude currently imposed by NZS 3101:2006.  As 

discussed in relation to Figure 4-9c the slope would need to be approximately 

-910×10-6/MPa to support the NZS 3101:2006 conclusion (see equation 4-10), while 

Table 4-9 shows that the calculated slope was less than 10% of this value.  It is difficult to 

provide an insight into the reasons for the different slopes of the regression lines due to 

the number of inter-related factors involved.  However, it is postulated that the main 

reason for the difference is due to the different exponent used to relate concrete 

compressive strength to bond strength.  The relationship between concrete compressive 

strength and bond strength is examined more closely in the next section. 

It was concluded from the assessment of existing criteria reported in this section that a 

revised design criterion should be developed by analysis of the experimental data, based 

on the observation that none of the existing criterion demonstrated distinctly superior 

correlation to the experimental data.  Simpler approaches would either have been to 

recommend one of the existing criteria, or to apply an empirical calibration to one of the 

existing criteria and recommending the resulting modified criteria.  These approaches 

were not adopted due to the inconsistencies noted between the existing criteria.  The 

development of a revised criterion is described in section 4.10. 

4.10 Parametric assessment of anchorage 
requirements in interior joints 

This section describes the development of a revised design criterion, having the aim of 

better reflecting experimental performance than do the existing criteria.  The design 
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criterion developed has the same equilibrium basis as the NZS 3101, AIJ, and EC 8 

design criteria assessed in the previous section.  The basis is thus the free body diagram 

that was shown in Figure 2-1.  An underlying assumption when developing the revised 

criterion was that the complex real distribution of bond stresses that exist in a beam-

column joint can be adequately modelled as an average bond stress acting along the 

length of the reinforcing bar passing through the joint (i.e. a length equal to the total 

column depth).  This assumption is also the basis of current and previous New Zealand 

design criteria.  Before settling on this assumption two alternatives were considered but 

discarded, because preliminary investigation suggested that the alternatives would have 

increased the complexity of the design criteria without enhancing the accuracy of the 

criterion.  The two alternatives were: 

• Use of a more realistic bond stress distribution (such as the one shown in Figure 

2-2). 

• Making an allowance for some yield penetration at the joint face and thus basing 

calculations on a uniform bond stress acting along a reduced reinforcement 

anchorage length. 

The revised design criterion was developed using a parametric assessment method.  

Parametric assessment was chosen because the number of factors that influence the 

performance of reinforcement anchorages at interior beam-column joints is sufficiently 

large that other assessment methods are impractical.  The remainder of this section is 

divided into sub-sections describing first the development of a revised equation 

specifying the available bond strength, and followed by development of a revised 

equation specifying the required bond strength.  A final sub-section compares the 

proposed equation to experimental data and to existing design criteria. 

4.10.1 Available bond strength 

The first step when conducting a parametric analysis is to identify key variables that must 

be included in the criterion.  Anchorage of reinforcement at beam-column joints is a 

sufficiently well studied topic that the important variables determining anchorage 

performance have previously been identified and are now well accepted.  Considering 

first the available bond strength, the parameters that have an important effect are: 

• Concrete strength 

• Column axial load 

• Depth of fresh concrete cast beneath a bar 
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• Loading type (uni- or bi-directional) 

It has been widely reported that joint shear strength and reinforcement anchorage strength 

are inter-related.  For instance, it was suggested previously that bond strength may be 

enhanced in joints with large amounts of vertical joint shear reinforcement (Brooke et al. 

2006b), although a related investigation (Brooke et al. 2006c) supervised by the author 

found that the effect was minor.  In any case, it seems impractical to link anchorage 

design to joint shear strength because it would normally be necessary to decide the beam 

bar diameter at an early stage of the design process.  Therefore no term related to joint 

shear reinforcement is included in the proposed design equation. 

It is generally recognised (and was discussed in section 2.3.2) that the maximum bond 

stress that can be developed between steel reinforcement and concrete in a beam-column 

joint core is related to the tensile strength of concrete, and hence proportional to the 

compressive strength of concrete raised to an exponent with a value between zero and 

one.  Taking equation 2-5 from Chapter 2 as a base and incorporating the effects of 

column axial load, fresh concrete depth, and loading type by applying multipliers to the 

basic bond strength (respectively αp, αt, and αf,), the bond strength available in a joint core 

can be expressed as: 

( )n'
cptfbptfavailb, fηαααuαααu ==  (4-12) 

where 0 < n < 1 and η is a constant.  As noted in Chapter 2 both n and η are considered to 

be variables, which in this research are determined by analysis of the assembled beam-

column joint test database.  In order to relate equation 4-12 to experimental data, it is also 

necessary to know the bond strength required in each test unit (as calculated using the 

generic equation 4-9).  Considering equations 4-9 and 4-12, only two of the factors in the 

equations are known, i.e. the concrete compressive strength and the maximum 

reinforcement tension stress.  Thus there are too many unknowns to allow direct 

determination of the D/C ratio for a beam-column joint.  However, as a first step the 

relationship for the basic bond strength as a function of concrete compressive strength can 

be determined subject to a number of assumptions: 

• The variable αp is dependent on the column axial load. 

• The variable αf is equal to 1.0 when a joint is subjected to uni-directional loading. 

• The variable αt has values specified by NZS 3101, i.e. 1.0 if the depth of fresh 

concrete cast under a bar is less than 300 mm or 0.85 otherwise (Cheung 1991). 
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• The compression reinforcement stress is controlled by the variable καo, which itself 

is a function of the ratio of top and bottom reinforcement group areas. 

To take advantage of these assumptions a subset of joints with equal top and bottom beam 

reinforcement (β = 1.0) and no significant column axial compression load (defined as 

0.05fN/A '
cg ≤ ) was selected from the experimental database.  The number of beam-

column joints in this subset was nineteen, including five joints in which premature bond 

failure had occurred.  None of the nineteen joints were amongst those determined to have 

marginal performance.  For these joints the available and required bond strengths were 

calculated as: 

( )n'
ctavailb, fηαu =  (4-13) 

( )ymaxs,

c

b
reqb, f7.0f

h4

d
u +=  (4-14) 

based on equations 4-12 and 4-9 respectively, and with assumptions that when 

0.05fN/A '
cg ≤ , αp = 1.0 and that when β = 1.0, the compression reinforcement stress is 

equal to 0.7fy (Cheung 1991). 

Figure 4-15 shows log(ub,req)/αt plotted against ( )'
cflog  for the 19 beam-column joints 

with no column axial load and β = 1.0.  Assessment of a reliable (usable) bond strength 

from Figure 4-15 required a combination of analysis and judgement.  As was the case for 

all of the data analysis described in this section, no method could be determined for 

estimating standard deviations of the data considered. 

The use of a log-log scale in Figure 4-15 means that the slope and intercept of a straight 

line drawn on the graph can be used to determine the values of η and n for equation 4-13 

according to the following equations: 

( )n'
ctreqb, fηαu ≤  (4-15) 

( ) ( ) ( )ηlogfnlog/αulog '
ctreqb, +≤  (4-16) 
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Figure 4-15 Comparison of bond strength and concrete strength for beam-column joints with 
equal top and bottom reinforcement and no column axial load 

Definition of a regression line with the form indicated by equation 4-16 was initially 

conducted using the error function minimisation procedure described in section 4.9 

(although with the proportion of non-conservative data points permitted being increased 

from 5% to 10% due to the reduced data available).  This method suggested that the 

usable bond strength could be defined as: 

( )0.5'
ctavailb, f31./αu =  (4-17) 

noting that some rounding has been applied to the values of n and η obtained by 

minimising the error function in order to give a more practical equation and to avoid 

implying undue accuracy.  Thus the data indicates that the value of the exponent “n” 

currently specified by NZS 3101 is appropriate.  Equation 4-17 was not adopted for 

development of a design criterion, because judgement indicated that a more appropriate 

(and conservative) estimate of the usable bond strength is given by equation 4-18: 

( )0.5'
ctavailb, f251./αu =  (4-18) 

Equation 4-18 was used as the basis of further development of a design criterion 

described in the remainder of this section, and plotted in Figure 4-15 as the proposed 

equation.  The reasons that equation 4-18 was judged to be a more appropriate basis for 

the design criterion than equation 4-17 were the following: 
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• Later analyses (described in sections 4.10.2 and 4.10.3 indicated that equation 4-18 

resulted in a more accurate design criterion. 

• The increased conservatism of equation 4-18 was considered to be more aligned to 

the intent of recent New Zealand research on anchorage in beam-column joints 

(Fenwick and Megget 2003). 

Before proceeding to consideration of the effects of other factors on bond strength it is 

pertinent to compare equation 4-18 with current practice.  To this end the expression used 

by NZS 3101 for ub,avail is also plotted in Figure 4-15.  It is obvious that the proposed 

equation is more conservative than the current edition of NZS 3101.  The difference 

between the two equations is 17% because the coefficient η changes from 1.5 in 

NZS 3101 to 1.25 as proposed.  It is noteworthy that the 17% difference relates closely to 

the degree by which the NZS 3101 equation was noted to be non-conservation in section 

4.9.  The change also results in the useable bond strength being close to the value 

specified by NZS 3101:2006 for Grade 500E reinforcement with inclusion of the 

adjustment (γ) discussed in section 2.5.  However, the analysis presented here suggests 

that the reduced usable bond strength should be applied for all reinforcement yield 

strengths.  Finally, it is interesting to note that the value of ub,avail proposed here is close to 

the value of '
cf1.35 used by Priestley & Paulay (1992) in the original derivation of the 

criterion later adopted in slightly modified form by NZS 3101.  It is not clear from the 

literature why a less conservative equation for usable bond strength was adopted when the 

design criterion (equation 2-9) was introduced into NZS 3101. 

4.10.2 Effect of column axial load on available bond strength 

Having defined an equation for the basic available bond strength in the absence of 

column axial load, it is now possible to define a relationship between available bond 

strength and column axial load.  This is achieved by selecting an expanded subset of 

experimental results containing beam-column joints that have equal top and bottom 

reinforcing group areas (β = 1.0, required so that the previous assumption that καo = 0.7 

can be used again) and any value of column axial load.  This enlarged subset included 37 

joints, of which one joint had marginal performance and eight joints had premature 

anchorage failures. 

By combining and rearranging the equations used to calculate available bond strength 

(equation 4-12), the derived relationship between concrete strength and bond strength 

(equation 4-18), and the required bond strength (equation 4-9), an equation can be 
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developed that allows the bond strength modifier αp to be calculated for each beam-

column joint: 

( )
( )ymaxs,0.5'

cct

b
p f0.7f

fhα251.

d
α +=  (4-19) 

The value of αp calculated according to the above equation is the value required for the 

available bond strength to exactly equal the required bond strength.  Obviously the 

required and available bond strengths are not equal in most beam-column joints; in joints 

where anchorage failure occurred the required bond strength exceeded the available bond 

strength, and in beam-column joints that performed satisfactorily the available bond 

strength exceeded the required bond strength.  Thus the calculated αp values are fictitious, 

but can be used as a guide to indicate how the usable bond strength changes if axial load 

is applied to a column. 

Figure 4-16 shows the calculated values of αp plotted against column axial load for the 37 

beam-column joints being considered.  It is evident that the data in Figure 4-16 is poorly 

constrained due to the limited number of tests conducted in which column axial loads 

were applied.  However, the data does support the common view that increasing axial 

load increases the usable bond strength. 

As was shown in Figure 4-4, existing design criteria assume that bond strength increases 

linearly with column axial load.  However, tests on isolated bars embedded in concrete 

suggest that there is an upper limit to the bond strength enhancement that can be achieved 

by increasing the transverse compression stress acting on an anchorage (fib Task group 

Bond Models 2000).  The maximum enhancement corresponds to a finite compression 

stress, beyond which further increase of the compression stress does not result in a 

corresponding increase in bond strength.  A proposed relationship between column axial 

load ratio and αp based on this knowledge is plotted as a dotted line on Figure 4-16.  This 

relationship assumes that axial load ratios of 0.05 or less have no effect on bond strength, 

and that the maximum increase in bond strength is 20% when the axial load ratio is 0.15 

or greater.  For axial load ratios between 0.05 and 0.15 the bond strength increase is 

assumed to vary linearly.  Hence: 

'
cg

p
fA

N
290.α +=  (4-20) 
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with limits that 1.0 ≤ αp ≤ 1.2.  It is acknowledged that the relationship proposed is based 

on empirical observation rather than solid statistics, which is a necessity due to the sparse 

population of data available.  Two significant observations were drawn from Figure 4-16: 

• Figure 4-16 shows that multiple test results support the postulation that axial load 

ratios of 0.15 to 0.2 significantly increase the reliable bond strength. 

• Figure 4-16 provides no evidence to suggest that axial loads less than 0.1 increase 

bond strength. 

The selection of 0.05 as the axial load at which bond strength begins to increase (for 

which there is no exact precedent) was made for pragmatic reasons.  An argument could 

be made for following the precedent set by NZS 3101:2006 and increasing the available 

bond strength when the column axial load exceeds 0.1.  However, combining this value 

with the aforementioned significant bond strength increases at axial loads of 0.15-0.2 

would have resulted in the design criterion being too sensitive to axial load for beam-

column joints with column loads in the range of 0.1 to 0.15 (i.e. there would have been a 

20% increase in bond strength resulting from a relatively small axial load increase). 

The relationship for αp used by NZS 3101 is also shown in Figure 4-16.  The proposed 

relationship appears somewhat less conservative than the relationship used by NZS 3101.  

However, it must be recalled that the basic bond strength proposed in the previous section 

was lower than that used by NZS 3101. 

0

0.2

0.4

0.6

0.8

1

1.2

1.4

1.6

1.8

2

-0.05 0 0.05 0.1 0.15 0.2 0.25 0.3 0.35 0.4 0.45

N/Agf
'
c

αα αα
p

Satisfactory performance

Marginal performance

Premature bond failure

NZS 3101

Proposed equation

 

Figure 4-16 Comparison of bond strength and column axial load for beam-column joints with 
equal top and bottom beam reinforcement 
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4.10.3 Effect of asymmetric beam reinforcement on anchorage performance 

The demand aspect of an anchorage design criterion is represented here by the required 

bond strength, which (according to equation 4-9) is determined from the tension stress 

that exists in the reinforcement at one side of the joint and the compression stress that 

exists in the reinforcement at the other side of the joint.  In a design situation the tension 

stress is assumed to equal an overstrength value, while in the analyses described here the 

tensile stress has been taken as the maximum value calculated to have developed during a 

test.  For both design and the analyses described here the compression reinforcement 

stress is an unknown.  It has previously been assumed that the compression reinforcement 

stress is a function of the ratio of beam top and bottom reinforcing group areas (β, see 

section 4.4.2).  The two analyses described in the preceding sections were based on a 

further assumption that the compression reinforcement stress is 70% of the reinforcement 

yield stress for joints with equal top and bottom reinforcement areas.  The final step 

required to fully define a revised anchorage design criterion is a relationship between β 

and beam reinforcement compression stress. 

The relationship between β and compression reinforcement stress was developed by 

selecting a third subset of beam-column joint test results.  In order to isolate beam 

reinforcement asymmetry this subset included joints with no column axial load and 

having any value of β.  The subset selected consisted of 31 beam-column joints, including 

eight joints in which premature bond failure occurred and one joint that had marginal 

performance.  It would have been possible to use the complete set of 64 beam-column 

joints for this analysis, as a relationship to account for the bond enhancement due to 

column axial load had been developed.  However, it was felt desirable to be able to assess 

the validity of the proposed anchorage design criterion using a small set of beam-column 

joints (fifteen joints with β < 1.0 and '
cgfN/A  > 0.05) that had not previously been used 

to define any part of the criterion. 

Assessment of the level of compression reinforcement stress that should be assumed to 

occur at the face of a beam-column joint required the variable καo to be isolated.  By 

combining and rearranging the equations used to calculate available bond strength 

(equation 4-12), the derived relationship between concrete strength and bond strength 

(equation 4-18), and the required bond strength (equation 4-9), and taking αp = 1.0 as 

'
cgfN/A  > 0.05 for all the joints being considered, the following relationship was derived: 

( )
y

maxs,

by

0.5'
cct

o
f

f

df

fhα5
κα −≤  (4-21) 
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Equation 4-21 appears to be fairly abstract.  However, by considering a further 

rearrangement shown below the physical interpretation becomes clearer. 

( )
c

bmaxs,0.5'
ct

c

by

o
h4

df
fα251.

h4

df
κα −≤  (4-22) 

Equation 4-22 states that in order to ensure satisfactory performance, the bond stress 

required to anchor the reinforcement compression force should be less than or equal to 

the available bond stress minus the bond stress required to anchor the reinforcement 

tension force.  Thus for any beam-column joint, equation 4-21 calculates a limiting 

multiple of the reinforcement yield strength that would have had to occur in order for the 

required bond strength to equal the available bond strength. 

Before equation 4-21 was used to analyse the database of beam-column joint test results, 

the expected form of the function of β representing καo was considered by examining the 

equilibrium of flexural tension and compression forces for beam section analyses at the 

faces of a beam-column joint, as shown in Figure 4-17. 

 

(Ast+A
s,slab

)fst,max

Ccb+Csb Asbf
sb,max

Cct+Cst

 

Figure 4-17 Beam flexural forces at a beam-column joint 

Considering the section analysis for the beam at the right hand side of the joint, 

equilibrium requires that: 

maxsb,sbstct fACC =+  (4-23) 

where Cc and Cs are the components of the flexural compression force resisted 

respectively by the concrete and by the compression reinforcement.  Previous research 

(Cheung 1991) has shown that even after severe reversed cyclic loading and 

accompanying tensile yielding of reinforcement, the concrete compression force remains 

significant.  If a variable ς is introduced that represents the fraction of the total flexural 

compression force resisted by the concrete compression force, i.e. ς = Cc/(Cc+Cs), then: 
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( ) maxsb,sb
'
ststst fAς1fAC −==  (4-24) 

where '
stf  is the top reinforcement compression stress.  Recalling that καo is equal to the 

compression reinforcement stress divided by the reinforcement yield stress, and noting 

the definition of βt given by equation 4-5, the following relationship is obtained for καo 

for the top reinforcement: 

( ) ( )
yb

maxsb,

tytst

maxsb,sb

yt

'
st

o
f

f

β

ς1

fA

fA
ς1

f

f
κα

−
=−==  (4-25) 

A similar derivation can be performed to arrive at a relation for καo for the bottom 

reinforcing bars: 

( )
yt

maxst,

b

o
f

f

β

ς1
κα

−
=  (4-26) 

It was previously assumed that when β = 1.0 the compression reinforcement stress would 

be 0.7fy.  Inputting this assumption into equation 4-26 results in the following: 

( )
yt

maxst,

f

f
ς17.0 −=  (4-27) 

Thus a rational expression for καo applicable to the anchorage of top or bottom 

reinforcement is given by equation 4-28. 

1.0
β

0.7
καo ≤=  (4-28) 

The restriction that καo ≤ 1.0 has the effect of limiting the compression reinforcement 

stress to a maximum value of fy.  This restriction reflects previous New Zealand research 

and practice that suggests that strain hardening of reinforcement in compression is not 

likely to occur (Paulay and Priestley 1992). 

Equation 4-28 was compared with values of καo calculated using equation 4-21 for each 

of the 31 beam-column joints that had insignificant column axial compression load.  The 

calculated values of καo and equation 4-28 are plotted in Figure 4-18.  Many of the joints 

with asymmetric reinforcement are represented by two data points in Figure 4-18, with 

one data point representing the smaller reinforcement group (β < 1.0) and the other data 

point representing the larger reinforcement group (β > 1.0).  Data points for both 

reinforcement groups were plotted when the demands on the anchorages were sufficiently 
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similar (within 10%) that it was unrealistic to determine definitively which was the 

critical anchorage.  Values of β for the joints considered range from 0.40 to 2.05. 

Interpretation of Figure 4-18 is less obvious than was the case for either Figure 4-15 or 

Figure 4-16 due to the obtuse nature of equation 4-21 from which it is derived.  It is 

simplest to recall the previous interpretation of equations 4-21 and 4-22.  Thus the plotted 

values of καo equate to the magnitude of the compression reinforcement stress (relative to 

reinforcement yield stress) needed for the required bond strength to equal the available 

bond strength.  Thus for data points where καo >1.2, bond failure would not be expected 

to occur because overstressing the anchorage would require a compression reinforcement 

stress of greater than 1.2fy, which is extremely unlikely to occur.  Conversely καo = 0.4 

indicates that a compression reinforcement stress of 0.4fy would overstress the anchorage.  

Using similar logic it can be stated that anchorage performance will be satisfactory if the 

compression reinforcement stress in the bar is determined using a value of καo that is 

greater than the values of καo for data points representing failures in Figure 4-18. 
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Figure 4-18 Comparison of reinforcement ratio and bond strength for beam-column joints with 
no column axial load 

The data shown in Figure 4-18 is relatively sparse, but does support previously reported 

trends: 

• If beams have equal areas of top and bottom reinforcement, bond failure is unlikely 

to occur unless the compression reinforcement stress required to overstress the 

anchorage is less than approximately 0.7fy.  This observation supports the 
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assumption that the maximum compression reinforcement stress is approximately 

70% of fy
 when beams have equal areas of top and bottom beam longitudinal 

reinforcement. 

• Considering cases when the area of compression reinforcement is smaller than the 

area of tension reinforcement (β < 1.0), several bond failures occurred when the 

compression reinforcement stress required to overstress the anchorage was greater 

than 0.7fy, supporting the postulation that greater compression reinforcement 

stresses can occur when β < 1.0.  However, and significantly, bond failure was not 

observed to occur when the compression reinforcement stress required to overstress 

the anchorage exceeded the reinforcement yield stress.  This observation indicates 

that the cap of καo ≤ 1.0 added to equation 4-28 is appropriate. 

• Several reinforcement anchorages with β > 1.0 performed well even though the 

compression reinforcement stress required to overstress the anchorage was less 

than 0.5fy.  This observation supports the postulation that compression 

reinforcement stresses are reduced to low levels if β is greater than 1.0. 

The proposed relationship between β and compression reinforcement stress (equation 

4-28) appears to provide an appropriate upper bound to the stress that occurred during 

beam-column joint tests.  This statement is based on the plotted equation being a 

boundary above which premature bond failure does not occur.  Thus an anchorage 

designed to resist the compression reinforcement stress calculated using equation 4-28 

would have a low chance of suffering premature bond failure. 

In addition to the proposed equation, the relationship used by NZS 3101 for καo is also 

plotted in Figure 4-18.  The function implicit in the NZS 3101 criterion is dependent on 

the value of αo used.  Hence two lines are shown for the NZS 3101 relationship, which 

correspond to the cases when the overstrength factor has the common values of αo = 1.25 

or 1.4.  It is evident that the proposed and NZS 3101 relationships give similar values 

when β ≤ 1.0.  However, for bars that are part of the larger reinforcement group (β > 1.0), 

the proposed relationship is less conservative than NZS 3101, which does not account for 

the fact that compression reinforcement stresses are likely to be low if the area of 

compression reinforcement is much larger than the area of tension reinforcement. 

4.10.4 Proposed design equation 

In a similar manner to the previously presented Figures 4-10, 4-11, 4-12, and 4-13, Figure 

4-19 shows the ratio of required to available bond strength for each of the 64 beam-

column joints that did not have their performance limited by joint shear failure.  The data 
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in Figure 4-19 were calculated using the relationships developed previously in section 

4.10.  The developed relationships result in a good prediction of experimental 

performance, as is shown by the regression line also plotted in Figure 4-19, which was 

calculated using the method described in section 4.9.  The regression line plotted in 

Figure 4-19 is defined by a value of 1.001 when the beam reinforcement yield stress is 

300 MPa and a slope of -85.2x10-6/MPa.  The total error sum for the regression line was 

calculated as 0.137.  Comparison of these values with those shown in Table 4-9 for other 

design criteria leads to the following conclusions: 

• The proposed design criterion accurately predicts the experimental performance of 

beam-column joints better than existing criteria because the calculated regression 

line is closer to the ideal of a horizontal line with a value of 1.0. 

• The scatter of experimental data, indicated by the error sum, is lower for the 

proposed criterion than for any of other criteria, except for Restrepo-Posada’s 

criterion which has an equal error sum. 
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Figure 4-19 Prediction of beam reinforcement anchorage performance using proposed 
equation 

• The slope of the regression line for the proposed criterion is similar to that 

calculated for the NZS 3101 criterion, i.e. it is slightly negative.  This observation 

indicates that achievement of equal performance would require a 

disproportionately larger anchorage length for high strength reinforcement.  

However, the slope is of sufficiently small magnitude that this effect should be 

ignored.  For Grade 500E reinforcement the ratio of ub,req/ub,avail required to indicate 
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satisfactory performance is approximately 0.98, or only 2% less than that required 

for Grade 300E reinforcement.  This 2% difference is not sufficiently large to 

require an additional correction to be applied to the design criteria. 

Having shown that the proposed equation is able to adequately predict the behaviour of 

experimental results, it is necessary to present the equation in a form suitable for design 

use.  Combining the previously developed component relationships, a design requirement 

of the form first shown in equation 2-3 can be written: 

( )0.5'
cpftcbymaxs,

2

b fαααhπd25.1f
β

0.7
f

4

πd
≤








+  (4-29) 

For design purposes it would be assumed that fs,max = αofy, with the effect of this 

substitution being considered immediately following this derivation.  Therefore the 

following design requirement is appropriate: 
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tfp
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b
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f

α

ααα
5

h

d
≤  (4-30) 

where αt = 0.85 except if the depth of concrete cast under a bar is less than 300 mm in 

which case αt = 1.0, αo is the reinforcement overstrength factor, and αp is given by 

equation 4-20.  The coefficient αf accounts for the effect of bi-directional loading on 

anchorage performance.  Values for αf are taken to be those suggested by NZS 3101, i.e. 

1.0 unless a joint is subjected to bi-directional loading in which case αf = 0.85. 

Following current New Zealand terminology, the coefficient αs defines the level of 

compression reinforcement stress to be resisted by an anchorage.  The equation for αs 

used here has not previously been derived.  However, working from the total 

reinforcement force to be anchored, αs must be such that: 

yffαf
β

0.7
fαfαα yoyyoyos +≤+=  (4-31) 

oo

s
α

1
1

βα

0.7
1α +≤+=  (4-32) 

The values of β used should be those presented in section 4.4.2.  While the correct basis 

of these definitions is in the ratio of compression reinforcement force to tension 

reinforcement force it is suggested that β should be described in design standards as “the 

ratio of the area of the reinforcement group containing the bar for which anchorage is 
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being considered to the area of the reinforcement group adjacent to the other edge of the 

beam”.  This descriptive definition would avoid the confusion identified in section 4.2 

regarding how β should be calculated. 

It is relevant to consider how the change from using calculated maximum reinforcement 

stresses to overstrength reinforcement stresses affects the ability of equation 4-30 to 

accurately predict beam-column joint behaviour.  This change was considered by 

recalculating the anchorage D/C (demand to capacity) ratios for 32 New Zealand beam-

column joint tests using nominal reinforcement strengths and appropriate overstrength 

factors.  Only joints that had beam reinforcement of the types listed in Table 4-10 were 

considered in the analysis.  It is noted that when Grades 275 and 380 reinforcement were 

current, New Zealand reinforcing steel strengths were based on minimum rather than 

lower characteristic strengths.  For this analysis lower characteristic strengths were 

required for consistency with current design.  The values used for Grade 275 and Grade 

380 reinforcement are those reported by Andriono & Park (1986).  Overstrength factors 

are those specified for each material by contemporary editions of NZS 3101. 

Table 4-10 Assumed nominal properties of New Zealand reinforcement 

Grade 
Nominal yield strength 

assumed (MPa) 
Overstrength 

factor αo 

G275 300 1.25 

G300 300 1.25 

G380 410 1.4 

G430 430 1.25 

G500E 500 1.4 

Figure 4-20 shows the ratio of required column depth to actual column depth for each of 

the beam-column joints considered.  Colour coding is used to identify the experimental 

performance category of the joints, and the italic label at the end of each test result 

indicates the reinforcement type that was used in the joint.  Figure 4-20 shows that 

premature bond failure is unlikely to occur in beam-column joints designed using 

equation 4-30.  With the exception of a single specimen (Xin U5), premature bond failure 

or marginal performance only occurred in joints for which the required column depth was 

greater than the actual column depth.  The failure to accurately account for the 

performance of unit Xin U5 is attributed to the fact that the maximum beam 

reinforcement stress calculated to occur during testing (612 MPa) was significantly 

greater than the overstrength stress αofy (538 MPa).  Thus the poor performance can be 

stated to be due to incorrect specification of the overstrength factor αo rather than 

incorrect specification of the anchorage design criterion.  It may be noted in Figure 4-20 
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that satisfactory performance occurred in numerous beam-column joints that had 

apparently deficient column depths; this is felt to be inevitable with any anchorage design 

criterion due to the variability of bond strength and reinforcement stresses, and as such is 

not considered to devalue the proposed design criterion. 
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Figure 4-20 Comparison of experimental performance with design calculation using nominal 
reinforcement properties for New Zealand beam-column joints 
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Having proposed a revised design criterion it is of some interest to compare the 

conservatism of the revised criterion with that of existing criterion, to which end Figures 

4-21 to 4-25 are presented.  These figures are identical to those presented in section 4.2 

during comparison of the existing design criteria, but here have the proposed design 

criterion added.  Figure 4-21 shows that the proposed criterion is more conservative than 

the base criterion used by NZS 3101:1995 and also used by NZS 3101:2006 for Grade 

300E reinforcement only.  However, the proposed criterion is somewhat less conservative 

than the variant criterion used by NZS 3101:2006 for Grade 500E reinforcement, and also 

less conservative than the other rational criteria considered previously. 

Considering the proposed criterion in more detail, Figure 4-22 shows that the basic bond 

strength assumed by the proposed criterion is actually the most conservative of any of the 

design criterion considered.  However, Figure 4-23 shows that the proposed design 

criterion makes less conservative assumptions than other criteria about the compression 

reinforcement stress, particularly for bars that are part of the larger reinforcement group.  

Note that the values of κ shown in Figure 4-23 for the proposed equation were calculated 

assuming that αo = 1.25 for consistency with the values plotted for the NZS 3101 design 

criterion. 
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Figure 4-21 Comparison of international design requirements for "reference" joint (equal 
areas of Grade 500E top and bottom reinforcement, no significant column axial load) 
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Figure 4-22 Relationship between concrete compressive strength and reliable average bond 
strength with no axial compression force acting on column 
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Figure 4-23 Relationship between reinforcement ratio and compression reinforcement stress 
level 

With regards to the impact of column axial load on bond strength, the proposed criterion 

is markedly different to existing criteria as is evident in Figure 4-24.  The proposed 

criterion assumes a rapid increase in bond strength as the column axial load is increased 

from 0.05 to 0.15, and is in fact the least conservative criterion at this load level.  

However, as discussed previously, no further increase is assumed if the axial load is 
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increased further, and for large column axial loads the increase assumed is smaller than 

for most other design criteria.  The bond strength that is relied on when a column axial 

load ratio of 0.1 is applied is shown in Figure 4-25. 
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Figure 4-24 Assumed bond stress increase due to column axial compression force 
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Figure 4-25 Relationship between concrete compressive strength and reliable average bond 
strength with axial compression force acting on column 
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4.11 Structures of limited ductility 

Although not previously mentioned, the current New Zealand anchorage design criterion 

includes an additional coefficient αd that has the effect of reducing the required ratio of 

hc/db by 15% in beam-column joints that are required to develop only limited ductility 

(compared to the value of hc/db that is required for a fully ductile joint).  In the 1995 

edition of NZS 3101 the reduction was permitted if the joint was part of a frame for 

which the design displacement ductility was three or less (two for precast frames).  In the 

2006 edition of NZS 3101, ductility related detailing requirements were linked to 

curvature ductility demands in plastic hinges, instead of being linked to displacement 

ductility.  Hence the reduced ratio of hc/db is applicable when the plastic hinges adjacent 

to a joint are required to develop curvature ductilities considered commensurate with 

limited ductile performance. 

The factor αd is applied to equation 2-9 as a modification to the factor αs, which implies 

that reduced anchorage lengths are justified on the basis of lower maximum 

reinforcement stresses developing in the beams of limited ductility frames.  While this 

suggestion may be true because the reduced plastic deformations are likely to reduce the 

level of strain-hardening that occurs, it seems opaque for any reduction in stress levels to 

be accounted for in this manner.  A more transparent approach, if reinforcement stresses 

in limited ductility frames were appreciably (and reliably) lower, would be to use a 

reduced value for the overstrength factor.  The commentary of NZS 3101:1995 asserts 

that the reason for the reduced hc/db ratio is actually due to the reliable bond strength 

being larger in frames of limited ductility.  However, this explanation is not expressed in 

the source material on which the design criterion was based (Paulay and Priestley 1992). 

Due to the inconsistencies noted above and the complete revision of New Zealand 

anchorage design criterion recommended in the preceding section, it seems important to 

assess whether it is appropriate to allow shorter anchorage lengths to be used in structures 

required to meet less demanding performance limits than those described in section 4.6. 

The apparently logical starting point for this revision would be to consider the anchorage 

performance of joints in the database when the plastic hinge curvature ductility reached 

the maximum value permitted when limited ductile detailing is used.  However it is 

suggested that this consideration is not an appropriate basis for defining a less stringent 

anchorage design criterion for use when lower performance is required.  Figure 4-26 

shows the theoretical curvature ductilities (KD) that would have to occur in the plastic 

hinges when each of the beam-column joints in the database was displaced to 2.5% 
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interstorey drift.  The procedures outlined in Amendment 1 to NZS 3101:2006 were used 

to calculate the required curvature ductility values.  Thus:  

y

pb

D
φ

φ
1K +=  (4-33) 

where φy was estimated according to NZS 3101 as 2εy/hb, and φpb, the plastic curvature 

required in the beam hinge, was calculated as: 
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where lp is the beam plastic hinge length (calculated according to NZS 3101 but normally 

hb/2), θTarget is the target drift (in this case 2.5%), and θy is the experimental yield 

interstorey drift.  Two assumptions are made in the above equations, these being firstly 

that the drift due to deformations other than plastic rotations would increase in proportion 

to the column shear force as the nominal strength of the unit was exceeded, and secondly 

hat the centre of plastic rotation in each hinge would be located a distance lp/2 from the 

column face. 
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Figure 4-26 Calculated curvature ductility of beam-column joints when subjected to 2.5% 
interstorey drift 

Figure 4-26 also shows limiting values of KD specified for different levels of detailing, 

although it is noted that there is some uncertainty in these values due to the recent 

introduction of KD as the basis of design.  A number of sources in addition to 
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NZS 3101:2006 have published differing limit values (Bull et al. 2008; Fenwick and 

Dhakal 2007; Walker and Dhakal 2008), probably as part of the process of developing an 

understanding of the new method; the values shown in Figure 4-26 are those published by 

Walker and Dhakal (2008). 

The significance of the data shown in Figure 4-26 lies in the observation that the KD 

values calculated for beam-column joints are 2.5% drift is approximately inversely 

proportional to the yield strength of the beam reinforcement in a test unit.  This 

observation could have been predicted from equation 4-33, which could have been 

written as: 

y

beam

y

pby

D
φ

φ

φ

φφ
K =

+
=  (4-35) 

where φbeam is the total curvature required in the beam at the target drift level.  The total 

curvature required to attain any target drift level is essentially independent of 

reinforcement yield strength (though dependent on the geometry of the beam-column 

joint), but as noted previously (and discussed further in section 5.2.1) the yield curvature 

is proportional to beam reinforcement yield strength.  Thus the curvature ductility (KD) 

must be inversely proportional to reinforcement yield strength. 

It was shown in the previous section that required anchorage lengths for all reinforcement 

strengths could be calculated using a single equation when the ability of beam-column 

joints to reach a specified drift level was used as the performance basis (the drift level 

being approximately 3.6% in this the previous section).  It seems reasonable to assume 

that if the drift level specified as the performance basis was increased, the required 

anchorage length would also increase (and vice-versa).  It follows that disproportionately 

longer anchorage lengths would be required for high strength reinforcement if ability to 

achieve specified curvature ductility levels (rather than specified drift levels) was used as 

the performance basis for an anchorage design criterion.  These disproportionately longer 

anchorage lengths would be required because for any specified value of KD, the 

corresponding interstorey drift would be approximately 500/300 = 1.67 times greater in 

frames reinforced with Grade 500E reinforcement than in similar frames reinforced with 

Grade 300E reinforcement.  The requirement for disproportionately longer anchorage 

lengths for high strength reinforcement would (re)introduce an unnecessary complication 

to the design process.  Further, it would be pointless to specify a criterion that ensured 

that beams reinforced with Grade 500E reinforcement could develop fully ductile plastic 

hinges, as the KD value corresponding to this ductility level would only occur at drift 
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levels that exceeded the maximum permitted design values (for example, taking the data 

used as the basis for Figure 4-26, the target drift level would have to be increased to 

approximately 3.5% to obtain a “fully ductile” design KD value of 13.5).  Relating 

anchorage design criteria to required drift levels also means that the criteria would not 

need further adjustment if displacement based design methods are introduced to New 

Zealand in the future. 

It is proposed that it would be more appropriate to use interstorey drift levels, rather than 

curvature ductility, as a way of defining the performance basis of a less stringent design 

criterion.  The suggested performance level for structures of “limited demand” is a 

maximum design interstorey drift of 1.5% (rather than 2.5%, which was used as the basis 

of the “full performance” criterion developed in section 4.10).  This value of 1.5% 

interstorey drift does not relate specifically to New Zealand design standards, but is 

believed to be appropriate for two reasons: 

• 1.5% is approximately equivalent to the maximum drift that would be expected to 

occur in a frame containing Grade 300E beam reinforcement that was designed for 

limited displacement ductility (µ ≤ 3). 

• 1.5% is also approximately equivalent to the maximum drift that would be 

expected to occur in a frame containing Grade 500E beam reinforcement that was 

designed for nominally ductile response (µ ≤ 1.25). 

Both of these reasons are based on use of the formula for prediction of frame interstorey 

drift that is discussed in section 5.2.1.  Converting this putative design limit drift to a 

failure drift by accounting for the Sp factor as described in section 4.6 gives a requirement 

that bond failure not occur before the interstorey drift exceeds 2.1%. 

Figure 4-27 shows the same data as was presented in Figure 4-19, but differs from Figure 

4-19 due to the actual performance having been reassessed based on the failure drift of 

2.1% rather than the failure drift of 3.57% that was used previously.  It can be seen that 

an unfortunate and obvious effect of reducing the failure drift is to significantly reduce 

the number of joints considered to have performed poorly. 

The limited number of failure data points prevents detailed assessment methods such as 

those presented in section 4.10 from being used to develop an anchorage criterion for 

structures requiring only limited drift capacity.  It was therefore decided that the simplest 

and most appropriate way of defining a design criterion for anchorages in beam-column 

joints that only have to achieve limited performance goals was to introduce a multiplier to 
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appropriately reduce the anchorage length specified by equation 4-30 for these cases.  For 

consistency with current New Zealand design requirements this multiplier is termed αd. 
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Figure 4-27 Prediction of beam reinforcement anchorage performance using proposed 
equation with reduced performance limit 

Definition of αd was accomplished by calculating a regression line for the data shown in 

Figure 4-27 using the method first discussed in section 4.9.  This calculation resulted in 

the solid black line plotted in Figure 4-27, which has a value of 1.155 when fy = 300 MPa 

and has negligible slope.  This regression line suggests that the current value of αd = 1.15 

specified by NZS 3101 would be an appropriate value for the revised limited performance 

criterion.  It is recognised that the proposed regression line and resultant value of αd mean 

that the majority of beam-column joints with marginal or poor performance lie on or 

below the regression line.  However, it is felt that this should be accepted because the 

regression line provides a similar likelihood of bond failure as was the case for the “full 

performance” design criterion.  The complete design equation would thus be: 
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where αd = 1.15 if the design interstorey drift of the storey being considered is less than 

1.5%, and otherwise αd = 1.0.  The multiplier αd has been added based on the assumption 

that available bond strength increases, rather than the required bond strength decreasing.  

Although the evidence considered in this chapter cannot be used to preferentially support 

either method it is felt that the assumption of increased available bond strength is more 
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appropriate, because as has been previously stated other methods (i.e. a reduced value of 

αo) could more transparently be used to reduce the required bond strength.  While 

reducing αo for limited ductile/limited displacement structures may have merits, such a 

change would require broad ranging alterations to NZS 3101.  These alterations are 

beyond the scope of this thesis. 

4.12 Conclusions 

This chapter has focussed on comparing and assessing the accuracy of design criteria that 

are used internationally to prevent premature bond failure from causing excessive 

performance degradation in beam-column joints.  The overarching conclusion reached in 

the chapter was that significant differences exist between current design criteria, and that 

existing criteria were either excessively conservative or were non-conservative.  A 

revised criterion was developed based on the experimental performance of joint core 

anchorages.  The revised criterion has been shown to ensure that beam-column joints 

achieve a required level of performance with an appropriate degree of reliability. 

A thorough comparison of four rational design criteria intended to prevent bond failure 

from occurring in interior beam-column joints showed that significant differences 

currently exist between the methods that these design criteria use to predict available 

bond strength and the expected maximum reinforcement stresses.  The conclusion from 

this comparison was that the current New Zealand design criterion is significantly less 

conservative than other similar criteria. 

In order to determine if any of the diverse international design criteria were able to 

accurately predict the experimental performance of beam-column joints, a large database 

of test results was assembled.  The performance of each beam-column joint was assessed 

based on displacement based criteria, and the performance predicted for each joint by 

each design criteria was calculated.  The conclusion reached after comparison of 

predicted and observed performance was that none of the existing design criteria provided 

suitably accurate predictions. 

As none of the existing design criteria were found to be adequate, a substantially revised 

criterion was developed.  A process of isolating variables was used to determine suitable 

relationships between concrete compressive strength and bond strength, column axial 

compression load and bond strength, and beam reinforcement asymmetry and 

compression reinforcement stress.  These relationships were combined to produce an 
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improved design criterion that was shown to be more accurately able to predict 

experimental results. 

The proposed design criterion is recommended for adoption in a future revision of 

NZS 3101. 
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Chapter 5  

GRADE 500E REINFORCEMENT 
IN MOMENT RESISTING FRAMES 

5.1 Overview 

In the broadest sense, the role of structural engineers is to ensure that their designs 

adequately achieve three different types of performance: 

• Economic viability, which will often determine whether a design is built 

• Constructability, which has a major impact on how well the design is built 

• Structural suitability, i.e. how well the design is equipped to resist design level 

actions. 

The concept of “performance-based design”, described in the previous chapter (see 

section 4.6), is normally used in reference to the third of these goals.  However, it seems 

logical that sensible designers would be equally concerned with ensuring that their 

structures also excel with respect to the other listed goals.  In this chapter analyses are 

conducted with the aim of developing aids for structural designers trying to balance the 

constraints affecting the design of reinforced concrete moment resisting frames.  In these 

analyses, emphasis was placed on guiding the choice between use of Grade 500E or 

Grade 300E beam longitudinal reinforcement.  As a starting point a summary is provided 

of existing knowledge about the impact of using Grade 500E reinforcement on structural 

performance.  In the latter sections of the chapter it is shown that the choice to use Grade 

500E beam reinforcement should depend on whether the structural engineer is able to 
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adjust the dimensions of a frame, but that in many cases it is not beneficial to use Grade 

500E beam longitudinal reinforcement in concrete moment resisting frames. 

5.2 Impact of Grade 500E reinforcement on 
structural performance 

In section 2.5 the introduction of Grade 500E reinforcement to New Zealand was 

described as “much discussed”.  This discussion has focussed mainly on the perception 

that for many purposes, use of Grade 500E reinforcement would lead to inferior structural 

performance.  Unusually, the controversy about the use of Grade 500E reinforcement 

reached a wider audience than building professionals, being reported in mainstream 

sources on at least two occasions (Collins 2003; Collins 2007).  This section provides a 

summary of the performance issues that have been associated with the use of Grade 500E 

reinforcement. 

Concerns have been raised in previously published literature about three aspects of design 

that are potentially negatively affected by the use of Grade 500E reinforcement (Bull and 

Allington 2003; Fenwick and Megget 2003; Park 2001; Paulay 2000).  These issues are 

summarised below: 

• The yield displacement of members constructed using Grade 500E longitudinal 

reinforcement is approximately 67% larger than the yield displacement of 

otherwise identical members constructed using Grade 300E reinforcement.  This 

reduces member stiffness by 40%, and in cases where the member is intended to 

act as a yielding element the useable displacement ductility can also be reduced by 

40%. 

• The overstrength factor for Grade 500E reinforcement is greater than the 

overstrength factor for both Grade 300E reinforcement and also the discontinued 

Grade 430 reinforcement.  The increased overstrength factor means that greater 

overstrength actions are expected to develop in components of a structure that 

should be protected by capacity design, and hence requires the capacity of these 

components to be greater. 

• The higher strength of Grade 500E reinforcement increases the maximum force 

that must be anchored by bond stresses, which increases the development length 

that must be provided for Grade 500E reinforcing bars.  As has been discussed 

previously, this is a particular concern when designing interior beam-column joints. 
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While the above effects have the potential to detrimentally affect the performance of a 

structure, they need not necessarily do so.  Further details relating these issues to the 

design of moment resisting frames, and comments on methods used to overcome the 

issues, are the subject of the following subsections. 

Two other issues that are regularly cited as detrimental properties of Grade 500E 

reinforcement are not suitable for inclusion here.  These issues are weldability and the 

ability of bars to be bent and rebent (DBH 2005b; DBH 2005a).  These issues affect the 

handling and site use of reinforcement rather than influencing the design of a structure.  

However, it is clear that both of these issues have the potential to make construction using 

Grade 500E reinforcement more difficult than construction using Grade 300E 

reinforcement.  Hence a designer choosing to use Grade 500E reinforcement must accept 

the limitations imposed by these issues. 

A further point to note is that the issues discussed here only relate to use of Grade 500E 

reinforcement in situations where it is expected to deform plastically.  Use of Grade 500E 

reinforcement in situations where the reinforcement is expected to remain elastic provides 

unequivocal benefits due to reduced volume of reinforcement required.  Such uses 

include as shear reinforcement or as flexural reinforcement in non-yielding members such 

as columns.  These aspects are not considered further here. 

5.2.1 Yield drift and ductility 

It is generally accepted that the yield curvature of a reinforced concrete section is 

proportional to the yield strain of the longitudinal reinforcement and inversely 

proportional to the distance between the yielding reinforcement and the neutral axis.  It is 

normally assumed that the distance from the neutral axis to the yielding reinforcement is 

proportional to the section depth, and hence equation 5-1 is true for beams. 

b

y

y
h

ε
Kφ =  (5-1) 

where εy is the yield strain of the longitudinal reinforcement and hb is the overall depth of 

the beam.  The exact value of the constant K is unimportant when considering the relative 

impact of using Grade 500E reinforcement, but it has generally been found that K is 

approximately equal to two for a broad range of section types (Fenwick and Dhakal 2007; 

Priestley 2000).  By inspection the yield curvature of members containing Grade 500E 

reinforcement is approximately 67% larger than that of members containing Grade 300E 
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reinforcement.  This widely reported finding has a significant effect on other properties of 

concrete members, as the yield displacement is proportional to the yield curvature and the 

member length squared.  Thus for geometrically similar members, the yield displacement 

is also increased by 67% through the use of Grade 500E reinforcement in place of Grade 

300E reinforcement.  Furthermore, the effective elastic stiffness of a concrete member is 

found by dividing the nominal strength by the yield displacement, such that geometrically 

similar members of equal strength will have 40% less stiffness if Grade 500E 

reinforcement is used than if Grade 300E reinforcement is used. 

Considering moment resisting frames specifically, Priestley (1998) has shown that the 

yield interstorey drift of a frame can be predicted using equation 5-2: 
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ε0.5θ =  (5-2) 

where θy is the yield storey drift of the frame and lb is the length of the beam between 

column centres.  Figure 5-1 shows a comparison between the experimental yield drifts of 

beam-column joints included in the previously described database and the prediction of 

equation 5-2.  It is evident that there is a trend for the yield drift to increase as the value 

of εylb/hb increases, although there is more scatter in the data than was observed by 

Priestley (1998).  Regression analysis of the data shown in Figure 5-1 showed that the 

best fit to the data was obtained if the coefficient in equation 5-2 was changed to 0.45, 

indicating that on average Priestley’s equation overestimates the yield drift of frames.  

However, the 95% confidence interval for the slope extends to a value of 0.52, indicating 

that Priestley’s equation is reasonable.  Further, it is noted that the data plotted in Figure 

5-1 was calculated using actual material properties.  In a design situation it is desirable to 

predict the average yield drift, but only nominal material properties are known.  Based on 

experience and past research (Allington et al. 2006; Andriono and Park 1986) it is 

reasonable to assume that the actual reinforcement yield stress is on average 

approximately 10% greater than the nominal strength.  Equation 5-2 should therefore give 

accurate predictions of average yield drift when nominal material properties are used in 

the calculation. 

Lin (1999) suggested that the yield drift of frames was dependent on the column axial 

load, and proposed a modification to equation 5-2 to account for this dependency.  The 

possibility that column axial load could account for some of the scatter seen in Figure 5-1 

was considered during the research reported here, but no relationship was evident 

between column axial load and yield drift.  This lack of correlation can be seen in Figure 
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5-2, in which the ratio of experimental to predicted yield drift is plotted against column 

axial load ratio.  A regression line is also plotted in Figure 5-2.  The relationship between 

this regression line and the data is tenuous, and tests indicated that the slope of the 

regression line is not statistically significant. 
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Figure 5-1 Comparison of experimental yield drifts with Priestley’s equation 
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Figure 5-2 Assessment of influence of column axial load on frame yield drift 
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5.2.1.1 Effects on performance of reduced frame stiffness 

The effect that reduced frame stiffness has on structural performance is dependent on the 

design philosophy used for a structure, and hence to some extent on the seismic 

environment in which the structure will be located.  Structures located in a relatively low 

seismic environment are often designed to behave predominantly elastically (termed 

“nominally ductile” in New Zealand standards).  In such structures it is likely that 

ultimate limit state design will be governed by the strength required rather than by 

displacement limits, although stiffness requirements for serviceability limit state 

performance may govern the design. 

In contrast, for ductile structures it is likely that reducing frame stiffness will significantly 

affect design for the ultimate limit state.  It was noted by Priestley (1998) that reduced 

useable ductility is the most significant impact of the increased yield drifts that occur 

when high strength beam longitudinal reinforcement is used in moment resisting frames.  

The useable ductility is likely to be reduced because ductile moment resisting frames are 

normally limited by the earthquake displacement limits found in design standards.  For 

example, units 1B-4B described in Chapter 3 had yield drifts of approximately 1.2%.  As 

the maximum drift of structures designed according to NZS 1170.5:2004 should be 2.5%, 

the maximum useable ductility for these beam-column joints would be approximately 

µ = 2.1.  The yield drift of an otherwise similar joint that used Grade 300E reinforcement 

could be expected to be 40% smaller (i.e. approximately 0.7%), so the useable ductility 

would increase to approximately µ = 3.5.  For most moment resisting frames the 

earthquake design actions calculated according to NZS 1170.5:2004 are inversely 

proportional to the ductility factor.  Thus the earthquake design actions for a frame using 

Grade 500E beam reinforcement would be approximately µ300/µ500 = 1.67 times larger 

than the design actions for a similar frame containing Grade 300E beam reinforcement. 

The increased design actions resulting from the reduced ductility of a frame containing 

Grade 500E beam reinforcement should be alleviated somewhat by the period of 

vibration being increased due to the reduced stiffness.  A crude estimate of the period 

difference can be obtained by considering the equation giving the period of vibration of 

an elastic oscillator: 

k

m
π2T1 =  (5-3) 

If the mass (m) of the structure remains the same, and the stiffness (k) of the frame 

containing Grade 500E beam reinforcement is 60% of the stiffness of the frame 
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containing Grade 300E reinforcement, then the period of the structure containing Grade 

500E beam reinforcement would be approximately 1.29 times the period of the structure 

containing Grade 300E beam reinforcement.  Assessing the impact of the period change 

on the earthquake design actions predicted for the structure is complicated by the 

nonlinearity of earthquake hazard spectra.  If a range of one to three seconds is 

considered for the period of the frame containing Grade 300E beam reinforcement 

(corresponding to a period range of 1.29 to 3.87 seconds for the equivalent frames with 

Grade 500E beam reinforcement), then the spectral shape factor specified by NZS 1170.5 

is between 15% and 40% lower for the frame containing Grade 500E reinforcement. 

The earthquake actions that a structure with a period greater than 0.7 seconds must be 

designed to resist are proportional to the quotient of the spectral shape factor and the 

useable ductility (NZS 1170.5 2004).  The ratio of earthquake actions for two (otherwise 

similar) frames with one containing Grade 500E beam reinforcement and the other 

containing Grade 300E beam reinforcement can therefore be obtained by calculating this 

quotient for each of the frames.  This calculation has been conducted for the range of 

periods that are realistic for medium rise frame structures, although arguably the range 

considered (0.5-3.0 seconds for the frame containing Grade 300E reinforcement, 

corresponding to a range of 0.65-3.87 seconds for the frame containing Grade 500E 

reinforcement) is too large, especially with respect to periods greater than three seconds 

for frames containing Grade 500E reinforcement.  The results of these calculations are 

shown in Figure 5-3, in which the ratio of design actions is plotted against structural 

period (the period of the frame containing Grade 300E reinforcement is shown on the 

primary x-axis, and the period of the frame containing Grade 500E reinforcement is 

shown on the secondary x-axis).  For all periods shown the ratio of design actions 

exceeds one, indicating the earthquake design actions are greater for the frame containing 

Grade 500E beam reinforcement.  It is noted that for structures with longer periods than 

shown in Figure 5-3 the ratio of design actions would be less than one, indicating that the 

design actions would be smaller for the frame containing Grade 500E reinforcement; 

however the period of such frames would be greater than 3.87 seconds, which is 

unrealistically long.  The conclusion drawn is that otherwise identical ductile frame 

structures must be stronger if Grade 500E beam reinforcement is used than if Grade 300E 

beam reinforcement is used. 

An alternative to accepting that larger earthquake design actions should be used when 

designing a frame containing Grade 500E beam longitudinal reinforcement would be to 

adjust the design so that the performance of the frame is the same as it would have been if 

Grade 300E steel was used for the beam longitudinal reinforcement.  Considering 
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equation 5-2 it is evident that this would involve changing the bay length or changing the 

beam depth.  Altering the bay length (spacing between columns) is too significant an 

alteration to consider here, and is not likely to be architecturally feasible.  However, 

adjusting the beam depth can be achieved without significant effects on other aspects of 

the design.  According to Equation 5-2, the ratio of εy to hb must be constant if θy and lb 

are kept constant.  Therefore the beam depth of a frame using Grade 500E beam 

reinforcement must be 1.67 times greater than the beam depth of a frame using Grade 

300E beam reinforcement in order for the frames to have equal yield drifts.  The effect on 

constructability and economic viability of this alternative are considered later in this 

chapter. 
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Figure 5-3 Comparison of earthquake design actions for frames containing Grade 500E or 
Grade 300E beam longitudinal reinforcement 

5.2.2 Anchorage of reinforcement at interior beam-column joints 

The anchorage of beam reinforcement at interior beam-column joints has been discussed 

extensively in the earlier chapters of this thesis.  Hence it is necessary here only to briefly 

review the design alterations required to ensure that frames containing Grade 500E beam 

reinforcement have equal performance to similar frames containing Grade 300E beam 

reinforcement. 

Irrespective of whether the existing design criteria found in NZS 3101:2006 or the revised 

criteria developed in Chapter 4 are used, the ratio of bar diameter to column depth 

required to anchor Grade 500E reinforcing bars is greater than the ratio required to anchor 
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Grade 300E reinforcing bars.  The existing criteria in NZS 3101:2006 indicate that the 

required anchorage length increase is more than would be predicted based on equilibrium 

considerations, while the revised criterion presented in Chapter 4 was based on evidence 

that the required anchorage length increases in proportion to the stress that can be 

developed in a reinforcing bar.  In the analyses presented in this chapter both these 

scenarios are considered. 

Two design alternatives are available to ensure that a frame containing Grade 500E beam 

reinforcement has equivalent performance to a frame containing Grade 300E 

reinforcement.  The options available when choosing to use Grade 500E beam 

reinforcement are to increase the column depth and use the same bar diameter or to keep 

the same column depth and reduce the bar diameter.  While each of these is a valid design 

choice, only the second option is considered here.  The reason for this selection is the aim 

of considering the economic and constructability implications when similar frames are 

constructed using Grade 500E or Grade 300E beam reinforcement.  Opting to increase the 

column depth would significantly alter other aspects of the design process and remove the 

similarity between the frames. 

5.2.3 Overstrength factor 

Seismic design in New Zealand and many other earthquake prone regions is currently 

based on the capacity design philosophy, which was briefly reviewed in section 1.2.  One 

of the most important factors in the capacity design method is the flexural overstrength 

factor, which is defined as the ratio by which the maximum probable flexural strength of 

a member (the overstrength moment) exceeds the flexural strength used for design 

(normally referred to as the nominal strength).  Correct definition of the flexural 

overstrength factor is critical to successful application of capacity design because it is this 

factor that is used to determine the design actions for non-ductile parts of a structure and 

hence to prevent brittle failures from occurring. 

The overstrength factor for beams is primarily determined by characteristics of the 

reinforcing steel used; other factors such as concrete strength, section shape, 

reinforcement ratio, and confinement do not have a significant effect on the overstrength 

factor (Andriono and Park 1986).  It is not only mechanical properties of reinforcing steel 

that have a significant effect on the overstrength factor; the variability and distribution of 

the mechanical properties are also important, because two main effects contribute to the 

overstrength moment being greater than the nominal flexural strength: 
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• The mechanical properties of reinforcement (particularly the shape of the stress-

strain curve) are important because the overstrength moment occurs when the 

section curvature greatly exceeds the yield curvature.  Large reinforcement strains 

occur as a result of these curvatures and therefore significant strain hardening of 

the reinforcement increases the moment resisted by the member. 

• The variability of reinforcement properties is important because the overstrength 

moment is generally calculated as an upper characteristic (95th percentile) value 

whereas the nominal strength is calculated as a lower characteristic (5th percentile) 

value.  Thus the overstrength factor is higher if the variability of reinforcement 

properties is large, resulting in a substantial difference between the upper and 

lower characteristic strengths. 

The flexural overstrength factor generally has a value of 1.25 to 1.5, indicating that the 

overstrength moment is 25% to 50% greater than the nominal flexural strength.  In New 

Zealand, different beam flexural overstrength factors are specified depending on the 

reinforcement type.  The overstrength factor for Grade 300E reinforcement is 1.25.  This 

is the same value that was used for Grade 275 reinforcement, which was essentially 

identical to Grade 300E reinforcement but classified by minimum rather than lower 

characteristic yield strength.  Thus the same value has been used since at least the 1982 

edition of the New Zealand Concrete Standard (NZS 3101 1982), although a higher value 

of 1.3 was recommended by Andriono and Park (1986) as discussed below.  The beam 

flexural overstrength factor for Grade 500E reinforcement is 1.35, based on work by 

Allington et al. (2006). 

Two significant studies on the flexural overstrength factor have been conducted in New 

Zealand. 

Andriono and Park (1986) conducted statistical analyses of the properties of then current 

New Zealand reinforcing steel (Grades 275 (i.e. 300) and 380) and then used Monte Carlo 

techniques to generate stress-strain curves for reinforcing steel.  Using the generated 

stress-strain curves, 500 moment-curvature analyses were then conducted on each of a 

total of 192 different beam sections (giving 96,000 analyses in total).  Mean and upper 

characteristic overstrength factors were calculated for each beam section at curvature 

ductility levels of µφ = 10 and µφ = 20.  It was found that the calculated overstrength 

factor was insensitive to factors such as reinforcement ratio, section size and shape, and 

concrete strength.  Hence a single overstrength factor could be recommended for each 

curvature ductility level and reinforcement type.  Overstrength values suggested by 

Andriono and Park can be seen in Table 5-1 in the column headed Grade 300E.  The 
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overstrength factor for curvature ductility of 15 was a value assumed by Andriono and 

Park and recommended for use when the curvature ductility was not explicitly 

determined.  It is assumed here that the work of Andriono and Park continues to be 

relevant for Grade 300E reinforcement. 

Overstrength factors for Grade 500E reinforcement have been considered in a series of 

studies commissioned by Pacific Steel and undertaken by Holmes Solutions (Allington et 

al. 2006; Bull and Allington 2003).  These studies followed a similar methodology to 

Andriono and Park (1986) but used approximately 1600 stress-strain curves obtained 

from testing Grade 500E reinforcement rather than generating stress-strain curves based 

on statistical assumptions.  After conducting 154,800 moment-curvature analyses on 

different beam sections Allington et al. concluded, as had Andriono and Park, that 

variables other than reinforcement stress-strain response and curvature ductility level had 

little effect on the overstrength factor.  They published overstrength ratios for curvature 

ductility levels of 5, 10, 15, 20, and 25 (shown in Table 5-1) and recommended a value of 

1.35 for beams reinforced with Grade 500E reinforcement.  This conclusion was stated to 

be specifically applicable to reinforcement produced by Pacific Steel, but has since been 

adopted in the second amendment to NZS 3101:2006 for any Grade 500E reinforcement 

that complies with the New Zealand Standard for reinforcing steel (AS/NZS 4671 2001). 

Table 5-1 Beam flexural overstrength factors determined by previous researchers 

95th percentile overstrength factor for Curvature 
ductility Grade 300E Grade 500E 

5 - 1.14 

10  1.19 1.25 

15  1.30* 1.28 

20  1.40 1.35 

25 - 1.42 

* estimated value given by Andriono and Park 

The data presented in Table 5-1 is shown graphically in Figure 5-4.  An additional point 

for each reinforcement type, representative of the overstrength factor when the curvature 

ductility is one, has been added to Figure 5-4.  These extra values were estimated as the 

ratio of the upper characteristic (95th percentile) yield stress to the nominal yield stress, 

with upper characteristic values taken as those reported by Andriono and Park for Grade 

300E reinforcement and by Allington et al. for Grade 500E reinforcement.  The 

assumption inherent in this estimation is that beam moment is proportional to 

reinforcement stress (as was previously discussed in section 4.4).  While not strictly 
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correct, it can readily be shown that for typical beam dimensions this assumption is 

sufficiently accurate, particularly if the tension reinforcement has yielded because the 

centroid of compression remains approximately static after yielding has occurred. 

Considering Figure 5-4 it is not evident why the New Zealand Concrete Structures 

Standard specifies a lower beam flexural overstrength factor for Grade 300E 

reinforcement than for Grade 500E reinforcement.  While Figure 5-4 shows that the 

overstrength factor required for Grade 500E reinforcement is greater than for Grade 300E 

reinforcement when curvature ductility levels are approximately ten, for larger curvature 

ductility levels the required overstrength factor is larger for Grade 300E reinforcement.  It 

should also be noted that if all other factors (i.e. displacement and member dimensions) 

are equal, larger curvature ductility values would generally occur in a member containing 

Grade 300E reinforcement than in a member containing Grade 500E reinforcement 

because of the proportionately of yield curvature with reinforcement yield stress (see also 

section 4.11).  Consideration of this statement in conjunction with Figure 5-4 suggests 

that, if anything, it would be more likely for a lower overstrength factor to be appropriate 

for Grade 500E reinforcement than for Grade 300E reinforcement.  To investigate these 

postulates further, an assessment was conducted of the overstrength moments that 

developed during beam-column joint tests that were included in the results database 

described in the Chapter 4. 
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Figure 5-4 Beam flexural overstrength factors determined by previous researchers 
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Although previous studies conducted in New Zealand that have assessed the overstrength 

factor have used moment-curvature analyses to determine the maximum moment resisted 

by sections at different curvature ductility levels, it is equally valid to use experimental 

results from testing of suitable members instead.  However, in order conduct such an 

assessment it is necessary to first consider further the relationship between the nominal 

moment and the overstrength moment for a beam.  The basic relationship linking these 

two quantities defines the overstrength factor: 

noo MαM =  (5-4) 

When interpreting equation 5-4 for a single test, Mo is the maximum moment that 

occurred during testing, αo is the flexural overstrength factor, and Mn is the nominal 

moment capacity of the member (i.e. calculated using nominal material properties and 

most commonly an assumption of a rectangular stress block).  For design purposes the 

intent is to choose a value of the overstrength factor such that there is only a small chance 

that the maximum moment developed in a member during an earthquake will exceed the 

calculated overstrength moment Mo.  In New Zealand the accepted probability of 

exceedence is typically taken as 5%, i.e. Mo and αo are upper characteristic values.  By 

considering a large enough number of test results a design value of αo can be determined 

to meet this requirement. 

In order to use experimental results collected from disparate test programmes conducted 

over several decades it is necessary to independently consider the components of the 

overstrength that arise from variation between nominal and actual strength and that arise 

from strain hardening.  Fortunately independent consideration can be accomplished with 

relative ease by using the approximation (discussed previously) that the moment in a 

beam is proportional to reinforcement stress, and by defining two “partial” overstrength 

factors, the first, αmat, to account for the difference between the actual yield moment and 

the nominal moment capacity, and the second, αhar, to account for the difference between 

the maximum moment after strain hardening and the actual yield moment.  That is: 

nmati MαM =  (5-5) 

where Mi is the yield moment capacity predicted using actual material properties, and: 

iharo MαM =  (5-6) 

Introducing a constant k that accounts for the proportionality of moment and 

reinforcement stress, equation 5-4 becomes: 
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nomy,omax kfαkf =  (5-7) 

where fmax is the peak reinforcement stress that occurs in conjunction with Mo and fy,nom is 

the nominal reinforcement yield stress.  Similarly: 

nomy,matacty, fkαkf =  (5-8) 

acty,harmax fkαkf =  (5-9) 

where fy,act is the actual value of the yield stress for the reinforcement used in a test 

specimen.  By substitution of equations 5-8 and 5-9 into equation 5-7 it can easily be 

shown that: 

harmato ααα =  (5-10) 

noting that the values of αmat and αhar can be determined either from reinforcement 

stresses or from beam moments due to the proportionality of moments and stresses in 

beams. 

An issue with the approach described above is that it becomes difficult to accurately 

determine an upper characteristic value of αo.  Determination of values for αmat and αhar 

with a chosen percentile value (for example 95th) presents no problems.  However αo, 

being the product of these two values, is distributed according to a product distribution, 

which cannot be determined unless the degree of correlation between the distributions of 

αmat and αhar is known.  It can however be stated that if αmat and αhar are both chosen to 

have the same percentile value the percentile value of αo will be higher unless the two 

original distributions are perfectly correlated, which would result in the percentile value 

of αo being equal to the percentile value of αmat and αhar. 

The database of experimental results assembled can only be used to assess the part of the 

overstrength factor resulting from strain hardening (αhar).  It would be incorrect to base 

any conclusion regarding the part of the overstrength resulting from variability of 

reinforcement yield stress on the database because the variation of reinforcement 

properties between tests included in the database is not representative of the variation that 

occurs during production of reinforcement at a single plant. 

It is appropriate to determine the partial overstrength factor for strain hardening, αhar, 

based on the maximum moment that occurred during testing of the beam-column joints 

comprising the database, because the beam-column joints were universally tested until 
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failure (due to strength degradation), or until the interstorey drift to which the joint was 

subjected exceeded 5%.  Thus the deformation of the beams and the resulting 

reinforcement strain hardening can be considered consistent with the maximum demands 

that would be imposed on beams in real structures during severe earthquakes. 

Figure 5-5 shows the ratio of maximum moment (Mo) to predicted yield moment (Mi, 

calculated using reported material properties and assuming a rectangular stress block) 

plotted against the beam longitudinal reinforcement yield stress for a subset of the beam-

column joint database described in section 4.4.  The ratio Mo/Mi plotted is the partial 

overstrength factor αhar discussed previously.  The subset of beam-column joints for 

which data is plotted was selected by excluding beam-column joints for which the beam 

reinforcement yield stress exceeded 600 MPa, which is the maximum value for the upper 

characteristic yield stress of Grade 500E reinforcement permitted by the New Zealand 

Standard for reinforcing steel (AS/NZS 4671 2001). 
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Figure 5-5 Values of αhar calculated from beam-column joint tests 

The data plotted in Figure 5-5 has been divided into three groups based on the strain 

hardening potential of the reinforcement (i.e. the ratio of reinforcement ultimate stress to 

yield stress, fu/fy).  The three groups respectively consist of beam-column joints for which 

fu/fy was less than 1.6 (51 units), was greater than 1.6 (4 units), or for which fu was 

unknown (15 units).  To avoid overestimation of the value of αhar only joints for which 

fu/fy was known to be less than 1.6 were considered during the analysis described here 

(referred to for the remainder of this section as “the dataset”).  The limit value of 1.6 was 
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selected following consideration of the requirements of the New Zealand Standard for 

Reinforcing Steel (AS/NZS 4671 2001), which requires that the mean value of fu/fy be 

less than or equal to 1.5 for Grade 300E reinforcement and less than 1.4 for Grade 500E 

reinforcement.  Setting a limitation of fu/fy removed from consideration a few beam-

column joints that used reinforcement with excessive strain hardening potential.  The 

ratio of fu/fy did not exceed 1.4 for joints that used high strength (fy > 450 MPa) 

reinforcement, and hence no data was disregarded for these joints. 

Regression analysis of the group of data points for which fu/fy was less than 1.6 resulted 

in the regression line shown in Figure 5-5 with the equation αhar = 1.15 – 4.8×10-5fy.  

Although this regression line indicated a slight reduction of αhar as yield strength 

increases, statistical analysis showed that the slope of the regression line was not 

significant, i.e. there was a high probability that it occurred due to random scatter rather 

than an underlying relationship.  The possibility of differing strain hardening behaviour 

for beams containing high or low strength reinforcement was further investigated by 

selecting two subsets from the dataset, one containing beams that had reinforcement with 

fy ≤ 350 MPa and the other containing beams that had fy ≥ 490 MPa.  Analysis of these 

subsets using F- and T-tests indicated that there was no significant difference between the 

variances or means of the groups.  It was therefore considered appropriate to determine a 

representative design value of αhar based on the mean and standard deviation of the 

complete set of data points for which fu/fy was less than 1.6.  The mean value of αhar was 

calculated as 1.126 with the 95% confidence range from 1.108 to 1.143.  The standard 

deviation was determined to be 0.054.  Thus the upper characteristic value of αhar was 

calculated as 1.23 using Student’s t-distribution, which was considered to be more 

appropriate than the normal distribution due to the relatively small sample size.  The 

calculated upper characteristic value of αhar is plotted in Figure 5-5. 

As was stated previously and shown in Figure 5-4, previous studies have shown that the 

ratio of upper characteristic yield strength to nominal yield strength is 1.16 for Grade 

300E reinforcement and 1.14 for Grade 500E reinforcement.  Based on these values, use 

of an average value of αmat = 1.15 for both grades of reinforcing steel can be justified.  

Combining this value with αhar = 1.23 results in a value of αo = 1.23×1.15 = 1.42 being 

calculated using equation 5-10.  This value is appropriate for either reinforcement type. 

The value of αo = 1.42 calculated above corresponds to the upper limit of values 

determined by previous studies (see Table 5-1 and Figure 5-4).  However, as noted earlier 

the value calculated is probably more conservative than the 95th percentile rank normally 

used in New Zealand for the overstrength factor.  The nature of the investigation 
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conducted here prevents calculation of the correlation between αhar and αmat, which would 

allow precise determination of the percentile rank of the calculated overstrength factor.  

However, the more important conclusion drawn from the assessment just presented is that 

use of a higher overstrength factor for Grade 500E reinforcement than for Grade 300E 

reinforcement is incorrect as previously postulated.  However, no evidence was found 

supporting the possibility of a lower overstrength factor being appropriate for Grade 500E 

reinforcement due to the reduced curvature ductility demands that would be expected 

when Grade 500E reinforcement is used. 

The findings of this research could be interpreted in two ways, each resulting in the 

adoption of a different overstrength factor: 

• An overstrength factor of αo = 1.4 could be adopted for both reinforcement types 

while maintaining a high degree of confidence that the adopted value was at least a 

95th percentile value. 

• Alternately, an overstrength factor of αo = 1.35 could be adopted for both types of 

reinforcement.  The appropriateness of this value could be argued on the basis that 

recent investigations showed it to be an appropriate value for Grade 500E 

reinforcement (Allington et al. 2006), while this research indicates that the same 

overstrength factor should be used for both Grade 300E and Grade 500E 

reinforcement. 

The value of αo = 1.4 suggested in the first item above has been adopted for further 

analyses reported in the remainder of this chapter because it is the value supported 

directly by the assessments described in this section. 

The broad impact that the overstrength factor has on capacity designed structures makes it 

impossible to precisely consider how economic viability or constructability are affected 

by the current NZS 3101 requirement that different overstrength factors be used for 

frames containing Grade 300E and Grade 500E beam reinforcement.  Obviously the 

larger overstrength factor currently specified for Grade 500E reinforcement increases the 

required strength of many aspects of the design, presumably having a negative effect on 

constructability and economic viability.  Equally clearly this negative effect would be 

removed if the same overstrength factor was used regardless of the type of beam 

reinforcement used in a frame as recommended in this section.  The analyses presented 

later in this chapter consider both scenarios, with the proviso that only limited account 

can be made for the current difference between overstrength factors specified for Grade 

300E and Grade 500E reinforcement. 
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5.2.4 Summary 

The discussion above has considered three facets of the structural performance of 

moment resisting frame that are reported to be detrimentally affected by the use of Grade 

500E beam reinforcement instead of Grade 300E beam reinforcement.  The discussions of 

frame stiffness and beam reinforcement anchorage have shown how simple design 

changes can be made that prevent Grade 500E reinforcement from having a negative 

impact on structural performance.  The changes suggested can be made without 

significant changes having to be made to other aspects of the design.  The discussion of 

overstrength factors for moment resisting frames was based on analysis of the previously 

discussed database of beam-column joint tests.  This analysis showed that it would be 

appropriate to use the same overstrength factor regardless of the type of reinforcement 

used in a beam, and that the value of this overstrength factor should be αo = 1.4. 

The focus of the remainder of this chapter is to answer the question “how are the 

economic viability and constructability affected if Grade 500E beam longitudinal 

reinforcement is used in a concrete moment resisting frame and the frame is designed so 

that its structural performance is theoretically the same as a similar frame in which Grade 

300E beam longitudinal reinforcement is used”? 

5.3 Impact of Grade 500E reinforcement on 
constructability and on economic viability 

In the preceding section (and in the preceding chapter) the effect on structural 

performance of using Grade 500E reinforcement rather than Grade 300E reinforcement in 

the beams of moment resisting frames was considered, with attention focussed on the 

stiffness of frames, anchorage of reinforcement at beam-column joints, and the effect on 

the overstrength factor.  From this work it was concluded that, in contrast to current 

practice, the use of Grade 500E reinforcement does not have a disproportionate impact on 

reinforcement anchorage or overstrength requirements.  However, it is still of interest to 

consider the impact of using Grade 500E reinforcement rather than Grade 300E 

reinforcement on the constructability and cost of frames. 

The effect of using different types of reinforcement on congestion and cost is assessed in 

this section by considering two different design approaches that could be used to 

overcome the stiffness reduction that occurs if the reinforcement in a beam is changed 

from Grade 500E steel to Grade 300E steel.  The two design alternatives correspond to 

the options discussed in section 5.2.1. 
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One of the design scenarios considered represents the choice to retain the same beam 

depth when replacing Grade 300E beam reinforcement with Grade 500E beam 

reinforcement.  As discussed in section 5.2.1.1 this reduces the useable ductility of the 

frame and normally increases the earthquake design actions that the frame must be 

designed to resist.  For the analysis here it was assumed that the beam moment required is 

proportional to the earthquake design actions, and the increase was taken as the average 

of the data shown in Figure 5-3.  Hence Mn500/Mn300 = 1.3 for this scenario. 

The alternative design scenario represents the choice to design both frames so that they 

have the same yield drift and useable ductility.  Thus the earthquake design actions for 

both frames are identical, but the depth of the beams containing Grade 500E 

reinforcement must be increased by 67% over the depth of the beams containing Grade 

300E reinforcement. 

Before assessing the impact of changing from Grade 300E reinforcement to Grade 500E 

reinforcement for each scenario, it is necessary to develop methods that allow the effect 

of the change on congestion and cost to be developed.  These methods are described in 

the following two sections.  An underlying assumption (and limitation) of the study is 

that only the beams of a frame change significantly when the type beam longitudinal 

reinforcement used in a frame is changed between Grade 300E and Grade 500E steel.  

This assumption is not completely correct, because changes of beam moment capacity or 

overstrength factor will lead to alterations in the columns of a frame designed according 

to the capacity design philosophy.  However, including changes to column or joint 

detailing in the analyses would have made it impractical to consider the impact of 

changing reinforcement types except for specifically considered frames.  On balance it 

was decided that a broad, general comparison would be more instructive, even if caveats 

are attached to it. 

The analyses described here are relevant only to frame structures that are expected to 

develop significant ductility, i.e. limited ductility or full ductility using the terminology of 

New Zealand Standards.  The analyses are not relevant to frames that behave in an 

essentially elastic manner (i.e. nominally ductile frames).  This is because the analyses 

are based on the assumption that design of the frames is governed by achieving code 

specified drift limits, and hence that an increase in yield drift results in a reduction in 

usable ductility.  This assumption is not valid for predominantly elastic structures.  While 

it is not possible to validate numerically, it is probable that use of Grade 500E 

reinforcement in such structures will prove beneficial due to the reduced volume of 

reinforcement required to provide the same strength.  However, the reduced stiffness of 
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frames containing Grade 500E reinforcement could, in some cases, be problematic for 

serviceability limit state earthquake performance.  Such issues can only be determined on 

a case by case basis, and hence are beyond the scope of this research. 

5.3.1 Method for assessing reinforcement congestion 

Reinforcement congestion is widely recognised as a serious issue for ductile moment 

resisting frames.  Beam-column joints in particular are regions where reinforcement 

congestion is often a significant problem due to the need to anchor beam longitudinal 

reinforcement and provide sufficient joint shear strength.  The former requirement leads 

to large numbers of longitudinal reinforcing bars being used so that the diameter of the 

bars is small enough to allow secure anchorage.  The latter requirement leads to 

specification of close spaced multi-legged stirrup sets. 

Following the assumption that column and joint reinforcement detailing are not affected 

by switching from Grade 300E to Grade 500E beam longitudinal reinforcement, the 

degree of reinforcement congestion in the joint core will differ only due to differing 

numbers of beam longitudinal bars that must pass through the core.  The number of bars 

required is determined by the flexural tension force T.  Thus: 
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N  (5-11) 

In order to minimise the number of bars passing through the joint core the diameter of the 

bars should be maximised.  The maximum bar size permitted in design is governed by 

anchorage requirements.  Using equation 2-4 as a base and adding the factor γ, discussed 

in section 2.5.1, so that the anchorage length required for Grade 500E reinforcement 

could be disproportionately increased in the manner specified by NZS 3101:2006, it can 

be stated that: 

( )κ1fα

hu4
γd

yo

cavailb,

b +
≤  (5-12) 

The relationship between bar diameter and column depth has been kept in a generalised 

form because the similarity of the frames being compared means that many variables will 

cancel at a later stage. 
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The aim here is to compare the required number of bars of Grade 500E reinforcement 

with the required number of bars of Grade 300E reinforcement.  Creating versions of 

equations 5-11 and 5-12 that are specific to Grade 300E and Grade 500E reinforcement 

and then combining and simplifying leads to the following equation: 

300y

2

300o

2

500y

2

500o

300

500

300b

500b

fαγ

fα

T

T

N

N
=  (5-13) 

where the subscripts 300 and 500 refer to the cases using Grade 300E and Grade 500E 

beam reinforcement respectively.  It is noted that concrete strength does not influence 

equation 5-13 due to the fact that ub,avail (the only variable from equations 5-11 or 5-12 

that is related to concrete strength) is considered equal for both reinforcement types, and 

hence cancels during the development of equation 5-13 

The solution to equation 5-13 is a theoretical value only.  The calculation would only be 

accurate if, for both reinforcement types: 

• The diameter of the reinforcing bars used was exactly equal to the maximum bar 

size calculated using equation 5-12, and; 

• The number of bars used provided exactly the required tension force. 

For most real structures this is of course not the case, because reinforcing bars must be 

selected from a discrete range of sizes, and a whole number of bars must be used.  The 

congestion of reinforcement in “real” structures was investigated in this study by 

choosing a range of tension forces, column depths, concrete strengths, and available bar 

sizes, and calculating the minimum whole number of available reinforcing bars required 

to resist the specified tension force while ensuring that the bars could be anchored in the 

available column depth. 

The range of column depths, tension forces (T300), and concrete strengths considered is 

shown in Table 5-2.  The range of each of these variables covers the range likely to be 

encountered in the design of conventional structures.  Values of T500 were calculated from 

the values of T300 depending on the specific details of the design scenario being 

considered.  All the possible combinations of the variables shown in Table 5-2 were 

considered, resulting in a total of 1,008 beam-column joints that were analysed.   
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Table 5-2 Variables for analysis of beam-column joints 

Variable Minimum Maximum Step Size 

Tension force 200 kN 1,500 kN 100 kN 

Concrete strength 30 MPa 70 MPa 5 MPa 

Column depth 300 mm 1,000 mm 100 mm 

Two different methods were used to determine the maximum permissible reinforcing bar 

diameter for each beam-column joint.  Current design practice was assessed by selecting 

parameters so that equation 5-12 was equivalent to the criteria specified by 

NZS 3101:2006.  A second set of parameters were selected so that equation 5-12 reflected 

the recommendations made in this thesis.  Both sets of parameters are shown in Table 

5-3.  For both cases ub,avail/(1+κ) was calculated using assumptions that the column 

supported an axial load of '
cgfA0.1 , the beams had equal top and bottom reinforcement 

(β = 1.0), and that neither bidirectional loading or water gain would degrade the available 

bond strength. 

Table 5-3 Structural design variables for congestion analysis 

Variable NZS 3101:2006 
Thesis 

recommendations 

αo300  1.25 1.4 

αo500  1.4 1.4 

( )κ1

availb,u4

+
 

'
cf3.87  

'
cf67.3  

γ 0.8 1.0 

After calculating the maximum permissible reinforcing bar size, the maximum size that 

could actually be used was selected from a range of available sizes.  Reinforcing bar sizes 

were selected from the range produced by Pacific Steel, whose bars are most widely used 

in New Zealand.  This meant that Grade 300E and Grade 500E bars were available with 

diameters of 10, 12, 16, 20, 25 and 32 mm.  The number of reinforcing bars required was 

then generally determined by dividing the specified tension force by the nominal yield 

strength of the selected bar size and rounding up to the nearest whole number of bars.  An 

allowance was made that if the required number of reinforcing bars was within 5% of the 

next smaller whole number then the number would be rounded down.  For instance the 

number of 25 mm Grade 300E bars required to resist a 300 kN tension force would be 

2.04.  In the analysis this was rounded down to 2 bars, which was considered to be 

consistent with common design practice. 
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5.3.2 Method for assessing cost implications 

The approach taken to estimate the cost difference between frames containing Grade 

500E beam reinforcement and frames containing Grade 300E beam reinforcement is 

similar to the approach used previously to assess the impact of different reinforcement 

types on congestion.  If it is assumed that the design of the columns is similar for both 

structures, then the cost difference between the frames is due solely to differences in the 

design of the beams.  Therefore in this section a method is developed for estimating the 

cost of the beam and hence comparing costs between two different designs. 

The cost of a beam can be estimated based on the volume of concrete and steel 

reinforcement used in its construction.  For a beam of total depth hb and width bw, and 

with equal areas of top and bottom reinforcement the cost per unit length is 

approximately: 

concconcsteelsbeam χAχA2χ +=  (5-14) 

the symbol χ has been chosen to represent cost per unit volume to avoid confusion with 

symbols used elsewhere to represent compression forces, and the subscripts beam, conc, 

and steel refer to the cost per unit volume for the beam, concrete, and reinforcing steel 

respectively. 

By converting the area of reinforcement into a reinforcement ratio ρw = As/bwd and 

assuming that d = 0.9hb, the following equation can be developed: 
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Again developing specific versions of the above equation for beams containing Grade 

300E reinforcement or Grade 500E reinforcement, and then combining and simplifying 

these, the ratio of the cost of the beams can be calculated: 
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=  (5-16) 

where P500 has been introduced as a multiplier determining the premium charged for 

Grade 500E reinforcement over Grade 300E reinforcement.  The width of the beam is 

relatively unimportant to structural performance, and is unlikely to be affected by the type 
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of beam reinforcement used.  Therefore it was assumed that bw300 = bw500, which then 

cancel from equation 5-16. 

In order to proceed with the analysis to determine the relative cost of structures, prices for 

reinforcing steel and concrete had to be assumed.  Information obtained from Fletcher 

Reinforcing indicated that the costs of Grade 300E and Grade 500E reinforcement were 

approximately $2,300/tonne and $2,400/tonne respectively, indicating that P500 ≈ 1.05.  

Taking the density of steel as 7,850 kg/m3 these prices are equal to $18,055/m3 and 

$18,840/m3 respectively.  The cost of concrete, χconc is obviously dependent on concrete 

strength.  To account for this prices of $200/m3, $400/m3 and $600/m3 were considered.  

Therefore the ratio χsteel/χconc had values of 90, 45, and 30. 

5.3.3 Cost and congestion comparisons 

In order to determine whether it is sensible from a financial and construction viewpoint to 

use Grade 500E beam reinforcement in moment resisting frames, the analyses developed 

in the preceding sections were applied to the two structural design scenarios outlined at 

the beginning of section 5.3. 

In order to solve equations 5-13 and 5-16 the relative magnitudes of beam tension forces, 

beams depths, and beam reinforcement ratios must be known for frames that are similar 

except for the type of beam longitudinal reinforcement used.  If the beam dimensions are 

known it is possible to relate both the beam tension force and the reinforcement ratio to 

the required moment capacity of the frame.  Based on previously stated assumptions and 

the additional assumption that jd = 0.9d, the moment capacity of a beam is: 

y

2

bwwn fhbρ0.729TjdM ==  (5-17) 

Again developing versions of the above relationship for Grade 300E and Grade 500E 

reinforcement and then combining and simplifying, the following relationship was 

reached: 
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Thus the only information required for solution of equations 5-13 and 5-16 is the relative 

magnitudes of the beam depth, reinforcement yield stress, and required beam moment 

capacity.  These quantities are either immediately evident or have been discussed 

previously for the design scenarios considered (see 5.2.1.1).  For convenience the values 
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are summarised in Table 5-4.  Also shown in Table 5-4 are the calculated ratios of tension 

force and reinforcement ratios required to solve equations 5-13 and 5-16 respectively so 

that analyses of reinforcement congestion and beam cost can be completed. 

Table 5-4 Summary of structural design parameters 

Design choice 
Equal beam 

depth 
Equal useable 

ductility 

300y

500y

f

f
 1.67 1.67 

300b

500b

h

h
 1.0 1.67 

300nM

500nM
 1.3 1.0 

300T

500T
 1.3 0.6 

300wρ

500wρ
 0.75 0.216 

5.3.3.1 Frames with equal beam depth 

This section presents the results from comparison of frames that are identical except for 

the use of Grade 500E or Grade 300E beam longitudinal reinforcement.  This is the 

scenario previously described in which the depth of beams is kept constant for both 

reinforcement types and the reduced stiffness of frames containing Grade 500E 

reinforcement is accepted as a consequence.  It is realistic to suggest that of the two 

scenarios considered, this is the more likely to be encountered by structural engineers 

because it is representative of the situation where beam depths for a structure are fixed by 

architectural or other considerations. 

The effect on reinforcement congestion of changing from Grade 300E to Grade 500E 

beam reinforcement will be considered first.  Taking data from Table 5-4 and using 

Equation 5-13, it can be calculated that when equal beam depths are used the 

requirements of NZS 3101:2006 lead to the required number of Grade 500E reinforcing 

bars being 4.25 times larger than the required number of Grade 300E reinforcing bars.  If 

the recommendations made in this thesis are used instead, the ratio decreases to 2.17.  

This change occurs because the recommendations made in this thesis (i.e. that 
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overstrength factor and bond strength should be the same for both reinforcement types) 

are less punitive to the use of Grade 500E reinforcement. 

Tables 5-5, 5-6, and 5-7 show small extracts from the analyses of 1,008 beam-column 

joints.  The data shown is from the analyses conducted using current New Zealand 

anchorage design criteria.  The tables are presented primarily as examples of the 

calculations conducted, and the range of variables shown in the tables does not have any 

particular pertinence.  However, some interesting observations with relevance to the 

complete set of analyses can be made. 

Table 5-5 Effect of changing column depth on Nb500/Nb300 

T300 
(kN) 

hc 
(mm) 

'
cf  

(MPa) 

Max. 
db300 
(mm) 

db300 
(mm) 

Nb300 
Max. 
db500 
(mm) 

db500 
(mm) 

Nb500 
b300

b500

N

N
 

400 22.6 20 7 9.7 N/A N/A N/A 

500 28.3 25 4 12.1 12 14 3.5 

600 33.9 32 3 14.5 12 14 4.7 

700 39.6 32 3 17.0 16 8 2.7 

600 

800 

30 

45.2 32 3 19.4 16 8 2.7 

Table 5-6 Effect of changing required tension force on Nb500/Nb300 

T300 
(kN) 

hc 
(mm) 

'
cf  

(MPa) 

Max. 
db300 
(mm) 

db300 
(mm) 

Nb300 
Max. 
db500 
(mm) 

db500 
(mm) 

Nb500 
b300

b500

N

N
 

400 33.9 32 2 14.5 12 9 4.5 

500 33.9 32 2 14.5 12 11 5.5 

600 33.9 32 3 14.5 12 14 4.7 

700 33.9 32 3 14.5 12 16 5.3 

800 

600 30 

33.9 32 4 14.5 12 18 4.5 

Table 5-7 Effect of changing concrete strength on Nb500/Nb300 

T300 
(kN) 

hc 
(mm) 

'
cf  

(MPa) 

Max. 
db300 
(mm) 

db300 
(mm) 

Nb300 
Max. 
db500 
(mm) 

db500 
(mm) 

Nb500 
b300

b500

N

N
 

30 33.9 32 3 14.5 12 14 4.7 

40 39.2 32 3 16.8 16 8 2.7 

50 43.8 32 3 18.8 16 8 2.7 

60 48.0 32 3 20.6 20 5 1.7 

600 600 

70 51.8 32 3 22.2 20 5 1.7 

It is evident that for most of the analyses summarised in Tables 5-5, 5-6, and 5-7 the 

actual ratio of Nb500/Nb300 is lower than the theoretical value of 4.25 calculated previously.  
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The reason for this is that the diameter of the Grade 300E reinforcing bars in most cases 

was restricted by the largest available bar size being 32 mm, rather than by anchorage 

requirements.  Despite this observation, almost all of the joints summarised in Tables 5-5, 

5-6, and 5-7 would require at least twice as many beam reinforcing bars if Grade 500E 

reinforcement was used instead of Grade 300E reinforcement.  A corollary observation is 

that in Table 5-7 Nb500/Nb300 tends to decrease as concrete strength increases because the 

diameter of the Grade 500E bars used increases while the diameter of the Grade 300E 

bars remains constant.  No significant trends are evident in the data shown in Tables 5-5 

and 5-6.  This is logical, as equation 5-13 is not a function of flexural tension force or 

column depth.  The fluctuations evident in Tables 5-5 and 5-6 are due only to the 

stepwise nature of the analyses. 

Figure 5-6 shows a summary of the results from the complete set of 1,008 analyses.  The 

results shown in Figure 5-6 are divided into categories based on the value of Nb500/Nb300 

for each joint.  Results are shown side by side for the cases where current or proposed 

design criteria were used to determine anchorage limits.  Through close examination it 

might be noted that the sum of the data shown in Figure 5-6 is less than 100%.  The 

reason for this is that it was not possible to calculate Nb500/Nb300 for a small number of 

analyses, in which the combination of small column depth and low concrete strength 

made it impossible for any Grade 500E reinforcing bar to be anchored properly in the 

column.  One such example can be found in the first line of Table 5-5 where it can be 

seen that the maximum permitted bar size was less than 10 mm, which was the smallest 

size considered to be available. 

The data shown in Figure 5-6 for current New Zealand design provisions has a satisfying 

similarity to the subset of that data discussed previously (see Tables 5-5, 5-6, and 5-7).  

Approximately 80% of the joint designs considered required more bars when Grade 500E 

beam reinforcement was used, and a majority (56%) needed at least twice as many bars if 

Grade 500E beam reinforcement was used instead of Grade 300E beam reinforcement.  

Comparison of the data for the recommendations made in this thesis with the data for 

current New Zealand design provisions shows that the adoption of the recommendations 

made in this thesis with respect to reinforcement anchorage and appropriate overstrength 

factors would significantly reduce the negative impact resulting from the use of Grade 

500E beam reinforcement.  The general trend evident is that the adoption of the 

recommendations made in this thesis would reduce Nb500/Nb300 for any particular joint, as 

indicated by the number of beam-column joints increasing in all categories of Nb500/Nb300, 

except for Nb500/Nb300 > 2.0, which decreases significantly to 32% (in comparison to 56% 

mentioned above for current New Zealand design recommendations).  As mentioned 
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previously, the reason that the recommendations made in this thesis lead to this general 

reduction of Nb500/Nb300 is that the recommendations made in this thesis are less punitive 

to Grade 500E reinforcement than are current New Zealand design recommendations. 
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Figure 5-6 Reinforcement congestion comparison for equal beam depth scenario 

Figures 5-7 and 5-8 show surface plots comparing how the number of bars required is 

affected by column depth and concrete compressive strength.  It was noted that the 

tension force chosen had no significant impact on Nb500/Nb300, but that the value of this 

ratio fluctuated somewhat depending on the exact tension force chosen.  To remove the 

scatter that this fluctuation caused, the values calculated for fourteen different tension 

forces were averaged to obtain a single value for each combination of concrete strength 

and column depth.  Although the resulting data still contains some spikes, it is clearly 

evident that use of Grade 500E beam reinforcement is most detrimental if the selected 

column depth is small and/or the concrete strength is low.  Conversely, use of Grade 

500E beam reinforcement potentially reduces reinforcement congestion when high 

strength concrete is used in large columns.  This would particularly be the case if the 

recommendations in this thesis were adopted, in which case a large range of designs 

would fall within the region where use of Grade 500E beam reinforcement would be 

beneficial (i.e. have Nb500/Nb300 < 1.0). 

Next considering how reinforcement type affects cost, Figure 5-9 shows the cost of 

beams containing Grade 500E relative to the cost of beams containing Grade 300E 

longitudinal reinforcement.  Results are shown for three different ratios of steel to 
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concrete price.  Current New Zealand prices are such that the data relating to 

χsteel/χconc = 90 are most relevant.  Equation 5-16, with which the data in Figure 5-9 was 

calculated, is not impacted by the recommendations related to overstrength and anchorage 

that have been made in this thesis.  Hence there is only one set of data plotted. 
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Figure 5-7 Surface plot showing effect of concrete strength and column depth on Nb500/Nb300 
when NZS 3101 recommendations are used 
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Figure 5-8 Surface plot showing effect of concrete strength and column depth on Nb500/Nb300 
when thesis recommendations are used 
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It can be seen that for all reinforcement ratios the cost of beams is approximately 10% 

less if Grade 500E reinforcement is used instead of Grade 300E reinforcement.  This 

result was predictable because the volume of concrete in both beams is similar, but the 

volume of reinforcement required when Grade 500E reinforcement is used is only 75% of 

the volume required when Grade 300E reinforcement is used, despite the structure using 

Grade 500E reinforcement having to resist larger design actions.  The slight trend for the 

relative cost of Grade 500E reinforced beams to decrease as reinforcement ratio increases 

occurs because the absolute steel volume difference is greater in more heavily reinforced 

beams. 
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Figure 5-9 Beam cost comparison for equal beam depth scenario 

In summary, if architectural or other considerations preclude alteration of the beam depth, 

the decision to use Grade 500E beam reinforcement in a structure will generally lead to 

more reinforcement congestion but will reduce the cost of the beams in comparison to a 

similar structure designed using Grade 300E beam reinforcement.  The congestion 

increase would be severe in most cases using current design rules, but would be 

significantly decreased if the recommendations made in this thesis were adopted by 

NZS 3101.  It must be recognised that the conclusion regarding reduced cost refers only 

to the cost of the beams themselves.  The larger design actions resulting from the use of 

Grade 500E beam reinforcement would require more reinforcement in the joints and 

columns of the structure.  It is probable that the cost increase due to this additional 

reinforcement would exceed the savings made in the beams, and thus that the total 

structure cost would increase or at best remain equal.  On this basis it must be concluded 
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that it is more beneficial to use Grade 300E beam reinforcement because doing so will 

reduce congestion and have a positive (or zero) impact on structural cost. 

5.3.3.2 Frames with equal ductility 

The second design scenario considered covers cases where engineers have some freedom 

to adjust frame dimensions and choose to adjust beam depths so that the theoretical 

performance of a frame is the same whether Grade 300E or Grade 500E beam 

reinforcement is used.  Taking the parameters for this scenario from Table 5-4 and using 

them in equation 5-18 shows that T500/T300 = 0.6, and ρw500/ρw300 = 0.216.  The analyses 

conducted for this scenario were similar to those presented for scenario one in the 

previous section.  To minimise repetition a briefer summary of the results is presented 

here. 

Figure 5-10 shows the relative number of beam bars required for beams reinforced with 

Grade 500E and Grade 300E reinforcement.  Comparing Figure 5-10 to the equivalent 

graph from the previous scenario (Figure 5-6) shows significant differences.  In contrast 

to the previous scenario, in which use of Grade 500E was highly likely to increase 

congestion in the beams, Figure 5-10 shows that if beams are designed to have equal 

stiffness and the same moment capacity then use of Grade 500E reinforcement in 

conjunction with existing design criteria results in the same number or less reinforcing 

bars being required for approximately half of the beam-column joints considered.  If the 

design criteria recommended in this thesis are adopted for the analysis, use of Grade 500E 

reinforcement results in the same or a reduced number of bars being required for 

approximately 90% of cases. 

The reason that the results shown in Figure 5-10 are so different to those obtained for 

scenario one is that the greater beam depth reduces the flexural tension force required for 

the beam to have the same moment capacity.  In addition to the effects on the number of 

beam bars required, the reduced tension force and increased beam depth that result in a 

frame with equal strength and ductility when using Grade 500E beam reinforcement are 

likely to reduce congestion elsewhere in the structure.  Specifically, the reduced flexural 

tension force will reduce the shear force in the adjacent joint, and the increased beam 

depth will increase the depth of the joint.  Thus it is likely that less joint shear 

reinforcement will be required, and there will be more space available in which to place 

this reinforcement. 
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Figure 5-10 Reinforcement congestion comparison for equal ductility scenario 

Surface plots similar to those shown in Figures 5-7 and 5-8 were generated for the equal 

ductility scenario, but are not presented here.  The trends in the plots were identical to 

those described in the previous section, i.e. that use of Grade 500E beam reinforcement is 

more beneficial if high strength concrete is used, and/or the frame has deep columns. 

Figure 5-11 shows data indicating the relative cost of beams containing Grade 500E and 

Grade 300E beam reinforcement.  Compared to the similar plot shown for the previous 

scenario, the data in Figure 5-11 is much more dependent on the beam reinforcement 

ratio.  This dependency is due to the fact that for small reinforcement ratios the reduced 

volume of reinforcement required in the beam using Grade 500E reinforcement does not 

offset the cost increase due to the larger volume of concrete used.  However, for the data 

best representing current New Zealand material prices (χsteel/χconc = 90), use of Grade 

500E beam reinforcement reduces the total cost for almost all reinforcement ratios shown.  

It is also important to note that the primary x-axis in Figure 5-11 shows ρw300.  As is 

evident from the second x-axis, many of the values shown would result in the 

reinforcement ratio of the beam containing Grade 500E reinforcement being lower than 

the minimum reinforcement ratio allowed by NZS 3101.  For instance if ρw300 = 1.2% 

then 0.26%0.2161.2ρ 500w =×= , which would only be permitted by NZS 3101 if 

MPa27f '
c < .  This indicates that for all realistic beams it would be cheaper to increase 

the depth of the beam and use Grade 500E reinforcement than to use a more heavily 

reinforced beam containing Grade 300E reinforcement. 
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Figure 5-11 Beam cost comparison for equal ductility scenario 

In summary, if the structural designer has freedom to adjust the beam depths used in a 

frame, it is probable that economic viability and constructability will be maintained or 

improved if deep beams reinforced with Grade 500E reinforcement are used instead of 

shallower beams reinforced with Grade 300E reinforcement.  This choice is also likely to 

reduce congestion in the joint cores because the shear force acting on the joints will be 

reduced and the volume of the joints increased. 

5.3.4 Discussion of results 

It may be noted that the conclusions reached in section 5.3 differ significantly from the 

conclusions reached in an earlier paper that used similar methods (Brooke et al. 2005).  In 

stark contrast to the earlier work it has been suggested here that use of Grade 500E 

reinforcement is financially neutral or beneficial in many cases, whereas it was previously 

found that it was almost always more expensive to use Grade 500E beam reinforcement 

instead of Grade 300E beam reinforcement (Brooke et al. 2005).  Minor differences can 

be found between the analysis methods and parameters used here and in the earlier paper, 

and the analyses presented in this thesis are more complete.  However, by far the most 

significant factor contributing to the revised conclusions is that the price of reinforcing 

steel has increased by approximately 115% in the intervening period while the price of 

concrete has remained almost unchanged.  In relation to equation 5-16 this change in the 

cost of construction material means that χsteel/χconc is now 90, whereas it was 

approximately 45 when Brooke et al. (2005) published their paper.  If this fact is kept in 
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mind while Figure 5-10 is compared with the earlier paper it will be evident that the 

results are similar. 

The discussion above raises a concern that the results of the analyses presented here could 

again be made redundant by rapid material price changes.  The main aim of presenting 

equation 5-16 in non-dimensional form was to avoid this by allowing easy reassessment 

of economic viability if price changes meant that the range of values specifically 

referenced in this thesis was no longer sufficient. 

5.4 Conclusions 

The focus of this chapter has the perceived and actual effects of using Grade 500E beam 

longitudinal reinforcement on the performance of moment resisting frames.  It was stated 

early in the chapter that the aim would be to consider a broad range of performance rather 

than just structural performance, which was achieved by conducting simplified analyses 

to assess how economic viability and constructability would be affected by the use of 

Grade 500E reinforcement. 

It was noted that three main issues have lead to concerns that the use of Grade 500E 

reinforcement could detrimentally affect the structural performance of moment resisting 

frames.  These issues relate to the stiffness of members and the useable ductility, the 

ability to anchor beam reinforcement at interior beam-column joints, and the need to use a 

greater overstrength factor when plastic deformation of Grade 500E reinforcement is 

expected. 

Using data from the database of beam-column joints described in Chapter 4 it was 

concluded that a method suggested by Priestley (1998) could accurately predict the yield 

drift of moment resisting frames.  Therefore it was concluded that the useable ductility of 

moment resisting frames with identical member dimensions was dependent on the yield 

strength of the beam reinforcement.  Two methods were suggested for accommodating 

this fact.  The first of these methods was to accept the reduced ductility and use design 

actions that were approximately 25% higher if Grade 500E beam reinforcement was 

chosen.  The second method was to increase the depth of the beams used so that the 

stiffness and useable ductility remained the same regardless of the type of reinforcement 

used. 

Also using data from the previously described database, it was shown that the yield 

strength of reinforcement used had no impact on the overstrength developed in beam-
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column joint tests.  It was concluded that the overstrength factor used for design should 

be 1.4 regardless of the type of beam reinforcement used.  This finding is in contrast to 

current New Zealand design practice, which allows a lower overstrength factor to be used 

for Grade 300E reinforcement. 

Due to the extensive coverage given to the issue in preceding chapters, only a brief 

discussion was given on the anchorage of Grade 500E reinforcement in beam-column 

joints.  The conclusion reached was that such anchorage issues did not preclude the use of 

Grade 500E reinforcement because it was possible to reduce the bar diameter used and 

thus not affect the dimensions of the frame. 

The second part of the chapter focussed on assessing how the previously suggested 

methods for overcoming the problems associated with use of Grade 500E reinforcement 

would impact on the economic viability and constructability of moment resisting frames.  

Simplified analyses were conducted that estimated the relative cost change associated 

with choosing Grade 500E reinforcement and the relative change in the number of beam 

reinforcing bars required.  Two scenarios were analysed, examining the cases where 

frames with either equal member dimensions or equal stiffness were being designed.  

Two sets of design assumptions were used, the first being current New Zealand design 

criteria and the second being based on the recommendations made elsewhere in this 

thesis. 

The analysis of frames with equal member dimensions showed that in most cases a 

greater number of reinforcing bars were required if Grade 500E reinforcement was used.  

Trends were identified showing that the impact of using Grade 500E reinforcement was 

dependent on the concrete strength and column depth of the frame, with Grade 500E 

reinforcement being less detrimental or even beneficial to the performance of frames 

constructed with high strength concrete and/or large column depths.  The economic 

analysis of frames with equal member dimensions showed that the cost of the beams was 

likely to decrease if Grade 500E reinforcement was used.  However, it was noted that the 

cost of other parts of the frame were likely to increase due to the larger design actions that 

should be applied when Grade 500E beam reinforcement was used in the frame. 

When frames of equal stiffness were analysed, it was found that use of Grade 500E 

reinforcement lead to the same number or less beam reinforcing bars being used for most 

frames.  A similar trend was reported for Grade 500E beam reinforcement to be more 

beneficial in conjunction with high strength concrete or large column depths.  

Economically it was found that use of Grade 500E reinforcement would normally be 
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beneficial due to the deeper beams used requiring less reinforcement to give the same 

moment capacity. 

Overall, it was concluded that the use of Grade 500E beam reinforcement is likely to be 

beneficial if the engineer designing a frame has freedom to appropriately adjust beam 

depths to compensate for the reduced stiffness of members containing Grade 500E 

reinforcement.  In contrast, if the member depth is fixed by architectural or other 

considerations then it was concluded that use of Grade 500E reinforcement was unlikely 

to be financially beneficial. 

Several of the conclusions drawn in this chapter contradict the conclusions reached by 

similar research published previously (Brooke et al. 2005).  A small part of the 

differences can be attributed to modifications made to the methodology used.  However, 

the main reason for the different conclusions is that the price of reinforcing steel has 

increased by around 115% since the earlier paper was published, while the price of 

concrete has remained similar.  This relative change in the cost of construction materials 

makes it more cost effective to use a deep, lightly reinforced beam than a shallow heavily 

reinforced beam because the cost of the extra concrete volume does not exceed the 

savings from reducing the reinforcement volume. 
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Part 2: 
 

Inorganic Polymer 
Concrete 

Beam-Column Joints 

Scope 

Part 2 of this thesis describes an isolated study on the behaviour of beam-column 

joints constructed using inorganic polymer concrete, which is a material that has 

similar structural properties to Portland cement concrete but contains significantly 

lower levels of embodied carbon dioxide. 

It is acknowledged that Part 2 is the least substantial of the parts making up this 

thesis.  However, in addition to providing a contribution to improving the 

sustainability of concrete structures, the work described was also important to Part 

3 of this thesis because experimental problems described herein provided the 

motivation for development of an improved test setup as discussed in Part 3. 
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Chapter 6  

INORGANIC POLYMER CONCRETE 
BEAM-COLUMN JOINTS 

6.1 Overview 

Chapter 6 describes the research that was conducted for Part 2 of this thesis, which 

investigated the response of reinforced inorganic polymer concrete structural elements to 

simulated earthquake loading.  Inorganic polymer concrete is concrete manufactured 

using inorganic polymers as a binder, rather than conventional Portland cement.  This 

alteration to the makeup of concrete has the potential to dramatically reduce the 

environmental impacts resulting from the use of concrete.  The inorganic polymer 

concrete structural elements tested were interior beam-column joints.  Beam-column 

joints were chosen so that the research was cohesive with the other two parts of this 

thesis. 

In contrast to Parts 1 and 3 of this thesis, the descriptions of which each span several 

chapters, the entirety of Part 2 of this thesis is reported in Chapter 6.  Therefore, three 

distinct topics are covered in Chapter 6.  The three topics considered in this chapter are: 

• A brief literature review describing inorganic polymers; 

• A detailed description of the motivation for using inorganic polymers instead of 

Portland cement; and 

• A description of the beam-column joint test programme that was conducted, along 

with results from the testing. 
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Additionally, Chapter 6 describes difficulties encountered with the test method used for 

the testing described in this chapter and also in Chapter 3.  These difficulties led to the 

development of an improved test method that is described in Chapter 8 and Appendix C. 

6.2 Anthropogenic climate change 

It is generally accepted that the earth’s climate is being affected by human activities.  

These anthropogenic climate changes are often referred to colloquially as “global 

warming”, or “the greenhouse effect”, and are believed to be caused by increasing 

atmospheric concentrations of so-called “greenhouse gases”, i.e. gases such as carbon 

dioxide, methane, and nitrous oxide that cause heat to be trapped in the earth’s 

atmosphere. 

In 1992 the United Nations Framework Convention on Climate Change (UNFCCC) was 

introduced as the first significant global step toward controlling global climate change 

caused by human activities.  Although an important document, the UNFCCC was 

necessarily vague in specifying how countries might achieve its chief objective, which 

was “to achieve stabilization of greenhouse gas concentrations in the atmosphere at a low 

enough level to prevent dangerous anthropogenic interference with the climate system” 

(United Nations 1992). 

The next significant step towards avoiding climate change was The Kyoto Protocol 

(United Nations 1997), which was adopted in 1997.  The purpose of this document was to 

provide mechanisms for achieving the objective of the UNFCCC.  The overarching goal 

of the Kyoto Protocol was to reduce anthropogenic greenhouse gas emissions from 

developed countries to 95% of 1990 levels by 2012.  This would be achieved by setting 

individual, legally binding emissions targets for developed countries. 

The targets for individual countries required that emissions between 2008 and 2012 are 

limited to between 92% and 110% of 1990 emissions levels.  In 1997, 84 countries signed 

the Kyoto Protocol.  At that stage the protocol was not legally binding.  In order for the 

protocol to be legally binding on any country, the following statements had to become 

true: 

• The country must have ratified the protocol. 

• A total of at least 55 countries must have ratified the protocol. 
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• The 1990 greenhouse gas emissions of developed (“Annex 1”) countries that have 

ratified the protocol must represent at least 55% of the total anthropogenic 

emissions by developed countries in 1990. 

For New Zealand, the last of these conditions was fulfilled when Russia ratified the 

protocol in late 2004.  From that time New Zealand has been bound to meet the 

requirements of the Kyoto Protocol, which requires New Zealand to limit emissions 

between 2008 and 2012 to the level recorded in 1990.  New Zealand’s greenhouse gas 

emissions in 2005 were 24.7% higher than 1990 emissions (Petrie 2007).  The New 

Zealand government aims to meet its Kyoto Protocol obligations by the introduction of an 

uncapped emissions trading scheme (Ministry for the Environment 2009), with an initial 

cap (until 2012) on the cost of carbon dioxide emissions of NZ$25 per tonne. 

6.2.1 Concrete in relation to global climate change 

Concrete is amongst the most important resources of humankind.  It is widely quoted that 

the volume of concrete used by mankind each year is greater than the volume of any other 

material except water (Mehta and Monteiro 2006).  Furthermore, in many respects 

concrete is a sustainable, environmentally friendly material.  This is due in large part to 

the local availability of raw materials suitable for producing high quality concrete, and 

also due to other aspects such as the typically long service life of concrete and low 

maintenance requirements.  However, concrete production is a significant source of 

greenhouse gases.  This is because Portland cement is one of the key ingredients of 

concrete, and the production of Portland cement creates large amounts of carbon dioxide.  

The amount of carbon dioxide released into the atmosphere during the production of one 

tonne of Portland cement varies depending on the efficiency of the kilns used to produce 

the clinker, but is approximately one tonne of carbon dioxide per tonne of cement 

(CIEMA 2001). 

Internationally cement production accounts for approximately 7% of anthropogenic 

carbon dioxide emissions (Malhotra 1999).  In comparison, the total carbon dioxide 

emissions resulting from cement production in New Zealand are relatively low at 

approximately 1,000,000 per annum tonnes (CIEMA 2001), or 1.3% of total New 

Zealand emissions.  Despite the relatively small volume of carbon dioxide emitted by the 

New Zealand cement industry, government policy during the last decade has obligated the 

cement industry to demonstrate a commitment to minimise carbon dioxide emissions, and 

to follow world best practice to achieve this.  This obligation has been a motivating factor 
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for a New Zealand cement producer to invest in research on inorganic polymers 

(McSaveney 2003). 

6.3 Inorganic polymer concrete 

Inorganic polymer is one of a number of terms used to describe a family of binders or 

cements that have a polymeric silicon-oxygen-aluminium structure similar to that found 

in zeolitic materials.  These materials are also commonly referred to as geopolymers.  

Inorganic polymers may be synthesised at ambient or higher temperature by alkaline 

activation of aluminosilicate obtained from industrial by-products such as coal ash and 

blast furnace slag (Allahverdi and Skvara 2001; Cheng and Chiu 2003; Krivenko 1994; 

Palomo et al. 1999), as well as calcined clays (Palomo and Glasser 1992; Rahier et al. 

1996), melt-quenched aluminosilicates (Hos et al. 2002), natural minerals (Xu and Van 

Deventer 2003), or mixtures of two or more of these categories (Xu and Van Deventer 

2002).  Inorganic polymers are considered to be a viable substitute for Portland cement in 

many applications, and as with Portland cement binders, filler materials or aggregates 

may also be used to optimise desired concrete properties including strength and density 

(Meyer et al. 2000; Phair et al. 2001). 

Numerous studies have investigated the chemical and mechanical properties of various 

inorganic polymer materials.  In general, inorganic polymers have been shown to exhibit 

the following properties (Harper et al. 2002): 

• High compressive strength 

• Good abrasion resistance 

• Rapid and controllable setting and hardening 

• Fire resistance to temperatures greater than 1000ºC and no emission of toxic fumes 

when heated 

• High level of resistance to a range of different acids 

• Low shrinkage 

• Low thermal conductivity 

• Excellent adhesion to fresh and hardened concrete substrates, steel, glass, and 

ceramics 

• Excellent surface definition when replicating mould patterns. 

• Inherent protection of steel reinforcement due to high residual pH. 
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It is important to note that not all inorganic polymer products will possess all of these 

properties.  The properties of inorganic polymers are highly dependent upon raw material 

composition and synthesis conditions.  Tailoring the chemistry of inorganic polymers 

gives rise to a diverse range of possible applications for inorganic polymer products in the 

construction and building products industries (see Figure 6-1). 

As shown in Figure 6-1, inorganic polymers have the potential to be used as a 

replacement for Portland cement concretes.  A particular advantage resulting from the 

replacement of Portland cement with inorganic polymers is a dramatic reduction in the 

amount of carbon dioxide emitted due to concrete production.  Depending on where 

component materials are sourced from, the production of inorganic polymer creates 

approximately 20% of the carbon dioxide created by Portland cement production.  

Production of one tonne of inorganic polymer produces approximately 184 kg of carbon 

dioxide (Davidovits 2002) compared to approximately 1,000 kg of carbon dioxide 

emitted during the production of one tonne of Portland cement (CIEMA 2001). 

 

Figure 6-1 Potential applications of inorganic polymer technology (Harper et al. 2002) 

6.3.1 Structural inorganic polymer concrete 

If inorganic polymer concrete is to be used for structural purposes it is essential that its 

structural performance can be accurately predicted.  Furthermore, if inorganic polymer 

concrete is to be used to replace Portland cement concrete for structural purposes, it 

would be beneficial if the structural performance of the two types of concrete was similar.  
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Such similarity would dramatically simplify the introduction of inorganic polymer 

concrete because it would enable existing standards to be used without alteration to 

design inorganic polymer concrete structural components (McSaveney 2003). 

Limited research has previously been published on the structural performance of 

reinforced inorganic polymer concrete beams (Chang et al. 2007; Sumajouw et al. 2005) 

and columns (Sumajouw et al. 2007) subjected to monotonic loading.  The results of this 

prior research suggest that reinforced inorganic polymer concrete behaves in a similar 

manner to reinforced Portland cement concrete when subjected to monotonic loadings, 

and that existing standards can safely be used to design reinforced inorganic polymer 

concrete members.  The research presented here is believed to be the first to investigate 

the seismic behaviour of inorganic polymer concrete structural components. 

A further aspect that must be considered before structural use of inorganic polymers 

becomes feasible is their durability, which is not yet fully verified.  However, inorganic 

polymers are chemically similar to zeolites, which are stable over geologic timescales of 

10,000 years or more.  It has been suggested that the pyramids of Egypt are constructed 

from inorganic polymers (Davidovits 1988).  If this theory is correct, it would indicate 

that inorganic polymers can endure the elements for over 4,000 years.  Recent research 

using standard concrete durability test methods has indicated that inorganic polymer 

concrete is more durable than ordinary 35 MPa Portland cement concrete (Barnes and 

Gjerde 2007). 

6.4 Experimental programme 

The response of inorganic polymer concrete structural elements to earthquake induced 

forces has not previously been considered by researchers.  As a first step towards 

addressing this issue, three inorganic polymer concrete beam-column joints were 

designed using the New Zealand concrete design standard (DZ 3101.1 rel.2 2004) and 

then subjected to simulated earthquake loading.  A fourth beam-column joint constructed 

from Portland cement concrete was tested at the same time.  Aside from the concrete type 

used, this fourth joint was identical to one of the inorganic polymer beam-column joints, 

and therefore acted as a control unit to enable direct comparison between the performance 

of the two types of concrete. 

It is recognised that the (limited) extent of the experimental programme described here 

means that the results of the programme cannot be used to unequivocally define the 

structural performance of inorganic polymer concrete.  Specifically, the limitations of the 
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programme are that it considers the behaviour of only a limited number of test specimens, 

and only one type of inorganic polymer (developed by Siloxo Pty Ltd.) was used during 

the programme.  However, the experimental programme was never intended to answer all 

questions regarding the structural use of inorganic polymer concrete, and it was felt that 

the research conducted had value as the first known testing of inorganic polymer concrete 

structural components that were subjected to simulated earthquake loading. 

6.4.1 Test units 

The four beam-column joints tested for Part 2 of this thesis are shown in Figures 6-2, 6-3, 

and 6-4.  The external dimensions of the units differed from those of units 1B-4B tested 

for Part 1 of the thesis, but the units were still approximately ⅔ scale models of joints 

from a one-way moment resisting frame.  The dimension that differed most significantly 

between units 1B-4B and units L.IP, M.IP, M.PC and H.IP was the overall length of the 

column.  The shorter column length of 2,600 mm (compared to 3,400 mm for units 1B-

4B) was chosen so that an oversize load permit was not required when the beam-column 

joints were transported from the production facility to the test facility by road (see section 

6.4.2 for details of the off-site construction process).  It was anticipated that the 

performance of the test units would not be affected by the reduced column length. 

4
5

Section B-B

170170
1

5
5

Reinforcement layout

as in opposite side

4
0
0

600

5
5
0

220

A

A

2300

B B

Joint core reinforcement:

6 sets R10 stirrups

Column reinforcement

10-D16 bars

Beam reinforcement

5-D16 top and bottom

1
0
2

5

All dimensions measured in millimetres

12 sets R10 @ 100 c/c6 sets R10 @ 225 c/c
5
5

0
1
0

2
5

6002300

10 sets R10 @ 100 c/c

All concrete

placed in-situ

25 mm cover

to stirrups

Section A-A

170

 

Figure 6-2 Reinforcement details of unit L.IP 

The four beam-column joints were designed using the capacity design procedures 

specified by the New Zealand concrete standard.  The units were designed during the 

period when a draft revision of the standard was available (DZ 3101.1 rel.2 2004).  This 
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draft was used during the design process.  The specified concrete strength for all units 

was 
'

cf = 30 MPa.  This value was dictated by the strength of inorganic polymers that 

could reliably be produced at the time using New Zealand waste streams. 
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Figure 6-3 Reinforcement details of unit M.IP and M.PC 
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Figure 6-4 Reinforcement details of unit H.IP 

Reinforcement details for the units were decided by selecting a desired reinforcement 

arrangement for the beams, and then either designing other aspects of the units to meet 

capacity design requirements or deliberately under-designing aspects to promote different 

failure mechanisms.  The beam-column joints were given designations referring to their 
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beam reinforcement ratios and the type of concrete used: thus L.IP, M.IP and H.IP were 

inorganic polymer concrete units with low, medium and high reinforcement contents 

respectively, and M.PC was a Portland cement concrete unit with medium reinforcement 

content.  Table 6-1 gives information about several aspects of the designs of units L.IP, 

M.IP, M.PC, and H.IP. 

NZS 3101 places upper and lower limits on the permitted longitudinal reinforcement ratio 

of beams in which plastic hinges are intended to form.  These limits are to ensure that the 

beams behave in the intended ductile manner.  It is required that: 
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where ρw is the beam longitudinal reinforcement ratio: 
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and As is the area of (tension) longitudinal reinforcement in the beam, bw is the web width 

of the beam, and d is the effective depth of the beam.  In Table 6-1 the beam 

reinforcement ratio for each unit is shown relative to the minimum and maximum value 

that would be permitted for that unit.  This value was calculated as: 
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ρρ

ρρ
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where ρw,min and ρw,max are the limiting values from equation 6-1.  A unit with the 

minimum permitted reinforcement would have ζ = 0%, and a unit with the maximum 

permitted reinforcement would have ζ = 100%.  The beam reinforcement ratios for the 

three inorganic polymer beam-column joints were chosen so that they were distributed 

from close to the minimum permitted reinforcement ratio to close to the maximum 

permitted reinforcement ratio. 

Horizontal and vertical joint shear reinforcement is shown in Table 6-1 as a proportion of 

the amount required by NZS 3101:2006.  The effective strength of the horizontal joint 

shear reinforcement was calculated assuming that the stress in the stirrup sets adjacent to 

the top and bottom beam longitudinal reinforcement would only reach half of the nominal 

yield stress (Lin 1999).  The vertical joint shear strength was determined using the 

standard New Zealand assumption that the intermediate column longitudinal 

reinforcement would function as vertical joint shear reinforcement.  Table 6-1 shows that 
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the amount of horizontal and vertical joint shear reinforcement provided in all units was 

approximately equal to the requirements of NZS 3101. 

Table 6-1 Design details for units L.IP, M.IP, M.PC, and H.IP 

Joint shear reinforcement 

Unit Concrete type 

Relative 
beam 

reinforcement 
ratio, ζ 

Horizontal 
prov./req. 

Vertical 
prov./req. 

Reinforcement 
anchorage 
prov./req. 

L.IP Inorganic polymer 27% 98% 105% 212% 

M.IP Inorganic polymer 58% 95% 95% 73% 

M.PC Portland cement 58% 95% 95% 73% 

H.IP Inorganic polymer 76% 124% 116% 170% 

It was decided that designing all units to comply fully with existing design guidelines 

would reduce the value of comparisons that could be drawn between Portland cement 

concrete and inorganic polymer concrete.  Consequently, units M.IP and M.PC were 

designed so that their column depth was approximately 75% of the depth required 

according to equation 2-9, or approximately 60% of the depth required if the factor γ was 

included (see section 2.5.1).  As shown in Table 6-1, the column depths of units L.IP and 

H.IP considerably exceeded the depths required to satisfactorily anchor the beam 

longitudinal reinforcement. 

Based on the design factors discussed above, it was expected that units L.IP and H.IP 

would perform satisfactorily during testing, and that the performance of units M.IP and 

M.PC would be influenced by the occurrence of bond failure during testing. 

6.4.2 Construction 

Units L.IP, M.IP, M.PC, and H.IP were constructed at an Auckland precast concrete 

factory.  The construction process was similar to that used for units 1B-4B and described 

in section 3.3.  An exception to this statement was the fact that the greater space available 

at the precast factory allowed all four beam-column subassemblies to be constructed 

simultaneously.  In common with units 1B-4B, units L.IP, M.IP, M.PC, and H.IP were 

cast in a horizontal position.  This casting procedure meant that the depth of fresh 

concrete underneath the beam longitudinal reinforcement as it passed through the beam-

column joint was less than 300 mm.  Figure 6-5 shows the four beam-column joints 

during construction. 

As was the case for units 1B-4B, the reinforcing cages for units L.IP, M.IP, M.PC, and 

H.IP were assembled from reinforcing bars that were pre-cut to length and bent to shape 
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where necessary by the supplier of the reinforcement.  The reinforcement used in units 

L.IP, M.IP, M.PC, and H.IP had two unusual features: 

• The beam transverse reinforcement was bent as a continuous spiral rather than as a 

series of individual stirrups, as shown in Figure 6-6; 

• The column transverse reinforcement consisted of single piece stirrup sets similar 

to those described by Castro and Imai (2004), rather than multiple stirrups and 

auxiliary cross ties as is common in New Zealand (see Figure 6-7 and Figure 6-8). 

These experimental reinforcement types were included in units L.IP, M.IP, M.PC, and 

H.IP to assess their effect on the construction process.  The use of continuous spirals of 

transverse reinforcement was found to be ineffective, because it did not simplify 

construction of the reinforcing cage.  Indeed, it was more difficult to accurately space the 

transverse reinforcement due to the tendency of the spiral to contract like a spring.  

However, the total volume of the transverse reinforcement was somewhat reduced, as 

substantially fewer standard hooks were required for anchorage purposes.  The single 

piece column stirrups had a markedly positive effect on both the ease and accuracy with 

which the reinforcing cages could be assembled.  It is noted however that the single piece 

stirrups as used in this research do not comply with the New Zealand Concrete Structures 

Standard (NZS 3101:2006) because the hook angle anchoring each end of the stirrup is 

less than the required 135°, although the tails of the hooks were well anchored in core 

concrete. 

 

Figure 6-5 Inorganic polymer concrete beam-column joints during construction 
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Figure 6-6 View of beam reinforcing cage showing continuous spiral transverse 
reinforcement 

(a) (b)

15 bar diameter tail length

 

Figure 6-7 Schematic of single piece column ties for (a) 14 bar and (b) 10 bar columns 

  

Figure 6-8 Photos of single piece column ties for (left) 14 bar and (right) 10 bar columns 

Both Portland cement and inorganic polymer concretes were mixed in the batching plant 

on site at the precast concrete factory using conventional mixing equipment.  The 

Portland cement concrete was mixed according to a conventional mix design provided by 
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the precast concrete factory, while the inorganic polymer concrete was mixed by staff 

from Golden Bay Cement using a proprietary mix design developed by Siloxo Pty Ltd.  

Both concrete types were transported in 1 m3 skips from the batching plant to the 

production area, where the concrete was placed and finished in a similar manner to 

conventional Portland cement concrete.  The only significant change from conventional 

practice necessitated by the use of inorganic polymer concrete was to ensure that concrete 

placers were wearing protective gloves and glasses, which were required due to the high 

alkalinity of inorganic polymer concrete. 

The test units were cast in timber formwork placed on a steel bed usually used for casting 

wall panels.  Although this bed was heated as is common in precast plants, it is unlikely 

that this had a significant effect on the curing of the test units as there was a substantial 

air gap between the heated steel bed and the timber formwork.  The timber formwork was 

stripped from the units approximately 18 hours after casting, and the units were lifted 

from the casting bed approximately 36 hours after casting.  The units were then stored at 

the precast factory until they were transported by truck to the Civil Engineering Test Hall.  

Due to space constraints the units were delivered to the university in pairs.  Units L.IP 

and M.IP were delivered first, with units M.PC and H.IP delivered after the first two units 

had been tested and removed from the test facility. 

6.4.3 Material properties 

All reinforcement used in units L.IP, M.IP, M.PC, and H.IP was provided by Pacific 

Steel.  The reinforcement was classified by the manufacturer as ductile class “E” 

reinforcement in accordance with the requirements of AS/NZS 4671:2001.  Samples of 

beam and column longitudinal reinforcement were taken at random from the 

reinforcement used and were tested in a 1,000 kN capacity Avery testing machine to 

assess the material properties of the reinforcement.  For reasons related to the test units 

being constructed at a precast factory, it was not possible to obtain sufficient excess 

reinforcement to conduct three tests on each type of bar.  Two samples each of D20 and 

HD25 reinforcement were tested, along with a single sample of D16 reinforcement.  

Stress-strain responses for the reinforcement are shown in Figures 6-9, 6-10, and 6-11, 

and the results of the tests are summarised in Table 6-2.  Figures 6-9, 6-10, and 6-11 

show that the strain when the ultimate strength was reached was greater than 0.15 for 

Grade 300E reinforcement, and greater than 0.1 for Grade 500E reinforcement.  These 

values, in conjunction with the ultimate to yield strength ratios listed in Table 6-2, 

indicate that the reinforcement was compliant with AS/NZS 4671:2001. 
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Table 6-2 Reinforcement properties for units L.IP, M.IP, M.PC, and H.IP 

Bar Type Unit fy (MPa) fu (MPa) fu/fy 

D16 L.IP 325 470 1.45 

D20 M.IP, M.PC, H.IP 315 465 1.48 

HD25 M.IP, M.PC 552 680 1.23 
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Figure 6-9 Stress-strain response of D16 reinforcement used in unit L.IP 
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Figure 6-10 Stress-strain response of D20 reinforcement used in units M.IP, M.PC, and H.IP 
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Figure 6-11 Stress-strain response of HD25 reinforcement used in units M.IP and M.PC 

The specified unconfined compressive strength of both the inorganic polymer and 

Portland cement concretes at an age of 28 days was 30 MPa.  During the construction 

process, numerous concrete cylinders were cast.  These cylinders were later used to 

measure the compressive strength of the concretes in accordance with NZS 3112.2.  

Cylinders were tested when the concrete was 1, 8, 20, 28, and 56 days old, and all 

cylinder tests were conducted by staff at the precast factory where the units were 

constructed.  The results for both Portland cement and inorganic polymer concretes are 

shown in Figure 6-12.  It can be seen that the rate of strength increase was similar for 

both mixes and that both mixes achieved a 28 day strength of 35 MPa, and continued to 

increase in strength gradually after that time. 

A misunderstanding regarding the number of concrete test cylinders being cast and the 

use for which these were intended lead to cylinders not being available for concrete 

strength measurement on the day of testing each individual beam-column joint unit.  Due 

to this oversight, the concrete strengths for all units were assumed to be equal to the 56 

day concrete strength measured during the testing described above, i.e. 36 MPa for the 

three inorganic polymer units (L.IP, M.IP, and H.IP), and 38 MPa for the Portland cement 

unit (M.PC).  While this situation was not ideal, any impact was considered to be minor 

for two related reasons.  Firstly, the concrete strength increase between 28 days and 56 

days was small (1.6 MPa for the inorganic polymer concrete and 3.1 MPa for the Portland 

cement concrete), and the slope of the strength-time curves from 20 days to 56 days 

indicated that further strength gain after 56 days would likely be insignificant.  This 
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statement that strength gain after 56 days would be insignificant leads to the second 

reason that the estimated strength values were considered acceptable, which was that the 

age of all units on the day of test was between 56 days and 92 days, i.e. when the concrete 

age was such that further strength increases were unlikely.  The order in which the beam-

column joints were tested was determined by the order in which they were delivered from 

the precast factory.  Unit L.IP was the first unit tested, with the majority of testing 

occurring on the 56th day after construction.  Units M.IP, M.PC, and H.IP were tested at 

ages of 72, 85, and 92 days respectively.  It might be suggested that the relatively long 

time period over which the testing was spread was not ideal; however given the 

limitations of laboratory scheduling this extended period of testing was unavoidable, and 

far from unique amongst large scale structural testing (for example the age at testing of 

precast elements used by Lin (1999) was reported to range from 28 days to 339 days). 
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Figure 6-12 Comparison of strength increase of inorganic polymer and Portland cement 
concrete 

6.4.4 Test procedure 

Except for changes made to accommodate the differently sized test units, the methods 

used to test units L.IP, M.IP, M.PC, and H.IP were the same as those used to test units 

1B-4B, which were described in section 3.5.  The units were tested while they were held 

parallel to the strong floor, using a test setup that resembled the one shown in Figure 

3-11, although the exact positioning of components of the test setup differed from the 

positions used during testing of 1B-4B due to the shorter columns of units L.IP, M.IP, 
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M.PC, and H.IP.  The reduced test unit size lead to the nominal height between column 

supports being 2436 mm, rather than 3240 mm as was the case for units 1B-4B.  Due to 

units L.IP, M.IP, M.PC, and H.IP having beams of the same length as units 1B-4B, the 

nominal distance between the points of load application remained the same at 4872 mm.  

The most notable difference from the setup used to test units 1B-4B was that the pair of 

double acting actuators used to apply cyclic forces to units L.IP, M.IP, M.PC, and H.IP 

were not identical.  Relative to the orientation of Figure 3-11, the actuator at the left side 

of the unit was identical to the two used to test units 1B-4B, but a shorter actuator of 

similar capacity and stroke was used at the right side of the unit.  Different actuators were 

used so that the space occupied by the test setup was minimised, which was considered 

important due to congestion in the Civil Engineering Test Hall at the time of testing. 

The instrumentation, datalogging equipment, and load history used during testing of units 

L.IP, M.IP, M.PC, and H.IP were also similar to those used during testing of units 1B-4B.  

The only significant change to the instrumentation was that fewer gauges were used on 

the columns due to their shorter length.  The load history used during testing was 

identical to that shown in Figure 3-12. 

6.5 Results from testing of inorganic polymer beam-
column joints 

In this section the results from testing of units L.IP, M.IP, M.PC, and H.IP are presented 

and discussed.  Within the following subsections the order of presentation of results does 

not generally follow the order in which units L.IP, M.IP, M.PC, and H.IP were tested.  

Instead, the order of presentation has been selected to allow more effective comparison of 

the performance of units L.IP and H.IP, which were compliant with NZS 3101, and units 

M.IP and M.PC, which had identical detailing and were not compliant with NZS 3101.  

The selection of results presented does not directly match the results presented for units 

1B-4B due to the differing aims of the two series of tests. 

6.5.1 Observed performance 

Due to the different actuator types used to displace the left and right beam tips, it proved 

either difficult or impossible to balance the rate of displacement of the two beam tips 

during testing of all units.  The problem was solved by initially displacing both beam tips 

until the faster moving tip reached the target displacement, and then isolating that 

actuator so that further hydraulic pressure increases only occurred in the actuator 
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displacing the slower moving beam tip.  Although an apparent solution at the time, this 

method impacted on the data collected as discussed in the following section. 

As expected the performance of units L.IP and H.IP was excellent.  Both units behaved 

elastically during the cycles to 0.5% drift, with yielding occurring during the first cycle to 

1.0% drift.  For both units, repeated cyclic loading resulted in obvious plastic hinges 

forming in the beams adjacent to the faces of the column (see Figure 6-13).  During the 

inelastic cycles the joint cores of both units became extensively cracked, but these cracks 

did not remain open when the test unit was unloaded.  This crack closure indicates that 

the joint core reinforcement behaved elastically, and thus the shear strength of the joint 

was sufficient to enable a weak-beam/strong-column mechanism to form.  Testing 

continued until the beam longitudinal reinforcement buckled within the plastic regions of 

the beams (see Figure 6-14), which occurred during the second half of the first cycle to 

5.0% drift for unit L.IP, and during the second cycle to 4.0% drift for unit H.IP.  Testing 

of both units was concluded after these failures were observed. 

The performance of units M.IP and M.PC during testing was similar, and the performance 

of both was considered inferior to that of units L.IP and H.IP, due to the occurrence of 

premature small displacement stiffness degradation during testing of units M.IP and 

M.PC (i.e. “pinched” hysteretic response).  Units M.IP and M.PC behaved elastically 

until drift levels exceeded 1.0%, although numerous cracks developed in the beams and 

joint during the cycles to 1.0% drift.  Plastic hinges in the beams developed adjacent to 

the column face during the first cycle to 2.0% drift (see Figure 6-15), and the units 

performed satisfactorily during the cycles to 2.0% drift and the first cycle to 3.0% drift.  

Strength and small-displacement stiffness degradation became evident during the second 

cycle to 3.0% drift, with continued degradation occurring during cycles to 4.0% drift.  

Testing was terminated after cycles to 5.0% drift were completed.  Despite the poor 

performance of the test units, the cracks that had formed in the joint core did not widen 

during the course of the testing, and the column and joint remained in good condition at 

the conclusion of testing.  It was also evident that the amount of spalling that occurred in 

the plastic hinge regions of units M.IP and M.PC was smaller than the amount that had 

occurred in the plastic hinge regions of units L.IP and H.IP (see Figure 6-16).  The 

reduced spalling was attributed to less deformation having occurred in the plastic hinges 

of units M.IP and M.PC, which in turn was a result of a large part of the total deformation 

of the unit being due to slip of the beam reinforcement in the joint core. 
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Figure 6-13 Unit H.IP during cycle to 3% drift showing formation of stable plastic hinges 

 

Figure 6-14 Buckling of beam longitudinal reinforcement in unit L.IP during cycles to 5% drift 
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Figure 6-15 Condition of unit M.IP during cycles to 2% drift 

 

Figure 6-16 Condition of unit M.PC at conclusion of testing 

6.5.2 Force-displacement response 

The storey force-displacement responses of units L.IP, H.IP, M.IP, and M.PC are shown 

in Figures 6-17, 6-18, 6-19, and 6-20 respectively.  As noted above, the results of 

NZS 3101:2006 compliant (L.IP and H.IP) and non-compliant (M.IP and M.PC) units 

have been grouped to aid comparison.  The non-dimensional and absolute column shear 

force and interstorey displacement measurements shown in Figures 6-17, 6-18, 6-19, and 



Part 2  Chapter 6 

  193 

6-20 were calculated using the procedures previously described in section 3.6.1 and 

Appendix A.5.  To recap, the nominal strength is the column shear force that would cause 

the beams to reach their nominal moment capacity, i.e. the moment capacity calculated 

using nominal material properties and ignoring compression reinforcement, while the 

predicted storey shear force is the column shear force that would cause the beams to reach 

their predicted moment capacity, i.e. the moment capacity calculated using measured 

material properties and including the strength enhancement resulting from the presence of 

compression reinforcement. 

The “fat” hysteresis loops of units L.IP and H.IP are typical of monolithic beam-column 

joints designed according to New Zealand standards.  The measured performance also 

correlates well with the observed satisfactory performance described in section 6.5.1.  

The force sustained by both units increased as the imposed displacement was increased 

until drift levels of at least 4.0% were reached.  The failures due to reinforcement 

buckling described in section 6.5.1 correspond with the significant strength decreases 

seen during the first 5.0% drift cycle in Figure 6-17 and the second 4.0% drift cycle in 

Figure 6-18.  There is little need for further comment on the hysteresis response of unit 

L.IP and H.IP; it is sufficient to state that the plots are similar to those that would be 

expected if the beam-column joints were constructed from Portland cement concrete 

rather than inorganic polymer concrete. 
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Figure 6-17 Force-displacement response of unit L.IP 
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Figure 6-18 Force-displacement response of unit H.IP 

The measured force-displacement responses of units M.IP and M.PC (Figures 6-19 and 

6-20 respectively) also correlate well with the observed performance of the test units.  

Comparison of Figures 6-19 and 6-20 shows the two force-displacement responses to be 

effectively identical, apart from minor differences due to experimental control variations.  

Recalling that these units had identical reinforcement, this similarity of hysteretic shape is 

a strong indicator that inorganic polymer concrete performs in a similar manner to 

Portland cement concrete.  The similarity of the force-displacement responses is the most 

important conclusion that can be drawn from Figures 6-19 and 6-20. 

More detailed comparison of Figures 6-19 and 6-20 shows that the cycles to drifts of 

3.0% or more are punctuated by significant intervals of very low stiffness, resulting in a 

“pinched” appearance to the hysteresis loops.  There are two likely causes of such 

pinching in the hysteretic response of beam-column joints, these being either joint shear 

failure or failure of the beam longitudinal reinforcement anchorage in the joint core.  The 

observed performance and measured joint core deformations (see section 6.5.5) of units 

M.IP and M.PC indicate that joint shear failure did not occur during testing, and therefore 

the pinching can be attributed to bond failure occurring in both units.  This occurrence of 

bond failure was verified by measurements of reinforcement slip, discussed further in 

section 6.5.4.  The anchorage failure resulted in the strength of both units dropping by 

approximately 30% during the second cycle to 3.0% drift.  Comparison with the 

performance requirements for beam-column joints discussed in section 4.6 makes it clear 
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that failure at 3.0% drift is unacceptable.  This premature failure was expected due to the 

magnitude of the beam longitudinal reinforcement anchorage deficiency (see Table 6-1). 
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Figure 6-19 Force-displacement response of unit M.IP 
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Figure 6-20 Force-displacement response of unit M.PC 

Despite the fact that the measured force-displacement responses shown in Figures 6-17, 

6-18, 6-19, and 6-20 correlate with the observed performance of units L.IP, H.IP, M.IP, 

and M.PC, there are two questionable aspects to the graphs.  These aspects relate to 
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comparison between the measured and predicted strengths of the units, and to the shape 

of the hysteresis loops. 

The measured yield and maximum column shear forces for units L.IP, M.IP, M.PC, and 

H.IP are compared in Table 6-3 with the nominal and predicted strengths of the test units.  

It is interesting to compare the information in Table 6-3 with similar data for units 1B-4B, 

shown previously in Table 3-4.  Table 6-3 shows that the column shear force required to 

cause yielding was between 94% and 96% of the predicted yield strength.  The yield 

strength of a beam-column joint can normally be predicted with somewhat more accuracy 

than is suggested by Table 6-3.  For example, the experimental yield strengths of units 

1B-4B were between 98% and 100% of the predicted values as shown in Table 3-4.  The 

maximum column shear forces resisted by units L.IP, M.IP, M.PC, and H.IP were also 

small in comparison to the predicted strength, particularly for units M.IP and M.PC which 

resisted maximum column shear forces that were lower than the predicted force required 

to cause simultaneous plastic hinges to form in the beams.  It is possible that this low 

strength was due to the occurrence of bond failure.  However, bond failure also occurred 

in units 3B and 4B, and the maximum strength of these units was significantly greater 

than the predicted or measured yield strength. 

Table 6-3 Comparison of maximum and yield column shear forces with predicted values for 
units L.IP, M.IP, M.PC, and H.IP 

Ratio of yield strength to: Ratio of maximum strength to: 

Unit nominal 
strength 

predicted 
strength 

nominal 
strength 

predicted 
strength 

yield 
strength 

L.IP 1.02 0.94 1.20 1.10 1.17 

M.IP 1.08 0.96 1.08 0.96 1.01 

M.PC 1.07 0.95 1.07 0.95 1.00 

H.IP 1.03 0.96 1.16 1.09 1.13 

In addition to the anomalies noted above related to strength prediction, the force-

displacement responses shown in Figures 6-17, 6-18, 6-19, and 6-20 contain unusual 

‘steps’.  These steps are particularly prominent during the cycles in which units M.IP and 

M.PC were displaced to 2.0% and 3.0% drift, although less prominent steps can be seen 

in the force-displacement responses of units L.IP and H.IP.  These steps are not typical 

features of the force-displacement response of beam-column joints, but were instead 

caused by a combination of the experimental control problems explained at the end of 

section 6.5.1 and the methods used to generate Figures 6-17, 6-18, 6-19, and 6-20. 
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The storey shear forces plotted in Figures 6-17, 6-18, 6-19, and 6-20 (and also previously 

in Figures 3-13, 3-14, 3-15, and 3-16) were not measured directly; instead they were 

calculated from the forces applied to the beam tips as described by equation 6-4: 

( )
unit

bbRbL
col

h2

lVV
V

+
=  (6-4) 

where VbL and VbR are the forces applied at the left and right beam tips, hunit is the height 

of the column between the pinned supports, and lb is the length of the beam between the 

points of force application.  It is evident that this equation has the effect of averaging the 

shear forces in left and right beams and then multiplying them by a constant that depends 

on the geometry of the test unit.  The averaging effect of equation 6-4 resulted in the 

unusual stiffness changes seen prominently in Figures 6-19 and 6-20, and to a lesser 

extent in Figures 6-17 and 6-18. 

Figure 6-21 shows the force-displacement response of unit M.IP during the first cycle to 

+2.0% drift.  This cycle was chosen in order to illustrate the effects of the control 

problem due to the pronounced step in the force-displacement response during this cycle.  

The solid line shows the same value of column shear force as was shown in Figure 6-19.  

The dashed lines show the contributions of the forces acting on the left and right beams to 

the total storey shear force.   
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Figure 6-21 Contributions of left and right beams to total storey shear during first cycle to 
2.0% drift, unit M.IP 
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With reference to Figure 6-21, the process of displacing unit M.IP to 2.0% drift for the 

first time was as follows: 

1. The force in both beams initially increased approximately linearly as the hydraulic 

pressure in both actuators increased.  Due to difference between the left and right 

actuators, for any given hydraulic pressure the force and displacement of the left 

beam was greater than that of the right beam. 

2. Once the force applied to the left beam was sufficient to cause yielding, further 

displacement of the left beam occurred without the hydraulic pressure in the 

actuator increasing significantly.  Due to the pressure being identical in both 

actuators, the force applied to the right beam did not increase as this displacement 

occurred.  Thus, with no increase in applied force, the displacement of the right 

beam did not increase because the applied force was such that the right beam was 

still responding elastically. 

3. When the target displacement of the left beam was reached, the left actuator was 

isolated by closing a valve.  This allowed the hydraulic pressure to increase, 

applying greater force on the right beam.  Loading was continued until the right 

beam reached the target displacement.  After the left actuator was isolated, the 

force applied to the left beam can be seen to have decreased slightly.  This decrease 

was due to creep in the hydraulic system and interaction between the forces applied 

to the test unit. 

When equation 6-4 was used to calculate the storey shear from the forces acting on the 

left and right beams, the averaging of the peak force in one beam with a sub-peak force in 

the other beam reduced the maximum shear force calculated.  A more accurate 

comparison of the actual and predicted strengths of the units can be obtained by 

considering the force-displacement responses of the left and right beams individually.  

These graphs can be found in the following section. 

6.5.3 Behaviour of beams 

The force-displacement responses of the left and right beams of units L.IP, H.IP, M.IP, 

and M.PC are shown in Figures 6-22, 6-23, 6-24, 6-25, 6-26, 6-27, 6-28, and 6-29 

respectively.  These graphs plot the moment acting on the beam section at the column 

face against the beam tip displacement.  As with previous force-displacement responses, 

these figures plot both relative and absolute values of moment and displacement.  In 

Figures 6-22, 6-23, 6-24, 6-25, 6-26, 6-27, 6-28, and 6-29 the beam tip displacement is 

divided by the length from the beam tip to the centreline of the column to give a measure 
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of interstorey drift due to beam deformation, and the bending moment is divided by the 

predicted yield moment.  Nominal and predicted yield moments were calculated using the 

same assumptions of specified or measured material properties as described in section 

3.6.1.  In general, the conclusions that can be drawn from Figures 6-22 to 6-29 are similar 

to those drawn from the storey shear-storey drift responses discussed previously. 
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Figure 6-22 Force-displacement response of left beam, unit L.IP 

180

135

90

45

0

-45

-90

-135

-180

120967248240-24-48-72-96-120

-1.25

-1.00

-0.75

-0.50

-0.25

0.00

0.25

0.50

0.75

1.00

1.25

-6% -4% -2% 0% 2% 4% 6%

Beam tip drift

R
e
la
ti
v
e
 m
o
m
e
n
t

Beam tip displacement (mm)

M
o
m
e
n
t 
(k
N
m
)

Nominal Strength

 

Figure 6-23 Force-displacement response of right beam, unit L.IP 
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Figure 6-24 Force-displacement response of left beam, unit H.IP 
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Figure 6-25 Force-displacement response of right beam, unit H.IP 

Figures 6-22 and 6-23 show the moment-displacement responses of the left and right 

beams of unit L.IP.  The predicted strength of both beams was close to the measured 

strength, and the yield drift of the unit was 0.53%.  During inelastic cycles the strength of 

both beams increased until the first cycle to 5.0% drift, with the maximum strength being 

approximately 15% greater than the predicted yield strength.  Failure first occurred when 

buckling occurred in the right plastic hinge during the first cycle to -5.0% drift.  The left 
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beam performed somewhat better, with buckling only occurring during the second cycle 

to 5.0% drift.  Based on the definition of failure occurring when strength drops to less 

than 80% of the previous maximum, the maximum displacement ductility achieved by 

unit L.IP was µ = 7.5, with failure occurring during cycles to µ = 9.4. 

Figures 6-24 and 6-25 show the moment-displacement responses of the left and right 

beams of unit H.IP.  The actual yield strength of both beams was in good agreement with 

predicted values, and the yield drift of the unit was 0.67%.  As mentioned previously, 

buckling of reinforcement in the plastic hinge prevented the left beam from reaching the 

target displacement during the second cycle to +4.0% drift.  The right beam performed 

well until the first cycle to 5.0% drift.  The maximum strength of both beams was 

approximately 20% greater than the predicted yield strength, and the maximum 

displacement ductility before failure was µ = 6. 

The performances of units M.IP and M.PC are best considered together.  The force 

displacement responses of the left and right beams of unit M.IP are shown in Figures 6-26 

and 6-27, and those of unit M.PC are shown in Figures 6-28 and 6-29.  The behaviour of 

all four beams was obviously dominated by the pinching caused by bond failure in the 

joint cores.  This pinching was first noticeable during the second cycle to -2.0% drift, and 

for both units was more prominent in the force-displacement response of the right beam 

than in the corresponding response of the left beam.  The reason for this difference is that 

loading of the right beam always occurred after loading of the left beam due to the 

aforementioned control problems.  As shown in Figure 2-1, the total force that must be 

anchored over the length of a reinforcing bar passing through an interior beam-column 

joint is equal to the sum of the flexural tension force on one side of the joint plus the 

flexural compression force on the opposite side of the joint.  While the left beam of units 

M.IP and M.PC was being displaced, the moment in the right beam adjacent to the 

column face was small.  In contrast, during the part of the cycle when the left actuator 

was isolated and the right beam was being displaced, close to the maximum moment 

existed in the left beam at the column face.  Therefore the total force to be anchored over 

the length of the beam reinforcement in the joint core was greater during loading of the 

right beam than during loading of the left beam.  The larger magnitude of the bond forces 

during loading of the right beam meant that the magnitude of reinforcement slip through 

the joint was greater during loading of the right beam, and as a result so was the amount 

of hysteretic pinching that occurred. 
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Figure 6-26 Force-displacement response of left beam, unit M.IP 
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Figure 6-27 Force-displacement response of right beam, unit M.IP 

The displacement of units M.IP and M.PC at first yield was much larger than was the 

case for units L.IP and H.IP.  The yield drifts of units M.IP and M.PC were 1.11% and 

1.16% respectively.  After yielding occurred the strength of units M.IP and M.PC 

increased by only a small amount before decreasing due to bond failure.  The strength of 

units M.IP and M.PC dropped to less than 80% of the previous maximum during the 
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second cycle to 3.0%.  Therefore the maximum displacement ductilities of units M.IP and 

M.PC when failure occurred were µ = 2.7 and µ = 2.6 respectively. 
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Figure 6-28 Force-displacement response of left beam, unit M.PC 
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Figure 6-29 Force-displacement response of right beam, unit M.PC 

Close examination of Figures 6-26 to 6-29 reveals that the strength of the beams of units 

M.IP and M.PC differed during positive and negative load cycles.  Theoretically the 

strengths should not have been influenced by the direction of loading, because the beams 

were nominally symmetrically reinforced.  Figure 6-3 shows that the distance between the 
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top or bottom edge of the beams and the adjacent reinforcement group was intended to be 

47.5 mm.  Examination of units M.IP and M.PC after the completion of testing revealed 

that the distance between the top and bottom beam longitudinal reinforcing bar groups 

was smaller than intended, and that during construction the beam reinforcement cage had 

not been placed centrally in the formwork.  The inaccurate construction of the beam 

reinforcement cages was at least partly due to the continuous spiral used as transverse 

reinforcement in the beams.  The measured centroidal distances for the top and bottom 

reinforcement groups are shown in Table 6-4, as are the predicted strengths in positive 

and negative bending calculated based on measured reinforcement properties and 

location.  These predicted strengths are the same values that were used to calculate the 

relative moment values for Figures 6-26, 6-27, 6-28, and 6-29. 

Table 6-4 As-built reinforcement locations and predicted strengths for units M.IP and M.PC 

Centroid to edge distance (mm) Predicted strength (kNm) 

Unit top 
reinforcement 

bottom 
reinforcement 

negative 
bending  

positive 
bending 

M.IP 42.5 85 253 235 

M.PC 80 40 238 255 

Table 6-5 shows a comparison of the experimental yield and maximum strengths of the 

left and right beams of units L.IP, M.IP, M.PC, and H.IP with nominal and predicted 

strengths of the beams.  It can be seen that the measured yield strengths were somewhat 

closer to the predicted strengths than was the case when column shear forces were 

compared in Table 6-3, although the predictions are still not as accurate as those made for 

units 1B-4B and shown in Table 3-4.  Considering the ratios of maximum strength to 

nominal strength, it can be seen that the values for units L.IP and H.IP are approximately 

equal to the overstrength factor of 1.25 specified by NZS 3101:2006 for beams containing 

Grade 300E reinforcement.  The apparent overstrength ratios calculated for units M.IP 

and M.PC are considerably lower than the value of 1.4 specified by NZS 3101 for beams 

containing Grade 500E reinforcement, although these values were artificially limited by 

the premature failure of units M.IP and M.PC. 

6.5.4 Bond performance 

This section discusses the bond performance of units L.IP, M.IP, M.PC, and H.IP, with 

experimental assessment of performance being based on the amount of reinforcement slip 

that occurred in the joint cores of units L.IP, M.IP, M.PC, and H.IP during testing. 
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Table 6-5 Comparison of maximum and yield moments with predicted values for units L.IP, 
M.IP, M.PC, and H.IP 

Ratio of yield strength to: Ratio of maximum strength to: 
Unit & 

Beam nominal 
strength 

predicted 
strength 

nominal 
strength 

predicted 
strength 

yield 
strength 

Left 1.07 0.98 1.28 1.18 1.20 
L.IP 

Right 1.06 0.98 1.25 1.14 1.17 

Left 1.14 1.02 1.23 1.10 1.08 
M.IP 

Right 1.08 1.03 1.14 1.09 1.06 

Left 1.09 1.03 1.15 1.09 1.06 
M.PC 

Right 1.16 1.02 1.20 1.06 1.04 

Left 1.13 1.06 1.25 1.17 1.11 
H.IP 

Right 1.10 1.03 1.27 1.19 1.15 

Figures 6-30, 6-31, 6-32, and 6-33 show the peak slip of the beam longitudinal 

reinforcement within the joint core during each load cycle for units L.IP, H.IP, M.IP, and 

M.PC respectively.  The graphs generally show two data sets, one for the beam top 

reinforcement and one for the beam bottom reinforcement.  However, only single data 

sets are plotted for units L.IP and H.IP (in Figures 6-30 and 6-31) due to welds 

connecting studs for slip measurement to the bottom reinforcing bars of units L.IP and 

H.IP having broken during construction or transport and thus making it impossible to 

measure the slip of this reinforcement.  Table 6-6 summarises the performance of 

reinforcement anchorages in units L.IP, M.IP, M.PC, and H.IP and provides a comparison 

of the average bond stress required and provided in the joint cores of units L.IP, M.IP, 

M.PC, and H.IP according to NZS 3101:2006.  The available and required bond strengths 

were calculated in a similar manner to those listed in Table 3-5, i.e. according to 

equations 3-4 and 3-5 respectively and using measured concrete strengths (including for 

column five of Table 6-6).  The only difference from the procedure described in section 

3.6.3 was that the maximum (overstrength) reinforcement stress in units L.IP and H.IP 

was assumed to be equal to 1.25fy = 375 MPa, rather than the value of 1.4fy = 700 MPa 

which was assumed for units M.IP, M.PC, and 1B-4B, with the values of 1.25 and 1.4 

being the reinforcement overstrength factors specified by NZS 3101:2006 for Grades 

300E and 500E reinforcement respectively. 

A required performance level is not indicated in Figures 6-30, 6-31, 6-32, and 6-33.  

However, based on the performance requirements discussed in section 4.6 it can be stated 

that significant reinforcement slip should not occur before the interstorey drift exceeds 

3.57%.  Based on application of equation 4-7 (which was proposed to take account of the 

more onerous nature of typical experimental displacement histories in comparison to 
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earthquake displacement histories) to the displacement history used for this research 

(shown in Figure 3-12), the test units were considered to behave acceptably provided that 

significant reinforcement slip (i.e. exceeding approximately 2 mm) did not occur before 

completion of the four cycles to 3% drift. 
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Figure 6-30 Slip of beam longitudinal reinforcement within the joint core of unit L.IP 
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Figure 6-31 Slip of beam longitudinal reinforcement within the joint core of unit H.IP 
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Figure 6-32 Slip of beam longitudinal reinforcement within the joint core of unit M.IP 
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Figure 6-33 Slip of beam longitudinal reinforcement within the joint core of unit M.PC 

Units L.IP and H.IP were designed so that the ratio of beam longitudinal reinforcing bar 

diameter to column depth significantly exceeded the requirements of NZS 3101:2006, 

with the available bond strength exceeding the predicted demand by a factor of almost 

two as shown in Table 6-6.  Therefore it was expected that bond failure would not occur 

in either unit.  The maximum reinforcement slip measured in unit H.IP was less than 

0.5 mm during the cycles to 4.0% drift, as shown in Figure 6-31.  Unexpectedly, bond 
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failure did occur in unit L.IP.  Figure 6-30 shows that during cycles to 4.0% drift the 

beam top reinforcement of unit L.IP slipped by small but increasing distances, and that 

during the cycles to 5.0% drift uncontrolled slip of the beam top reinforcement occurred.  

This was not expected as the column of unit L.IP had more than twice the depth required 

by NZS 3101:2006.  It is likely that this bond failure occurred due to the very high 

displacement ductilities imposed on unit L.IP.  It is also noted that the bond failure did 

not have a significant effect on the force-displacement response of unit L.IP. 

Table 6-6 Comparison of magnitude of reinforcement slip and anchorage provided 

Unit 
Magnitude of 

reinforcement slip 
ub required 

(MPa) 
ub available 

(MPa) '
cf

req b
u

 

L.IP moderate 3.88 9.00 0.65 

H.IP negligible 4.84 9.00 0.81 

M.IP significant 11.30 9.00 1.88 

M.PC significant 11.30 9.25 1.83 

Figures 6-32 and 6-33 show the slip history of the beam reinforcement in units M.IP and 

M.PC.  From these figures it is evident that the performance of reinforcement anchorages 

in units M.IP and M.PC was similar.  It can be seen that measureable slip of the top and 

bottom bars occurred during the cycles to 2.0% drift, which were the first cycles during 

which yielding occurred.  This data makes it clear that the anchorage of reinforcement in 

units M.IP and M.PC was poor, as was predicted based on comparison with 

NZS 3101:2006.  During cycles to 3.0% and 4.0% drift both top and bottom bars slipped 

large distances, and all instrumentation for measuring slip became unreliable at different 

points during these cycles.  The significant reinforcement slip that occurred during cycles 

to 3.0% drift correlates well with the hysteretic pinching observed during these cycles as 

described previously. 

The similar performance of reinforcement anchorages in units M.IP and M.PC indicates 

that the bond strength provided by inorganic polymer concrete in beam-column joints is 

similar to that of Portland cement concrete.  It is also concluded that the provisions of 

NZS 3101:2006 can be used to determine the column depth required to adequately anchor 

beam longitudinal reinforcement passing through inorganic polymer concrete interior 

beam-column joint cores.  This conclusion is based on the finding that the degree of 

reinforcement slip that occurred in units L.IP, M.IP, M.PC, and H.IP correlates 

satisfactorily with the relationship between required and available bond strength shown in 

Table 6-6.  It is noted that the amount of reinforcement slip that occurred in unit L.IP was 



Part 2  Chapter 6 

  209 

greater than expected.  However, as stated previously this can be attributed to the large 

displacement ductility to which this unit was subjected. 

6.5.5 Joint core deformations 

Units L.IP, M.IP, M.PC, and H.IP were designed according to NZS 3101:2006 so that the 

shear strengths of the joint cores were sufficient to resist the applied shear stresses.  

Therefore it was expected that significant damage to the joint cores would not occur 

during testing.  The performance of the joint cores was assessed by considering their 

stress-deformation responses.  The joint core stress-deformation responses of units L.IP, 

H.IP, M.IP, and M.PC are shown in Figures 6-34, 6-35, 6-36, and 6-37 respectively.  

These figures show the horizontal joint shear stress vjh plotted against the shear distortion 

(calculated according to section A.3.3).  Joint shear stress levels are shown both in 

absolute terms and relative to the concrete compressive strength.  The nominal strengths 

of the joint cores are also shown in Figures 6-34, 6-35, 6-36, and 6-37.  These nominal 

strengths were calculated according to NZS 3101:2006, and were based on specified 

material properties. 
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Figure 6-34 Stress-deformation response of joint core, unit L.IP 

It is evident from Figures 6-34, 6-35, 6-36, and 6-37 that the joint cores of units L.IP, 

M.IP, M.PC, and H.IP responded elastically throughout the duration of testing.  This 

finding corresponds with the observed performance of the joint cores.  The maximum 

joint shear distortion was in all case approximately 0.006 radians.  This maximum value 
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and the general shape of the joint shear stress-deformation response is similar to joint 

shear performance reported in the literature, for example by Cheung (1991) and Lin 

(1999). 
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Figure 6-35 Stress-deformation response of joint core, unit H.IP 
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Figure 6-36 Stress-deformation response of joint core, unit M.IP 

The maximum joint shear stress allowed by NZS 3101:2006 is the lower of 
'

cf0.2  or 

10 MPa, with the intent of this limit being to prevent crushing of the concrete in the joint 

core.  Figures 6-34, 6-35, 6-36, and 6-37 show that the maximum shear stress imposed on 
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units L.IP, M.IP, M.PC, and H.IP did not approach either of these limits.  Therefore it 

cannot be stated whether these limits are appropriate when designing beam-column joints 

using inorganic polymer concrete. 
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Figure 6-37 Stress-deformation response of joint core, unit M.PC 

6.5.6 Performance of novel transverse reinforcement types 

The capacity design philosophy used to design units L.IP, M.IP, M.PC, and H.IP resulted 

in a strength hierarchy that ensured that shear failure could not occur in the beams or 

columns before the force sustained by the units was limited by formation of a plastic 

mechanism based on flexural yielding of the beams.  It was therefore not possible to 

critically assess the performance of the novel transverse reinforcement arrangements used 

in units L.IP, M.IP, M.PC, and H.IP.  It can be stated that the innovative reinforcement 

types used performed as well as conventional transverse reinforcement would have during 

these tests.  It is re-emphasised that the single piece column stirrup sets significantly 

simplified construction of the reinforcing cages and increased the accuracy of the final 

cages.  In contrast the continuous reinforcement spirals used as transverse reinforcement 

in the beams did not improve the construction process.  They made it difficult to 

accurately space the transverse reinforcement, and also contributed to the position of the 

beam longitudinal reinforcement differing from the intended position. 
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6.6 Conclusions 

Cyclic testing of four beam-column joint subassemblies has been reported.  Three of the 

subassemblies tested were constructed from inorganic polymer concrete.  These tests are 

thought to be the first to investigate the cyclic performance of structural subassemblies 

constructed from inorganic polymer concrete.  The fourth subassembly was a control unit 

constructed from Portland cement concrete with detailing identical to one of the inorganic 

polymer concrete joints.  Two of the joints used grade 300E beam longitudinal 

reinforcement and met the requirements of the New Zealand concrete design standard and 

two, including the control unit, used grade 500E beam longitudinal reinforcement and 

were designed so that the diameter of the beam longitudinal reinforcement passing 

through the joint core significantly exceeded the maximum diameter allowed by 

NZS 3101:2006.  All units were constructed at an Auckland precast concrete factory in 

order to verify the ability of typical precast operations to work with inorganic polymer 

concrete. 

As noted, the limited extent of the experimental programme described here means that the 

results of the programme cannot be used to unequivocally define the structural 

performance of inorganic polymer concrete.  However, provided that the limitations of 

the research are taken into account a number of conclusions can be drawn from Part 2 of 

this thesis.  The two major limitations that must be considered are that the research 

programme consisted of only a small number of test specimens, and that only one type of 

inorganic polymer (developed by Siloxo Pty Ltd.) was used during the programme.  With 

these limitations, the following conclusions were drawn from Part 2 of this thesis: 

• Inorganic polymer concrete can be mixed using conventional equipment found in a 

typical precast concrete factory. 

• The compressive strength at 28 days of the inorganic polymer concrete developed 

by Siloxo was found to closely match the strength specified at the mix design 

stage.  Testing also showed that the rate of strength increase during curing was 

similar for inorganic polymer concrete and Portland cement concrete. 

• The performance of the inorganic polymer concrete beam-column joints was 

similar to the performance that would have been expected if they had been 

constructed from Portland cement concrete.  The overall hysteretic performance of 

beam-column joints, anchorage of the beam longitudinal reinforcement in the joint 

cores, and stress-deformation response of the joint cores all matched the 

performance that was expected, with the performance expectations guided by 
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comparison of the beam-column joint designs with the requirements of 

NZS 3101:2006. 

• The yield strength of inorganic polymer concrete beam-column joints was 

predicted with satisfactory accuracy using conventional reinforced concrete design 

techniques. 

In summary, it was concluded that the beam-column joints tested that were constructed 

from the inorganic polymer concrete developed by Siloxo performed as expected when 

subjected reversed cyclic loading.  Although based on a limited number of beam-column 

joint tests, this conclusion indicates that the performance of inorganic polymer concrete 

beam-column joints is similar to the performance of Portland cement concrete beam-

column joints, and that the design criteria of NZS 3101:2006 could be appropriately used 

to design such beam-column joints. 

In addition to the conclusions reached regarding the use of inorganic polymer concrete in 

beam-column joints, it was concluded from the research described in this chapter that 

development of an improved setup for testing beam-column joints would benefit the 

research described in Part 3 of the thesis.  The reasons for this conclusion were to reduce 

the laboratory space required for testing, and to alleviate problems encountered during the 

test programme described in this chapter due to different actuator types being used to 

apply forces to the left and right beams.  The data recorded during testing was affected by 

the problems, although the impacts on the recorded data were not severe enough to 

prevent conclusions being drawn about the performance of the beam-column joints.  The 

improved test setup is discussed further in Chapter 8. 
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Part 3: 
 

Fibre Reinforced 
Precast 

Beam-Column Joints 

Scope 

The aim of Part 3 of this thesis was to develop a method for assembling 

“equivalent monolithic” moment resisting frames from precast concrete elements 

that avoided recognised deficiencies associated with the methods that are currently 

used to achieve such construction, with particular attention given to the alleviation 

of reinforcement congestion.  The review of existing research described in Chapter 

7 indicated that a class of “high performance” fibre reinforced cementitious 

composites (HPFRCCs) that have tensile strain hardening properties would be an 

excellent material for use in connections between precast elements.  The use of 

HPFRCCs as a means of assembling beam-column joints from precast elements 

was investigated in a series of five beam-column joint tests, which are reported in 

Chapter 8.  Part 3 of this thesis is concluded in Chapter 9, in which attempts to 

develop analysis methods for HPFRCC joints are reported. 
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Chapter 7  

LITERATURE REVIEW – PRECAST 
AND FIBRE REINFORCED BEAM-
COLUMN JOINTS 

7.1 Overview 

Three distinct areas of research are reviewed in this chapter.  Each of these areas is 

closely related to the research aim of Part 3 of this thesis, which was the development of a 

method for constructing precast concrete beam-column joints that meets the performance 

requirements of the capacity design philosophy while simultaneously being simple to 

construct.  Methods of constructing precast concrete frames designed to resist earthquake 

forces are reviewed in section 7.2, with an emphasis on methods intended to provide 

performance that is equivalent to monolithic moment-resisting frames.  Section 7.3 

provides a brief overview of fibre reinforced cementitious composites (FRCCs), in 

particular reviewing a class of FRCCs distinguished by having excellent properties when 

subjected to tensile stresses.  Chapter 7 concludes with an examination of previous 

attempts to utilise FRCCs to reduce reinforcement congestion in beam-column joint 

cores, which is presented in section 7.4. 

7.2 Precast concrete moment resisting frames 

The term “precast concrete” refers to any concrete that is not cast in the position that it 

will have when in service, generally indicating that hardened concrete elements will be 
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placed in their final position using a crane.  Precast concrete is often cast at precast 

concrete factories, which may be a considerable distance from the site where the concrete 

will finally be used.  The term precast concrete can also be used to describe items that are 

cast on-site, but not in their final position, such as tilt-up wall panels.  This is known as 

site precasting. 

According to the Federation Internationale du Béton (International Federation for 

Structural Concrete, fib), precast concrete has the following advantages and 

disadvantages compared to in-situ concrete (fib Task Group 7.3 2003). 

Advantages 

• Precast concrete allows for quicker construction, as structural elements can be 

manufactured in advance of the erection schedule, and loads can be applied as soon 

as the elements are installed. 

• The quality of precast concrete elements is normally higher than the quality of in-

situ concrete elements.  This improvement in quality is due to the improved casting 

conditions that are typical of precast concrete factories, and also due to the ease 

with which quality control assessments can be conducted at the precast factory. 

• Higher quality of precast concrete elements means that they normally have greater 

durability than in-situ concrete elements. 

• The use of precast concrete reduces the requirement for skilled labour on work 

sites, which has become increasingly beneficial in New Zealand as the number of 

skilled and experienced construction workers available decreases. 

• There is little need for formwork on the worksite when precast concrete is used. 

Disadvantages 

• Precast concrete elements must be joined together using methods that guarantee 

performance.  These jointing techniques are generally not as well covered by 

design standards as are methods for constructing in-situ concrete structures. 

• It is necessary to strictly control the construction of joints, because they are critical 

to the performance of a structure and the techniques used in building them may be 

unfamiliar to site workers. 

• The use of precast concrete normally requires both the number and capacity of 

cranes on site to be increased. 

• Dimensional inaccuracies must be accommodated by allowing tolerances to ensure 

that hardened concrete elements can be fitted together on site. 
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The use of precast concrete in New Zealand has steadily increased since the 1960s, 

initially confined mainly to precast concrete floor systems (Bull 1999).  In the 1980s New 

Zealand experienced a period of economic prosperity which led to a significant increase 

in the quantity of new construction.  The high interest rates and urgent demand for new 

building space required rapid construction, which gave precast concrete a significant 

advantage over in-situ concrete.  The use of precast concrete for structural purposes 

became common and widely accepted (Bull 1999), and today moment resisting frame 

structures incorporating precast concrete elements remain common throughout New 

Zealand (fib Task Group 7.3 2003). 

7.2.1 Design of precast concrete frame structures to resist earthquakes 

New Zealand structural design standards, including those used to design reinforced 

concrete structures (NZS 1170.5; NZS 3101), are underpinned by the philosophy known 

as capacity design (see section 1.2).  The importance of capacity design in New Zealand 

is a result of the need to reliably design structures for which the earthquake load case 

dominates design.  Earthquake loads differ from other types of loads on structure because 

the maximum probable earthquake demand on a structure cannot be predicted as 

accurately as the maximum probable wind or gravity forces.  Capacity design allows the 

performance of structures to be predicted accurately despite the uncertainty of the 

maximum forces acting on the structure.  New Zealand standards require earthquake 

effects to be considered when designing structures located throughout New Zealand, 

despite the fact that the seismicity of the upper North Island of New Zealand (including 

Auckland) is relatively low in comparison to the rest of the country. 

The requirement in New Zealand to consider seismic effects on structures means that it is 

inappropriate to utilise many precast construction techniques that are common in 

countries with low seismicity.  In the case of concrete frames it is not practical to use the 

pinned and semi-rigid beam-column connections that are common in countries such as 

Australia and the United Kingdom (Amey 1987; Elliot et al. 2003b; Elliot et al. 2003a; 

Loo and Yao 1995), except as secondary frames designed only to carry gravity loads.  In 

order for a frame structure to economically resist earthquake induced forces, the 

connections between beams and columns must be capable of distributing moments into 

the beams because without this capability, no frame action can exist in the structure.  The 

absence of frame action leads to excessively large column base moments occurring when 

lateral forces act on the structure, as shown in Figure 7-1. 
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Frame elevations and earthquake forces

Moment diagrams

Frame with beams "pinned" to columns Frame with beams rigidly connected to

columns  

Figure 7-1 Illustration of the reduction in column moments due to frame action 

Precast concrete structures, including moment resisting frames, generally behave in one 

of two ways, described as “jointed” or “equivalent monolithic” behaviour (fib Task 

Group 7.3 2003).  Jointed structures behave quite differently to in-situ construction, and 

consist of precast elements that are connected using details that are significantly less rigid 

than the surrounding elements.  Jointed precast structures can behave in a brittle, limited 

ductile or fully ductile manner, depending on the type of connection used (fib Task Group 

7.3 2003).  Despite this, in New Zealand Precast concrete moment resisting frames have 

almost exclusively been constructed in a manner that emulates in-situ construction, i.e. 

they are designed to behave monolithically (Park 1995).  To achieve equivalent 

monolithic behaviour, connections between elements are designed so that their existence 

does not influence the performance of the members that they connect.  Therefore the 

connections must possess properties (such as strength, stiffness and ductility) that equal 

or exceed the properties at the same location in an in-situ structure.  Elliot (2002) 

contends that it is not possible to create a truly rigid cold joint (a joint where fresh 

concrete is placed against precast concrete), although he acknowledges that it is possible 

to site cast connections that replicate the behaviour of monolithic construction.  This was 

also shown to be true by Sucuoglu (1995), who found that precast concrete connections 

would replicate the behaviour of monolithic structures if they possessed at least 80% of 

the rigidity of the surrounding members. 
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7.2.2 Connection methods for equivalent monolithic precast concrete 
moment resisting frames 

It should be evident from the discussion above that the behaviour of precast concrete 

frames is defined by the method that is used to connect the precast elements together.  

Indeed, Elliot (2002) states: 

“Connections form the vital part of precast concrete design and construction.  They 

alone can dictate the type of precast frame, the limitations of that frame, and the 

erection progress.” 

Based on this sentiment, it is unsurprising that many different methods of joining precast 

elements to form frame structures have been tested in laboratories and used in full scale 

structures.  Due to the aforementioned focus in New Zealand on seismic design, this 

review will examine only connection types that are suitable for use in frames that provide 

a significant level of lateral resistance.  Additionally, the review will focus exclusively on 

joints that aim to achieve equivalent monolithic performance, mainly due to the broader 

focus of this thesis being on improving the design of monolithic frames, which makes 

equivalent monolithic precast construction a better fit.  Additionally, jointed framing 

systems have been omitted from the study because this type of structure has received 

considerable research attention in recent years (Englekirk 1995; Nakaki et al. 1994; 

Pampanin et al. 2004; Priestley 1996; Priestley et al. 1999; Stanton et al. 1997), and the 

resulting experimental verification of the technology has lead to both construction of full-

scale buildings that use this technology (Englekirk 2002) and codification of design 

methods in New Zealand and overseas (ACI Innovation Task Group 1 2001b; NZS 3101).  

Whilst jointed precast concrete frames are clearly an innovative method of construction, 

equivalent monolithic construction continues to dominate the New Zealand precast 

market. 

Englekirk (1987) described four arrangements of locations where connections between 

precast elements could be placed when constructing a moment resisting frame, which are 

shown in Figure 7-2.  Each of these arrangements has advantages.  The connections used 

in arrangement (a) can be relatively simple, since the moment demands at the midpoints 

of beams and columns in moment resisting frames are small.  However, the resulting 

precast elements are typically large, and have an awkward form.  In contrast, 

arrangements (b) and (c), which are similar, share the advantage that the required precast 

elements are easy to transport when compared to the cruciform shapes of arrangement (a).  

A problem associated with both arrangements is that the beam connections are subjected 

to large cyclic moments.  Additionally, in arrangement (c) the connections must also be 
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designed to ensure ductile performance of the plastic hinges.  Arrangement (b) avoids the 

need for ductile connections by relocating the plastic hinges away from the column faces, 

although doing this increases the rotation demand on the hinges.  A further advantage of 

arrangements (a), (b) and (c) not shown in Figure 7-2 is that individual precast elements 

can be continuous over several stories, which allows rapid construction.  The advantages 

of arrangement (d) are a combination of those discussed for arrangements (a), (b), and 

(c): using precast elements with convenient shapes, requiring only non-ductile 

connections, and minimising curvature ductility demand in the plastic hinges.  However, 

due to the continuity of the beams through the columns, it is only possible for the column 

elements to span one storey.  The use of other element shapes is possible but the resulting 

connection arrangements are combinations of aspects of arrangements (a) through (d).  

For example, the ‘T’ elements seen in Figure 7-3 are cruciform elements, as used in 

arrangement (a), with one of the mid-height connections replaced with a connection 

immediately above the beam, similar to the column connections from scheme (d). 

(a) Connected at points of 

minimum moment

(b) Beam connections at 

point of maximum moment, 

hinges relocated

(c) Beam connections at 

point of maximum moment, 

hinges form in connections

(d) Connections in column at 

point of maximum moment, 

beam continuous through 

one or more columns

Connection

Key

Plastic hinge

 

Figure 7-2 Arrangements of frame connections and plastic hinges (Englekirk 1987) 

"T" units, showing a 

combination of features from 

schemes (a) and (d)Connection

Key

Plastic hinge

 

Figure 7-3 Combination connection arrangement 
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Numerous methods of connecting precast elements to form monolithic moment resisting 

frames have been used internationally.  A comprehensive review of methods used in 

Canada, China, Japan, New Zealand, Portugal, Romania, the U.S.A. and the former 

U.S.S.R. has been presented by Restrepo-Posada (1993).  In sections 7.2.2.1-7.2.2.3 the 

general approaches taken to precast moment resisting frames in New Zealand, North 

America and Japan are considered.  Recent experimental investigations of novel 

construction methods are reviewed in section 7.2.2.4.  Where possible, an effort was 

made to avoid unnecessary repetition of information reviewed previously by 

Restrepo-Posada. 

Some literature has been reviewed that is relevant to both precast construction of frames, 

and the use of fibre reinforcement in beam-column joints.  This literature is discussed in 

section 7.4. 

7.2.2.1 New Zealand methods of constructing precast concrete frames 

Park (1995) has identified the three arrangements of precast elements most commonly 

used in New Zealand to construct monolithic moment resisting frames.  These systems 

are shown in Figures 7-4, 7-5 and 7-6. 

System 1 is shown in Figure 7-4.  Of the three arrangements discussed, this construction 

method uses the smallest amount of precast concrete.  The columns are typically cast in-

situ one floor at a time.  When the column concrete is sufficiently cured, precast beams 

are placed so that they are seated on the column cover concrete.  As shown, it may be the 

case that only part of the beam is precast, in which case the reinforcement for the top of 

the beam is placed on site and the concrete for the top of the beam is then poured at the 

same time as the in-situ parts of the flooring system.  The advantage of placing the beam 

top reinforcement on site is that it can be continuous through the beam-column joint.  The 

reinforcement that is within the precast beam (the bottom longitudinal reinforcement in 

Figure 7-4) must be anchored in the joint region, typically with 90° hooks as shown.  

System 1 requires significantly less formwork than is required for a fully cast in-situ 

frame, but has two significant disadvantages: 

• The columns used often have to be large to accommodate anchorage of beam 

reinforcement that terminates at the beam-column joint. 

• The complicated reinforcement of the beam-column joint core must be assembled 

on site, which may require tight production tolerances if the clearance between the 

precast beams and the transverse joint reinforcement is small. 
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midspan

in-situ concrete 

beam-column joint

top of beam in-situ 

concrete

in-situ column

Key

precast concrete

in-situ concrete

reinforcement in precast concrete not shown  

Figure 7-4 Schematic of frame system 1 (after Park (1995)) 

System 2 is shown in Figure 7-5.  More precast concrete is normally used in frames 

constructed using this method than in frames constructed using system 1.  The key feature 

of this arrangement is that the beams are continuous through the column.  After erection, 

reinforcement is left protruding from the top surface of the lower column, which can be 

constructed from either precast or in-situ concrete.  The continuous beam is then placed 

over the column reinforcement, which passes through ducts in the beam.  These ducts are 

filled with grout, and the column above is installed, again either as a precast unit or 

poured in-situ.  The use of continuous beams allows the reinforcement for the joint core 

to be assembled in the controlled environment of a precast factory, and allows all beam 

reinforcement to be continuous through the joint core.  As with system 1, the top part of 

the beams is often cast in-situ at the same time as the in-situ parts of the flooring system.  

System 2 requires tight production tolerances because the clearance between the 

protruding column reinforcement and the ducts in the beam is normally small. 

midspan

grout joint

in-situ connection 

and top of beam

Key

precast concrete

in-situ concrete

reinforcement in precast concrete not shown

precast or in-situ 

column

grout joint

 

Figure 7-5 Schematic of frame system 2 (after Park (1995)) 

System 3 is shown in Figure 7-6.  The illustration is representative of a number of 

different arrangements.  The arrangement shown in Figure 7-6 uses precast “T” units 

which consist of a single storey column headed by a beam that is continuous between the 
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midspan points of adjacent bays.  Other arrangements that are fundamentally very similar 

and are also categorised as system 3 include cruciform precast units with in-situ 

connections at the beam and column midpoints, and double cruciform units as described 

by O’Leary (1997).  The unifying feature of all three arrangements is that they use 

entirely precast members, with the only in-situ concrete being at the connections between 

the members.  In common with system 2, column reinforcement protrudes from the top of 

the precast unit and is inserted into ducts in the column above.  A further similarity to 

system 2 is that tight production tolerances are required due to the use of large numbers 

of grout sleeves to splice the columns together.  A unique disadvantage of system 3 is that 

the shape and size of the precast units makes them heavy and awkward to transport.   

midspan

vertical leg of 

precast T-unit

precast T-unit

in-situ joint

Key

precast concrete

in-situ concrete

reinforcement in precast concrete not shown

grout joint

 

Figure 7-6 Schematic of frame system 3 (after Park (1995)) 

Park (1995) gives further information on systems 1-3, and on the methods used to make 

the midspan and grouted connections.  The literature includes descriptions of all three 

systems being used in designs for New Zealand buildings: 

• System 1 was to have been used to construct the NZI centre in central Auckland 

(Billings and Thom 1988), although construction was halted for economic reasons. 

• System 2 was used in the construction of the Mid City complex on Queen street 

(Poole and Clendon 1988) and also as part of an office building on Fanshawe street 

(Silvester and Dickson 1988), both in Auckland.  A particularly noteworthy 

application of this system was the Robert Jones Tower (now known as the ANZ 

Centre) on Albert Street, which was New Zealand’s tallest building when 

completed in 1990 (Boardman 1990; Raymond 1990). 

• Different variants of system 3 were used in projects described by O’Grady (1988) 

and O’Leary (1997). 

Systems 1-3 were developed by structural designers, not researchers.  The development 

was driven by the particular circumstances of the 1980s (O'Grady 1988), and the systems 
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were used in full scale construction without experimental verification.  Concern about this 

situation prompted researchers to assess the performance of systems 1-3 experimentally.  

Beattie et al. (Beattie 1989; Beattie and Jacks 1989; Stevenson and Beattie 1988; 

Stevenson and Beattie 1989) reported successful testing of three common midspan beam 

splice details and beam-column joints representing systems 1 and 2.  Restrepo et al. 

(1995a) conducted tests on six subassemblies which further verified the performance of 

details used in systems 1-3.  Four of the test units investigated the performance of 

different midspan splice connections for beams, one unit tested the performance of a 

“system 1” beam-column unit, and the final unit tested was a “system 2” beam-column 

unit.  Beattie and Restrepo et al. showed that the connections tested emulated monolithic 

construction as intended.  Restrepo et al. (1995b) also published a set of design guidelines 

for the connections tested.  Further testing of precast beam-column joints was conducted 

by Elliot (1995).  Elliot tested two beam-column joints which were constructed using a 

method similar to system 2.  These beam-column joints differed from those tested by 

earlier researchers because they were intended to represent joints from a secondary frame, 

i.e. a frame that is not intended to contribute significantly to the lateral force resistance of 

a structure.  The two beam-column joints performed satisfactorily when subjected to 

simulated seismic displacements.  More recently a series of beam-column joint 

subassemblies constructed using system 2 were tested by Lin (1999).  Although the aim 

of Lin’s study was not specifically to verify the performance of system 2, the 

performance of the beam-column joints was reported to have been unaffected by the fact 

that the joints were assembled from precast elements. 

In addition to systems 1-3 described above, moment resisting frames are often 

constructed in New Zealand using shell beams.  First developed in the late 1950s by 

Forrest and O’Grady (Wood 1988), shell beams were shown by Park and Bull (1986) to 

perform well when subjected to simulated earthquake loading.  Frames incorporating 

shell beams are not precast frames in the same sense as those constructed using systems 

1-3; rather, the shell beam functions as permanent formwork, and should not be included 

when considering the seismic strength of a structure (NZS 3101). 

7.2.2.2 North American methods of constructing precast concrete frames 

Equivalent monolithic precast concrete moment resisting frames are not a common form 

of construction in the U.S.A. (Englekirk 1990).  The Precast/Prestressed Concrete 

Institute (PCI) have presented a number of sketches illustrating connections that are 

mostly variants of the construction methods described in New Zealand as systems 1 and 2 

(PCI Committee on Connection Details 1988; PCI Industry Handbook Committee 1999).  
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During the 1980s a number of studies were undertaken by Canadian researchers on the 

performance of welded moment resisting connections for precast members (Bhatt and 

Kirk 1985; Pillai and Kirk 1981; Seckin and Fu 1990).  These studies concluded that 

ductile beam-column joints could be constructed using welded connections at the column 

face.  French et al. (1989a; 1989b) conducted tests on seven precast concrete beam-

column joints with members connected by bolts or by threaded reinforcing bars.  The 

performance of these connections was considered to be generally satisfactory, although 

problems were encountered relating to fabrication, reinforcement slip and shear strength 

in the vicinity of the connections.  In addition, many of the connection types could only 

be used for exterior beam-column joints.  There is reluctance in New Zealand to rely on 

welded or bolted connections in moment resisting frames (Bull 1999).  This reluctance 

appears to be justified by the findings of Dolan et al. (1987) who investigated the 

performance of several common moment resisting connections used in the U.S.A.  These 

connections generally developed their design strength, but dissipated little energy and 

failed in a sudden manner. 

Despite most research papers focussing on mechanical “dry” connection methods, there is 

evidence that methods similar to systems 1-3 have been used to construct monolithic 

moment resisting frames in the U.S.A.  For example, the Ala Moana Hotel in Honolulu, 

Hawaii was designed for seismic resistance and constructed in 1970 using cruciform 

elements (Yee 1991), which are a variant of system 3.  Indeed, it is known that the 

development of precast frame structures in New Zealand drew upon the concepts 

developed by Yee (Wood 1988).  The existence of the Ala Moana Hotel supports a 

contention made by Englekirk that the use of structural precast concrete in seismic 

regions of the U.S.A. decreased between 1965 and 1990 (Englekirk 1990). 

Recent U.S. research on precast frames was mostly conducted as part of the joint U.S.-

Japan PRESSS (PREcast Seismic Structural Systems) program, the U.S. part of which 

focussed on jointed precast moment resisting frames rather than equivalent monolithic 

frames (Priestley 1991; Priestley et al. 1999). 

7.2.2.3 Japanese methods of constructing precast concrete frames 

Precast concrete is used extensively in Japan for the construction of moment resisting 

frames, principally for residential structures (Kurose et al. 1991).  As is the case in New 

Zealand, Japanese precast frames are normally equivalent monolithic structures, 

constructed using methods similar to systems 1-3 (Kurose et al. 1991).  As noted by 

Restrepo-Posada (1993), much of the research conducted in Japan on precast moment 
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resisting frames has been undertaken by construction companies, and hence results have 

often remained confidential.  The main Japanese outcome from the PRESSS programme 

was a generic design handbook for equivalent monolithic frames (Shiohara and Watanabe 

2000). 

Komura et al. (1988) described the design and construction of three identical precast 

concrete tower blocks in Tokyo.  Precast beams spanned between in-situ columns, with 

in-situ connections formed in the joint cores.  Neither the top or bottom beam 

reinforcement was continuous through the joint core, with both sets of bars anchored 

using U anchors.  Experimental testing of the connection method verified that the joints 

replicated the performance of an equivalent monolithic structure. 

Yoshioka & Sekine (1991) described testing by Obayashi Corporation of eight beam-

column joints assembled from precast elements using two methods of construction.  One 

method of construction was identical to that described previously as system 2 (Figure 

7-5), while the other method was similar but had the columns and joint cast as one 

element, with ducts for the beam reinforcement placed horizontally through the joint.  It 

was concluded that joints constructed using system 2 performed as well as monolithic 

beam-column joints, but that joints constructed using the alternate method performed 

poorly due to plastic strains penetrating into the joint along the grouted bars, leading to 

premature reinforcement slip and reduced energy dissipation.   

Castro et al. (1992) investigated the performance of precast beam-column joints 

assembled using a construction method that uniquely separated the connection locations 

of the concrete and the reinforcing steel.  As shown in Figure 7-7, precast beams and 

columns meet at the joint core location.  At the time of erection the beams and columns 

did not contain longitudinal reinforcement.  After erection the longitudinal reinforcement 

was inserted into ducts, which were later grouted to bond the reinforcement to the beams 

and columns.  The advantage of this method was that beam and column reinforcement 

was continuous through the joint core, with lap splices placed at the beam and column 

midpoints.  The units were reported to have satisfactorily emulated in-situ construction. 

7.2.2.4 Recent experimental investigations on methods of constructing 
precast concrete frames 

Alcocer et al. (2002) tested equivalent monolithic beam-column joints constructed using 

two different methods that had previously been used to construct buildings in Mexico.  

Both methods had in-situ connections at the joint core and used columns that were 

continuous over several floors.  The methods differed primarily in the procedure used to 
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anchor the bottom beam reinforcement in the joint core.  In the first method the beam 

reinforcement was hooked upwards, and the hooks were linked with small stirrups (see 

Figure 7-8a).  For the second method the beam reinforcement was bent into a U shape, 

which was hooked around a large diameter bar running vertically through the middle of 

the joint core (see Figure 7-8b).  Alcocer et al. concluded that the performance of the 

connections was satisfactory, but that neither connection fully emulated monolithic 

construction due to a lack of stiffness in the joint core. 

midspan
in-situ joint core

precast column

Key

precast concrete

in-situ concrete

stirrups in precast concrete not shown

ducts for longitudinal 

reinforcement

midspan lap splice

precast beam

 

Figure 7-7 Construction method described by Castro et al. (1992) 

Khaloo and Parastesh (2003b; 2003a) presented the results from testing of beam-column 

joints assembled using a construction method shown in Figure 7-9.  The beams and 

columns used were both precast concrete elements, except for a small trough at the beam 

ends.  Reinforcement protruding from the column was aligned in this trough, where a 

non-contact lap splice was formed once the trough was filled with in-situ grout.  The 

performance of joints constructed using this technique was compared with that of a 

monolithic beam-column joint and it was found that the method emulated monolithic 

construction.  Performance was particularly good if two transverse reinforcing bars were 

installed in each connection as shown in Figure 7-9, or if steel fibre reinforced grout was 

used to construct the in-situ connection. 

Bai (2003; Ingham and Bai 2009) tested two beam-column joints consisting of precast 

beams and columns connected in the beam plastic hinge region using mechanical 

couplers.  The connection method was similar to one discussed by Dolan et al. (1987).  In 

an attempt to reduce slippage associated with the use of mechanical couplers, Bai locked 

the reinforcing bars into the coupler using torque nuts.  Comparison of the performance of 

the beam-column joints containing couplers with results from previous tests of monolithic 

beam-column joints (Barton 2003) showed that performance of the units containing 
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mechanical couplers was poor, and it was concluded that such couplers should not be 

installed in the plastic hinge regions of moment resisting frame structures. 

section A-A

Key

precast concrete

in-situ concrete

stirrups confining beam 

reinforcement hooks

A A

(a)

section B-B

reinforcement in precast concrete not shown

reinforcement looped 

round large diameter 

bar

B B

(b)

 

Figure 7-8 Methods used by Alcocer et al. (2002) to achieve reinforcement continuity 
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Figure 7-9 Construction method tested by Khaloo and Parastesh (2003b; 2003a) 

Ertas et al. (2006) conducted an experimental programme aimed at improving the 

performance of Turkish precast concrete frames, which had performed unsatisfactorily 

during earthquakes in the 1990s.  The performance of four precast exterior beam-column 

joints was compared with a monolithic companion specimen.  Details used included 

in-situ, welded, and bolted connections.  It was found that the performance of all 

connections made them suitable for use in seismic regions, although reinforcement in the 

welded connection ruptured when the interstorey drift was 3.5%. 
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7.3 Fibre reinforced cementitious composites 

Concrete is part of a family of materials described generically as cementitious materials, 

other members of which include mortar, grout and cement.  A common characteristic of 

unreinforced cementitious materials is that in the hardened state their compressive 

properties are significantly superior to their tensile properties.  In particular, the tensile 

strength of unreinforced cementitious composites is much lower than the compressive 

strength, and tensile failure occurs in a very brittle manner at the occasion of first 

cracking. 

It has been known for thousands of years that the behaviour of brittle materials can be 

enhanced by the addition of fibres.  Early examples of this technique include the addition 

of straw to adobe blocks and horse hair to mortar and plaster (ACI Committee 544 1988), 

both of these techniques having been used since before the birth of Christ.  More recently 

many different types of fibres have been used to reinforce cementitious materials for a 

variety of structural and non-structural purposes.  Such materials are generically 

described as a fibre reinforced cementitious composite (FRCC).  Initial developments of 

FRCCs during the late nineteenth century and the first half of the twentieth century have 

been reviewed by Naaman (1985).  These initial developments did not result in 

significant use of FRCCs for structural purposes, and it can be considered that FRCCs in 

the modern sense were first developed in the 1960s (Romualdi and Mandel 1964). 

As illustrated in Figure 7-10, the response of cementitious materials subjected to uniaxial 

tension or bending can be categorised as either brittle, quasi-brittle, or ductile.  When the 

stress applied to a cementitious material exceeds its tensile strength at a section, cracking 

occurs.  If no mechanism exists for transferring significant tensile stresses across the 

crack, brittle failure occurs simultaneously with the formation of the first crack.  If a 

mechanism exists for transferring forces across the crack (for example fibre 

reinforcement or discrete reinforcing bars), the post-cracking response of the material is 

determined by the strength of the force transfer mechanism.  In a quasi-brittle material, 

the force that can be transferred across the crack is less than the force that caused the 

crack.  Therefore the stress in the surrounding matrix cannot increase and no further 

cracks form.  Deformation concentrates at the single crack, and the strength of the 

material typically decreases as deformation increases, i.e. tension-softening occurs.  In a 

ductile material, the force transferred across the initial crack can continue to increase, 

leading to further cracks forming parallel to the first crack as the stresses in the 

surrounding matrix increase.  This process can occur multiple times, leading to significant 
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strain capacity without strength decrease, i.e. ductile strain-hardening behaviour as shown 

in Figure 7-10. 
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Figure 7-10 Material stress-strain behaviour types 

7.3.1 Classification of fibre reinforced cementitious composites 

Within the generic group of materials covered by the term FRCC, there exist many 

different composites with greatly varying properties.  For structural purposes FRCCs are 

best sub-categorised according to their tensile properties.  This is a more meaningful form 

of classification than classification by fibre type, although it requires experimental testing 

to measure the required properties. 

Figure 7-11 shows a set diagram that classifies cementitious materials according to their 

behaviour when subjected to uniaxial tension and bending tests.  As discussed previously, 

FRCCs are a sub-group of cementitious materials that employ fibre reinforcement to 

provide enhanced tensile properties.  Two further subgroups of FRCC are identified in 

Figure 7-11.  These subgroups are ductile fibre reinforced cementitious composites 

(DFRCC) and high-performance fibre reinforced cementitious composites (HPFRCC). 
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Figure 7-11 Classification of cementitious composites by tensile properties 
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FRCCs, DFRCCs and HPFRCCs are distinguished from each other by their response 

during bending and uniaxial tension tests (JCI-DFRCC Committee 2003).  Table 7-1 

summarises the response of different cementitious materials in tension and bending. 

Table 7-1 Response displayed by cementitious materials 

 
Cementitious 

Materials 
FRCCs DFRCCs HPFRCCs 

Uniaxial 

tension test 
brittle quasi-brittle quasi-brittle ductile 

Bending test brittle quasi-brittle ductile ductile 

Conventional FRCCs are quasi-brittle materials, exhibiting softening behaviour in both 

uniaxial tension and bending tests.  The majority of fibre reinforced concretes developed 

and employed in the last 40 years are FRCCs (ACI Committee 544 1996), and the 

softening response of these materials has limited their usefulness for structural purposes, 

particularly for resistance of earthquake forces (see section 7.4). 

In order to be classified as an HPFRCC, a material must respond to uniaxial tension 

stresses in a ductile  manner (Naaman and Reinhardt 1996).  Because of their ductile 

tensile response, HPFRCCs also respond in a ductile manner during bending tests. 

The category described in Figure 7-11 and Table 7-1 as DFRCC is controversial.  

DFRCCs have been defined as materials that exhibit quasi-brittle behaviour in tension 

(tension-softening), but ductile behaviour in flexure (deflection hardening) (JCI-DFRCC 

Committee 2003).  However, the occurrence of deflection hardening in flexural members 

constructed from quasi-brittle materials is known to be strongly size dependent.  

Deflection hardening of such members is therefore often considered a structural property 

rather than a material property (Stang and Li 2004). 

In addition to the generic classifications discussed above, Figure 7-11 also shows how 

common material types are classified.  Materials such as Slurry Infiltrated Fibre 

CONcrete (SIFCON), Slurry Infiltrated Mat CONcrete (SIMCON), and reactive powder 

concrete (RPC) are shown bridging the boundary between DFRCCs and HPFRCCs, due 

to the fact that these materials can behave as either DFRCCs or HPFRCCs depending on 

the composition of the material, and on particularly the volume of fibres used. 

The classification scheme described above is by no means universal.  Naaman (2003) 

suggested that FRCCs that exhibit multiple cracking in tension or bending could more 

transparently be categorised as “strain-hardening cementitious composites” and 

“deflection-hardening cementitious composites” respectively, although this terminology 
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has not been widely adopted (Naaman and Reinhardt 2006).  Neither have the terms used 

in Figure 7-11 always been applied consistently, with a number of researchers describing 

strain-hardening FRCCs as DFRCCs (Kesner et al. 2003; Rokugo et al. 2002). 

While it is common to distinguish cementitious materials and FRCCs based on the 

grading of the aggregates in the matrix (for example mortar, grout and concrete), this 

means of classification is not generally applied to DFRCCs or HPFRCCs.  The tensile 

properties of DFRCCs and HPFRCCs are strongly influenced by the composition of the 

matrix material (Li 2003), which is often quite different to that found in ‘normal’ 

cementitious materials.  Hence the term ‘cementitious composite’ is commonly used. 

7.3.2 PVA-HPFRCC 

Two disparate approaches have resulted in the creation of HPFRCCs.  The first 

HPFRCCs were created as a result of a ‘sledgehammer’ approach to composite design, 

and resulted in FRCCs such as SIFCON and SIMCON with high fibre contents (typically 

greater than 5% by volume).  The practical usefulness of such materials has been limited 

because the high fibre volumes make the materials expensive and demand the use of 

special processing methods (Li et al. 2001).  The second approach used micromechanical 

modelling to show that FRCCs could be made to exhibit tensile strain-hardening 

properties by careful tailoring of matrix and fibre properties (Li and Leung 1992).  Such 

HPFRCCs typically contain approximately 2% fibres by volume, and were termed 

‘Engineered Cementitious Composites” (ECCs). 

While the micromechanical models used to develop ECCs can be applied to any fibre 

type, the goal of a strain-hardening composite containing a small volume fraction of 

fibres can only be achieved with a limited range of fibre types.  Li and co-workers 

identified high density polyethylene (PE) fibres as being ideal for use in HPFRCCs (Li 

1993).  Despite HPFRCC containing PE fibres having excellent material characteristics, 

early adoption of such composites was limited because of the high cost of the PE fibres.  

Consideration of a number of cheaper alternatives suggested that polyvinyl alcohol 

(PVA) fibres were more suitable than other low cost options such as nylon, low-density 

polyethylene, or polypropylene, which were considered unsuitable as either the tensile 

strength or elastic modulus of the material was too low (Li et al. 2002).  Initial attempts to 

produce PVA-HPFRCC were unsuccessful (Li et al. 2001), due to the strong chemical 

bond formed between the fibres and the matrix material.  This bond resulted in fibre 

rupture, rather than more ductile fibre pullout, governing composite behaviour, which is 

known to reduce the strain capacity of FRCCs (Li et al. 1997).  PVA-HPFRCC with 
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properties comparable to PE-HPFRCC was eventually produced by modifying the bond 

behaviour of the PVA fibres (Li et al. 2002).  Reduced bond strength was attained by 

applying an oiling agent to the surface of the fibres (Redon et al. 2001).  This oiling 

technique was commercialised by Kuraray to produce PVA fibres designed specifically 

for use in PVA-HPFRCC applications (Kuraray Co. Ltd. 2007). 

7.3.3 Performance characterisation of DFRCCs 

According to the definitions given in section 7.3.1, classification of a material as either a 

DFRCC or a (superior) HPFRCC requires information on the tensile properties of the 

material.  Specifically, it is necessary to know whether strain-hardening occurs in the 

material when it is subjected to direct tensile stresses. 

Excluding splitting tests which cannot be used to obtain properties of FRCCs, two types 

of tests are available for measuring the tensile properties of FRCCs.  Tests of small scale 

FRCC beams loaded in three- or four-point bending are simple and repeatable.  Uniaxial 

tension tests are more complicated to conduct, but can be used to directly measure the 

tensile stress-strain relationship. 

There is currently no accepted standard test method for characterising DFRCCs and 

HPFRCCs.  A wide variety of specimen types and boundary conditions have been used in 

uniaxial tensile tests of FRCCs (Kanakubo 2006; Kesner et al. 2003; Mechtcherine and 

Schulze 2005).  Common specimen types include ‘dogbone’ shaped, flat plates and 

cylinders.  Irrespective of the specimen type the boundary conditions at the loaded ends 

of the specimen can be either both pinned, both fixed, or one end pinned and one fixed.  It 

has generally been found that testing of different specimen types made from the same 

FRCC result in different measured stress-strain responses; in particular test results are 

affected if test specimens are small relative to the length of the fibres used, which can 

prevent the fibres from being truly randomly distributed.  There has been no 

recommendation of a standard uniaxial tension test for strain-hardening FRCCs, despite 

extensive attempts being made to find a suitable test (Kanakubo 2006).  The Japan 

Concrete Institute has published a standard method for conducting flexural tests on 

DFRCCs (JCI-S-003 2006).  However, it is widely recognised that bending tests cannot 

be used to determine whether the tensile response of a particular composite is strain-

hardening or tension-softening (Kanakubo 2006; Li and Wang 2003; Stang and Li 2004).  

This is because deflection-hardening and multiple flexural cracking are structural 

properties (Li and Wang 2003), and their occurrence is strongly dependent on member 
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depth (Stang and Li 2004) and have been observed to  occur in members made from both 

hardening and softening composites (Naaman and Reinhardt 2006). 

7.4 Fibre reinforced beam-column joints 

The ability of fibre reinforcement to resist joint shear forces or otherwise improve the 

performance of beam-column joints has been investigated many times over a period of 

three decades.  The primary goal of the majority of this research has been to improve the 

constructability of beam-column joints by reducing reinforcement congestion in critical 

regions.  The research has also been focussed on improving the performance of joints that 

are intended to resist earthquake induced forces.  This focus on earthquake loading is 

because the severity of these forces typically requires very large amounts of 

reinforcement to be used, which results in severe reinforcement congestion. 

7.4.1 Use of FRCCs in conventional beam-column joints 

The performance of fibre reinforced beam-column joints was first investigated by 

Henager (1977), who considered the ability of  steel fibre reinforced concrete (SFRC) to 

replace conventional transverse reinforcement in the cores of exterior beam-column 

joints.  Henager found that an SFRC joint was stronger, more damage resistant and 

somewhat stiffer when subjected to cyclic loading than a conventionally reinforced 

control unit.  Henager compared the costs of the two joints, and estimated that the SFRC 

joint was cheaper. 

In the years following Henager’s investigation, many researchers have assessed the 

performance of fibre reinforced beam-column joints.  As stated, past research has 

focussed on reducing reinforcement congestion in beam-column joints intended to resist 

earthquake forces.  Many variables have been considered during testing of numerous 

interior (Attaalla 1997; Filiatrault et al. 1995; Jindal and Hassan 1984; Sood and Gupta 

1987; Tang et al. 1992) and exterior (Bayasi and Gebman 2002; Filiatrault et al. 1994; 

Gefken and Ramey 1989; Gencoglu and Eren 2002; Henager 1977; Olariu et al. 1988; 

Sood and Gupta 1987; Tang et al. 1992) beam-column joints.  The location where FRCC 

was used varied between studies, with most researchers placing FRCC in only the joint 

core and/or the plastic hinge regions, although some researchers have constructed the 

entire test unit from FRCC (Jindal and Hassan 1984).  The majority of researchers have 

used steel fibre reinforced concrete, although some studies have investigated the use of 

fibres manufactured from other materials such as brass coated steel (Gefken and Ramey 
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1989) or polypropylene (Soubra et al. 1991).  The fibre content used has most commonly 

been between 1.0%-2.0% by volume, although as little as 0.5% by volume (Olariu et al. 

1988) and as much as 11% by volume (Wood 2000) has been used in certain cases.  In 

addition to isolated beam-column joint tests, a small number of complete fibre reinforced 

moment resisting frames have been tested on a shaking table (Katzensteiner et al. 1992). 

Most researchers have concluded that fibre reinforced joint cores are stronger, stiffer, and 

more ductile than conventionally reinforced joints.  It has been universally found that 

joint performance improves with increasing fibre content, with a fibre content of 

approximately 1.5% by volume being generally accepted as optimal.  In many cases it has 

been found that strength degradation occurs when beam-column joint test units with fibre 

reinforced joint cores are subjected to inelastic cyclic loading.  Furthermore, many of the 

fibre reinforced joints had their performance compared to conventionally reinforced joints 

that would be considered severely deficient by New Zealand standards, for example 

containing insufficient transverse reinforcement, lacking intermediate column 

reinforcement (Tang et al. 1992), or anchoring beam longitudinal reinforcement at 

exterior joints with hooks bent into the column rather than into the joint core (Gefken and 

Ramey 1989).  In some cases researchers have proposed design methods for determining 

the contribution of fibre reinforcement to joint shear strength (Bayasi and Gebman 2002; 

Liu 2006; Tang et al. 1992), but there are no reports in the literature of these methods 

being used to design fibre reinforced beam-column joints for real structures. 

7.4.2 New Zealand research into SFRC beam-column joints 

Two New Zealand researchers have previously investigated the performance of SFRC 

beam-column joints.  These investigations are reviewed separately because the standards 

by which the performance of the joints was judged are obviously more relevant to New 

Zealand structures. 

Stevenson (1980) compared the performance of conventionally reinforced interior beam-

column joints with that of joints containing SFRC in either the joint core or the beam 

plastic hinge regions.  Stevenson found that when SFRC was used in the joint core it was 

initially able to resist joint shear stresses, but that shear failure occurred due to the 

inability of the SFRC to sustain reversed cyclic loading.  It was concluded that a small 

quantity of conventional shear reinforcement would be required for the unit to have 

performed satisfactorily.  It was also found that the use of SFRC reduced the amount of 

bond degradation in the joint core compared to that which occurred in the conventionally 

reinforced joint.  SFRC used in beam plastic hinges was found to be unable to prevent 
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sliding shear failure and compression reinforcement buckling from occurring following 

inelastic cyclic loading. 

A recent study by Liu (2006) investigated the performance of fibre reinforced corner 

joints, i.e. the configuration shown in Figure 1-1a.  After testing joints that had cores 

containing either no transverse reinforcement, fibre reinforcement only, or fibre 

reinforcement and conventional transverse reinforcement, it was concluded that SFRC 

contributed significantly to the strength of the joint core when combined with 

conventional transverse reinforcement, but was unable to prevent column reinforcement 

buckling in the joint cores. 

7.4.3 Use of DFRCCs in beam-column joints 

A particularly noteworthy investigation was conducted by Parra-Montesinos et al. (2005), 

who observed that conventional FRCCs could not prevent damage when large shear 

stresses were applied to a joint due to the occurrence of tension-softening after first 

cracking.  It was postulated that FRCCs could only reduce the quantity of transverse 

reinforcement required for a joint to resist cyclic loading, rather than entirely replacing 

conventional transverse reinforcement.  Parra-Montesinos et al. showed that conventional 

transverse reinforcement was unnecessary if HPFRCC was used in the joint core and 

plastic hinge regions.  Two interior beam-column joints were tested that contained high 

density polyethylene fibres in the joint core and plastic hinge regions.  Cyclic testing 

showed that the beam-column joints could achieve drift levels of 5% and 6% before 

failure.  Parra-Montesinos et al. concluded that HPFRCC joints did not require 

conventional transverse reinforcement, and that a column depth of only 16 bar diameters 

was required in order to adequately anchor beam longitudinal reinforcement passing 

through the joint core. 

7.4.4 Use of FRCCs in precast beam-column joints 

Several research programmes have investigated the use of FRCCs in precast beam-

column joints. 

Over a period of a decade, numerous researchers at the University of Michigan 

investigated the use of FRCCs to construct in-situ connections between precast elements 

(Abdou 1990; Naaman et al. 1987; Soubra et al. 1991; Soubra et al. 1993; Vasconez 

1997).  The connections were intended to have lesser strength than the surrounding 

members, and would take advantage of the superior toughness and ductility of FRCCs to 
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minimise damage outside the connection region.  A variety of FRCCs were used in the 

connections, including SFRC, SIFCON, and polypropylene fibre reinforced concrete, and 

a number of different reinforcing details were trialled.  Tests were conducted on isolated 

connections and also on beam-column joints assembled from precast elements.  Although 

brittle failure occurred in a number of specimens it was concluded that FRCCs could be 

used to construct effective in-situ connections between precast concrete elements. 

Olariu et al. (1992) compared the performance of two interior SFRC beam-column joints 

with two similar units made from plain reinforced concrete.  One of the plain concrete 

joints was a monolithic joint, while the other three joints used precast concrete beams and 

were constructed using a method similar to that described as system 1 in section 7.2.2.1.  

It was found that the precast SFRC joints had superior strength, stiffness and energy 

dissipation when compared to either precast or monolithic plain concrete joints. 

A series of precast concrete beam-column joints consisting of precast columns and double 

tee beams connected in the joint core using an in-situ SFRC pour were tested by Tuleasca 

and Cuciureanu (Tuleasca and Cuciureanu 2006; Tuleasca et al. 2003).  Anchorage of the 

beam reinforcement in the joint core was achieved by bending the top and bottom 

reinforcement into a continuous U shape, and supporting the inside edge of the bend with 

straight transverse bars.  Performance of the joints was reported to be satisfactory.  

However force rather than displacement was used to define the cyclic load history, and 

the small magnitude of the forces included in the load history apparently resulted in the 

test units not being subjected to inelastic cyclic loading. 

7.5 Conclusions 

The literature review presented in Chapter 7 has covered three distinct topics.  

Accordingly, conclusions can be drawn in relation to each topic area. 

Numerous methods of constructing precast concrete moment resisting frames are used 

internationally.  Many methods developed in regions where earthquakes do not factor in 

the design of structures are not suitable for use in countries such as New Zealand where 

earthquakes are a significant hazard.  The need to account for seismic loads in design has 

lead to the local development of construction methods that have been successfully used to 

construct moment resisting frames.  The performance of frames constructed using these 

methods has been extensively verified experimentally.  However, despite their successful 

use and proven performance, these construction methods have a number of inherent 
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problems associated with them.  Each construction method is affected by two or more of 

the following problems: 

• The use of in-situ connection details that require complex reinforcement to be 

assembled on site 

• The use of heavy, awkwardly shaped precast elements to construct the frame 

• The requirement for tight tolerances due to the extensive use of ducted 

reinforcement to connect elements 

• The need for large columns in order to adequately anchor discontinuous beam 

longitudinal reinforcement at interior beam-column joints. 

Many of these problems could potentially be solved by the use of FRCCs.  Numerous 

researchers have previously investigated the use of FRCCs in beam-column joints.  

Although satisfactory performance has often been reported, there seems to have been 

little or no real world use of FRCCs in moment resisting frames. 

More generally, the structural use of FRCCs has been hampered by research results that 

showed early damage localisation in FRCC structural elements, particularly when these 

elements were subjected to cyclic loading.  The cause of this poor performance is the 

softening behaviour of conventional FRCCs.  Recent research has shown that FRCCs can 

be produced that exhibit hardening behaviour when subjected to flexure or tension.  

These materials are known as DFRCCs and HPFRCCs respectively.  The performance of 

DFRCCs and HPFRCCs cannot be properly characterised without conducting direct 

tensile tests, which are necessary to obtain the material’s stress-strain response.  A variety 

of materials can be categorised as either DFRCCs or HPFRCCs, but those that seem to 

have the most practical potential are materials engineered to exhibit hardening behaviour 

despite containing only small volumes of fibres.  The most effective fibres to use in these 

materials are made of high density polyethylene.  These fibres are prohibitively 

expensive, but similar performance can be achieved by using cheaper PVA fibres. 

Limited research has been conducted on beam-column joints containing HPFRCCs.  The 

results from this research indicate that the use of HPFRCCs in beam-column joints has 

the potential to significantly simplify the construction of beam-column joints without 

reducing their ability to resist severe earthquake loading. 
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7.5.1 Topics identified as requiring further research 

As noted in Chapter 2, the intention of a literature review is to guide new research.  The 

review presented in Chapter 7 has provided motivation for further investigation of the 

following topics: 

• The use of HPFRCCs in beam-column joints. 

• Development of a method for assembling moment resisting frames from precast 

concrete elements, which does not require the use of large, awkwardly shaped 

precast elements or complex in-situ connection details. 

While obviously different, the two topics above are complementary, because the 

properties of HPFRCCs suggest that they should be an excellent material for constructing 

in-situ connections between precast concrete elements while avoiding the difficulties 

associated with existing assembly methods (as outlined on the preceding page). 

While the use of HPFRCCs in beam-column joints has been investigated previously by 

researchers, the extent of this investigation has been limited, and no attempt has been 

made to develop generic design guidelines for HPFRCC joint cores.  Further validation of 

the performance of HPFRCC joint cores is therefore required before it is realistic to 

recommend their use in real structures.  In particular, it would greatly aid the adoption of 

HPFRCC joint cores in real structures if a simple rational design method could be 

developed for this type of joint core. 
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Chapter 8  

TESTING OF FRCC 
BEAM-COLUMN JOINTS 

8.1 Overview 

Chapter 8 describes the test programme that was conducted to assess the performance of 

beam-column joints assembled from precast concrete elements using a newly developed 

assembly method.  This method was intended to simplify construction of moment 

resisting frames and relied on fibre reinforced cementitious composites (FRCCs) to 

transfer forces through the joint core.  The chapter begins in section 8.2 by outlining the 

proposed construction method and the advantages that this method offers over the 

construction methods reviewed in Chapter 7.  The remainder of Chapter 8 describes the 

series of five beam-column joints that were tested to assess the structural performance of 

beam-column joints assembled using the new construction method.  The design and 

purpose of each beam-column joint is described in section 8.3, while the construction of 

the units is described in section 8.4.  The two different FRCCs used in the test units are 

described in section 8.5, which also contains information about the properties of the 

conventional materials used in the test units.  Results from testing of the five beam-

column joints are presented in sections 8.7 through 8.11.  These beam-column joints were 

tested using a newly developed test setup, which was intended to prevent recurrence of 

the problems that occurred while testing inorganic polymer concrete beam-column joints 

as described in Chapter 6.  The design of this test setup is described in section 8.6.  The 
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conclusions drawn from this series of beam-column joint tests are presented in section 

8.12. 

8.2 Development of construction method for 
precast moment resisting frames 

As stated in section 1.3, the motivation for Part 3 of this thesis came from comments 

made at a meeting of Auckland structural engineers that the construction of moment 

resisting frames was often hindered by the occurrence of reinforcement congestion in the 

beam-column joints.  This industry feedback lead to a goal being set to improve the 

constructability of beam-column joints without compromising their ability to resist 

earthquake induced forces.  After conducting a review of techniques previously used to 

construct precast concrete moment resisting frames, this goal was expressed in more 

detail by considering the difficulties noted to affect the existing construction methods for 

precast concrete moment resisting frames.  The aims in developing an improved 

construction method were to: 

• Reduce or eliminate the need for assembly of complex reinforcing details on site. 

• Use precast elements that were conveniently shaped to simplify transport and 

handling. 

• Use connections that minimise the requirement for tight construction tolerances. 

• Avoid having the size of columns dictated by the need to anchor reinforcement. 

A brainstorming session guided by the requirements outlined above resulted in four 

preliminary design concepts being developed, as shown in Figure 8-1.  The four options 

were presented at a second meeting where a consultation group of Auckland structural 

engineers were invited to critique the preliminary concepts. 

The four preliminary design concepts had several common features.  The concept of 

conveniently shaped precast elements seemed to be synonymous with essentially 

prismatic elements that had rectangular cross sections.  The use of such precast elements 

dictated that the in-situ connections between elements had to be located at or adjacent to 

the joint core, which normally results in complex reinforcement having to be assembled 

on site.  The key aim of Part 3 of this thesis was to determine whether the need for 

complex site-assembled reinforcement could be avoided by using ductile fibre reinforced 

cementitious composites (DFRCCs) or high performance fibre reinforced cementitious 

composites (HPFRCCs) for critical regions, as was suggested by previous research 
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(Parra-Montesinos et al. 2005).  A further common feature of all options was the use of 

grouted couplers to splice column longitudinal reinforcement, although the location of 

this splice differed between proposals. 

In Option A (Figure 8-1a), beam longitudinal reinforcement would be connected in the 

joint core using either threaded or grouted couplers.  This proposal was not liked by the 

consultation group because it was believed that construction using this method would be 

difficult.  Use of threaded couplers would require tight tolerances, while grouted couplers 

were considered to be too bulky to use within the joint core. 
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Figure 8-1 Preliminary proposals of construction methods for precast concrete moment 
resisting frames 

In Option B (Figure 8-1b) it was proposed to use distributed beam longitudinal 

reinforcement as described by Wong et al. (1990) and Lin (1999).  The beam longitudinal 

reinforcement would not be continuous through the joint.  Instead each bar would be 

anchored by a U bend in the horizontal plane, with reinforcement from the left and right 

beams being offset vertically so that the bars could interleave.  This reinforcement 

arrangement would require the column longitudinal reinforcement to be absent from the 

joint core at the time when the beams were installed, and for the beams to be installed 

from the side.  It was envisaged that the column longitudinal reinforcement in the joint 

core would be continuous with the reinforcement in the column above, and hence would 

be installed when this column was erected immediately prior to placement of the in-situ 

concrete of the joint core.  Option B was perceived to be difficult to construct due to the 
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need to temporarily support the column above while pouring the in-situ joint core.  It is 

also noted that this concept was based on the assumption that vertically distributed 

reinforcement offered considerable performance advantages (Wong et al. 1990).  More 

recent research was subsequently reviewed that indicated that few benefits were obtained 

from the use of vertically distributed beam longitudinal reinforcement (Lin 1999).  The 

perceived difficulty of construction and the lack of performance advantage from 

vertically distributed reinforcement lead to the decision to not develop option B further. 

Option C (Figure 8-1c) was fundamentally similar to option A, but proposed that the 

beam longitudinal reinforcement be anchored in the joint core by vertically oriented U 

bends, with the bars of the left and right beams offset so that the bars could overlap in the 

joint core.  If necessary the anchorage provided by these U bends could be improved by 

placing transverse straight bars in the corners of the U bend.  The use of U bends to 

anchor discontinuous beam longitudinal reinforcement in the joint core made option C 

conceptually similar to construction techniques previously tested in Japan (Komura et al. 

1988) and Romania (Tuleasca and Cuciureanu 2006; Tuleasca et al. 2003).  Option C was 

positively received by the consultation group, who stated that the technique could 

significantly improve the speed of construction and also suggested that further 

simplification might be achieved by use of welded or threaded end plates to provide 

anchorage of the beam longitudinal reinforcement rather than U bends. 

Option D (Figure 8-1d) was based on the use of partial shell beams with in-situ 

connections made in the beams adjacent to the column face.  Option D was closely based 

on the construction method described by Khaloo and Parastesh (2003b; 2003a), but 

differed by virtue of fact that the joint core would be cast as part of the in-situ pour, rather 

than as part of the precast column.  This change was proposed in order to avoid having 

reinforcing bars protruding from the faces of the columns during transport, and thus 

avoiding the risk of these bars being damaged accidentally or by bending and rebending.  

The response of the consultation group to option D was generally positive, although 

comments were made that the use of shell beams could lead to congestion due to the 

reduced space available in the joint core.  It was also stated that similar methods of 

construction had been used previously and had proven unpopular on site. 

After consideration of the feedback on the four preliminary concepts received from the 

consultation group it was decided that the scope of Part 3 of this thesis would be limited 

to assessing the performance of beam-column joints assembled using one of the four 

concepts, rather than comparing the relative performance of joints assembled using each 

different method, and that the most promising of the proposed concepts was option C.  
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The primary reason for this selection was the perceived simplicity of assembling a 

moment resisting frame using this construction method.  After consideration it was 

decided to ignore the suggestion of anchoring the beam longitudinal reinforcement with 

footplates because it appeared that these would cause excessive congestion in the joint 

core. 

Figures 8-2 and 8-3 show alternative views of a beam-column joint constructed using the 

“option C” construction method.  Figure 8-2 shows a detailed view of a partially 

constructed joint core.  This view clearly shows the overlapping U bends used to anchor 

the beam longitudinal reinforcement in the joint core.  Figure 8-3 contains a series of 

images that illustrate the assembly of part of a moment resisting frame using the “option 

C” construction method.  The three steps that would be undertaken during construction of 

a single floor of a moment resisting frame are as follows: 

1. Precast or in-situ columns erected below the level being constructed (Figure 8-3a) 

2. Precast beams spanning one or more bays craned into position (Figures 8-2 

and 8-3b) 

3. FRCC placed in joint core regions by an in-situ pour 

4. Columns and flooring erected above the level being constructed (Figure 8-3c).  

Column reinforcement would be spliced using grouted couplers. 

 

Figure 8-2 Detailed view of a partially constructed joint core region assembled using the 
“option C” construction method 
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Figure 8-3 Construction of a moment resisting frame using the “option C” method 

While discussing the beam-column units constructed using the “option C” method it 

became necessary to define a convenient term to use when referring to the U bend 
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anchorage detail.  The continuous reinforcement cannot be described as a hook, because 

this term is commonly used to describe discontinuous anchorages of various forms.  

Terms such as “hairpin” or “paperclip” have been used in the literature to describe similar 

bends, but for this research it was decided to refer to the U bends as “180° bends” for 

simplicity. 

8.3 Test units 

A total of five beam-column joints were tested to assess the performance of moment 

resisting frames assembled using the method proposed in the previous section.  Before 

discussing these units in detail, some attention must be paid to the broader intention of the 

experimental programme.  Testing can generally be divided into two broad categories, i.e. 

• Prototype testing of specimens that have dimensions that closely replicate those to 

be used in practice. 

• Testing of a series of specimens that focus on a single behaviour mode with the 

aim of developing or refining design methods. 

The intent of the test programme reported in this chapter was to investigate the failure of 

HPFRCC beam-column joint cores, with the aim of developing a means of analysing or 

designing such joint cores (see Chapter 9).  It could be argued that the series of tests 

conducted was not sufficiently focussed to achieve this aim, with too wide a range of 

variables being considered.  However, given the finite size of the test programme and the 

“blue sky” nature of the programme (i.e. a topic that had not previously been extensively 

investigated) it was felt that assessing a broad range of design possibilities would be 

valuable by establishing what could and could not be achieved when using HPFRCCs in 

beam-column joints (i.e. as “proof of concept” testing).  It is important to note that the 

test units can not be considered as prototypes of real details, because they were between 

approximately half and two-thirds scale and lacked practical details such as sufficient 

beam width for support of floor units. 

The design of the beam-column joints that were tested to assess the performance of 

moment resisting frames assembled from precast elements using HPFRCC in-situ 

connections is described in the following subsections.  Section 8.3.1 describes the 

motivation for selecting each beam-column joint design, section 8.3.2 describes the 

design of each beam-column joint, and section 8.3.3 explains the detailing of the joint 

core of each test unit.  Of the five units tested, four had joint cores that were constructed 

from PVA-FRCC (units PVA-1 through PVA-4), while the fifth unit had a joint core that 
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was constructed from the proprietary reactive powder concrete marketed as Ductal® (unit 

RPC-1).  The test units are numbered chronologically according to the order in which 

they were designed; thus the design of a test unit with a numerically larger designation 

was typically informed by results obtained from testing of previous units. 

8.3.1 Motivation for selection of each joint design 

PVA-1 was the first beam-column joint in this study to utilise FRCC, and was therefore 

intended to provide initial verification of the ability of PVA-FRCC to transfer the stresses 

imposed on a beam-column joint core whilst maintaining the desired “weak beam-strong 

column” hierarchy of strength required by New Zealand structural design standards.  Due 

to the uncertainty surrounding the performance of PVA-FRCC, the design of PVA-1 was 

deliberately conservative.  The reinforcement ratio of the precast beams was relatively 

low, the beam longitudinal reinforcement anchorages in the joint core were 

conservatively designed, and the level of stress imposed on the joint core was also low. 

The precast elements for PVA-2 were constructed at the same time as those for PVA-1.  

Therefore at the time when PVA-2 was designed, no testing had been conducted on PVA-

FRCC beam-column joints.  It was anticipated that construction problems or poor test 

performance would afflict PVA-1, and that the aim of testing PVA-2 would be to rectify 

these problems.  Therefore PVA-2’s precast elements were initially designed and 

constructed so that they were identical to those of PVA-1.  Due to the excellent 

performance of PVA-1 it was decided that little value would be obtained from testing a 

second identical beam-column joint.  Therefore, the 180° bends connecting the top and 

bottom longitudinal reinforcement of each beam were removed before PVA-2 was 

assembled.  This alteration was intended to significantly reduce the strength of the beam 

longitudinal reinforcement anchorages and thus alter the performance of PVA-2 in 

comparison to PVA-1. 

PVA-1 and PVA-2 were both designed so that the longitudinal reinforcement of the left 

and right beams overlapped in the joint core.  While structurally logical, this detailing 

required the longitudinal reinforcement of each beam to be widely spaced, and hence for 

the joint core to be wide relative to the reinforcement ratio of the beams framing into it.  

The detailing of PVA-3 was intended to reduce the required spacing of the beam 

longitudinal reinforcement.  In common with PVA-1, the beam longitudinal of PVA-3 

reinforcement was again anchored using 180° bends.  However in contrast to PVA-1, 

these anchorages did not extend beyond the centreline of the column and therefore the 

longitudinal reinforcement of the left and right beams did not overlap in the joint core. 
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PVA-4 had a design that differed significantly from that of PVA-1, PVA-2, and PVA-3.  

The stress imposed on the joint core of the previous three units had been relatively low, 

whereas PVA-4 was intended to assess the ability of PVA-FRCC to transfer much larger 

stresses through the joint core. 

The purpose of RPC-1 was to assess the effect of using a higher strength FRCC to 

construct the in-situ connection between precast elements.  The FRCC that was selected 

was the proprietary reactive powder concrete marketed as Ductal®.  RPC-1 was identical 

to PVA-4 except for the material used to construct the joint core.  The choice to use 

identical detailing for PVA-4 and RPC-1 was made to enable direct comparison of the 

performance of the two different FRCCs in a situation where they would be exposed to 

high stresses. 

8.3.2 Design of beam-column joint subassemblies 

As was the case for the beam-column joints tested for Parts 1 and 2 of this thesis, the 

FRCC beam-column joints tested for Part 3 of this thesis were not based on any particular 

prototype structure.  Thus an arbitrary starting point for design had to be chosen for the 

design of each unit.  The size of the five units was governed by the dimensions of the test 

setup described in section 8.6.1, which resulted in the unit being between approximately 

half and two-thirds scale.  Concrete with a compressive strength of 35 MPa was specified 

for all precast elements as this strength is in the range of strengths that are commonly 

used in precast factories.  The strength of the in-situ FRCC used in the joint core is 

discussed in detail later in this chapter, but for design purposes was assumed to be greater 

than 50 MPa. 

The design of unit PVA-1 is shown in Figure 8-4.  The detailing of units PVA-1, PVA-2, 

and PVA-3 was identical except for within the joint core, meaning that Figure 8-4 can 

also be considered to show the design of PVA-2 and PVA-3.  The detailing of the joint 

cores is described fully in section 8.3.3.  The detailing of the beams and columns was 

initially selected for unit PVA-1 and then reused for units PVA-2 and PVA-3.  Therefore 

the discussion of the design will focus on PVA-1. 
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Figure 8-4 Reinforcement details of units PVA-1, PVA-2, and PVA-3 

A column cross section with a depth of 450 mm and a width of 400 mm was chosen as 

the starting point for the design of unit PVA-1.  These dimensions were dictated by the 

desire to maximise the shear strength of the connection between the column and the new 

reaction frame used to test units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1.  The new 

reaction frame is described in section 8.6.1, but the endplates and pivots used to connect 

the test units into the frame can be seen in Figure 8-4.  To prevent shear failure from 

occurring at the interface between the column concrete and the steel plate the column 

longitudinal reinforcement extended through holes drilled in these plates.  After insertion 

through the plates, the bars were welded to the plates to increase the rigidity of the 

connection.  Due to the dimensions of the top and bottom pivots that were bolted to the 

endplates, the column dimensions of 450 mm × 400 mm were the smallest that allowed 

both primary and intermediate column longitudinal reinforcement to pass through the 

endplates.  The connection of all column longitudinal reinforcement to these plates was 

considered to be conservative, but desirable due to the unknown performance of the 

newly developed test setup. 

The diameter of PVA-1’s beam longitudinal reinforcement was chosen by considering the 

size of reinforcing bars that design criteria in NZS 3101:2006 indicated could be reliably 

anchored in a 450 mm deep column.  As NZS 3101:2006 did not contain design criteria 

related specifically to anchorage of bars using 180° bends, the design criteria for 90° 

standard hooks were used.  It was conservatively estimated that 20 mm diameter Grade 

300E beam longitudinal reinforcing bars would be the largest that could be properly 

anchored in the joint core.  Consideration of the column width and the likely layout of the 
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column longitudinal reinforcement lead to the decision for the longitudinal reinforcement 

of the left and right beams to consist of three D20 bars top and bottom.  These reinforcing 

bars had to be widely spaced in the beams due to the need to overlap the bars in the joint 

core.  This detailing necessitated the use of beams with a width of 260 mm.  The depth of 

the beam was chosen as 400 mm so that the reinforcement ratio of the beams was not 

unrealistically small.  Despite the shallow depth of the beams relative to typical frame 

dimensions, the reinforcement ratio was still relatively low at 1.02%.  After finalisation of 

the beam cross section design, other aspects of PVA-1 such as column longitudinal 

reinforcement and beam and column shear reinforcement were designed according to the 

capacity design requirements of NZS 3101:2006. 

The detailing of PVA-4 is shown in Figure 8-5.  As can be seen, the overall size of PVA-

4 was identical to that of the previous units.  The design of PVA-4 was guided by the 

desire to maximise the stress level in the joint.  The key variables affecting the joint shear 

stress were the area of the joint core cross section and the tension force that could be 

resisted by the beam longitudinal reinforcement.  The cross sectional area of the joint core 

was minimised by reducing the width of the joint in comparison to PVA-1, PVA-2, and 

PVA-3.  Consideration of a number of options indicated that a satisfactorily high joint 

shear stress level could be achieved by reducing the width of the column and joint to 

250 mm and reinforcing the beams with two HD25 reinforcing bars top and bottom.  The 

depth of the joint was not altered from the value of 450 mm used for the previous units, 

because reduction of the column depth would have significantly reduced the flexural 

strength of the column, and because 450 mm was in any case the minimum size that could 

be accommodated by the test rig.  After selection of the beam and column cross sections 

and detailing of the beam longitudinal reinforcement, other aspects of the design of PVA-

4, such as column longitudinal reinforcement and beam and column shear reinforcement, 

were designed in accordance with NZS 3101:2006.  A final point to note is that the 

reduced column width of PVA-4 prevented the intermediate column longitudinal 

reinforcement from passing through the column endplates due to the dimensions of the 

steel pivot later bolted to the endplate.  The reduced strength of the column-to-endplate 

connection that resulted from the smaller number of bars connected to the endplate was 

considered to be acceptable because there had been no sign of damage to this connection 

during testing of units PVA-1, PVA-2, and PVA-3. 

As stated previously, the design of RPC-1 was identical to that of PVA-4 except for the 

use of a different FRCC in the joint core.  The detailing of RPC-1 can therefore be seen in 

Figure 8-5. 
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Figure 8-5 Reinforcement details of units PVA-4 and RPC-1 

8.3.3 Joint core detailing 

This section outlines the design of the joint core regions for units PVA-1 to PVA-4 and 

RPC-1, and focuses on the methods used to anchor the beam longitudinal reinforcement 

in the joint cores and on the stress to which the FRCC in the joint would be subjected.  

The joint stress level is described by means of the horizontal joint shear stress for 

simplicity and to enable ready comparison to conventional joint designs.  Side elevations 

and cross sections of the four different joint details are shown in Figure 8-6, and the 

designs of the joint details are summarised in Table 8-1. 

Units PVA-1, PVA-2, and PVA-3 differed only in the design of their joint cores, which 

resulted in the theoretical maximum joint shear stress being identical for all three units.  

The method given in NZS 3101:2006 was used to calculate the theoretical maximum joint 

shear stress.  The maximum horizontal shear force assumed to act on the joint was: 

colsyojh VAfα2V −=  (8-1) 

where αo is the overstrength factor for the reinforcement, fy is the nominal yield strength 

of the beam longitudinal reinforcement, As is the area of the beam longitudinal tension 

reinforcement, and Vcol is the shear force acting on the column when overstrength 

moments develop in the beam.  The horizontal joint shear stress was then calculated as: 
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cj
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jh
hb

V
v =  (8-2) 

where bj is the effective width of the joint, and hc is the depth of the column.  Based on 

nominal material properties and assuming that the overstrength factor for Grade 300E 

reinforcement was 1.25, the design horizontal shear stress in the joint core was 3.3 MPa, 

or 33% of the maximum permitted by NZS 3101:2006 for joint cores with a concrete 

strength of 50 MPa or more.  The joint cores of units PVA-1, PVA-2, and PVA-3 were all 

constructed from PVA-FRCC, which is described in section 8.5.3.1. 

Table 8-1 Joint core detailing of units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1 

 Joint core material 
Joint shear 

stress, vjh (MPa) 
Reinforcement anchorage 

detail 

PVA-1 3.3 374 mm continuous hooks 

PVA-2 3.3 300 mm straight 

PVA-3 3.3 215 mm continuous hooks 

PVA-4 

PVA-FRCC 

10.5 374 mm continuous hooks 

RPC-1 Reactive powder concrete 10.5 374 mm continuous hooks 

The 180° bends anchoring the beam longitudinal reinforcement in PVA-1 were designed 

using the NZS 3101:2006 provisions for standard hooks.  It was assumed that the 

compressive strength of the joint core would be approximately 50 MPa because little was 

known about the actual material properties of the PVA-FRCC at the time when PVA-1 

was designed.  The required development length that resulted from this assumption was 

10.2 bar diameters, and in accordance with NZS 3101:2006 the development length was 

assumed to commence 8 bar diameters after the reinforcing bar passed the critical section 

at the face of the joint.  The total length from the column face to the back edge of the 

180° bend was specified as 374 mm as shown in Figure 8-6a. 

As noted previously, the precast elements of PVA-2 were initially constructed so that the 

joint core would have been identical to that of PVA-1.  However, due to the excellent 

performance obtained from PVA-1 during testing, the 180° bends on the beam 

longitudinal reinforcement of PVA-2 were removed before assembly of the precast 

elements.  This alteration resulted in the beam longitudinal reinforcement of PVA-2 being 

anchored in the joint core by straight lengths of reinforcement that extended 

approximately 300 mm from the column face.  This detailing did not comply with the 

requirements of NZS 3101:2006, which does not allow discontinuous straight lengths of 

reinforcing bar to be used as anchorages immediately adjacent to a probable plastic hinge 

region.  The joint core detailing of PVA-2 is shown in Figure 8-6b. 
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Figure 8-6 FRCC joint core elevations and cross sections 

The joint core detailing of PVA-3 is shown in Figure 8-6c.  The beam longitudinal 

reinforcement of PVA-3 was anchored using 180° bends that were similar to those of 

PVA-1.  However, the length of the 180° bends when measured from the column face 

was reduced to 215 mm, which was less than the 374 mm length required by 

NZS 3101:2006.  This change resulted in the longitudinal reinforcement of the left and 

right beams not overlapping in the joint core, which would have accommodated 

placement of the longitudinal reinforcing bars of the left and right beams in the same 

planes instead of being offset as was required in PVA-1 and PVA-2.  In practice, the 

dimensions of the beams, column, and joint core of PVA-1 and PVA-2 were retained for 

PVA-3.  This choice was made to allow direct comparison of the performance of the three 

different anchorage details used in PVA-1, PVA-2, and PVA-3.  It is also worth noting 

that due to a fabrication error the bend radius used in PVA-3 was approximately twice 

that used in PVA-1. 
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The designs of units PVA-4 and RPC-1 were identical apart from the use of a different 

FRCC in the joint core.  The joint core of PVA-4 was constructed from the same PVA-

FRCC used for units PVA-1, PVA-2, and PVA-3, while the joint core of RPC-1 was 

constructed from reactive powder concrete, which is described in section 8.5.3.2.  The 

horizontal joint shear stress level in both joints was 10.5 MPa.  As intended this exceeded 

the limit of 10 MPa imposed by NZS 3101:2006 for conventional reinforced concrete 

joint cores.  For both units anchorage of the beam longitudinal reinforcement in the joint 

core was achieved using 180° bends.  These 180° bends had the same length of 374 mm 

used for PVA-1, despite 25 mm Grade 500E beam longitudinal reinforcing bars being 

used rather than 20 mm Grade 300E bars.  The use of the higher strength reinforcement in 

PVA-4 and RPC-1 increased the theoretical maximum demand on the reinforcement 

anchorages by 292%, and hence the anchorages did not comply with the requirements of 

NZS 3101.  The joint core detailing of PVA-4 and RPC-1 is shown in Figure 8-6d. 

8.4 Construction 

PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1 were constructed in a manner intended to 

simulate the assembly of a precast concrete moment resisting frame.  This simulation was 

achieved by initially casting beam and column elements, and then assembling the 

hardened beam and column elements into complete beam-column joints at a later date.  

The two stages of construction are described in the following sections. 

8.4.1 Construction method 

The method used to construct units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1 was 

intended to match the sequence shown in Figure 8-3 as closely as possible.  The two main 

points that had to be considered before construction began were the method of splicing 

the column longitudinal reinforcement, and the method of undertaking the in-situ 

connecting pour of FRCC. 

It was decided at an early stage that the construction sequence could be simplified 

considerably by constructing the column elements in one piece with continuous 

longitudinal reinforcement running through the joint core region.  The omission of the 

reinforcement splices that would in practice be located immediately above the joint core 

simplified construction by allowing direct installation of the column element in the test 

frame, and was considered to be acceptable due to the fact that several methods of 



Fibre Reinforced Precast Beam-Column Joints 

258 

splicing column longitudinal reinforcement have been extensively used in practice and 

verified experimentally (Bull 1999). 

Use of continuous column elements required that the longitudinal reinforcement of the 

precast beams be inserted into the joint region from the sides rather than being lowered in 

from above.  Lateral insertion of the beams would be difficult or impossible to achieve on 

site, but was possible in the laboratory because each beam consisted of a half span only.  

Another consequence of using continuous columns was to prevent the in-situ FRCC from 

simply being poured into the joint core from the top before erection of the column above.  

It was therefore necessary to determine a method for placing the in-situ FRCC into a 

relatively confined space while ensuring that the joint core was completely filled. 

After considering a number of methods for placing in-situ FRCC in the joint core region 

it was decided that the simplest method would be to cast notches in either the precast 

column or beam elements, respectively either above or to the side of the joint core.  For 

PVA-1 and PVA-2, the notches were placed in the beam elements.  This decision was 

initially thought to be advantageous because it resembled the practice of using beams in 

which only the lower part of the member is comprised of precast concrete, with the top 

part being placed as an in-situ pour later in the construction process.  Testing of PVA-1 

and PVA-2 revealed that the presence of the FRCC notch in the beams had a minor effect 

on the behaviour of the units.  The location of the filling notches for units PVA-3, PVA-4, 

and RPC-1 was therefore moved to the column above the joint core. 

Side elevations and key dimensions of the precast elements for PVA-1 are shown in 

Figure 8-7.  Figure 8-7 can also be taken as representative of the elements for PVA-2, 

which differed only in the detailing of the beam longitudinal reinforcement where it was 

inserted in the joint core.  For clarity, reinforcement is only shown where it protruded 

from the precast concrete.  It can be seen that one beam element contained a large notch 

with a length of approximately 130 mm while the other beam contained a notch with a 

length of approximately 45 mm.  These elements were designed so that in-situ concrete 

could be poured into the gap created by the larger notch and the filling of the joint could 

be assured by ensuring that concrete flowed out of the small opening at the opposite side 

of the joint.  The length of the precast beam elements shown in Figure 8-7 does not 

exactly match the clear span of the beams shown in Figure 8-4.  The 25 mm discrepancy 

reflects the need to provide an extra length to support the beam element prior to 

hardening of the in-situ joint core concrete. 
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Figure 8-7 Precast elements of PVA-1 

Figure 8-8 shows side elevations and key dimensions of the elements from which PVA-4 

was assembled.  For PVA-4 the beam elements were simple cuboids with reinforcement 

protruding from one end.  As mentioned previously, the notch used for placement of in-

situ concrete was located in the upper part of the column.  The height and depth of the 

notch were both approximately 200 mm.  To provide evidence of correct joint filling, the 

distance between the top and bottom of the joint core was increased so that it was slightly 

larger than the depth of the beams.  This detail provided an opening for in-situ concrete to 

overflow from, and provided the necessary tolerance to ensure that the beams could be 

placed correctly.  The elements used to construct PVA-3 and RPC-1 were similar to those 

shown in Figure 8-8. 

8.4.2 Construction of precast elements 

The precast elements for units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1 were 

constructed in the Civil Engineering Test Hall.  In this respect their construction was 

more similar to the construction of units 1B-4B than units L.IP, M.IP, M.PC, and H.IP.  

However, while units 1B-4B had to be constructed sequentially due to space restrictions, 

it proved possible to construct the precast elements for units PVA-1, PVA-2, PVA-3, 

PVA-4, and RPC-1 in two batches.  This casting sequence was achieved because the 

essentially cuboid precast elements occupied floor space more efficiently than the 

cruciform shape of units 1B-4B.  Elements for PVA-1 and PVA-2 were cast in the first 

batch, and those for PVA-3, PVA-4, and RPC-1 were cast in the second batch. 
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Figure 8-8 Precast elements of PVA-4 

The construction process for the precast elements was similar to the one used when 

constructing units 1B-4B as described in section 3.3.  Longitudinal and transverse 

reinforcement for the beams and columns was delivered cut to length and bent as 

necessary by the reinforcement supplier.  A different batch of reinforcement was used for 

each batch of precast elements.  Samples of each beam and column longitudinal 

reinforcing bar type were taken from each batch of reinforcement to enable measurement 

of material properties. 

As was the case for previously tested beam-column joints, a large number of studs for 

mounting of instrumentation were welded to the beam and column reinforcing cages 

before these were placed in their formwork ready for casting.  At the same stage, 

fabricated steel plates were placed over and welded to the column longitudinal 

reinforcement at either end of the column elements.  These plates can be seen in Figure 

8-9.  The purpose of these plates was to facilitate installation of the column element in the 

test frame as described in section 8.6.1. 

The formwork for the beams was constructed from medium density fibre board and kiln 

dried timber.  Before the reinforcing cages were placed in the formwork only the 

formwork that defined the external faces of the beams and columns was assembled.  After 

the cages were placed in this formwork, the remaining formwork that defined the beam 

and column faces adjacent to the joint core was assembled around the longitudinal 

reinforcement that protruded into the joint core.  An example of the formwork defining 

the stepped beam ends for either PVA-1 or PVA-2 is shown in Figure 8-10.  Before 

concrete was placed in the formwork, an adherent set retarder was applied to the 
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formwork that defined the surfaces that would mark the interface between precast and in-

situ concrete.  The purpose of this set retarder was to improve shear transfer and adhesion 

between the two concrete types. 

The precast beam and column elements were cast using ready-mix concrete supplied from 

a local batching plant.  Concrete for the elements of PVA-1 and PVA-2 was delivered by 

a single truck, as was the concrete for the elements of PVA-3, PVA-4, and RPC-1.  All of 

the concrete for the beam and column elements had a specified compressive strength of 

35 MPa.  During each pour numerous concrete cylinders were cast for the purpose of 

measuring actual compressive strength at the time of testing.  These cylinders were stored 

with the precast elements, initially under the wet sacking placed on the elements to 

improve initial curing, and later in the laboratory next to the beam and column elements. 

 

Figure 8-9 Column reinforcing cages with end plates 

   

Figure 8-10 Beam reinforcing cages and formwork showing steps 
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The formwork of the precast elements was in many cases removed in stages.  The parts of 

the formwork that defined the beam-joint and column-joint interfaces were removed 

between 24 and 72 hours after casting.  After this formwork was removed, the set retarder 

applied before casting enabled the surface to be roughened using a wire brush.  The 

remainder of the formwork was normally left on the precast elements until shortly before 

assembly of the beam-column joint test unit.  The continuing presence of the formwork 

partially protected the precast elements from damage during the time that they were 

stored in the laboratory, in particular protecting the vulnerable corners and edges. 

8.4.3 Assembly of beam-column joints 

The process of assembling a complete beam-column joint from the precast elements was 

initiated after the precast elements had cured for a minimum of one week.  After removal 

of all formwork from the precast elements, the following steps were undertaken during 

the assembly process: 

1. Fabricated steel pivot plates were bolted to the plates fixed to either end of the 

column element.  After these pivots had been attached, the column element was 

lifted into the test frame and the top pivot pin was driven into place.  The insertion 

of this pin resulted in the column element being left hanging in the test frame when 

its weight was removed from the crane.  After the weight was taken off the crane 

the base of the column was temporarily secured to prevent it moving during the 

remainder of the assembly process. 

2. The left and right precast beams were placed in position.  At the joint core the 

beams were temporarily supported on the cover concrete of the column 

(recognising that this practice would not be permitted during construction of real 

structures); at the outside end the beams were supported either on steel drums or on 

the struts used to restrain the beams during testing.  Before the beams were 

released from the crane, care was taken to ensure that the beams were level 

horizontally and square to the face of the column.  The condition after assembly of 

the beam and column elements and before placement of the joint core concrete is 

shown in Figure 8-11. 

3. After the beam and column elements were in place, instrumentation and mounting 

studs were fixed in the joint core region.  This equipment was not fixed before 

assembly of the elements because there was a high likelihood of damage occurring 

during the process of inserting the beam longitudinal reinforcement through the 

column longitudinal reinforcement. 
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Figure 8-11 PVA-1 after erection of beam and column elements 

4. The final stage of the assembly process was to place the FRCC in the joint core.  

Formwork was fixed on either side of the joint core, and a small chute was fixed in 

place to ease the process of inserting FRCC into the filling notch.  The formwork 

on one side of the joint core was constructed from acrylic glass (“Perspex”) rather 

than from MDF, which allowed observation of the filling process to ensure that no 

voids were left in the joint core.  Figure 8-12 shows a series of photos recording the 

progressive filling of the joint region of PVA-1.  No problems were encountered 

when pouring the in-situ joint cores, because the FRCC was found to flow well, 

essentially behaving as a self-compacting concrete as discussed in the next section.  

The finished condition of all joint cores was excellent, with no unacceptable voids 

being evident. 

The formwork was removed from the joint core region between three and five days after 

pouring of the FRCC.  After this time the beam-column joint was prepared for testing 

following the procedures described in section 8.6.  Figure 8-13 shows PVA-1 as a typical 

example of a beam-column joint at the completion of assembly.  The regions of precast 

and in-situ concrete are obvious due to their different colours. 
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Figure 8-12 Placement of in-situ concrete in joint region, showing Perspex formwork 

 

Figure 8-13 PVA-1 at the completion of assembly 
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8.5 Material properties 

This section describes the measured properties of the materials used to construct units 

PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1.  Strengths for the precast concrete and the 

reinforcement used are given in a similar manner to that adopted in Parts 1 and 2 of the 

thesis.  An additional subsection describes the two FRCCs used in the beam-column 

joints.  This subsection provides information on the mix designs used to produce these 

materials, in addition to basic information on their compressive strength.  Detailed 

information on the properties of FRCCs can be found in section 9.2. 

8.5.1 Reinforcement 

This section describes the stress-strain response of the longitudinal steel reinforcement 

used in the beams and columns of units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1.  In 

total only three different types of longitudinal reinforcement were used in these units; 

20 mm bars manufactured from Grade 300E steel, and 20 mm and 25 mm bars 

manufactured from Grade 500E steel.  However, four sets of reinforcing bar samples 

were tested as the 20 mm Grade 300E reinforcing bars that were used in units PVA-1 and 

PVA-2 were from one batch of reinforcement, and those used in PVA-3 were from a 

second batch of reinforcement.  All reinforcement was manufactured and supplied by 

Pacific Steel. 

Table 8-2 summarises the yield and ultimate stresses recorded for each reinforcing bar 

type.  The values contained in Table 8-2 are average values calculated from the stress 

strain responses shown in Figures 8-14, 8-15, 8-16, and 8-17.  Table 8-2 also shows 

calculated ratios of the ultimate to yield strength of the different reinforcing bar types. 

Table 8-2 Reinforcement properties for fibre reinforced beam-column joints 

Bar Type Unit fy (MPa) fu (MPa) fu/fy 

D20 
PVA-1, 

PVA-2 
305 455 1.49 

D20 PVA-3 321 474 1.48 

HD20 
PVA-4, 

RPC-1 
510 654 1.28 

HD25 
PVA-4, 

RPC-1 
526 654 1.24 

Comparison of the values shown in Table 8-2 with the New Zealand standard for steel 

reinforcement shows that all bar types met the strength requirements.  It is also evident 
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from Figures 8-14 and 8-15 that all samples of Grade 300E reinforcement exhibited at 

least the minimum permitted uniform elongation of 15%.  However, inspection of Figures 

8-16 and 8-17 shows that the elongation at failure of one of the samples of HD20 

reinforcing bar was only 9.1%.  This maximum elongation is below the required value of 

10% uniform elongation, but it is extremely unlikely that this discrepancy affected the 

performance of the test units that used this bar type as column longitudinal reinforcement 

due to the columns being designed so that they behaved elastically throughout testing. 

8.5.2 Concrete 

To enable assessment of the strength of the concrete used in each beam-column joint, 

numerous test cylinders were cast at the same time as the precast elements for units PVA-

1, PVA-2, PVA-3, PVA-4, and RPC-1.  These cylinders had a diameter of 100 mm and a 

height of 200 mm.  At least three cylinders were crushed at the time when each beam-

column joint was tested in order to assess the actual concrete strength.  The procedures 

used to cast, cure, and test these cylinders was similar to those described in section 3.4.1. 
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Figure 8-14 Stress-strain response of D20 beam and column longitudinal reinforcement used 
in units PVA-1 and PVA-2 
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Figure 8-15 Stress-strain response of D20 beam and column longitudinal reinforcement used 
in unit PVA-3 
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Figure 8-16 Stress-strain response of HD20 column longitudinal reinforcement used in units 
PVA-4 and RPC-1 
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Figure 8-17 Stress-strain response of HD25 beam longitudinal reinforcement used in units 
PVA-4 and RPC-1 

Table 8-3 shows the results obtained from crushing the concrete cylinders.  It can be seen 

that the concrete used in PVA-1 and PVA-2 had significantly higher strength than that 

used in PVA-3, PVA-4, and RPC-1.  It is also evident that the measured strength of the 

batch 1 concrete was lower 120 days after casting than 85 days after casting.  The 

strength of the batch 2 concrete was also lower 246 days after casting than 103 or 160 

days after casting.  There is no obvious explanation for these strength decreases; however, 

in both cases the standard deviation of the measured strength was such that the strength 

decrease was not statistically significant.  Slump values for the concrete mixes were not 

measured. 

Table 8-3 Measured concrete properties 

'

cf  measured (MPa) 
Unit 

Concrete 
batch 

Age at test 
(days) 

Mean Standard deviation 

Density 
(kg/m3) 

PVA-1 85 43.3 2.5 2339 

PVA-2 
1 

120 40.2 1.0 2330 

PVA-3 103 32.6 2.1 2340 

PVA-4 246 32.1 1.6 2340 

RPC-1 

2 

160 33.8 1.0 2345 
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8.5.3 FRCC 

Two high performance fibre reinforced cementitious composites (FRCCs) were used 

during construction of the beam-column joints that are the focus of Part 3 of this thesis.  

These FRCCs were PVA-FRCC and reactive powder concrete (RPC).  The mix designs 

and mixing procedures used to manufacture these materials differed considerably, both 

from those used to manufacture conventional concrete, and also between the two types of 

FRCC.  The mix designs and mixing procedures used are outlined in sections 8.5.3.1 and 

8.5.3.2. 

All fibre reinforced cementitious composites used in this study were mixed in the Civil 

Materials Laboratory at the University of Auckland.  The majority of these materials were 

manufactured using a conventional laboratory pan mixer.  When the volume of FRCC 

required was less than approximately 15 litres, a Hobart bench mixer was used.  There 

was no apparent difference in the properties of FRCCs manufactured using the different 

mixers. 

A variety of material test specimens were cast at the time when the FRCC joint cores 

were poured.  These samples included flexural, tensile, and compressive test specimens.  

In this section only information about the compressive strength of the FRCCs is 

presented.  More detailed information on the performance characteristics of these 

materials is presented in section 9.2. 

8.5.3.1 PVA-FRCC 

The material used in the majority of the beam-column joints was a cementitious 

composite containing PVA fibres.  This material was termed PVA-FRCC for the 

purposes of this study.  PVA-FRCC was mixed many times during the course of this 

research.  The mix design used is shown in Table 8-4.  This mix design was based on a 

mix design provided by the manufacturer of the Kuralon fibres used in the FRCC, but had 

the water content reduced from 260 kg/m3 to 230 kg/m3.  This change was made after 

excessive bleeding of water occurred in initial trial mixes that had water contents of 

260 kg/m3.  Further trial mixes were produced containing 240 kg/m3 and 220 kg/m3 of 

water.  Reduction of the water content to 220 kg/m3 resulted in a noticeable reduction in 

the workability of the mix, while the mix with a water content of 240 kg/m3 was 

marginally too wet.  A final water content of 230 kg/m3 was selected, which resulted in a 

workable mix that produced only small amounts of bleed water. 
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The materials used to manufacture PVA-FRCC were predominantly obtained from local 

suppliers.  Bagged cement and flyash were obtained from a local provider.  Two different 

super plasticisers were used in batches of PVA-FRCC.  These were Degussa Glenium 51 

and Sika Viscocrete 20HE, both obtained from local suppliers.  The original mix design 

obtained from the fibre manufacturer specified that the sand used should have a 

maximum particle size of 200 µm or less.  It proved impossible to source such a sand 

locally, and instead a high purity silica sand marketed as J61W was obtained from 

Industrial Sands Ltd.  This sand had a nearly uniform grading, with approximately 15% 

of particles retained in a 300 µm sieve, with the remaining 85% of particles being smaller 

than 300 µm. 

Table 8-4 Mix design used for PVA-FRCC 

Component Quantity (kg/m3) 

Cement 600 

Sand 600 

Flyash 600 

Water 230 

Super plasticiser 18 

Fibres 26 

The only component of the FRCC that had to be specifically imported to New Zealand 

were the PVA fibres.  The fibres used were produced by Kuraray, and are marketed as 

Kuralon K-II RECS 15/8.  Information about the dimensions and tensile response of these 

fibres can be found in Table 8-5 (Kuraray Co. Ltd. 2007).  The fibre dose used was 

equivalent to approximately 2% of the total volume of the mix. 

Table 8-5 Specified fibre properties 

FRCC Fibre type 
Length 
(mm) 

Diameter 
(mm) 

Tensile 
strength 
(MPa) 

Young’s 
modulus 
(GPa) 

Density 
(kg/m3) 

PVA-FRCC PVA 8 0.04 1600 40 1300 

RPC Steel 13 0.2 2200 200 7850 

A procedure provided by the fibre manufacturer was followed when mixing the PVA-

FRCC.  The steps taken during mixing were as listed below: 

1. The sand, flyash, and half of the cement were added to the mixer and dry mixed for 

approximately 30 seconds. 

2. The water was added to the mixer, and wet mixing was conducted for 

approximately 2 minutes. 
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3. The super plasticiser and the remaining half of the cement were divided into four 

equal portions.  One portion of the super plasticiser was added and mixed until the 

mix was fluid.  At this point one portion of the remaining cement (⅛ of the total 

cement) was added and mixed in for approximately 30 seconds.  This cycle of 

adding one portion of super plasticiser followed by one portion of cement was 

repeated until all of the super plasticiser and cement had been added. 

4. The fibres were added to the mixer and then mixed in to the wet mix for 

approximately 60 seconds. 

After mixing was completed, the PVA-FRCC was transported from the materials 

laboratory where the mixer was located to the structural test hall where the beam-column 

joints were constructed and tested.  The material was transported in 20 litre buckets, 

which were selected to enable easier construction of the joint core. 

The compressive strength of PVA-FRCC produced using the above mix design and 

procedure was approximately 70 MPa after 28 days.  Information about the compressive 

strength of different batches of PVA-FRCC is presented in Table 8-6.  Table 8-6 shows 

that the compressive strength of the FRCC was not affected by the alterations made to the 

water content of the mix design.  It is also evident that the density of the FRCC was 

approximately 10% lower than that of regular concrete, which was attributed to the 

reduced aggregate content of the PVA-FRCC in comparison to regular concrete.  The 

workability properties (slump/flow) of the PVA-FRCC were not specifically measured.  

However, qualitatively it can be stated that the PVA-FRCC exhibits flow-type behaviour 

rather than slump-type behaviour, and thus behaves in a manner similar to self 

compacting concrete.  However, the rate of flow of the PVA-FRCC is notably slow, with 

the material having a “sticky” consistency. 

8.5.3.2 Reactive powder concrete 

The joint core of a single beam-column joint was constructed from reactive powder 

concrete (RPC), specifically using the proprietary product marketed as Ductal®.  

Researchers have previously manufactured RPC using New Zealand raw ingredients (Lee 

and Chisholm 2005; Yang 2000), but for this study it was felt to be more reliable to use a 

commercially available product.  Reactive powder was pre-blended in Melbourne, 

Australia, and was shipped directly to the Civil Materials Laboratory in 20 kg bags.  

Although the exact composition of the reactive powder was not revealed, it is known to 

have been composed of sand, cement, silica fume, and silica flour (Cavill and Rebentrost 

2006).  The mix design used to produce the RPC is shown in Table 8-7.  The fibres used 
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in the RPC were made of steel and coated with brass, and their properties are summarised 

in Table 8-5.  Although the weight of fibres used in the RPC was greater than the weight 

used in the PVA-FRCC, the volume fraction was identical at 2% due to steel having a 

greater density than PVA.  The super plasticiser used was Sika Viscocrete 20HE, which 

was supplied from Australia by the manufacturer of the RPC pre-blend. 

Table 8-6 Compressive strength of PVA-FRCC mixes 

'

cf  measured (MPa) 
Batch 

Age at test 
(days) 

Mean Standard deviation 

Density 
(kg/m3) 

Notes 

7 41.3 2.3 2160 
Trial 1 

21 56.0 1.8 2172 

260 kg/m3 water, 

excessive bleed 

7 46.0 1.2 2226 
Trial 2 

21 55.1 3.0 2207 
240 kg/m3 water 

7 45.3 1.5 2195 
Trial 3 

21 54.3 4.7 2191 
220 kg/m3 water 

PVA-1 34 68.4 2.3 2138  

PVA-2 33 70.3 0.9 2162 2 cylinders 

PVA-3 42 75.8 6.0 2169 2 cylinders 

PVA-4 36 70.7 4.3 2150  

Table 8-7 Mix design used for reactive powder concrete 

Component Quantity (kg/m3) 

Reactive powder pre-blend 2066 

Fibres 157 

Water 159 

Super plasticiser 29 

Mixing of reactive powder concrete was conducted using a procedure outlined by the 

manufacturer of the reactive powder pre-blend.  The mixing process consisted of the 

following steps: 

1. The dry reactive powder pre-blend was mixed for approximately 2 minutes to 

distribute it evenly around the mixer. 

2. Half of the super plasticiser was added to the water.  The combined liquid was then 

added gradually to the pre-blend while the mixer was running.  Wet mixing 

continued for approximately 1 minute. 

3. The second half of the super plasticiser was added gradually while the mixer was 

running.  Wet mixing was allowed to continue until a flowable consistency was 

achieved, which took approximately 15 minutes.  This time should have been 



Part 3  Chapter 8 

  273 

considerably shorter, but the power of the laboratory mixer was barely sufficient to 

provide the vigorous mixing required for RPC. 

4. The mixer was stopped and fibres were added.  The fibres were distributed 

approximately uniformly over the surface of the mix to prevent clumping from 

occurring.  Mixing was resumed, and continued until a suitable consistency was 

achieved.  Consistency was judged by a spread test, in which 296 ml of concrete 

was placed in a cylinder on an oiled steel plate.  The cylinder was slowly lifted, 

allowing the concrete to flow from the cylinder and spread across the plate.  The 

providers of the reactive powder pre-blend specified that the diameter of the circle 

that formed should be between 240 mm and 250 mm, with this range based on the 

requirements of ASTM C230 (2003).  It took approximately 3 minutes of mixing 

after addition of the fibres to achieve this consistency. 

After mixing was completed, the RPC was transported from the materials laboratory 

where the mixer was located to the structural test hall where the beam-column joints were 

constructed and tested.  The material was transported in 20 litre buckets, which were 

selected to enable easier construction of the joint core.  Reactive powder concrete is 

normally heat treated for 48 hours after curing to improve the mechanical properties of 

the material (Cavill and Rebentrost 2006).  However, heat treatment was not applied to 

any of the reactive powder concrete produced during this study. 

The compressive strength of the reactive powder concrete was significantly higher than 

that of the PVA-FRCC.  Three cylinders were tested at the time that unit RPC-1 was 

tested.  The average strength of these cylinders was 131 MPa, although this may be 

unrepresentatively low as the strength of one cylinder was 122 MPa, while the strengths 

of the other two cylinders were 134 MPa and 138 MPa.  These strengths are all lower 

than the strengths of 160-200 MPa reported in the literature (Cavill and Rebentrost 2006).  

However, it is reported that heat treatment increases the strength of reactive powder 

concrete by approximately 15%.  Taking this factor into consideration, the strength of the 

reactive powder concrete shown in Table 8-8 is similar to expected values.  At 

2432 kg/m3 the density of the reactive powder concrete was similar to conventional 

concrete, and also to densities reported in the literature.  The density was greater than that 

of PVA-FRCC due to the tight particle packing that is characteristic of RPC, and also due 

to the density of the steel fibres being greater than that of PVA fibres. 

The fluid nature of the RPC was alluded to during discussion of step four of the mixing 

process on page 273.  The flow properties of the RPC can be seen in Figure 8-18, which 

shows a series of captures from a video of the flow test conducted to verify the material 
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properties.  The RPC was highly flowable, taking approximately 20 seconds to reach the 

required diameter of 240-250 mm. 

Table 8-8 Compressive strength of reactive powder concrete 

'

cf  measured (MPa) 
Batch 

Age at test 
(days) 

Mean Standard deviation 

Density 
(kg/m3) 

RPC-1 33 131.2 8.3 2432 

   

   

Figure 8-18 Flow of RPC during ASTM C230 flow test 

8.6 Test procedure 

The procedures and methods used during testing of the beam-column joints that are the 

focus of Part 3 of this thesis were a development of the methods used during Parts 1 and 

2.  This section describes these procedures, specifically focussing on areas where 

significant changes were made in comparison to the earlier testing. 

8.6.1 Improved test setup 

The control problems encountered during testing that was conducted for Part 2 of this 

thesis lead to the decision to develop an entirely new test setup before conducting testing 

for Part 3 of the thesis.  It would have been feasible to conduct testing using the existing 
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setup, provided that it was ensured that identical actuators were used to apply forces to 

the left and right beams.  However, it was also recognised that the existing test setup was 

inefficient in its use of floor space in a very constricted laboratory, which provided 

significant additional motivation to develop a new setup. 

The desire to reduce the floor space that was required during testing dictated that the new 

test setup be designed so that beam-column joints were tested in an upright position, 

rather than while lying parallel to the strong floor as in the previous setup (shown in 

Figure 3-11).  The new test setup that was developed is shown in Figure 8-19.  Figure 

8-19a shows an elevation of the setup, while Figure 8-19b shows an end-on view of the 

setup.  So that the beam end support does not obscure the view, Figure 8-19b is drawn as 

if the observer is looking from the plane marked A-A. 
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Figure 8-19 Improved test setup 

The new test setup was designed so that it applies the pattern of bending moments shown 

previously in Figure 3-10.  To provide the required pinned support conditions, steel 

pivots were located at both ends of the column and at the beam ends.  The pivots at the 

column ends were bolted to steel plates that had been welded to the column longitudinal 

reinforcement before casting of the concrete, while the pivots at the beam ends were 

bolted to clamps that were placed around the beam.  Three reaction frames were used to 

support the test unit.  The main reaction frame was an A-frame constructed from steel 

square hollow sections (SHS), which prevented the column top from moving in the 

horizontal plane.  Steel struts were placed at the beam ends to provide the vertical 

reactions required at these locations.  These struts had pinned supports at both ends which 

prevented unwanted horizontal forces from being generated at the beam ends.  To prevent 

unknown vertical forces from occurring at the column top the 50 mm diameter top pivot 
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pin was located in an elongated slot with a length of 100 mm.  This elongated slot can be 

seen in Figures 8-4 and 8-5.  In addition to preventing unwanted forces from occurring, 

the slot had a secondary purpose of accommodating construction tolerances.  Further 

details regarding the components used in the new test setup can be found in Appendix C. 

The setup shown in Figure 8-19 is similar to many described in the literature.  These 

setups normally have the actuator mounted so that force is applied to the column top.  

However, for simplicity it was chosen to apply forces to the column bottom instead, as 

this allowed the actuator to react directly against the strong floor rather than requiring a 

complex frame to support the actuator at the height of the column top.  Friction at the 

column base was minimised by supporting the bottom pivot on rollers.  Initially it was 

assumed that the stiffness of the test unit itself would be sufficient to prevent out-of-plane 

deformation of the column.  However, experience gained during testing of unit PVA-1 

showed that this was not the case, and for later tests horizontal guide rollers were 

mounted on either side of the bottom pivot to prevent lateral movement of the column 

base. 

A key motivating factor for developing the new test setup was to reduce the laboratory 

floor space required during testing.  The floor space occupied by the old and new test 

setups cannot be compared directly from Figures 3-11 and 8-19 due to the different 

perspectives used and also due to the beam-column joints shown in the two figures 

having different dimensions.  However, the newly developed test setup occupied 

approximately one third of the floor area required by the old test setup.  In addition to 

reducing laboratory congestion, there are a number of other advantages associated with 

the new test setup.  Control problems similar to those described in Chapter 6 cannot occur 

when using the new setup, because forces are applied to the test unit by actuators at only 

one point.  The new test setup is also more versatile than the previous method.  Although 

designed specifically for testing interior beam-column joints, the new reaction frame 

could be used to test exterior beam-column joints by simply not using one of the beam 

end supports.  Furthermore, with minor modifications the test setup could be given the 

capability to apply an axial force to the column during testing.  Importantly this axial 

force would allow simulation of “P-delta” effects in the beam-column joint, as the top and 

bottom of the column become offset horizontally during testing using the new reaction 

frame.  It was considered to be undesirable to apply an axial load to the columns during 

testing of the HPFRCC beam-column joints because the joint shear strength increase that 

could have occurred due to column axial compression would have made assessment of 

the shear resistance of the HPFRCC materials more difficult. 
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8.6.2 Instrumentation 

The instrumentation used to record data during testing of units PVA-1, PVA-2, PVA-3, 

PVA-4, and RPC-1 was in most respects similar to that used during testing of beam-

column joints for Parts 1 and 2 of this thesis.  However, there were a number of areas 

where significant changes had to be made to the instrumentation due to differences 

between the setup and unit designs used for Part 3 and those used earlier in the thesis.  

This section focuses on describing these points of difference.  Much of the 

instrumentation used can be seen in Figure 8-19. 

In contrast to the four load cells used during earlier testing, only a single load cell was 

required during testing of units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1.  This load 

cell had a capacity of 500 kN, and measured the force applied by the actuator to the base 

of the column.  Load cells were not located at the beam ends or at the column top.  Due to 

the slotted pivot, vertical forces could not occur at the column top, and it was felt 

unnecessary to measure the horizontal force at this location as it was the only point where 

a significant horizontal reaction could occur.  The vertical reactions at the beam ends 

were measured by converting the support struts into pseudo load cells.  This conversion 

was achieved by fixing strain gauges to the four faces of the strut and then calibrating the 

response of the strain gauges when an axial load was applied to the struts using an Avery 

testing machine.  It was initially intended that these pseudo load cells would be used only 

for secondary purposes such as verifying readings from the primary load cell at the base 

of the column.  However, during data analysis it became clear that the force measured at 

the base of the column included a significant frictional component and was not an 

accurate representation of the force acting on the unit.  Therefore column shear forces 

were instead calculated from the forces acting at the beam tips, and these values are the 

basis of the results presented in sections 8.7 – 8.11. 

The overall displacement of the beam-column joints was measured by a turn 

potentiometer connected to the pivot pin at the column base.  As was the case with the 

previous test setup, the “fixed supports” in the new test setup were not actually perfectly 

fixed.  The flexibility of the test setup was measured by portal gauges placed at three 

locations.  Two of these locations were intended to measure any slip that occurred at the 

top and bottom of the column in the bolted connection between the column end plates and 

the pivot plates.  The third gauge was mounted between the pivot pin at the column top 

and a separate support tower and was intended to measure the deformation of the A-

frame.  With these measurements it was possible to calculate the actual displacement 

between the column ends using procedures outlined in Appendix A. 
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The largest group of instruments used during testing of units PVA-1, PVA-2, PVA-3, 

PVA-4, and RPC-1 were the portal gauges mounted on the beam-column joint to measure 

deformations of the beams, column, and joint core.  These portal gauges cannot be seen in 

Figure 8-19a because they were located on the back face of the beam-column joint as 

shown in Figure 8-19b.  The mounting of these instruments was achieved using the 

procedure that was previously described in section 3.5.2, and their layout was similar to 

the grid arrangement seen in Figure 3-11.  The arrangement of portal gauges in the joint 

core regions of units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1 differed from unit to 

unit due to the different reinforcement details used.  Details of these arrangements can be 

found in section A.2.4. 

During the testing conducted for Part 3 of this thesis it became apparent that more 

detailed information about the behaviour of the beam longitudinal reinforcement in the 

joint core would be useful.  In order to acquire such data a number of strain gauges were 

fixed to the reinforcement in the joint of PVA-3 and later units (i.e. strain gauges were 

not used during testing of units PVA-1 and PVA-2).  Details of the location of these 

gauges can be found in section A.2.4.  The adoption of strain gauges for use during 

testing of units PVA-3, PVA-4, and RPC-1 was considered appropriate as part of the 

ongoing development of experimental techniques employed, despite such adoption 

contradicting the advice that was the basis of the decision not to use strain gauges during 

the testing described in Parts 1 and 2 of this thesis. 

The systems used to record data from the aforementioned instrumentation were identical 

to those described in section 3.5.2. 

8.6.3 Load history 

As was the case for the testing described in Parts 1 and 2 of this thesis, units PVA-1, 

PVA-2, PVA-3, PVA-4, and RPC-1 were tested using a quasi-static loading method.  The 

load history used was similar to the one used for the testing described in Parts 1 and 2 of 

this thesis.  However, due to there being less certainty before testing about the 

performance of units PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1 an additional pair of 

cycles to relatively small displacements was added to the load history.  These cycles were 

conducted after the cycles to 1.0% drift, and their target displacement was 1.5% drift.  

These changes also meant that the increments between all cycles except those to 0.5% 

and 1.0% drift were within the range of 25-50% of the previous cycle recommended by 

ACI T1.1-01 (ACI Innovation Task Group 1 2001a).  The cycles following those to 1.5% 

drift were to 2.0% drift, and from this point on the displacement increment between each 
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pair of cycles was 1.0%.  Testing was continued until failure, which was again defined as 

occurring when the maximum strength during a cycle was less than 80% of the previous 

maximum in the same loading direction.  The revised load history used for units PVA-1, 

PVA-2, PVA-3, PVA-4, and RPC-1 is shown in Figure 8-20. 
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Figure 8-20 Loading history used during testing of units PVA-1, PVA-2, PVA-3, PVA-4, and 
RPC-1 

8.7 Results from testing of PVA-1 

Results from the testing of unit PVA-1 are described in this section.  The observed and 

measured overall performance of the unit is described first, with later subsections 

focussing on aspects of the joint core performance.  Comparison of the performance of 

PVA-1 with other beam-column joints is made in Chapter 9. 

8.7.1 Observed performance 

During testing PVA-1 performed in the manner considered ideal for beam-column joints 

resisting earthquake forces.  The performance of the unit was controlled by the 

performance of the beam plastic hinges, and the joint core remained essentially 

undamaged throughout testing. 
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During the cycles to 0.5% drift PVA-1 behaved elastically.  Damage during these cycles 

was limited to flexural cracking of the beams and columns and the formation of a single 

fine crack in the joint core during positive loading. 

Yielding occurred during the first cycle to 1.0% drift.  During the following cycles the 

strength of PVA-1 increased gradually, and stable plastic hinges formed in both beams 

adjacent to the column.  As the plastic hinges became progressively more defined it 

became clear that the right plastic hinge had not formed immediately adjacent to the 

column face, but instead began at the join between the precast beam and the “step” of in-

situ PVA-FRCC.  The strength of the unit increased during each cycle until the second 

cycle to 4.0% drift.  During this and later cycles the compression reinforcement in the 

plastic hinges buckled, leading to an increasingly significant strength decrease during 

each successive cycle until the termination of testing after the second cycle to 5.0% drift.  

This buckling was related to out-of-plane movement of the column base that was noted to 

occur during cycles to 4.0% and 5.0% drift.  Figure 8-21 shows the condition of PVA-1 

after the completion of the second cycle to 4.0% drift. 

 

Figure 8-21 Condition of PVA-1 after cycles to 4.0% drift 

The condition of the joint core did not change significantly after the first cycles to 0.5% 

drift.  At the conclusion of testing the only noteworthy cracking in the joint core was a 

pair of diagonal cracks that formed during positive load cycles.  The joint did not crack 

during negative load cycles, despite the forces on the joint being similar in both directions 

of loading.  The condition of the joint core and plastic hinges at the conclusion of testing 

is shown in detail in Figure 8-22.  Figure 8-22 clearly shows the minimal level of damage 
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that occurred in the joint core.  The damage in the plastic hinge regions is also evident in 

Figure 8-22, especially the compression reinforcement buckling that caused failure of the 

unit. 

 

Figure 8-22 Failure mode of PVA-1 

8.7.2 Force-displacement response 

The recorded force-displacement response of unit PVA-1 is shown in Figure 8-23.  A 

comparison of key points of the response with the nominal and predicted strengths of unit 

PVA-1 can be found in Table 8-9, which also contains data for the other FRCC beam-

column joints described in this chapter.  Here, and throughout this chapter, the terms 

nominal strength, predicted strength, and relative strength are used in the manner defined 

in section 3.6.  The methods used in this chapter to calculate the nominal and predicted 

strengths of the test units were also the same as those described in section 3.6. 

As expected the measured performance of unit PVA-1 reflected the observed 

performance described in section 8.7.1.  Yielding occurred during the first cycle to 1.0% 

drift, and the calculated yield drift was 0.56%.  Table 8-9 shows that the storey shear 

force at yield was 1.06 times the shear force expected to cause yielding.  During the 

following cycles the form of the hysteresis loops was close to ideal, with the maximum 

strength increasing during each cycle and little pinching of the loops occurring.  The 

recorded response of the test unit was similar during positive and negative loading.  The 

maximum storey shear force resisted in both directions of loading was approximately 
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20% greater than the predicted yield strength, with this maxima occurring during the first 

cycle to 4.0% drift.  Table 8-9 shows that the maximum force applied to unit PVA-1 was 

1.25 times the nominal strength of the beam-column joint. 
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Figure 8-23 Force-displacement response of unit PVA-1 

Table 8-9 Comparison of maximum and yield shear forces with predicted values for units 
PVA-1, PVA-2, PVA-3, PVA-4, and RPC-1 

Ratio of yield strength to: Ratio of maximum strength to: 

Unit nominal 
strength 

predicted 
strength 

nominal 
strength 

predicted 
strength 

yield 
strength 

PVA-1 1.10 1.06 1.25 1.21 1.14 

PVA-2 1.08 1.05 1.32 1.29 1.23 

PVA-3 1.04 0.98 1.22 1.15 1.18 

PVA-4 1.11 1.04 1.15 1.07 1.04 

RPC-1 1.10 1.03 1.27 1.18 1.15 

The exemplary performance of unit PVA-1 continued until the second cycle to 4.0% drift 

was conducted.  During the positive and negative halves of this cycle the maximum 

forces resisted were 5% and 13% lower than during the first cycle to 4.0% drift.  As 

stated while discussing the observed performance of unit PVA-1, the strength decrease 

during the second cycle to 4.0% drift resulted from buckling of the compression 

reinforcement in the plastic hinge regions of both beams.  This buckling reduced the 

strength of unit PVA-1 more significantly during the cycles to 5.0% drift, and by the 

second cycle to 5.0% drift the force applied was approximately 65% of the previous 
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maximum for both directions of loading.  Taking 5.0% drift as the cycles during which 

failure occurred, the maximum displacement capacity of unit PVA-1 was 4.0% drift.  

This value significantly exceeds the 2.5% design drift limit imposed by 

NZS 1170.5:2004.  The maximum drift of 4.0% also represented a displacement ductility 

of µ = 7.1, which exceeded the maximum displacement ductility permitted to be used 

when designing moment resisting frames using NZS 3101:2006. 

8.7.3 Decomposition of lateral displacements 

Figure 8-24 shows how different deformation components contributed to the total 

interstorey displacement of unit PVA-1 at the peak of each half cycle.  In common with 

similar plots presented in section 3.6.2, the displacement components shown are those 

due to flexural and shear deformation, column deformation, and joint shear deformation, 

with the magnitude of each component represented as a percentage of the total interstorey 

displacement measured by the turn potentiometer attached to the bottom column pivot.  

Displacement components were calculated from the raw data recorded by a grid of portal 

gauge transducers using the methods described in Appendix A.  As noted previously, it 

was felt that the deformation due to beam longitudinal reinforcement slip within the joint 

core could not be accurately separated from displacements due to flexural deformations in 

the beam plastic hinge regions.  Thus the flexural displacement component shown in 

Figure 8-24 actually represents the sum of displacements due to beam flexural 

deformations and reinforcement slip within the beam-column joint core. 

The data shown in Figure 8-24 agrees with the observed performance of unit PVA-1.  The 

dominant displacement component throughout testing was that resulting from beam 

flexural deformation.  Initially this component contributed approximately two thirds of 

the total displacement, increasing to almost 90% of the total during the cycles to 2% and 

3% drift.  Beam shear deformation was initially negligible and increased steadily during 

testing.  This deformation was concentrated in the beam plastic hinge regions and 

coincided with these regions becoming progressively more damaged.  Column 

deformation was initially the source of a relatively significant component of the total 

displacement; however the relative contribution of column deformation decreased as 

expected after yielding occurred.  It is clear from Figure 8-24 that joint shear deformation 

was negligible throughout testing, contributing no more than 1% of the total displacement 

at any stage.  This small joint core deformation aligns well with the observed 

performance of the joint core, which remained almost undamaged throughout testing. 
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Figure 8-24 Lateral displacement components for PVA-1 

It is interesting to compare Figure 8-24 with similar plots shown in section 3.6.2.  These 

earlier graphs (such as Figure 3-19) are based on data obtained using the original test 

setup.  The overall form of the data is similar, but it is notable that the closure error in 

Figure 8-24 is generally smaller than was the case for the earlier plots.  The reason for 

this cannot be stated with certainty, but is probably due to the gauge groups on the FRCC 

beam-column joints being smaller than those on units 1B-4B, and also due to the more 

precisely defined locations of the column inflection points allowing more accurate 

calculation of data. 

8.7.4 Anchorage of beam longitudinal reinforcement in joint core 

The movement of PVA-1’s beam longitudinal reinforcement was measured at six 

locations within the joint core.  A detailed description of these locations can be found in 

section A.2.4.  In summary, the effectiveness with which the beam longitudinal 

reinforcement was anchored was measured from two studs attached to the top and bottom 

longitudinal reinforcement of the left beam approximately 170 mm after it entered the 

joint core, and from four studs located on the longitudinal reinforcement of the left and 

right beams immediately after the top and bottom 90° bends. 

Figure 8-25 shows the recorded movement of the top and bottom reinforcement 170 mm 

from the column face at the peak of each cycle.  Figure 8-25 is plotted such that positive 

values indicate reinforcement being pulled out of the joint core.  It is also noted that the 
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range of the y-axis shown in Figure 8-25 could be considered to be excessive, as it 

significantly exceeds the maximum recorded readings.  However, the range shown was 

chosen so that it is consistent with similar graphs presented in previous chapters.  The 

data plotted in Figure 8-25 indicated that the beam longitudinal reinforcement was 

completely anchored by the U-bend detail used in the joint core of PVA-1.  The small 

magnitude of the displacements suggests that they originated entirely from deformation, 

rather than slip, of the reinforcing bar.  Based on this assumption, the average strain along 

the ~135 mm length of beam longitudinal reinforcement between the points of 

measurement was between 0.0005 and 0.001 during the inelastic cycles of testing.  

However, the small magnitude of the recorded deformations makes the assumption that 

the column longitudinal reinforcement was a fixed point of reference questionable, 

because even a small movement of the column reinforcement could significantly affect 

the recorded reinforcement movement. 
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Figure 8-25 Movement of left beam longitudinal reinforcement within the joint core of unit 
PVA-1 

Data from the other four points where movement of the reinforcement anchorages was 

measured is not plotted here.  These measurements had two main purposes.  The first was 

to enable a judgement to be made as to whether the left and right beam reinforcement 

anchorages behaved similarly.  The second purpose was to verify whether the FRCC joint 

core was able to resist the bearing forces imposed on it by the hooked anchorages.  This 

was of particular interest where loading placed the reinforcement hook under compressive 

loading, as it seemed feasible for the hook to cause a punching failure resulting in the 
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back face of the joint (i.e. the face opposite to that where the reinforcing bar entered the 

joint) splitting away from the centre part of the joint core.  There was no indication of 

such a punching failure occurring during testing, which was verified by the fact that the 

maximum reading obtained from any of the four portal gauges placed to measure 

movement of the hooks was approximately 0.1 mm.  Essentially identical readings were 

obtained from the gauges measuring movement of the left and right beam reinforcement, 

indicating that the behaviour of both beams was similar. 

8.7.5 Joint shear behaviour 

During testing it was observed that the joint core of unit PVA-1 remained largely 

undamaged during testing.  These observations were reinforced by the measured 

deformation response of the joint core.  The horizontal joint shear stress is plotted against 

the joint shear distortion in Figure 8-26, and the joint shear distortion is plotted against 

storey drift in Figure 8-27.  Both these figures show that the maximum joint shear 

distortion during testing was approximately 0.0006 radians.  The axes of Figure 8-26 have 

been scaled so that the graph can be directly compared to Figure 6-34 which shows the 

stress-deformation response of unit L.IP’s core joint.  The maximum shear stress imposed 

on the joint cores of units PVA-1 and L.IP was similar, but it is evident from Figures  

8-26 and 6-34 that the shear distortion of unit PVA-1’s joint core was significantly 

smaller than the shear distortion of unit L.IP’s joint core.  Figure 8-27 shows that the 

magnitude of the joint shear distortion that occurred in unit PVA-1 was independent of 

the magnitude of the deformation imposed on the beam-column joint.  These 

measurements suggest that the occurrence of joint shear distortion was in proportion to 

the stress level imposed on the joint core, which confirms that the stiffness and strength 

of the joint core did not control the overall performance of PVA-1. 

8.7.6 Summary 

During testing unit PVA-1 followed the template for what is considered to be ideal 

performance for a beam-column joint.  The unit was observed to perform in a manner 

consistent with the weak beam-strong column behaviour that is considered desirable 

when following the capacity design philosophy.  Data obtained during testing verified the 

observed performance.  This data showed that the force-displacement response of the unit 

was stable after yielding, with maximum strength not occurring until the cycles to 4.0% 

drift.  Failure occurred during the cycles to 5.0% drift, and was caused by buckling of the 

beam longitudinal reinforcement in the plastic hinge regions.  The performance of the 
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joint core throughout testing was exemplary.  The joint core remained essentially 

undamaged during testing, and the level of joint shear distortion that occurred was 

negligible.  The FRCC joint core also proved able to satisfactorily anchor the beam 

longitudinal reinforcement throughout testing. 
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Figure 8-26 Stress-deformation response of joint core, unit PVA-1 
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Figure 8-27 Drift-deformation response of joint core, unit PVA-1 
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8.8 Results from testing of PVA-2 

This section describes the results obtained during testing of unit PVA-2.  These results are 

presented in a similar manner to the results of PVA-1 in the previous section.  Sections 

8.8.1 and 8.8.2 describe the observed and measured overall performance of the beam-

column joint, while the later sections focus on examining the performance of the FRCC 

joint core in detail.  Except in passing, comparisons between the performance of PVA-2 

and other units will not be made in section 8.7.6.  Instead comparisons between all units 

are collected in Chapter 9. 

8.8.1 Observed performance 

The performance of PVA-2 during testing was satisfactory until the unit was subjected to 

large drift levels, although failure of the unit was eventually caused by degradation of the 

joint core. 

Unit PVA-2 behaved elastically during the cycles to 0.5% drift.  During these cycles only 

minor cracking occurred in the joint core, and damage elsewhere on the unit was limited 

to flexural cracks in the beams and column.  With prior knowledge of the location of the 

right plastic hinge in PVA-1 it was apparent even during these initial cycles that cracking 

of the right beam of PVA-2 was only occurring outside of the in-situ PVA-FRCC step. 

PVA-2 first yielded during the first cycle to 1.0% drift.  Stable plastic hinges formed in 

the left and right beam following yielding.  The left and right plastic hinges were 

respectively located adjacent to the column face and at the end of the in-situ PVA-FRCC 

notch.  Numerous cracks formed in the joint core during the inelastic cycles to 1.0%, 

1.5%, 2.0%, and 3.0% drift.  As testing progressed the cracks in the joint core became 

increasingly closely spaced, although the width of each individual crack remained less 

than 0.1 mm until the conclusion of cycles to 3.0% drift.  During the cycles to 4.0% drift 

it was evident that damage localisation was occurring during positive loading, with a 

single crack becoming dominant and progressively opening wider.  During the first cycle 

to 4.0% drift the width of this dominant crack was approximately 1 mm, increasing to 

4 mm during the second cycle to 4.0% drift.  When loaded in the negative direction, 

damage localisation did not occur until the cycles to 5.0% drift.  The condition of PVA-2 

after the completion of cycles to 4.0% drift is shown in Figure 8-28. 

Despite the occurrence of damage localisation during the cycles to 4.0% drift the strength 

of PVA-2 did not decrease significantly until the cycles to 5.0% drift.  Failure of the unit 

was accompanied by uncontrolled opening of cracks in the joint core, and there was no 
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sign of compression reinforcement buckling in the plastic hinges.  The absence of 

reinforcement buckling indicated that the guide rollers that were added to the test setup to 

control out-of-plane movement of the column base had been successful.  The final 

condition of PVA-2 after several cycles to 5.0% drift can be seen in Figure 8-29. 

 

Figure 8-28 Condition of PVA-2 during cycles to 4.0% drift 

 

Figure 8-29 Failure mode of PVA-2 
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8.8.2 Force-displacement response 

The force-displacement response of unit PVA-2 during testing can be seen in Figure 8-30.  

The yield and maximum strengths recorded during testing are compared to the nominal 

and predicted strengths calculated for unit PVA-2 in Table 8-9, which is located on page 

282. 
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Figure 8-30 Force-displacement response of unit PVA-2 

The response of unit PVA-2 during cycles to 4.0% drift and below was similar to the 

performance of unit PVA-1.  Unit PVA-2 behaved elastically during the cycles to 0.5% 

drift, although the calculated yield drift was 0.46% (based on the procedure outlined in 

Appendix A.5.3).  As shown in Table 8-9 the measured yield strength was 5% greater 

than the strength predicted from measured material properties.  During the cycles 

following yielding the strength of unit PVA-2 increased gradually until a maximum value 

of 1.29 times the predicted strength occurred during the first cycle to 4.0% drift.  This 

maximum strength was 1.32 times greater than the nominal strength of unit PVA-2, i.e. 

somewhat higher than the maximum strength expected assuming an overstrength factor of 

1.25 for Grade 300E reinforcement.  The maximum strength during negative load cycles 

was fractionally smaller than during positive loading, but both the positive and negative 

maxima were greater than for unit PVA-1 despite the significantly poorer anchorage 

detail used in the joint core of PVA-2.  This increased strength occurred because no 

buckling of the beam longitudinal reinforcement occurred in the plastic hinge regions. 
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It was noted when discussing the observed performance of unit PVA-2 that the strength 

of the unit did not decrease significantly until several cycles after damage localisation 

was observed in the joint core.  This occurrence of strength degradation is borne out by 

the graph shown in Figure 8-30.  The strength during the second cycle to 4.0% drift was 

less than 10% lower than during the first cycle to 4.0% drift.  The strength of unit PVA-2 

did not change significantly during the following cycle (the first cycle to 5.0% drift), 

remaining at approximately 90% of the previous maximum strength.  Failure only 

occurred during the second cycle to 5.0% drift, when the strength in each direction of 

loading was exactly 20% lower than the previous maxima.  Despite failure not occurring 

until the second cycle to 5.0% drift, the hysteresis loops of all cycles to 5.0% drift were 

significantly more pinched than the loops generated during earlier displacement cycles.  

This pinching was due to an increasingly large fraction of the total displacement resulting 

from deformation of the joint core.  In order to investigate the degradation of the joint 

core a total of six cycles to 5.0% drift were completed.  The degree of hysteretic pinching 

increased with each successive cycle, and the maximum strength reached in each cycle 

decreased correspondingly.  A dashed line is used to mark the third to sixth cycles to 

5.0% drift in Figure 8-30 and in other graphs discussed in the following sections.  This 

visual differentiation was employed to clarify that these cycles were a divergence from 

the load history shown in Figure 8-20 and used for the other four FRCC beam column 

joints. 

Based on an ultimate displacement capacity of 5.0% drift, and a yield displacement of 

0.46% drift, the maximum displacement ductility achieved by unit PVA-2 was µ = 10.9.  

Both this value and the maximum displacement capacity significantly exceed the relevant 

limits found in New Zealand standards. 

8.8.3 Decomposition of lateral displacements 

Figure 8-31 shows the results obtained when the displacement of unit PVA-2 at the peak 

of each half cycle was decomposed into components due to beam and column shear and 

flexural deformations and joint shear deformations.  The data shown was calculated 

according to the methods described in Appendix A.  As noted previously, it was felt that 

the deformation due to beam longitudinal reinforcement slip within the joint core could 

not be accurately separated from displacements due to flexural deformations in the beam 

plastic hinge regions.  Thus the flexural displacement component shown in Figure 8-31 

actually represents the sum of displacements due to beam flexural deformations and 

reinforcement slip within the beam-column joint core.  It can be seen that as expected the 
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displacement response was dominated by flexural deformation of the beams.  As has been 

noted for previously discussed test units the impact of beam shear deformation on overall 

response increased as testing progressed, roughly balancing a corresponding reduction in 

the impact of column deformations.  The most significant aspect of Figure 8-31 relates to 

the displacement due to joint shear deformation.  This component remained relatively 

small from the beginning of testing through to the last cycle to 3% drift.  However, during 

the last cycles to 4% and 5% drift the importance of this component increased 

dramatically, reaching a level where 30% of the total interstorey displacement was a 

result of joint core deformations.  This finding corresponds well with the observation that 

the joint core dilated significantly during the later stages of testing. 
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Figure 8-31 Lateral displacement components for PVA-2 

8.8.4 Anchorage of beam longitudinal reinforcement in joint core 

Due to the sub-standard nature of the anchorages it was expected that the performance of 

unit PVA-2 would be controlled by pullout of the beam longitudinal reinforcement from 

the joint core.  The instrumentation used to measure movement of these anchorages was 

therefore altered from that used for unit PVA-1 so that direct measurements could be 

obtained for the top and bottom longitudinal reinforcement of the left and right beams.  

Full details of the arrangement of the instrumentation used can be found in section A.2.4.  

Figures 8-32 and 8-33 show the longitudinal reinforcement movement at the peak of each 

cycle recorded for the left and right beams respectively.  As was the case for Figure 8-25, 

data is plotted so that a positive reinforcement movement represents a bar being pulled 
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out of the joint core.  Movement was recorded between a stud welded to the beam 

longitudinal reinforcement and a second stud welded to the column longitudinal 

reinforcement which was considered to be a fixed point of reference.  The studs welded to 

the beam longitudinal reinforcement were located between 110 mm and 130 mm from the 

column face where the longitudinal reinforcement entered the joint core. 
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Figure 8-32 Movement of left beam longitudinal reinforcement within the joint core of unit 
PVA-2 
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Figure 8-33 Movement of right beam longitudinal reinforcement within the joint core of unit 
PVA-2 
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Contrary to expectation, the longitudinal reinforcement of unit PVA-2 remained 

apparently well anchored in the joint core throughout testing.  The readings from all 

gauges became unreliable after the first cycle to 4.0% drift.  This was due to incipient 

joint shear failure causing the width of PVA-2’s column to increase significantly, which 

made it impossible to consider the column longitudinal reinforcement to be a fixed 

reference point.  However, the maximum reinforcement movement recorded while the 

gauges were providing reliable readings was approximately 0.8 mm.  The size of the 

recorded movements mean that they cannot have been entirely due to deformation of the 

reinforcing bar, indicating that some relative displacement between the reinforcement and 

the anchoring concrete must have occurred.  However the reinforcing bars remained 

satisfactorily anchored, as the magnitude of this slip was significantly less than the 

spacing between deformations on the reinforcing bars. 

8.8.5 Joint shear behaviour 

The behaviour of unit PVA-2’s joint core during testing is shown in Figures 8-34 and 

8-35, which respectively show the stress-deformation and deformation-drift responses of 

the joint core.  The patterns evident in these figures make it logical to divide the joint core 

response into two parts and to discuss these sequentially. 
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Figure 8-34 Stress-deformation response of joint core, unit PVA-2 

The first stage of the response consists of the cycles up to and including the first cycle to 

4.0% drift, and its endpoint corresponds with the significant damage localisation observed 
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during the second cycle to 4.0% drift.  During this stage of testing the stiffness of the joint 

core remained approximately constant and the deformation of the joint core was 

essentially proportional to the applied stress.  While the joint core distortions recorded 

during each cycle were greater than those of unit PVA-1, the values were comparable to 

those recorded during testing of similarly stressed conventionally detailed joint cores such 

as unit L.IP (see Figure 6-34).  It is also apparent that for these initial cycles the joint 

shear distortion was independent of the drift imposed on the beam-column joint. 
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Figure 8-35 Drift-deformation response of joint core, unit PVA-2 

During the second stage of the response the magnitude of the joint core deformations 

increased by approximately an order of magnitude without any increase in the shear stress 

resisted by the joint core.  These dramatically increased joint core deformations were due 

to the increased width of the dominant cracks noted while discussing the observed 

performance.  Furthermore, it is evident from Figure 8-35 that the deformation of the 

joint core during the cycles to 5.0% drift was approximately proportionate to the drift 

imposed on the beam-column joint, showing that joint deformation was a major 

component of the total displacement of unit PVA-2 during these cycles. 

8.8.6 Summary 

Prior to testing it was expected that the performance of unit PVA-2 would be controlled 

by the performance of the detail anchoring the beam longitudinal reinforcement in the 

joint core.  However, testing revealed that the 300 mm straight development length 
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provided was able to satisfactorily anchor the beam longitudinal reinforcement.  During 

cycles to small and moderate displacement levels the performance of unit PVA-2 was 

similar to that of unit PVA-1.  Many more cracks formed in the joint core of unit PVA-2 

than had formed in the joint core of unit PVA-1, but the widths of these cracks remained 

small until cycles to 4.0% drift were conducted.  During the cycles to 4.0% and 5.0% drift 

damage localisation occurred in the joint core, manifesting as significant opening of a 

dominant crack and leading to shear failure of the joint core. 

Despite the occurrence of joint shear failure during the later stages of testing, the response 

of PVA-2 at moderately large drift levels was satisfactory.  The maximum displacement 

and displacement ductility sustained by unit PVA-2 significantly exceeded the maximum 

values permitted by New Zealand standards, and the maximum strength of the unit was 

not reached until the first cycle to 4.0% drift. 

8.9 Results from testing of PVA-3 

This section describes results obtained during testing of unit PVA-3.  The presentation of 

results is similar to that used in sections 8.7 and 8.8, although the selection of results 

available to assess the effectiveness of the joint core reinforcement anchorages differs 

from those available for units PVA-1 and PVA-2.  Detailed comparison of the 

performance of unit PVA-3 and other FRCC beam-column joints can be found in Chapter 

9. 

8.9.1 Observed performance 

The performance of PVA-3 was not able to be fully assessed during testing as the demand 

on the joint core was artificially limited by premature degradation of the plastic hinge 

regions.  It is therefore not possible to definitively state whether the performance of the 

joint core would have been the factor limiting the performance of the complete beam-

column joint. 

The performance of PVA-3 during the cycles to 0.5% drift was elastic.  In addition to the 

expected flexural cracking of the beams and column during these cycles, a pair of fine 

cracks formed in the joint core during positive loading.  These cracks were aligned 

distinctly differently from cracking observed during testing of PVA-1 and PVA-2.  No 

cracking occurred in the joint core during the cycles to -0.5% drift.  Yielding occurred 

during the first cycle to 1.0% drift.  The condition of the joint core did not change 

significantly during cycles to 1.0% and 1.5% drift.  Damage to the beams after yielding 
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was concentrated in the regions where plastic hinges formed.  Both plastic hinges formed 

adjacent to the joint face as there was no in-situ PVA-FRCC step in the beam of PVA-3 

due to the change in the construction process outlined in section 8.4.  During the cycles to 

2.0% drift further cracking occurred in the joint core, including formation of the first 

cracks during negative loading.  Cracking was concentrated in the region where the right 

hand beam top reinforcement entered the joint, and the alignment of the cracks indicated 

that their formation was being influenced by bond stresses radiating from this bar.  

During the cycles to 3.0% and 4.0% drift cracks continued to form and extend in the joint 

core, but there was no sign of crack widths exceeding 0.1 mm. 

The force resisted by PVA-3 increased during each cycle until the second cycle to 4.0% 

drift.  By this point it was clear that sliding shear deformation in the plastic hinge regions 

was limiting the forces entering the joint core.  The force resisted by the unit dropped 

significantly during the second cycle to 4.0% drift, with further reductions occurring in 

each cycle to 5.0% drift.  The condition of PVA-3 after the completion of cycles to 4.0% 

drift is shown in Figure 8-36, while Figure 8-37 shows the condition of the joint core and 

beam plastic hinge regions at the completion of testing.  The light conditions during 

testing of PVA-3 were poor; for this reason Figure 8-36 had to be digitally manipulated to 

improve its clarity.  The most significant feature to note in Figure 8-37 is the kinking due 

to sliding shear failure evident in the bottom reinforcement of the left beam. 

 

Figure 8-36 Condition of PVA-3 during cycles to 4.0% drift 
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Figure 8-37 Failure mode of PVA-3 

8.9.2 Force-displacement response 

The force-displacement response of unit PVA-3 is shown in Figure 8-38, and comparison 

of the measured yield and maximum strengths of the unit with the calculated nominal and 

predicted strengths can be found on page 282 in Table 8-9. 
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Figure 8-38 Force-displacement response of unit PVA-3 
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The detailing of the beams and column of unit PVA-3 was identical to that used for units 

PVA-1 and PVA-2.  It is therefore unsurprising that the measured response of unit PVA-3 

during the early stages of testing was similar to that of the earlier units.  The yield drift 

for PVA-3 was calculated to be 0.55%, and the measured storey shear at yield was 0.98 

times the storey shear predicted to cause yielding based on measured material properties.  

After yielding, stable hysteresis loops were generated, with the maximum force resisted 

gradually increasing as further load cycles were conducted.  The strength of unit PVA-3 

continued to increase until the second cycle to 4.0% drift.  This behaviour was similar to 

that recorded for units PVA-1 and PVA-2.  However the maximum strength of unit PVA-

3 was only 15% greater than the predicted yield strength, rather than 20-30% greater as 

was the case for units PVA-1 and PVA-2. 

The reduced maximum strength of unit PVA-3, in comparison to the previously tested 

units, was attributed to the sliding shear that was reported when discussing the observed 

performance.  This was also the cause of the strength degradation that occurred during the 

second cycle to 4.0% drift and the two cycles to 5.0% drift.  The strength during the 

second cycle to 4.0% drift was approximately 84% of the previous maximum, dropping to 

75% during the first cycle to 5.0% drift.  This signifies that unit PVA-3 failed during the 

first cycle to 5.0% drift, leading to the conclusion that the maximum displacement 

ductility sustained by unit PVA-3 was µ = 7.3. 

8.9.3 Decomposition of lateral displacements 

The contribution of different displacement components to the overall interstorey 

displacement of unit PVA-3 at the peak of each half cycle is shown in Figure 8-39.  The 

most obvious feature of this graph in comparison to similar graphs presented previously is 

that the sum of the calculated displacement components significantly exceeds the actual 

interstorey displacement during most cycles.  Although it is not possible to definitively 

identify why this discrepancy occurred, it appears that the displacement component due to 

beam flexural deformation was overstated.  This overstatement probably occurred due to 

the aforementioned sliding shear that developed in the plastic hinges at an early stage, 

which meant that the plastic hinge deformation did not match the deformation assumed 

when developing the calculation methods used to determine the displacement 

components. 

Disregarding the error noted above, it can be seen that the proportion of the total 

displacement resulting from beam shear deformations reached high levels during the 

cycles to 3% and 4% drift, again reflecting the sliding shear failures that occurred in unit 
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PVA-3’s plastic hinge regions.  Deformation of the joint core remained minor throughout 

testing, again aligning with the observed performance of the beam-column joint. 
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Figure 8-39 Lateral displacement components for PVA-3 

8.9.4 Anchorage of beam longitudinal reinforcement in joint core 

Due to the reinforcement detailing used in the joint core of unit PVA-3, it was not 

possible to measure reinforcement slip using portal gauges as was done during all other 

beam-column joint tests described in this thesis.  However, some information about the 

effectiveness of the beam longitudinal reinforcement anchorages was obtained since 

PVA-3 was the first of three beam-column joints in which strain gauges were installed on 

the beam longitudinal reinforcement within the joint core. 

The reinforcement strains that occurred in PVA-3’s joint core during various 

displacement cycles are summarised in Table 8-10.  The amount of information shown in 

Table 8-10 is limited because the strain gauges in the joint core proved unreliable.  Of the 

six strain gauges used, two were not functional at the beginning of testing and another 

malfunctioned immediately before the peak of the first cycle to -1.0% drift (data shown 

for this point was the last reading considered to be reliable).  Reliable data was only 

obtained from three gauges for the remainder of the test, with one gauge located 

immediately after the 90° bend anchoring the top reinforcement of the left beam, the 

second gauge located immediately before the 90° bend anchoring the bottom 

reinforcement of the left beam (i.e. approximately 100 mm from the face of the column), 
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and the third gauge located close to the joint face on the bottom reinforcement 

(approximately 45 mm from the face of the column).  The location of these gauges can be 

identified by referring to Figure A-8. 

The limited data available shows that the strain and stress in the vertical part of the 

reinforcing bar remained positive and within the elastic range throughout testing.  At the 

point immediately before the lower 90° bend the strain cycled between positive and 

negative values depending on the direction of loading.  Even during the first cycle to 

1.0% drift the maximum tension strain at this point was significant, although well below 

the yield strain of the reinforcing bar which was approximately 1600 microstrain.  At the 

peak of the first cycle to 4.0% drift the reinforcing bar was approximately at yield at the 

location immediately before the anchoring bend, indicating that almost the entire force in 

the reinforcing bar must have been anchored by the bend at this stage of testing.  The 

gauges attached to the top and bottom reinforcement close to the joint face indicated that 

strains greatly in excess of the yield strain occurred from the first cycle to 1% drift 

onwards.  The lower of these two gauges appears to have remained functional throughout 

the testing, recording strains that peaked at approximately 40000 microstrain during the 

first cycle to 4% drift.  Although the accuracy of such large strain readings is somewhat 

questionable, the occurrence of the peak strain during the first cycle to 4% drift is 

reassuring, as it coincides with development of the maximum storey shear resisted by the 

beam-column joint. 

Table 8-10 Beam longitudinal reinforcement strains in unit PVA-3’s joint core 

Strain x10-6 at point immediately 

Cycle after upper 
joint face 

after upper 
bend 

before lower 
bend 

after lower 
joint face 

+1.0% i -66 276 1199 9845 

-1.0% i 13272 514 -177 3305 

+2.0% i - 473 1400 21397 

-2.0% i - 675 -252 9953 

+3.0% i - 551 1491 29597 

-3.0% i - 709 -273 15341 

+4.0% i - 610 1657 40184 

-4.0% i - 698 -268 20833 
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8.9.5 Joint shear behaviour 

The behaviour of PVA-3’s joint core is shown in Figures 8-40 and 8-41.  The scales on 

the axes of Figures 8-40 and 8-41 were selected to aid comparison with the performance 

of unit PVA-1 and the units described in Chapter 6. 
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Figure 8-40 Stress-deformation response of joint core, unit PVA-3 
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Figure 8-41 Drift-deformation response of joint core, unit PVA-3 

The maximum deformation that occurred in PVA-3’s joint core was approximately 0.002 

radians.  This value was greater than the amount of deformation that occurred during 
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testing of unit PVA-1, but less than occurred during testing of unit PVA-2.  However, it is 

not possible to draw definitive conclusions about the ultimate joint core strength of unit 

PVA-3 as the demand placed on the joint core during the large displacement cycles was 

artificially limited by the occurrence of sliding shear failure in the beam hinges. 

It is clear from the greater measured deformations and increased level of cracking that the 

joint core of PVA-3 was weaker than that of unit PVA-1.  The deformation of unit PVA-

3’s joint core also increased during each cycle, and was similar to that of unit PVA-2 

during the first cycle to 4.0% drift, which was the last cycle completed before the stresses 

imposed on the joint core decreased significantly. 

8.9.6 Summary 

The test of unit PVA-3 was less conclusive than desired due to the performance of the 

beam-column joint being controlled by the occurrence of sliding shear failure in both the 

left and right beams.  This sliding shear failure artificially limited the stresses imposed on 

the joint core during the large displacement cycles. 

The joint core detailing used for unit PVA-3 was less effective than that used for unit 

PVA-1.  Considering the cycles to 3.0% drift and the first cycle to 4.0% drift, the joint 

core deformations measured in unit PVA-3 were greater than those measured in unit 

PVA-1, and similar to those measured in PVA-2.  However, the demand placed on the 

joint core during the second cycle to 4.0% drift was reduced due to the occurrence of 

sliding shear failure in the beams.  Therefore joint shear failure did not occur during 

testing of unit PVA-3. 

Only limited information was obtained during testing regarding the performance of the 

beam longitudinal reinforcement anchorages in the joint core.  The joint core detailing 

used for unit PVA-3 prevented use of portal gauges to measure reinforcement movement 

within the joint core, and the strain gauges installed in the joint core had low reliability.  

The limited information obtained indicated that the PVA-FRCC was effective at 

preventing yield penetration into the joint core, but this may also have been a result of 

reinforcement strains at the joint face being limited due to the aforementioned sliding 

shear failures. 
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8.10 Results from testing of PVA-4 

This section presents the results obtained during testing of unit PVA-4.  An overview of 

the observed and measured performance of unit PVA-4 as a whole is presented first, 

followed by sections discussing details relating to the behaviour of the joint core.  

Although brief comparisons between the performance of unit PVA-4 and that of other 

units are made in this section, detailed comparisons are collected in Chapter 9. 

8.10.1 Observed performance 

The performance of unit PVA-4 during testing was controlled by the unsatisfactory 

performance of the joint core.  The strength of the unit was controlled by degradation of 

the joint core shear strength, which occurred before plastic hinges could form in the 

beams. 

PVA-4 behaved elastically during cycles to 0.5%, 1.0%, and 1.5% drift.  During these 

cycles shear and flexural cracking occurred in the beams and column of the unit, and 

many fine, closely spaced cracks formed in the joint core.  Crack formation in the joint 

core was approximately equal in both directions of loading, and the maximum crack 

width during the cycles to 1.5% drift was less than 0.1 mm. 

Yielding occurred in both directions of loading during the first cycle to 2.0% drift, and 

the maximum strength of the unit in both directions was also reached during this cycle.  

The majority of new cracks that formed after yielding occurred in the joint region, with 

only fine shear cracks and minor extensions to flexural cracks forming in the beams and 

column.  Notably there was very little evidence of plastic hinge formation in the beams 

adjacent to the column faces. 

A large number of cracks formed in the joint core during the cycles to 2.0% drift and 

beyond.  These cracks were closely spaced, and became difficult to mark as testing 

progressed.  It became evident during the second cycle to 2.0% drift that the width of a 

number of cracks in the joint core was increasing during each successive cycle, and 

during the first cycle to 3.0% drift it was clear that joint shear failure had occurred.  

Loading was continued until cycles to 5.0% drift had been completed, with the strength of 

the unit decreasing and the width of the dominant cracks in the joint core increasing 

during each cycle. 

Figure 8-42 shows the overall condition of unit PVA-4 during the second cycle to 4.0% 

drift.  The notable features of the photo are the absence of significant damage in the 
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beams immediately adjacent to the column and the obvious diagonal shear cracks running 

both ways across the joint core.  These features provide clear evidence that joint shear 

failure limited the performance of unit PVA-4.  Figure 8-43 shows the condition of the 

joint core and adjacent beam regions at the conclusion of testing.  It is again clear from 

this photo that cyclic plastic deformation was unlikely to have occurred in the beams, and 

that the performance of the joint core was the limiting factor in the design of unit PVA-4. 

 

Figure 8-42 Condition of PVA-4 during cycles to 4.0% drift 

 

Figure 8-43 Failure mode of PVA-4 
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8.10.2 Force-displacement response 

The force-displacement response of unit PVA-4 is shown in Figure 8-44, while 

comparisons between the measured and predicted strength of the unit can be found in 

Table 8-9, which is located on page 282. 
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Figure 8-44 Force-displacement response of unit PVA-4 

The force-displacement response of unit PVA-4 differs significantly from the responses 

of the other FRCC beam-column joints described in this chapter.  In contrast to the other 

units, it can be seen in Figure 8-44 that for both positive and negative loading the 

maximum strength achieved by unit PVA-4 occurred during the first cycle to 2.0% drift, 

after which the strength dropped by a small amount during the second cycle to 2.0% drift 

and the first cycle to 3.0% drift, and then by increasingly significant amounts in the 

following cycles.  Failure of the unit occurred during the second cycle to 3.0% drift when 

the strength was approximately 77% of the previous maximum, and by the second cycle 

to 4.0% drift the unit’s strength had dropped to less than 50% of the maximum achieved 

previously. 

In addition to the dramatic strength decrease, unit PVA-4 had a significantly higher yield 

displacement than units PVA-1, PVA-2, and PVA-3.  The first occurrence of yielding 

was during the first cycle to 2.0% drift although the calculated yield drift was 1.35%.  

The measured strength at which yielding occurred was 4% greater than the predicted 

yield strength based on measured material properties.  Two factors contributed to unit 

PVA-4’s yield displacement being so much greater than the yield displacements of units 
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PVA-1, PVA-2, and PVA-3.  The yield displacement of frames that contain high strength 

beam longitudinal reinforcement (such as the Grade 500E reinforcement used in unit 

PVA-4) is always greater than otherwise similar frames that use low strength beam 

longitudinal reinforcement (such as the Grade 300E reinforcement used in units PVA-1, 

PVA-2, and PVA-3) because the yield curvature of concrete members is closely linked to 

the yield strain of the longitudinal reinforcement that they contain (Priestley 1998).  

Furthermore, the yield strength of unit PVA-4 was approximately twice that of units 

PVA-1, PVA-2, and PVA-3.  The greater force resisted by unit PVA-4 at the occurrence 

of yielding resulted in greater deformations of the column and particularly of the joint 

when yielding occurred. 

Due to the large yield displacement and the low maximum displacement capacity of unit 

PVA-4, the displacement ductility sustained by the unit was only µ = 2.2.  This parameter 

provides further confirmation of the unsatisfactory performance of unit PVA-4 in relation 

to accepted design principles. 

8.10.3 Decomposition of lateral displacements 

Figure 8-45 shows the division of the interstorey displacement into displacement 

components at the peak of each half cycle.  In comparison to similar plots discussed 

previously the agreement seen between the sum of displacement components and the total 

interstorey displacement was relatively poor throughout the test.  It is believed that this is 

due to the rapid degradation of the joint core causing the approximations used in the 

calculation methods to become unrealistic. 

Acknowledging the limitations of the data, it is obvious that beam flexural deformation 

was the cause of a much smaller proportion of the total displacement of unit PVA-4 than 

was the case for other units.  This reduced flexural deformation was due to the inability of 

unit PVA-4 to form stable beam plastic hinges before joint shear failure occurred.  

Correspondingly, the proportion of the total displacement due to joint shear deformation 

was large from early in the test and increased significantly during the cycles to 4.0% and 

5.0% drift.  The proportion of the total deformation due to joint shear deformation would 

be still greater if the joint shear deformation displacement components were in fact 

underestimated as postulated above. 
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Figure 8-45 Lateral displacement components for PVA-4 

8.10.4 Anchorage of beam longitudinal reinforcement in joint core 

The effectiveness of the anchorage detailing of the beam longitudinal reinforcement in 

the joint core of unit PVA-4 was assessed in two ways.  Portal gauge transducers were 

used to measure movement of the top and bottom reinforcement of the right beam.  These 

gauges were attached to studs welded to the beam longitudinal reinforcement 

approximately 195 mm from the point where the reinforcement entered the joint core.  In 

addition to the portal gauge transducers, six strain gauges were glued to the longitudinal 

reinforcement of the right beam within the joint core.  The arrangement of all these 

instruments is detailed in Appendix A.2.4. 

Figure 8-46 shows the readings obtained from the portal gauges measuring reinforcement 

movement at the peak of each cycle.  The early occurrence of joint shear failure in unit 

PVA-4 made it difficult to accurately measure how effectively the beam longitudinal 

reinforcement was anchored in the joint core.  In particular, the width of the column at the 

top and bottom of the joint had increased significantly by conclusion of the second cycle 

to 3% drift.  This increase meant that during the cycles to 4% drift and beyond it was 

impossible to measure the displacement of the studs welded to the beam longitudinal 

reinforcement in the joint core.  In any case, the inability of unit PVA-4 to form reversing 

plastic hinges in the beams adjacent to the joint core prevented significant plastic strains 

from developing in the beam longitudinal reinforcement.  Therefore the anchorages of the 
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beam longitudinal reinforcement are considered to have been subjected to less than the 

full demands that would be placed on them in a correctly designed beam-column joint. 
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Figure 8-46 Movement of right beam longitudinal reinforcement within the joint core of unit 
PVA-4 

The strain gauges installed in the joint core of unit PVA-4 functioned somewhat more 

effectively than those used during testing of unit PVA-3.  Four of the six gauges were 

functional at the beginning of testing, with one of these malfunctioning during the cycles 

to 2.0% drift, and a second malfunctioning during the cycles to 3.0% drift.  The two 

gauges mounted on the top beam reinforcement functioned throughout the test.  Results 

from the functional strain gauges are shown in Table 8-11.  These readings show that the 

maximum strains in the beam longitudinal reinforcement that were measured close to the 

face of the joint only slightly exceeded the yield strain of 2630 microstrain, and that yield 

strains did not penetrate to the gauges attached immediately before the anchorage bends.  

Regrettably, the two gauges that were non-functional from the start of testing were the 

two mounted between the 90° bends in the reinforcing bar.  Therefore no comment can be 

made about the effectiveness of the hooks in anchoring forces via a diagonal strut 

mechanism. 
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Table 8-11 Beam longitudinal reinforcement strains in unit PVA-4’s joint core 

Strain x10-6 at point immediately 

Cycle after upper 
joint face 

before 
upper bend 

before lower 
bend 

after lower 
joint face 

+1.0% i 36 249 567 901 

-1.0% i 1434 1039 159 -210 

+2.0% i 149 367 1243 1430 

-2.0% i 2879 2032 329 -712 

+3.0% i 345 423 1415 - 

-3.0% i 2749 1968 - - 

+4.0% i 760 403 - - 

-4.0% i 2015 691 - - 

8.10.5 Joint shear behaviour 

The joint shear behaviour of unit PVA-4 is shown in Figures 8-47 and 8-48.  These 

figures confirm previous measurements and observations indicating that joint shear 

failure occurred in unit PVA-4 prior to the formation of a stable plastic mechanism. 
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Figure 8-47 Stress-deformation response of joint core, unit PVA-4 
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Figure 8-48 Drift-deformation response of joint core, unit PVA-4 

The main conclusion drawn from Figure 8-48 is that the joint shear deformation is 

proportional to the displacement imposed on the beam-column joint.  This conclusion 

confirms that throughout testing joint deformation contributed significantly to the total 

displacement of the joint.  In contrast, Figure 8-47 shows that the relationship between 

joint shear stress and joint shear deformation changed dramatically over the course of the 

test.  During the initial elastic cycles the joint core had considerable stiffness.  However, 

following the first cycle to 2.0% drift the stiffness of the joint core decreased, and 

continued to decrease during each successive cycle.  It is also interesting to compare the 

form of the graph in Figure 8-47 with the force-displacement response shown in Figure 

8-44.  A cursory examination shows that the two graphs follow an almost identical path 

with the exception of the first cycle to 2.0% drift, during which the deformation of the 

joint core remained constant while yielding behaviour was observed in the force-

displacement response.  Of particular note are the obvious intervals during negative 

loading where the joint shear deformation increased without the joint shear stress 

increasing significantly.  These intervals have direct counterparts that are evident in 

Figure 8-44, further confirming that deformation of the joint core controlled the global 

response of unit PVA-4 for the majority of the test. 

8.10.6 Summary 

The response of unit PVA-4 during testing was entirely unsatisfactory in relation to 

accepted design standards, and differed significantly from the response of the other four 
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FRCC beam-column joints described in Chapter 8.  While the other beam-column joints 

were all able to develop a stable plastic mechanism at least until large displacement levels 

were reached, the maximum strength of unit PVA-4 occurred during the first cycle to 

2.0% drift, which was also the cycle during which first yielding occurred.  In the 

following cycles damage localisation resulted in dominant cracks in the joint core 

opening to significant widths, and joint shear failure.  Graphs of unit PVA-4’s joint core 

deformation response show that the global performance of the beam-column joint was 

determined by deformation of the joint core for the majority of the test. 

8.11 Results from testing of RPC-1 

This section describes the results obtained during testing of unit RPC-1.  As discussed 

earlier in the chapter, unit RPC-1 uniquely used reactive powder concrete rather than 

PVA-FRCC for the in-situ connecting pour in the joint core, but was otherwise detailed 

so that it was identical to unit PVA-4.  Due to the similarities between the units some 

brief comparisons will be drawn in this section, but detailed comparisons between the 

performance of the beam-column joints and the FRCCs used to construct them will be 

presented in Chapter 9. 

8.11.1 Observed performance 

The performance of RPC-1 was satisfactory until large drift levels, but ultimately the 

performance of the test unit was governed by the shear strength of the joint core. 

During the first cycles of the test, technical problems occurred with the turn 

potentiometer used to measure the displacement of the column.  These problems were 

rectified prior to the beginning of the second cycle to 1.5% drift, but doing so required 

estimation of the actual displacement at this point.  There is therefore a degree of 

uncertainty associated with the displacement readings during this test, which made it 

difficult to accurately determine the displacement at which first yielding occurred.  

However, the behaviour of RPC-1 was definitely elastic during the cycles to 0.5% and 

1.0% drift, and it appeared that yielding first occurred at close to the peak displacement of 

the cycles to 1.5% drift.  During the elastic cycles shear and flexural cracks formed in the 

beams and column of the test unit, and a number of cracks formed in the joint core.  The 

cracks in the joint core were generally short, i.e. not continuous across the complete face 

of the joint, and all cracks had a width of less than 0.1 mm. 
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During the cycles to 2.0% drift the amount of cracking in the joint core did not increase 

significantly.  During the cycles to 3.0% drift many new fine cracks formed in the joint 

core, and the maximum crack width increased to approximately 0.4 mm.  Damage to the 

unit outside of the joint core was concentrated in the beam plastic hinge regions, which 

were located immediately adjacent to the column. 

Joint core crack widths continued to increase during cycles to 4.0% and 5.0% drift.  The 

strength of unit RPC-1 continued to increase despite the increased crack opening in the 

joint core.  The strength of the unit peaked during the first cycle to 5.0% drift before 

decreasing in the second cycle to 5.0% drift.  At this stage crack widths in the joint core 

had increased to over 5 mm, and it was evident that the RPC surrounding the beam 

longitudinal reinforcement was splitting along the length of the bars. 

The condition of RPC-1 at the end of the cycles to 4.0% drift can be seen in Figure 8-49.  

The eventual failure of the joint core can be seen in Figure 8-50, which shows the 

condition of the joint core and plastic hinges at the conclusion of testing. 

 

Figure 8-49 Condition of RPC-1 during cycles to 4.0% drift 

8.11.2 Force-displacement response 

The measured force-displacement response of unit RPC-1 is shown in Figure 8-51.   

Table 8-9, located on page 282, shows comparisons between the measured and predicted 

strengths of the beam-column joint. 
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Figure 8-50 Failure mode of RPC-1 
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Figure 8-51 Force-displacement response of unit RPC-1 

The response of unit RPC-1 was similar in form to that of unit PVA-2.  This is due to 

both units initially forming a stable plastic mechanism before the occurrence of joint 

shear failure at large displacement levels.  Unit RPC-1 behaved elastically during the 

cycles to 0.5% and 1.0% drift before yielding occurred during the first cycle to 1.5% drift.  

The calculated yield drift was 1.18%.  It is emphasised that there is a degree of 

uncertainty surrounding the exact yield displacement of unit RPC-1 due to the 

aforementioned instrumentation problems.  However, the magnitude of this uncertainty is 
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of the order of ±5 mm (±0.2% drift) and considerable effort was spent correlating various 

factors to obtain a reliable correction for the raw data recorded during testing.  Even 

allowing for the uncertainty, it is clear that unit RPC-1 yielded at a smaller displacement 

than did unit PVA-4.  This reduced yield displacement was due to the stiffer joint core of 

unit RPC-1 deforming less than the joint core of unit PVA-4 prior to yielding.  The yield 

strength of unit RPC-1 was almost identical to that of unit PVA-4, and was approximately 

3% greater than the yield strength predicted using measured material properties. 

The strength of unit RPC-1 increased incrementally with each displacement cycle after 

yielding, and the ultimate strength developed by the unit was approximately 18% greater 

than the predicted yield strength and 27% greater than the nominal strength.  This second 

value means that the maximum strength of unit RPC-1 was less than the overstrength that 

would be predicted for the unit according to NZS 3101:2006.  Unit RPC-1 was unique 

amongst the beam-column joints described in this thesis because the maximum strength 

developed by the unit occurred during the first cycle to 5.0% drift, which is a 

displacement level at which strength degradation had begun in all other beam-column 

joints tested. 

The strength of unit RPC-1 dropped by less than 20% during the second cycle to 5.0% 

drift, which lead to a single cycle to 6.0% drift being conducted.  The strength of the 

beam-column joint dropped below 80% of the previous maximum during this cycle, 

leading to the maximum displacement ductility of the unit being µ = 4.2.  Although this 

value is below the maximum ductility of µ = 6 permitted for moment resisting frames by 

NZS 3101:2006, the maximum displacement capacity of unit RPC-1 significantly 

exceeded the maximum design displacement of 2.5% permitted by New Zealand 

standards. 

8.11.3 Decomposition of lateral displacements 

Figure 8-52 shows the results of calculations undertaken to determine how different 

components contributed to the total interstorey displacement of unit RPC-1.  The results 

of these calculations largely support the observations made previously about the 

performance of the unit.  In common with the other beam-column joints described in this 

thesis, the largest component of displacement resulted from beam flexural deformations.  

The proportion of the total displacement resulting from column deformation was initially 

rather high, probably due to the high moment capacity and small column cross section of 

unit RPC-1 in comparison to units PVA-1 to PVA-3.  As testing progressed the 

proportion of displacement due to column deformation decreased and the proportion due 
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to beam shear increased.  The beam shear deformation was due largely to the concrete in 

the plastic hinge regions becoming progressively more damaged as testing progressed. 
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Figure 8-52 Lateral displacement components for RPC-1 

It is interesting to note that the proportion of the total displacement of unit RPC-1 due to 

joint shear deformation remained relatively constant during testing, and actually 

decreased somewhat during the later stages of testing.  When considering the implications 

of this observation it is important to note however that while the proportion of the total 

displacement due to joint shear decreased, this was a proportion of a larger total 

displacement and hence the actual displacement due to joint shear deformations increased 

throughout the test. 

8.11.4 Anchorage of beam longitudinal reinforcement in joint core 

The instrumentation used to measure the effectiveness with which the beam longitudinal 

reinforcement was anchored in the joint core of unit RPC-1 was identical to that used 

during testing of unit PVA-4.  The arrangement of the two portal gauge transducers and 

six strain gauges used is described in appendix A.2.4. 

Figure 8-53 shows the movement of the left beam’s top and bottom reinforcing bars at the 

peak of each cycle.  These measurements were taken from studs welded to the beam 

longitudinal reinforcement at approximately 195 mm beyond the point where the 

reinforcement entered the joint core.  Before the second cycle to 4.0% drift the maximum 

recorded movement was approximately 0.6 mm.  Readings during the second cycle to 
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4.0% drift and beyond are not completely reliable as expansion of the joint core had 

occurred by this stage of testing.  The value of 0.6 mm recorded during the first cycle to 

4.0% drift indicates that yield strains had probably penetrated a significant depth into the 

joint core by this stage of testing. 

-5
.0

ii

+5
.0

ii

-5
.0

i

+5
.0

i

-4
.0

ii

+4
.0

ii

-4
.0

i

+4
.0

i

-3
.0

ii

+3
.0

ii

-3
.0

i

+3
.0

i

-2
.0

ii

+2
.0

ii

-2
.0

i

+2
.0

i

-1
.5

ii

+1
.5

ii

-1
.5

i

+1
.5

i

-1
.0

ii

+1
.0

ii

-1
.0

i

+1
.0

i

-6

-4

-2

0

2

4

6

Cycle (% drift)

R
e
in
fo
rc
e
m
e
n
t 
s
li
p
 (
m
m
)

Top Bar

Bottom Bar

 

Figure 8-53 Movement of left beam longitudinal reinforcement within the joint core of unit 
RPC-1 

The six strain gauges installed in the joint core of unit RPC-1 performed more reliably 

than those in either unit PVA-3 or unit PVA-4.  All six gauges were functional at the 

commencement of testing, and three were still functional at the conclusion of testing.  

The gauges that failed did so during the cycles to 4.0% drift.  The readings from all strain 

gauges are shown in Table 8-12, and support the previous assertion that plastic strains 

penetrated a significant distance into the joint core during the cycles to 3.0% and 4.0% 

drift.  Comparison of the strain readings immediately before and after the 90° bends 

indicate that significant tension forces were anchored by these bends, with stress changes 

of approximately 200 MPa indicated during most cycles. 

8.11.5 Joint shear behaviour 

Figures 8-54 and 8-55 show the deformation response of the joint core of unit RPC-1 

during testing.  Comparison of Figure 8-54 with the previously presented Figure 8-47 

shows that the joint cores of units RPC-1 and PVA-4 initially had similar stiffnesses, but 

that in contrast to unit PVA-4, the joint core stiffness of unit RPC-1 remained similar 

until the displacement imposed on the beam-column joint exceeded 4.0% drift. 
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Table 8-12 Beam longitudinal reinforcement strains in unit RPC-1’s joint core 

Strain x10-6 at point immediately 

Cycle after upper 
joint face 

before 
upper bend 

after upper 
bend 

after lower 
bend 

before lower 
bend 

after lower 
joint face 

+1.0% i 1940 798 551 370 136 -56 

-1.0% i 45 153 148 154 367 1273 

+2.0% i 2298 1114 892 529 151 -622 

-2.0% i -685 42 340 526 1130 2277 

+3.0% i 2501 1298 971 535 168 -920 

-3.0% i -1178 19 408 625 1570 2853 

+4.0% i > 2833 1700 1026 548 192 19 

-4.0% i - 40 488 822 2478 > 4794 
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Figure 8-54 Stress-deformation response of joint core, unit RPC-1 

Figures 8-54 and 8-55 both show that the joint core deformation of unit RPC-1 increased 

significantly during the cycles to 5.0% and 6.0% drift.  During the first cycles to these 

drifts the strength of the joint core remained similar to the strength during earlier cycles, 

although the deformation increased significantly.  However, during the last cycles the 

strength of the joint core obviously dropped, leading to the joint shear failure observed 

during testing. 
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Figure 8-55 Drift-deformation response of joint core, unit RPC-1 

8.11.6 Summary 

Unit RPC-1 behaved satisfactorily during testing until subjected to drift levels exceeding 

5.0%.  While the performance of the beam-column joint was ultimately controlled by 

shear failure of the joint core, this occurred at displacement that significantly exceeded 

those permitted by New Zealand design standards.  During earlier cycles the performance 

of the beam-column joint was similar to that of well designed beam-column joints, with 

plastic hinges forming in the beams adjacent to the column face. 

8.12 Summary and conclusions 

Chapter 8 has described a new method for assembling moment resisting frames from 

precast concrete elements.  The method described was selected for development from a 

series of four postulated methods after consultation with prominent structural engineers 

from Auckland and elsewhere in New Zealand.  The key motivation for developing the 

construction method was to reduce reinforcement congestion in the joint core.  The 

proposed method achieves this goal by not using any conventional joint shear 

reinforcement, instead relying on ductile fibre reinforced cementitious composites 

(DFRCCs) to resist joint shear forces. 

The performance of moment resisting frames constructed using the new method was 

assessed by testing five interior beam-column joints assembled from precast beams and 
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columns.  These beam-column joint tests were intended as “proof of concept” tests, and 

the test units should not be considered as prototypes intended for use in a real structure.  

The design, construction, and testing of these beam-column joints has been reported in 

this chapter.  Several variables were investigated during the series of tests, including the 

method of anchoring beam longitudinal reinforcement in the joint core, the type of 

DFRCC used in the joint core, and the magnitude of the shear stress acting on the joint 

core. 

Two types of DFRCC were successfully produced for use in the cores of the beam-

column joints tested in this chapter.  A relatively low strength DFRCC containing 2% by 

volume of PVA fibres imported from Japan was used in four of the test units.  This 

material had a typical compressive strength at 28 days of approximately 70 MPa, and was 

essentially self compacting.  The second material produced was a reactive powder 

concrete containing 2% by volume of high strength steel fibres.  This material was 

produced from a dry pre-blend imported from Australia.  The RPC mix was also self 

compacting, and had a compressive strength of approximately 130 MPa.  Both materials 

were easily placed into the joint core regions despite the relatively confined working 

space available. 

Testing of the beam-column joints showed that DFRCC joint cores are able to resist the 

shear stresses imposed on them when reversing plastic hinges form adjacent to the faces 

of the joint.  Beam-column joints with PVA-FRCC cores were able to resist joint shear 

stresses of approximately 3.5 MPa while reaching interstorey drifts of 4% or greater.  The 

single unit tested that had a reactive powder concrete joint core resisted joint shear 

stresses greater than 9 MPa and reached interstorey drift levels of 5% without strength 

degradation occurring.  DFRCC also provided excellent anchorage for beam longitudinal 

reinforcement in the joint core.  This was proven most emphatically during testing of a 

beam-column joint with a PVA-FRCC core that had the beam longitudinal reinforcement 

anchored only by discontinuous straight development lengths.  Despite large plastic 

deformations occurring in beam plastic hinges immediately adjacent to the anchorages 

there was no indication of anchorage degradation before the conclusion of testing. 

The beam-column joint tests described in this chapter were conducted using a newly 

developed test setup.  This method differed significantly from the method used during the 

testing that was reported in the Parts 1 and 2 of this thesis.  The main motivations for 

developing the improved test setup were to reduce the laboratory space required for 

testing, to simplify the support conditions at the beam and column ends, and to simplify 

the control of the experiments.  While some teething troubles were initially encountered, 
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the new setup was deemed to be a significant improvement over the previous setup.  It is 

recommended that this or a similar setup be used for any future beam-column joint tests 

that are conducted at the University of Auckland. 
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Chapter 9  

MODELLING OF DFRCC 
BEAM-COLUMN JOINTS 

9.1 Overview 

The novel performance of HPFRCCs has lead to them being viewed as something of a 

design panacea for problematic regions of earthquake resistant concrete structures.  For 

example, based on the results of two beam-column joint tests Parra-Montesinos et al. 

(2005) concluded that “ACI shear stress limits for joints … are adequate for use in 

HPFRCC connections with no confinement”.  This seems a rather broad conclusion to 

reach given the wide range of possible properties that could occur in a material labelled as 

an HPFRCC, especially in the absence of analyses describing the force transfer 

mechanisms used in an HPFRCC beam-column joint.  More realistically, before 

widespread use of HPFRCCs in critical parts of structures should be advocated it is 

necessary to develop rational design methods that are intended to account for the 

capabilities of these materials. 

In this chapter an attempt is made to rationally assess the performance of FRCC beam-

column joints during the testing described in Chapter 8.  The chapter begins by briefly 

reviewing approaches used previously to analyse and design beam-column joints, before 

explaining why strut-and-tie modelling was chosen for the joint core analysis presented 

here.  In order to relate the strut-and-tie analyses to the observed performance of the 

beam-column joints it was necessary to develop an understanding of the tensile properties 

of the FRCC materials used to construct the joint cores.  A description of these properties 
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and the methods used to determine their values forms the second part of this chapter.  

After presentation of the strut-and-tie modelling process and the strut-and-tie models 

developed for each beam-column joint core, the chapter concludes with a discussion in 

which observed performance is related to the proposed models and comments are made 

regarding the practicality of using HPFRCCs in the joint cores of real structures. 

9.2 Approaches to analysing and designing beam-
column joints 

The primary aim of this chapter is to relate the joint core performance observed during 

the testing described in Chapter 8 to the forces that must have been applied to the joint 

cores during testing and to the properties of the FRCCs used to construct the joint cores.  

In order to achieve this aim it is necessary to develop models predicting the manner in 

which forces were transferred through the joint cores between beams and columns. 

Taking a broad perspective, the performance of a beam-column joint subassembly during 

testing will always be restricted by one of three factors.  These factors are the strength of 

the joint core itself (the joint shear strength), the strength of the anchorages fixing the 

beam longitudinal reinforcement in the joint core (or less commonly the column 

reinforcement), or the strength of the members framing into the joint core.  Performance 

limitation due to either of the first two factors would normally be classified as 

unsatisfactory joint core performance, while performance limitation due to failure of the 

beams or columns framing into the joint would lead to the conclusion that the joint core 

had performed adequately.  Considering the beam-column joint tests described in the 

previous chapter it can be stated that all joint cores either performed adequately or had 

insufficient shear strength.  In no case was the subassembly performance limited by the 

strength of the longitudinal reinforcement anchorages within the joint core.  Thus while 

some comments will be made regarding the anchorage capabilities of FRCC joint cores, 

the focus of the chapter will be on the relationship between joint core properties, 

performance, and applied shear forces.  The remainder of this section provides a brief 

discussion of the various methods that have previously been used to assess the shear 

strength of conventionally reinforced or fibre reinforced beam-column joints. 

As shown previously by the bending moment diagram in Figure 3-8, joint cores in frames 

resisting earthquake forces are typically subjected to moments in both the beams and 

columns that inflect across the joint core.  Furthermore, reinforced concrete frames are 

typically designed so that plastic hinges form in the beams immediately adjacent to, and 
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on both sides of, the joint core.  Very large longitudinal reinforcement strains are likely to 

occur within these plastic hinges, and penetration of inelastic strains into the joint core is 

expected to occur during severe earthquakes.  These aspects of joint response, along with 

other lesser influences, combine to produce an extremely complex distribution of stresses 

within the joint core, which results in it generally being accepted that exact prediction of 

the distribution of stresses within the joint core is difficult or even impossible.  Efforts to 

develop methods for analysing and/or designing beam-column joints have therefore 

focussed on the use of models that are to a greater or lesser extent approximations of the 

true behaviour of beam-column joints.  These models have typically either been 

calibrated and/or verified using data obtained from testing of beam-column joint 

subassemblies. 

A wide variety of methods have been proposed for predicting the shear strength of 

conventionally reinforced beam-column joints.  The anchorage design methods discussed 

in Chapter 4 were fundamentally similar but calibrated differently.  In contrast, the range 

of mechanical models used as the basis for joint shear strength prediction is almost as 

great as the range of proposed methods.  The most significant differences between the 

different mechanical models are the extent to which the models are based on a realistic 

distribution of forces within the joint core and the rationale postulated for transverse 

reinforcement being required.  The non-comprehensive list below provides a brief 

summary of some of the more significant mechanical models that have been proposed.  

These include: 

• The design method most commonly used in the U.S.A., in which shear forces are 

assumed to be transferred through the joint core by a corner-to-corner diagonal 

compression strut, and transverse reinforcement is considered necessary to confine 

the joint core concrete and prevent failure of the diagonal compression strut due to 

dilation of the concrete (ACI 318). 

• The design method specified in the New Zealand concrete design standard (NZS 

3101 2006), based on a model first postulated by Park and Paulay (1975) and 

refined periodically since then.  In this model two different mechanisms are 

assumed to contribute to joint shear resistance.  Forces introduced to the joint core 

by flexural compression of the beam and column concrete and by bond within the 

compressed concrete are assumed to be transferred directly across the joint core by 

a diagonal compression strut.  Forces introduced to the joint core by bond outside 

the regions of compressed concrete in the beam and column are assumed to be 

resisted by smaller diagonal compression struts equilibrated by transverse 
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reinforcement and intermediate column reinforcement (the “truss mechanism”).  As 

the role of the transverse reinforcement is to balance forces resulting from bond 

stresses, the amount of transverse reinforcement required is primarily determined 

by the magnitude of the force introduced to the joint core by bond.  Calibration and 

refinement of the New Zealand design method has therefore focussed on 

determining the probable distribution of forces along the length of the beam 

longitudinal reinforcement within the joint core. 

• A model proposed by Shiohara (2001; 2004) that has been termed quadruple 

flexural resistance.  This model was based on a postulation that the typical “shear” 

failure of a joint core by opening of a corner-to-corner diagonal crack or by 

crushing of the concrete close to the centre of the core could be predicted by 

modelling the joint core as a region resisting flexural forces.  Failure of the joint 

core would occur either due to crushing of the concrete at the central points of 

rotation (see Figure 9-1) or due to an inability to transfer the required tension force 

across the corner-to-corner diagonal crack. 

points of rotation

at centroid of concrete

compression blocks

 

Figure 9-1 Quadruple flexural failure of a joint core (after Shiohara) 

• Models aiming to predict the load paths of forces through the joint core 

realistically, without ensuring compatibility of strains.  Research following this 

philosophy has generally been based on the strut-and-tie design method, with 

various researchers adapting the basic tenets of the strut-and-tie method to exterior 

beam-column joints (Vollum and Newman 1999), interior beam-column joints (Lin 

1999; Lin and Restrepo 2002), and bridge beam-column joints  (Sritharan 2005b; 

Sritharan 2005a; Sritharan and Ingham 2003). 

• Recent complex models formulated with the aim of ensuring force equilibrium of 

stresses and compatibility of strains.  The models used to achieve these aims have 

typically been based on more general theories used to estimate the shear strength of 

reinforced concrete members, such as the softened strut-and-tie method (Hwang 
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and Lee 1999; Hwang and Lee 2000; Hwang et al. 2005) or the modified 

compression field theory (Attaalla 2004; Attaalla 1997). 

In contrast to the extensive attention that has been paid to analysis of the shear strength of 

conventionally reinforced joints, there is a paucity of information in the literature 

concerning the mechanisms employed to resist shear forces by fibre reinforced joint 

cores.  This is perhaps not surprising despite the number of experimental investigations 

that have focussed on fibre reinforced joint core performance.  Assessment of the load 

paths through the joint core is complicated by the probability that tension and 

compression forces (rather than just compression forces in a conventionally reinforced 

joint) will be inclined relative to the principle axes of the joint, and determination of the 

probable strength of the joint is hampered by the wide range of properties achievable with 

FRCCs.  The few methods for assessing the strength of FRCC joint cores suggested 

previously have taken the form of highly empirical approaches based on only a small 

number of beam-column joint tests (Liu 2006; Tang et al. 1992). 

Consideration was given to a number of different methods of assessing the shear strength 

of the FRCC joint cores of units PVA-1 to PVA-4 and RPC-1.  The complex distribution 

of stresses expected to occur within a joint core constructed from a material with 

significant tensile stress and strain capacity suggested that use of computational analysis 

such as finite element modelling would be logical.  However it was felt that achieving 

sensible results using finite element analyses would not be possible due to the recognised 

difficulties of applying finite element methods to FRCC (Belletti et al. 2008), and given 

the current state of knowledge regarding the behaviour of HPFRCCs, in particular 

regarding their interaction with steel reinforcement and behaviour when subjected to 

biaxial stresses as occurs in joint cores.  This last concern also ruled out adaptation of the 

recent joint core models intended to ensure compatibility of stresses and strain as these 

models are exclusively based on theories developed over many years that predict the 

bidirectional stress-strain response of concrete.  Adaptation of an empirical or semi-

empirical behaviour model to cover the joint tests reported in Chapter 8 was considered 

unrealistic due to the wide range of variables included within the five tests. 

The final choice of method for assessing the shear strength of FRCC joint cores was thus 

between adapting Shiohara’s quadruple flexural resistance model or strut-and-tie 

modelling.  An attempt was made to adapt the quadruple flexural model for FRCC joint 

cores as the failure mechanism assumed in the model was comparable to the failure 

mechanism observed during testing.  However, it proved impossible to rationally 

incorporate the forces resisted by FRCC into the quadruple flexural resistance model.  In 
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particular it was not evident how the opening of the joint core from the bottom left and 

top right corners to close at the centre of the joint (see Figure 9-1) related to the observed 

performance of FRCC joint cores, in which cracks with this orientation relative to applied 

forces did not occur.  Therefore strut-and-tie modelling was the method selected for 

further development.  This decision was made not just by elimination of other methods, 

but also because strut-and-tie modelling was felt to be sufficiently versatile to 

accommodate the reinforcement detailing differences between the various test units 

whilst also being simple enough to allow load paths to be transparently identified, 

facilitating a full understanding of the implications of assumptions made during the 

analysis procedure. 

9.3 Material properties of ductile fibre reinforced 
concrete 

Before it is possible to assess the experimental performance of DFRCC beam-column 

joints it is important to understand the stress and strain properties of the materials used in 

the joint core.  While some information about the FRCCs used in units PVA-1 to PVA-4 

and unit RPC-1 was presented in section 8.5.3, that information only covered the 

compressive strength of the materials.  In order to have a chance of properly 

understanding the behaviour of FRCC beam-column joints, information about the 

complete stress-strain response of the FRCCs must be considered.  In particular it is 

important to have a realistic estimate of the tensile strength of the materials.  The material 

properties of the PVA-FRCC and RPC used in this research are described sequentially in 

the following sections. 

9.3.1 PVA-FRCC 

It was stated in section 7.3.3 that true characterisation of the tensile behaviour of FRCCs 

cannot be obtained without conducting direct tension tests.  Conducting such tests was 

therefore an aim of this research.  After consideration of the relatively large range of 

specimen types previously used by researchers to conduct uniaxial tensile tests on FRCCs 

(Kanakubo 2006; Kesner et al. 2003; Mechtcherine and Schulze 2005) the dogbone type 

specimen shown in Figure 9-2 was chosen for use during this study.  The specimen 

chosen had a number of advantages that recommended its use: 

• The test specimens were large enough relative to the fibre size used to avoid 

strength enhancement through fibre alignment.  Krenchel (1975) showed that the 
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strength of a fibre reinforced composite with perfectly aligned fibres is twice that 

of a similar composite with randomly distributed fibres.  Fibres are commonly 

considered to be randomly oriented in a plane if the cross section dimension is at 

least three times the length of the fibres used (Wang 2005).  The fibre length used 

in this study was 12 mm and the least dimension of the critical section in the 

dogbone was 60 mm, and it was therefore envisaged that the fibres would not be 

significantly aligned. 

• The specimens could be constructed within a 100 mm square section beam mould, 

which already existed in the University of Auckland inventory.  Mould fabrication 

was therefore limited to machining of curved inserts to form the taper section of the 

specimen; 

• Use of similar specimens had been documented in at least three previously 

published papers (Kanakubo 2006; Mechtcherine and Schulze 2005; Shimizu et al. 

2005), providing data against which results could be directly compared. 

 

Figure 9-2 Uniaxial tension test specimen 

It is widely recognised that accurate tensile testing of concrete is difficult to achieve.  

According to relevant literature two aspects of the test setup are critical to ensuring that 

realistic results can be obtained: 

• Zheng et al. (2001) reported that tension forces should be applied to the specimen 

in a manner that creates a uniform tensile stress at the critical section.  This 

requirement makes simple methods of connecting the specimen to the test machine 

such as embedded anchors and friction grips undesirable, instead suggesting that 

connection be effected by gluing plates to the end of the specimen.  It was further 

reported that the most effective approach is to use a double plate approach, where 
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one plate is glued to the end of the test specimen and a second plate is connected to 

the first plate by four bolts in order to distribute the applied force as evenly as 

possible. 

• To avoid induced moments from affecting test results it is important to consider 

whether the boundary conditions at either end of the specimen are pinned or fixed 

(Kanakubo 2006).  It is considered that having one end pinned and the other fixed 

is the best compromise for FRCCs due to the need to minimise bending moments 

in the specimen both before and after cracking. 

Consideration of these requirements resulted in the test setup shown in Figure 9-3, which 

shows a PVA-FRCC dogbone specimen installed in a 100 kN capacity Instrom Universal 

Testing Machine.  The double end plates were glued to either end of the test specimen 

using Sikadur® 31, an epoxy resin mortar, and are visible in Figure 9-3.  At each end the 

outer of these plates was bolted to a connecting pin, which in turn was connected to the 

test machine by a universal joint (at the top end) or by insertion into a snugly fitting 

sleeve to provide a fixed connection at the bottom end.  Four portal displacement 

transducers were glued to the specimen so that they spanned along the narrow (constant 

stress) part of the dogbone. 

Ultimately no direct tensile tests were successfully completed.  While significant tensile 

forces were transmitted by several specimens, none failed due to rupture of the central 

section.  Specimens instead repeatedly failed because of secondary moments, which 

caused one of the end plates to pry off.  While the obvious assumption was that this 

represented a failure of the glue, closer examination showed that failure occurred when 

the PVA-FRCC itself ruptured close to the end of the specimen (see Figure 9-4).  While 

not conclusively determined, it seems probable that this unexpected failure resulted from 

a combination of prying near the end plates and the existence of a weaker area of material 

near the end of the moulds where fibres would tend to be aligned transversely to the 

applied tension force.  Regrettably these problems were not solved and thus 

comprehensive tensile stress-strain results were not obtained. 

Due to the failure of the direct tension testing programme, alternative methods were used 

to estimate the tensile properties of the PVA-FRCC.  Several information sources were 

used in this estimation: 

• Limited available results from the direct tension testing 

• Results of flexural tests on FRCC beams 
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• Experimental data about the stress-strain response of the PVA-FRCC in 

compression 

• Comparison of the aforementioned sources with information in the literature. 

 

Figure 9-3 PVA-FRCC dogbone specimen immediately prior to testing 

   

Figure 9-4 Typical failure of dogbone test specimen 

Although the direct tension test programme was unsuccessful it was possible to extract 

two useful pieces of information from it.  The maximum force that was sustained by a 

dogbone specimen before failure occurred indicated that the tensile strength of the PVA-
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FRCC was at least 4.2 MPa.  The testing also showed that the elastic modulus in tension 

was between 25 GPa and 35 GPa.  Stiffness values pertinent to a similar stress range but 

obtained from compression testing of the PVA-FRCC were somewhat higher than this 

range of values.  As can be seen in Figure 9-5 (and as expected) the secant elastic 

modulus in compression decreased as the stress applied to the PVA-FRCC increased.  

The use of secant stiffness values for the FRCC in compression is discussed further on 

page 337. 
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Figure 9-5 Example compression stress-strain response for PVA-FRCC 

The mix design of the PVA-FRCC described in this thesis is similar to a material named 

PVA-ECC M45 that has been widely reported by researchers from the University of 

Michigan (Wang 2005; Wang and Li 2005; Wang and Li 2007; Yang 2000).  Comparison 

of the aforementioned compressive strength, elastic modulus, and tensile strength with 

data published by University of Michigan researchers indicated that the material 

properties were also similar.  Based on these similarities an assumption was made that the 

tensile stress-strain response of the material could be adequately represented by the 

bilinear response shown in Figure 9-6.  This bilinear response is defined by four values, 

which are the stress required to cause cracking (fcc), the maximum stress before rupture 

(fpc), and the accompanying strain values (εcc and εpc respectively).  It should be noted that 

the FRCC tensile strains referred to in Figure 9-6 and elsewhere in this chapter are not 

true strains as might be discussed for metals or other homogenous materials.  Rather, as is 

typical when discussing FRCCs, the strains are actually “pseudo-strains”.  This concept 

needs to be used because the deformation of FRCCs after cracking is concentrated at the 
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location of cracks, and hence if strain is measured across a single crack the calculated 

strain is dependent on the gauge length used.  Pseudo-strains in FRCCs are taken as the 

deformation measured across many cracks.  This convention reduces the impact of gauge 

length on the calculated strain, and results in the strain value being closer to a material 

property rather than a characteristic of the test setup. 

strain

tensile stress

εcc εpc

fcc

fpc

Ec

1

 

Figure 9-6 Assumed tensile stress-strain response of PVA-FRCC 

In the absence of authoritative direct tension test results, definition of the stress-strain 

response shown in Figure 9-6 was achieved by using the results of four-point bending 

tests on PVA-FRCC beams.  The beam specimens subjected to four-point bending had a 

cross section of 50 mm by 50 mm and spanned 270 mm between simple supports.  Fibre 

orientation was assumed to be random in these specimens because their cross section 

dimensions were greater than three times the fibre length, which as previously mentioned 

is generally considered to be the threshold at which fibre alignment begins to enhance 

strength (Wang 2005).  Equal point loads were applied 68 mm from each support, and the 

load and support points were arranged so that no torsional restraint of the beams could 

occur.  During the first tests conducted the only displacement measurement recorded was 

the movement of the crosshead that applied the equal point loads.  Examination of the 

results of these tests showed that this was inadequate, and for later tests additional 

LVDTs were installed as shown in Figure 9-7 so that the midspan deflection could be 

accurately measured. 

The performance of the PVA-FRCC beams during testing was characterised by the 

occurrence of extensive multiple flexural cracking throughout the constant moment 

region of the test beam as shown in Figure 9-8 and by the ability of the beams to sustain 

very large post cracking deformations without strength degradation occurring.  These two 

characteristics were considered to support but not prove the assumption that strain-

hardening of the PVA-FRCC was occurring. 
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Figure 9-7 FRCC beam specimen during testing 

 

Figure 9-8 Examples of multiple cracking in PVA-FRCC beam specimens 

Figures 9-9 and 9-10 show example load-deflection curves for the PVA-FRCC beams 

constructed using the same material as the joint cores of units PVA-2 and PVA-4 

respectively.  Data relating to the forces applied to the beams has been converted into 

equivalent flexural stresses, i.e. the stress that would have to occur in an elastically 

responding beam resisting the same moment.  The conversion was accomplished using 

the following equation: 

2

bw

const
eq

hb

M6
f =  (9-1) 

where Mconst is the moment in the constant moment region of the beam, and bw and hb are 

the breadth and depth of the beam respectively.  Equivalent flexural stresses are fictitious 
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values, but are commonly used to compare the performance of FRCC beams.  Table 9-1 

shows the peak equivalent flexural stress resisted by PVA-FRCC beams for which 

useable results were obtained.  It is evident that there is a significant degree of variation 

between and within mixes of the PVA-FRCC.  However, such variance is not entirely 

surprising given the vagaries of mixing small batches of concrete, randomness of fibre 

distribution (which determines the post-cracking behaviour of the beams), and the scatter 

normally observed when considering concrete tensile strengths. 

Table 9-1 Summary information about the tensile stress-strain behaviour of PVA-FRCC 

Specimen 
feq,max 
(MPa) 

Ec (GPa) fcc (MPa) fpc (MPa) εpc 

PVA-1/1 12.9 30 4.6 5.1 0.009 

PVA-1/2 11.8 30 4.4 4.6 0.007 

PVA-1/3 13.3 30 4.7 5.2 0.008 

PVA-2/1 14.1 30 4.8 5.3 0.032 

PVA-2/2 12.7 30 4.65 4.65 0.016 

PVA-2/3 13.1 30 4.7 4.9 0.015 

PVA-3/1 14.7 30 5.0 6.4 0.005 

PVA-4/1 17.8 30 5.4 7.8 0.008 

PVA-4/2 15.8 30 4.5 7.4 0.006 

Extracting useful information about material properties from the results of four-point 

bending tests is unfortunately not a straightforward process.  Qian and Li (2007; 2008) 

have suggested a simplified inverse procedure for obtaining tensile stress and strain 

properties from four-point bending tests, but this procedure was intended for quality 

control use during large scale production of HPFRCCs rather than as a method for 

deriving material properties in the absence of direct tensile test results.  Due to the 

unknown performance of the PVA-FRCC used in this study it was considered 

inappropriate to simply assess the displacement and stress at the point of peak response as 

recommended by Qian and Li, because a large range of stress-strain responses fitting the 

basic form shown in Figure 9-6 could produce the observed moment capacity and 

deflection.  The tensile stress-strain response of the PVA-FRCC used in each beam was 

instead estimated using a more complex approach, which involved the use of moment-

curvature analysis to calculate the complete force-displacement response of each beam.  

The moment-curvature analyses required were conducted using a postulated PVA-FRCC 

stress-strain response, and key parameters of this response were adjusted until the 

calculated force-displacement response showed satisfactory agreement with the 

experimental force-displacement response of the beam. 
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Figure 9-9 Measured and predicted response of PVA-FRCC beams subjected to four-point 
bending (material from unit PVA-2) 
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Figure 9-10 Measured and predicted response of PVA-FRCC beams subjected to four-point 
bending (material from unit PVA-4) 

Before conducting the moment-curvature analyses required to determine the force-

displacement response of the beams, the form of the material stress-strain relationship had 

to be chosen.  The relationship between strain and stress in tension was as shown in 

Figure 9-6, with values of cracking stress (fcc), peak tensile stress (fpc), and tensile strain 

corresponding to peak tensile stress (εpc) considered to be variables that could be adjusted 
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to achieve satisfactory agreement between the calculated and observed beam force-

displacement responses.  As shown in Figure 9-5, a linear relationship between 

compression stress and strain was assumed until the compression stress was 

approximately 90% of '
cf , after which perfectly plastic response was assumed.  It is 

obvious that this compression stress-strain response was at best only representative of the 

real response; however, this was considered acceptable because the influence of the 

compressed material on overall response was expected, and proved, to be minor.  

Young’s modulus was taken as 30 GPa for all specimens and for both the tension and 

compression parts of the stress-strain relationship, with this value being chosen because it 

gave a reasonable approximation of the PVA-FRCC stiffness in compression for both 

large and small applied stresses (see Figure 9-5) and also matched the tensile elastic 

stiffness observed during the dogbone testing (see page 332). 

The required moment-curvature analyses were conducted using algebraic methods.  For 

each step of the analysis the strain at the tension edge of the beam section was set and 

requirements of strain compatibility (assuming plane sections before bending remained 

plane after bending) and force equilibrium were used to determine the neutral axis depth, 

tension and compression forces, and resulting moment.  A numerical integration process 

was then used to calculate the force-displacement response of a beam subjected to four-

point bending as the applied load was increased from zero to the value coinciding with 

the calculated peak moment capacity of the section.  The descending branch of the force-

displacement response was not modelled for two reasons.  The first of these reasons was 

the practical point that the force-displacement response during the descending branch of 

the curve is controlled by the behaviour of a single dominant crack, which cannot be 

modelled easily because it occurs at the (random) location of the weakest section within 

the constant moment (zero shear) region of the test beam and its opening behaviour is 

dependent on the number and alignment of fibres crossing the crack.  While modelling of 

the response is theoretically possible, it was not felt to be worthwhile for the second 

reason, which was that the behaviour of the PVA-FRCC after the point of peak stress 

(εpc, fpc in Figure 9-6) was considered unimportant with regards to structural use.  While 

design methods for conventional (i.e. not strain hardening) FRCCs rely on the descending 

branch of the stress-strain response (NZS 3101 2006), it was not felt that using this part of 

the stress-strain response would be appropriate for HPFRCCs due to the larger strains 

(greater than 1% in comparison to less than 0.1% for conventional FRCCs) that 

correspond to the occurrence of peak stress.  An analogy to the approach taken here in 

defining the useable material properties for the HPFRCC can be drawn from the manner 

in which the ultimate strain of reinforcement is defined by AS/NZS 4671:2001.  In this 
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standard the ultimate strain is taken to be the maximum strain that occurs before damage 

localisation (necking) occurs, i.e. the strain corresponding to the maximum (engineering) 

stress resisted by the reinforcing bar.  The descending branch of the stress-strain curve is 

disregarded for design, in the same manner that the branch of the HPFRCC stress-strain 

curve after damage localisation (a single crack becoming dominant) is disregarded here. 

Typical predicted force-displacement responses can be seen in Figure 9-9.  These 

predictions were achieved using the stress-strain parameters listed in Table 9-1, and show 

the generally good agreement achieved between measured and predicted responses.  

Figure 9-10 shows another set of predicted force-displacement responses.  In these cases 

the match between measured and predicted responses is less satisfactory, indicating 

unsurprisingly that the simplifications made in the postulated stress-strain behaviour 

prevent an exact match to the experimental data.  However, for the purpose of analysing 

beam-column joint core performance as described in the later parts of this chapter, the 

values listed in Table 9-1 provide sufficient evidence that the tensile strength of the PVA-

FRCC could on average be taken as approximately 5 MPa, and that the material possesses 

significant “pseudo-ductility” with a peak strain capacity of perhaps 1%. 

Before considering the properties of reactive powder concrete in the following section, it 

is sensible to compare the PVA-FRCC tensile properties listed in Table 9-1 with the 

properties of similar materials published in the literature.  There is a broad body of 

published research that has focussed on the behaviour and use of PVA-FRCC, much of it 

describing the work of researchers at the University of Michigan (Lepech et al. 2008; Li 

et al. 2001; Li et al. 2002; Wang 2005; Wang and Li 2005; Wang and Li 2007; Yang et 

al. 2007).  Tensile strengths reported in these sources generally indicate a cracking 

strength of approximately 4-5 MPa and an ultimate tensile strength of 4-5.5 MPa for 

PVA-FRCC.  These values are supportive of the values shown in Table 9-1 for units 

PVA-1 and PVA-2.  The strengths of the materials used in unit PVA-3 and particularly in 

unit PVA-4 appear to be anomalously, and possibly unrealistically, high.  Other sources 

have reported tensile strengths a little greater than 6 MPa (Qian 2007; Yang et al. 2007), 

but not as high as 7 MPa.  The strengths reported in Table 9-1 are however within the 

bounds of possibility: theory (Bentur and Mindess 2007) suggests that the potential 

strength of a fibre reinforced concrete is: 

fufθlpotentialt, fVηηf =  (9-2) 

where ηl and ηθ  are efficiency factors accounting for fibre length and fibre orientation 

respectively, Vf is the volume fraction of fibres, and ffu is the ultimate tensile strength of 
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the fibre.  The fibre length efficiency factor accounts for the fact that some of the fibres 

crossing any crack will be unable to reach their full tensile strength because the 

anchorage length on one side of the crack will be insufficient.  For an optimised FRCC 

the value of this coefficient is approximately 0.5.  The fibre orientation efficiency factor 

depends on the randomness of the fibre distribution in the composite.  Assuming a worst 

case with three dimensional random distribution of the fibres the orientation factor is 0.5, 

and thus the potential tensile strength of PVA-FRCC with 2% by volume of fibres with a 

tensile strength of 1600 MPa (see Table 8-5) indicates a potential strength of 8 MPa; if 

the fibres are closer to a two dimensional random orientation then the potential strength 

would be approximately 10 MPa (ηθ = 2/π).  In the absence of further experimental 

verification it is recommended that the very high strengths calculated for the FRCC used 

in units PVA-3 and PVA-4 should be considered atypical. 

Despite the materials listed in Table 9-1 having similar strengths to materials described in 

the literature, their strain capacities are on the whole significantly below those reported 

elsewhere.  PVA-FRCCs described in the aforementioned sources have had strain 

capacities of 3-5%.  Amongst the material tests described here, strains of this magnitude 

were only achieved by specimen PVA-2/1.  There are two probable causes for the 

reduced strain capacity of the material used in this research.  The sand used in the PVA-

FRCC, although the finest that was located in New Zealand, was coarser than is 

recommended by overseas researchers.  Further, in the time available the mix design used 

in this research was not optimised to the extent that is typical of overseas projects 

focussed solely on materials development of PVA-FRCC. 

9.3.2 Reactive powder concrete 

The approach used to estimate the tensile properties of the reactive powder concrete used 

in this research was similar to the approach used to assess the PVA-FRCC as described in 

section 9.3.1.  Only a limited programme of testing was conducted due to the use of 

reactive powder concrete in only one beam-column joint and the cost of obtaining the 

reactive powder pre-blend from Australia. 

Three beams constructed from reactive powder concrete were subjected to four-point 

bending as shown in Figure 9-7.  The equivalent flexural stress-deflection behaviour of 

these beams is shown in Figure 9-11 (with the equivalent flexural stress again calculated 

using equation 9-1).  It is evident that there was significant variance between the 

performance of one of the beams and the other two.  The peak equivalent stress achieved 

by each of these beams is listed in Table 9-2.  It is evident from Figure 9-11 that these 
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peak values occurred when the midspan deflection was between 0.5 mm and 1.5 mm.  

Deflection of the beams prior to the point of peak response was accompanied by the 

development of multiple fine cracks; beyond peak response damage concentrated at one 

of these cracks and gradual strength degradation occurred. 
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Figure 9-11 Measured and predicted response of reactive powder concrete beams subjected 
to four-point bending 

Table 9-2 Summary information about the tensile stress-strain behaviour of reactive powder 
concrete 

Specimen 
feq,max 
(MPa) 

Ec (GPa) fcc (MPa) fpc (MPa) εpc 

RPC-1/1 27.6 40 10 11.5 0.008 

RPC-1/2 19.4 40 8 8.6 0.0025 

RPC-1/3 20.5 40 8 9 0.0035 

In addition to the experimental response of the beams, Figure 9-11 also shows predicted 

stress-deflection curves to peak response for each of the beams.  These responses were 

calculated assuming tensile stress-strain behaviour of the type shown in Figure 9-6.  

Satisfactory matches between measured and predicted responses were obtained using the 

values shown for cracking and peak stresses and ultimate strain capacities shown in Table 

9-2.  The initial response of all beams matched the response which would be expected if 

the elastic modulus was 40 GPa, which is a value that agreed closely with data obtained 

from compression testing of cylinders. 
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Although it would be normal to consider the response of beam 1 to be the outlier given 

the similarity of the performances of beams 2 and 3, it is felt that the superior material 

properties of beam 1 are likely to be more representative of the material placed in the 

joint core of beam-column joint RPC-1.  The nature of the response of the beam 

specimens suggests that the performance of beams 2 and 3 was inhibited by the existence 

of what may have been a single weak point due to inadequate compaction or poor fibre 

distribution.  In a larger volume of material (such as the joint core of RPC-1) this type of 

weak point would have a much less significant effect because stresses would have the 

ability to redistribute to adjacent regions. 

Comparing the values reported above indicates reasonable consistency with equivalent 

data from the literature.  The realistic peak equivalent flexural stress of 25-30 MPa is 

lower than reported elsewhere (Cavill and Rebentrost 2006; Chanvillard and Rigaud 

2003), but this is in line with the previously noted lower compressive strength due to the 

fact that the RPC used in this project was not steam cured.  The deflection of the beams at 

peak response was similar to those reported by other researchers, and the calculated 

maximum tension capacity of the RPC was similar to the values determined by 

Chanvillard and Rigaud.  The calculated peak strain before damage localisation of 0.8% 

is considerably higher than indicated by the only reported direct tension tests conducted 

on reactive powder concrete, which terminated when the strain level was approximately 

0.065% (Chanvillard and Rigaud 2003).  However, this direct tension testing was limited 

by failure of the connection of the test specimen to the test machine, and hence cannot be 

used as a true indication of the tensile strain capacity of RPC. 

9.4 Assessment of the performance of FRCC beam-
column joints 

As discussed previously in this chapter it was decided after consideration of a number of 

approaches that adaptation of the strut-and-tie method (Schlaich et al. 1987) for the 

purpose of assessing the performance of FRCC beam-column joints seemed the most 

promising method for developing an understanding of force transfer through such joints.  

In this section the strut-and-tie method used to analyse FRCC joint cores is described and 

the strut-and-tie models developed are presented and compared.  Five analyses are 

presented, corresponding to one strut-and-tie model for each of the beam-column joint 

tests described in Chapter 8.  The analyses conducted had the primary purpose of tracing 

the flow of forces through the joint core at the stage when peak response occurred during 

testing.  Full details regarding the dimensions, reinforcement, and performance of units 
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PVA-1 to PVA-4 and RPC-1 can be found in Chapter 8.  For convenience a summary of 

the data used to determine the forces acting on the joint cores is presented in Table 9-3.  

The maximum column shear forces listed in Table 9-3 are equal to the maximum storey 

shears measured for each beam-column joint.  The beam shear forces were calculated 

from these column shear forces using requirements of equilibrium and by assuming that 

the beams and columns were pin supported at each end.  Finally, the maximum beam and 

column moments at the joint faces were calculated as the product of the beam or column 

shear force respectively and the length from the end of the beam or column to the face of 

the joint.  For example, for unit PVA-4 the maximum column shear was taken from 

Figure 9-15.  The maximum beam shear force was then: 

kN95.6
4120

2432
162

l

h
VV

b

unit
colmax,beammax, =×==  (9-3) 

and the maximum beam moment at the joint face was calculated as: 
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×=
−

=  (9-4) 

with the maximum column moment at the joint face calculated similarly (taking the beam 

depth as 400 mm from Figure 8-5). 

Table 9-3 Summary information related to FRCC beam-column joints 

Overall unit dimensions 
(mm) 

Maximum shear 
force (kN) 

Maximum moment at 
joint face (kNm) Unit 

height, hunit  width, lb 

Column 
depth, 

hc (mm) column beam beam column 

PVA-1 2350 4070 450 114.3 66.0 119.5 111.5 

PVA-2 2365 4050 450 120.5 70.4 126.7 118.4 

PVA-3 2446 4107 450 107.5 64.0 117.0 109.9 

PVA-4 2432 4120 450 162.0 95.6 175.5 164.6 

RPC-1 2431 4101 450 179.6 106.5 194.4 182.5 

9.4.1 Strut-and-tie analysis procedure 

The conceptual basis of the strut-and-tie analyses conducted was to treat the beam 

flexural and shear forces as applied actions and the column flexural and shear forces as 

reactions.  By then considering the manner in which the beam tension reinforcement was 

anchored within the joint core, an outline strut-and-tie mechanism was sketched that 

described a logical load path between the conceptual actions and reactions.  The outline 

strut-and-tie mechanism was then fitted to the actual forces acting on the joint core by 
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adjusting the location of certain nodes until horizontal and vertical force equilibrium at all 

nodes and moment equilibrium between external actions and reactions and internal forces 

were achieved.  Before describing and discussing the specific models developed for each 

joint core, an overview is presented below of the generic procedures that were used 

during the development of all models. 

The initial requirement for the analyses was to estimate the maximum forces that acted on 

each joint core during testing.  The steps taken to calculate these forces were: 

1. Determine the maximum column shear force resisted by the beam-column joint 

from experimental data. 

2. Calculate the peak beam shear force and beam and column moments at the faces of 

the joint core based on the maximum column shear force and reported geometry of 

the test specimen. 

3. Estimate the maximum stresses and forces in the beam longitudinal reinforcement 

using the method previously described in section 4.4.1. 

4. Estimate the distribution of stresses in the concrete and reinforcement of the 

column at the faces of the joint core.  These calculations were completed using the 

free and widely used section analysis software Response 2000 (Bentz 2000), which 

was configured so that the concrete did not resist any flexural tension forces.  This 

assumption was felt to be most representative of a column that had been subjected 

to repeated cyclic loading within its range of elastic response, and thus was likely 

to have full depth cracks extending across the section. 

It can be argued that the critical sections of members framing into a joint core should be 

considered to lie some distance into the joint core rather than at the physical faces of the 

core.  It is commonly assumed that the depth of the critical sections corresponds with 

either the outer edge or centreline of the outer longitudinal reinforcement in the 

perpendicular member.  After consideration it was decided that location of the critical 

sections at the true joint core faces was more appropriate for this study.  The rationale for 

this decision was the expectation that reinforcement anchorage (i.e. reduction of 

reinforcement strain) would commence at the joint face even if penetration of plastic 

reinforcement strains into the joint core had occurred, due to the superior toughness of 

HPFRCCs in comparison to conventional concrete. 

The forces calculated to act on the joint cores of units PVA-1 to PVA-4 and RPC-1 

according to the above procedures are shown in Figures 9-12, 9-13, 9-14, 9-15, and 9-16 

respectively.  It should be noted that the beam and column shear forces have been shown 
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to be acting within the joint cores only for clarity and convenience; for calculation 

purposes they were assumed to act along the plane of the joint face as discussed above. 

The initial development and detailed fitting of the strut-and-tie models was guided by a 

number of assumptions about the behaviour of the joint cores and the reinforcement 

within them.  These assumptions were based on the basic principles of strut-and-tie 

design, and especially on those applied by Lin (1999) to the analysis and design of 

interior beam-column joints.  However, due to the differences between the properties of 

conventional concrete and HPFRCCs significant changes had to be made to some of the 

assumptions.  The most important assumptions made included: 

• The joint core was treated as a two dimensional element 

all forces measured
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Figure 9-12 Forces acting on the joint core of Unit PVA-1 
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Figure 9-13 Forces acting on the joint core of Unit PVA-2 
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Figure 9-14 Forces acting on the joint core of Unit PVA-3 
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Figure 9-15 Forces acting on the joint core of Unit PVA-4 

• The resultant concrete compression force due to beam flexure was aligned with the 

centroid of the beam compression reinforcement. 

• Beam and column shear forces were assumed to act as point forces at the location 

on the joint face where the corresponding concrete compression force due to beam 

or column flexure acted. 

• The FRCC of the joint core was able to resist both tension and compression forces, 

even after cracking.  It is important to recall that for HPFRCCs such as those used 

here, the tensile strength after cracking is equal to or greater than the cracking 

strength, in contrast to “conventional” FRCCs that have residual tensile strength 



Fibre Reinforced Precast Beam-Column Joints 

346 

after cracking that is lower than the cracking strength and dependent on crack 

width. 
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Figure 9-16 Forces acting on the joint core of Unit RPC-1 

• Apart from in exceptional circumstances the angle between tension and 

compression forces was required to be “reasonably large”, i.e. approximately 20° 

or more. 

• In all joints a corner-to-corner diagonal compression strut was identified as one of 

the primary load paths.  The nodes at either end of this strut were located so that 

the moment sum of forces acting on a free body diagram balanced by one end of 

the strut was zero. 

• Straight lengths of reinforcement were anchored by a combination of tension and 

compression forces.  The mechanism by which this anchorage was envisaged to 

occur was based on consideration of the work of Chao (2005), and consisted of 

transferral of stresses from the bar to the immediately surrounding HPFRCC by 

bearing of the HPFRCC on the bar deformations, with the resulting stresses being 

resisted by a strut/tie pair (see Figure 9-17). 

• Reinforcement hooks were anchored only by compression forces resulting from 

bearing against the inside edge of the reinforcement bend. 

The assumptions listed above cover the most general aspects of the process used to 

develop strut-and-tie models of the FRCC joint cores.  More detailed assumptions 

relevant to specific cases will be described as necessary in the following section. 
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It should be noted that the strut-and-tie models shown in the following sections are not in 

perfect equilibrium at all points.  There are two reasons for this.  Due to mathematical 

errors the internal beam and column forces are not in perfect equilibrium (i.e. the moment 

sum of the beam forces about the joint centroid does not exactly equal the moment sum of 

the column forces about the joint core).  In all cases these errors were small (less than 

1 kNm difference), but still resulted in small force imbalances in the strut-and-tie models.  

Secondly, for clarity rounded values are shown in the diagrams of strut-and-tie models 

found in later sections.  This rounding can result in additional small errors being found if 

equilibrium at a node is checked using the published figures. 

 

Figure 9-17 Schematic of mechanism envisaged to anchor straight bars in HPFRCC 

9.4.1.1 Anchorage of beam longitudinal reinforcement 

Before discussing the strut-and-tie models developed for each FRCC beam-column joint, 

further attention must be paid to the manner in which the beam longitudinal 

reinforcement was assumed to be anchored in the joint core. 

Where bars were anchored either partially or completely by straight lengths of 

reinforcement, it was necessary to adopt an assumed bond stress distribution.  Due to its 

relative simplicity the model proposed by Restrepo-Posada (1993) was chosen and 

adapted to match the modelling assumptions previously listed and the known behaviour 

of the joint cores.  It might be noted that this bond model was discounted in Chapter 4 as 

it was considered too complex.  The reason for its adoption now is that the purpose is 

different: in Chapter 4 the aim was to assess large numbers of beam-column joints and 

develop a design criterion that could predict the useable bond capacity of a beam-column 

joint; here, in contrast the aim in this chapter is to identify in more detail the manner in 

which forces are transferred through a relatively small number of joint cores.  Further, 
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adoption here of the Restrepo-Posada bond model is consistent with previous research 

that used strut-and-tie models to assess beam-column joints (Lin 1999).  The basic 

framework of the adopted model is shown in Figure 9-18.  As described by Restrepo-

Posada, the model assumes that two mechanisms contribute to the anchorage of the 

reinforcement.  The first mechanism is a component extending along the length of the bar 

within the joint due to mechanical interlock between the deformations on the bar and the 

surrounding concrete.  The second mechanism is a component acting only within the 

region of compressed concrete in the column and is due to frictional resistance.  Although 

originally postulated based on the results of testing conventional concrete beam-column 

joints, comparison shows that the form of the model closely matches published data 

regarding the distribution of bond stresses along continuous beam longitudinal 

reinforcement within FRCC joint cores (Chao 2005). 

Compared to the original bond stress distribution proposed by Restrepo-Posada, the 

distribution shown below differs mainly due to the extension of the effective anchorage to 

the outer faces of the joint core (i.e. anchorage occurring over the full column depth hc) 

rather than being curtailed at the centrelines of the outer column bars.  This change was 

made so that the model was consistent with the assumption noted above that the critical 

beam sections were located at the faces of the joint core.  It can also be noted that no 

information is given in Figure 9-18 regarding the magnitude of the bond stresses available 

from each mechanism.  These magnitudes will be discussed in later sections as required. 
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Figure 9-18 Modified Restrepo-Posada bond stress distribution used in strut-tie-modelling 

For many of the analyses conducted it was necessary to determine the bond stress at a 

point part way along the triangular distribution resulting from the interlock mechanism.  

Examples of this exercise include determining the bond stress required at the 

discontinuous ends of the beam reinforcement in unit PVA-2, or determining the bond 
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stress at the start of the hooks in units PVA-1, PVA-3, PVA-4, and RPC-1.  The basis for 

the calculations was typically from knowledge of reinforcement stress at two points on 

the bar, often not coinciding with the location where knowledge of the bond stress was 

required.  If the location on a bar where the bond stress is equal to zero has a location 

x = 0 and reinforcement stresses fs1 and fs2 are known at two locations on the bar x1 and 

x2, then the bond stress ub3 at a third point x3 can be calculated based on similarity of 

triangles as: 
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9.4.2 Joint core strut-and-tie analyses 

In this section the detailed strut-and-tie models for each joint core are presented and 

described.  The order of presentation is not coincident with the order of testing or 

numbering of the units.  Rather the order of presentation has been chosen to try and 

ensure a clear and logical development of the basis for the models.  In crude terms this 

order could be considered to be from the simplest and most obvious force transfer 

mechanism to the most complex and debateable force transfer mechanism. 

9.4.2.1 Unit PVA-2 

During the determination of an appropriate sequence in which to present the strut-and-tie 

modelling of various FRCC beam-column joints, unit PVA-2 was chosen as an obvious 

starting point.  This is because the mechanism by which the beam longitudinal 

reinforcement was anchored in the joint core is rather transparent and there are few 

redundant load paths available to complicate the analysis.  The strut-and-tie model 

developed for unit PVA-2 is shown in Figure 9-19. 

Due to the discontinuous nature of the beam longitudinal reinforcement within the joint 

core, the anchorages of the tension and compression reinforcement were considered 

separately.  The beam reinforcement in tension did not extend beyond the neutral axis of 

the column, and hence it was assumed that these bars were completely anchored by the 

triangular bond stress distribution resulting from the interlock mechanism described 

previously.  The maximum stress calculated to have occurred in the beam longitudinal 

reinforcement at the joint face was 434 MPa, and the total available anchorage length was 

300 mm as shown in Figure 9-20.  Using equation 9-5 it was calculated that a maximum 

bond stress of 14.5 MPa was required to anchor the reinforcement.  Following the 
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approach taken by Lin (1999) it was assumed that the forces balancing these bond 

stresses would develop at nodes located at the intersection of the beam and column 

longitudinal bars (nodes A and B in Figure 9-19).  The horizontal component of the force 

A-A’ was assumed to balance the bar force anchored before the point midway between 

nodes A and B (indicated by a dotted line in Figure 9-20), while the force to be anchored 

at node B was assumed equal to the force change between the aforementioned midpoint 

and the discontinuous end of the bar.  The entire beam flexural compression force 

(consisting of two components resisted by the concrete and reinforcement) was assumed 

to be resisted by the horizontal component of compression strut C-C’.  This anchorage 

was considered to be realistic because the relatively low stress expected to occur in the 

compression reinforcement (likely to be substantially below the reinforcement yield 

stress) and large bond stresses that could be sustained within the compressed concrete 

meant that the compression reinforcement would be anchored a short distance after it 

entered the joint core. 

7
0

.4

120.5

7
0

.4

120.5

408.6

408.6

408.6

408.6

56.8

56.8

301.0

75.3

282.7

301.0

75.3

282.7

105 mm

362

ABC

D'

A' B' C'

D

1
9

2

109

326

257

183

2
1

1
6

9

326

257

183

2
1

1
6

9 nodal coordinates

node x y
A 180 155
B 0 155
C -204 155
D -180 64

- all forces measured in kilonewtons

- coordinates measured in millimetres

  from centroid of joint core

- tension ties shown as solid lines

- compression struts shown as dashed

  lines

 

Figure 9-19 Joint core strut-and-tie model for unit PVA-2 
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Figure 9-20 Assumed distribution of stresses along beam tension reinforcement anchorage of 
unit PVA-2 
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Figure 9-19 shows that three load paths were required to transfer forces through the joint 

core of unit PVA-2.  Tension forces anchored at nodes A and A’ were transferred directly 

across the joint core by tension stresses in the PVA-FRCC.  Similarly, compression 

forces anchored in the vicinity of nodes C and C’ were transferred by a direct 

compression strut (similar to the strut generally accepted to occur in conventionally 

reinforced joints).  The final load path anchored beam tension forces at nodes B and B’ 

and was equilibrated by force changes in the outer column bars.  The two requirements 

for the forces comprising this load path were that the sum of their horizontal components 

at node B/B’ was equal to the force to be anchored at the node (326 kN) and that the sum 

of their horizontal components at node D/D’ was zero.  For two reasons there is some 

uncertainty about the alignment and magnitude of the forces generated by this 

mechanism.  Firstly, it can be shown that without some constraint the angles of ties B-

D/B’-D’ and struts B’-D/B-D’ can take almost any angle while still meeting the 

requirements of equilibrium at nodes B and D.  This uncertainty was overcome by 

assuming that the central column bar would yield within the joint core when the joint 

reached its maximum strength.  This assumption was based on the observation that 

residual crack widths after the cycle to peak loading indicated that plastic deformation of 

the reinforcement was likely to have occurred, and provided the additional constraint 

required to give the problem a unique solution and resulted in the forces shown in Figure 

9-19.  The second uncertainty was the possible existence of a direct strut from node B to 

node C’ (and also from node B’ to node C).  The impact of this additional mechanism 

was examined and found to be minor, particularly with regard to the magnitude of the 

tension ties B-D and B’-D’.  If a direct strut BC’ did exist, and the magnitude of the force 

resisted by the strut was 150 kN, the tension force B-D would reduce to only 165 kN 

(rather than 183 kN).  In the context of trying to relate experimental performance to 

simplified analyses a difference of such magnitude (~10%) was considered unlikely to be 

significant and thus for simplicity the possible existence of strut B-C’ (and B’-C) was 

ignored. 

9.4.2.2 Unit RPC-1 

The strut-and-tie model postulated for unit RPC-1 is shown in Figure 9-21.  This model 

has been presented before the models for units PVA-1, PVA-3, and PVA-4 because the 

distribution of forces along the beam reinforcement within the joint core was more 

accurately defined for unit RPC-1 than for the other units due to the better performance of 

the strain gauges during the testing of unit RPC-1. 
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The strut-and-tie model developed to show how forces were transferred through the joint 

core of unit RPC-1 is shown in Figure 9-21.  It is immediately evident that the presence 

of hooked reinforcement anchorages makes the load paths through the joint core 

significantly more complicated than was the case for unit PVA-2. 
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Figure 9-21 Joint core strut-and-tie model for unit RPC-1 

Before discussing the model of unit RPC-1’s joint core in detail, it is necessary to 

consider the distribution of stresses along the length of one of the U-bars used to anchor 

the beam longitudinal reinforcement in the joint core.  The distribution assumed was 

based on information obtained from the strain gauges installed in the joint core and is 

shown in Figure 9-22.  Beginning with the straight length of bar subjected to tension, two 

strain gauges installed approximately 60 mm and 260 mm from the joint face indicated 

that the stress change between the two points was approximately 230 MPa.  This stress 

change was consistent throughout testing (at least until the outer gauge ceased to 

function), and was used to estimate the bond stress distribution along the straight bar 

length.  Equation 9-5 was used to determine that a triangular bond stress distribution with 

a peak bond stress of 12.3 MPa would provide the required anchorage force.  From this 



Part 3  Chapter 9 

  353 

distribution and the calculated stress of 649 MPa at the point where the beam tension 

reinforcement entered the joint, the stress at the beginning of the first 90° bend was 

determined to be approximately 380 MPa. 
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Figure 9-22 Assumed distribution of stresses along beam reinforcement anchorage of unit 
RPC-1 

Changing focus from the horizontal bar in tension to the vertical extension linking the top 

and bottom beam reinforcement, strain gauge readings indicated that the stress in the 

vertical leg immediately below the upper 90° bend was approximately 200 MPa and that 

the stress in the vertical leg immediately above the lower 90° bend was approximately 

100 MPa.  The lower horizontal reinforcement was estimated to enter the joint subjected 

to a compression stress of 0.75fy = -395 MPa, and from strain gauge readings the stress 

immediately before this reinforcement reached the lower 90° bend was approximately 

25 MPa (tension).  Using the logic explained in the discussion of the strut-and-tie model 

for unit PVA-2, the stress at the point where the beam compression reinforcement crossed 

the neutral axis was assumed to be zero. 

The reinforcement stress distribution shown in Figure 9-22 and discussed above allowed 

the forces applied to the joint core by the beam longitudinal reinforcement to be allocated 

to nodes placed at appropriate locations.  The tension forces from the reinforcement were 

allocated to six nodes on each bar.  Considering the bar shown in Figure 9-22 (i.e. tension 

at the upper right side of the joint), the nodes used to anchor the forces were: 

• A and B, anchoring forces resisted by bond on the horizontal length of the bar 

• E, anchoring the stress change on the vertical part of the bar 

• B’, anchoring the stress change from 25 MPa to zero on the lower horizontal part 

of the bar, and 
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• G’ and H, which were used as the start points for compression struts required to 

anchor the force change created by the 90° bends in the reinforcement.   

In order to achieve equilibrium with the input reinforcement forces, nodes G’ and H were 

located at the point where the centrelines of the horizontal and vertical bars entering the 

bend intersected.  While unrealistic due to the nodes not being located on the reinforcing 

bar, this assumption simplified calculations without affecting the accuracy of the model.  

In Figure 9-21, forces originating from these nodes are shown terminating at the point 

where they intersect the 90° bends in the reinforcement, which more realistically 

represents the actual behaviour of the joint core. 

The force components that had to be anchored at each node are listed in Table 9-4.  As 

the forces acting on the upper left half of the joint were a mirror image of those acting on 

the lower right half of the joint, anchorage of the bar in tension at the lower right can be 

interpreted as the inverse of that described above and in Table 9-4, occurring instead at 

nodes A’, B’, E’, B, and G and H’.  Note that due to the symmetry of the joint core the 

total horizontal force to be anchored at nodes B and B’ is actually 225 kN, which is the 

sum of the force to be anchored at these nodes from both the right beam bar and the left 

beam bar. 

Table 9-4 Anchor forces required at nodes due to tension in reinforcement beam 
reinforcement of unit RPC-1 

Force component to be anchored (kN) 
Node 

horizontal vertical 

A 64.3 to left 0 

B 200.6 to left 0 

E 0 98.2 down 

B’ 24.5 to right 0 

G’ 24.5 to left 98.2 down 

H 372.6 to left 196.3 up 

Referring back to Figure 9-21 it can be seen that several essentially independent load 

paths or mechanisms anchored the beam reinforcement forces and transferred them to the 

“reaction points” in the columns.  As was the case in the previously discussed model of 

unit PVA-2, direct load paths transferred tension forces along the path A-A’ (passing 

through nodes J and J’) and compression forces along the path C-C’ (the force C-C’ again 

being analogous to the so-called strut mechanism in a conventionally reinforced beam-

column joint).  As might be expected, the load path anchoring forces at nodes B and B’ 

was also similar to that seen in unit PVA-2 although this mechanism was required to 
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resist a smaller part of the total beam tension force due to a large part of the beam flexural 

tension force being anchored at the 90° bends in the reinforcement.  The mechanism 

anchoring forces at nodes B and B’ consisted of tension ties at a shallow angle combined 

with steeper compression struts to anchor the beam reinforcement force and transferred 

forces to the outer column bars at node D/D’.  As shown in Figure 9-21, this load path 

shown differed somewhat from that seen previously for unit PVA-2 in Figure 9-19 due to 

the fact that the force anchored at nodes G and G’ (balancing the “compression side” 90° 

bends) was assumed to equilibrate itself on the force loop B-D’-B’-D-B.  This resulted in 

the angle of the compression strut altering part way between nodes B and D’, and B’ and 

D (at nodes I and I’).  The effect of this deviation on the overall model is not significant. 

The most significant difference between the model proposed for unit PVA-2 and that 

proposed for unit RPC-1 and shown in Figure 9-21 is the anchorage of a large part 

(approximately 60%) of the beam flexural tension force by 90° bends rather than bond.  It 

can be seen from the model and should be expected that this force is resisted primarily by 

compression forces and thus the presence of the bent anchorage should reduce the 

demand placed on the tensile strength of the joint core.  Before detailed calculations were 

undertaken it was initially postulated that the total force anchored by the 90° bends at the 

top left and bottom right of the joint (i.e. the bends directly anchoring the main beam 

tension forces) would self equilibrate (Brooke et al. 2007).  Using the notation shown in 

Figure 9-21 this would mean that all force anchored by the top left and bottom right 

bends would be transferred between them by strut H-H’.  When detailed information 

about the reinforcing bar stresses before and after the 90° bends was considered it became 

apparent that this assumption could not be correct as the angle of the resultant force 

required to anchor the bend did not coincide with the angle of H-H’.  This observation 

indicated that two mechanisms resisted the forces applied to the 90° bend, which were the 

direct transfer strut H-H’ already discussed and a less direct path transferring forces from 

the bend to the diagonally opposite compressed corner of the joint.  This path can be 

identified in Figure 9-21 as H-F-J-E’-C’.  It is evident that the angle of the compression 

force transferred by this load path must alter significantly from the initial inclination of 

strut HF to the final inclination of strut E’C’.  This angle change can only occur due to 

tensile forces EF, JJ’, and E’F’ resisted by the joint core FRCC and stress change in the 

intermediate column longitudinal bar.  Thus although the anchorage of reinforcement by 

90° bends reduces the tensile demand on the joint core compared to straight bar 

anchorages, tensile strength is still required for satisfactory performance of the hook 

anchorages. 
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The precise location of nodes within the joint core of unit RPC-1 was significantly more 

difficult to determine than was the case for unit PVA-2.  This is because of the 

substantially more complex and redundant nature of the force transfer mechanism.  The 

distribution of forces shown in Figure 9-21 was arrived at based on several assumptions: 

• The inclination of strut H-F should not be too shallow (which placed a limit on the 

maximum magnitude of strut H-H’) 

• The location of nodes E and E’ had to be on the vertical portions of the beam 

longitudinal reinforcement U-bars, and would ideally be located somewhere in the 

middle part of this vertical section 

• The column intermediate bar would reach its yield stress through the middle part of 

the joint core (tie F-F’) 

• The magnitudes of ties F-E/F’-E’ and the additional tension force generated 

between J-J’ would be equal. 

Application of these assumptions and selection of 180 kN as the magnitude of the direct 

transfer strut H-H’ resulted in the model shown in Figure 9-21.  Additional calculations 

were completed to investigate the sensitivity of the result to the assumptions made.  These 

calculations showed that although the precise details of the analysis changed, the overall 

pattern of forces within the joint remained similar.  For example, calculations were 

completed where the magnitude of ties F-E and F’-E’ were zero.  For obvious reasons this 

change significantly increased the magnitude of tie J-J’; however, it was observed that the 

sum of ties F-E, F’-E’, and J-J’ remained approximately constant, indicating that the total 

tensile demand on the joint core was not sensitive to the assumption made about the 

magnitude of ties F-E and F’-E’.  Similarly, adjustment of the magnitude of H-H’ had 

little effect on the total magnitude of either the tensile forces within the joint core or the 

total compression force aligned with the joint core diagonal.  If the magnitude of H-H’ 

was altered significantly, no solution to the problem could be found without breaching 

one or both of the requirements that the inclination of strut H-F not be too shallow and the 

location of nodes E and E’ be realistically positioned. 

It is finally worth noting that the model shown in Figure 9-21 contains two struts (C-C’ 

and H-H’) that cross at the centre point of the joint core.  Whilst this crossing contradicts 

accepted good practice in strut-and-tie modelling, the presence of the crossed struts in the 

model for the joint core of unit RPC-1 is considered to be insignificant due to the shallow 

angle between the struts.  This shallow angle indicates that the two struts are (as logic 

also suggests) both contributing to a single compressive stress field.  It would have been 

feasible, though more complex, to place additional nodes in the model such that the two 
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struts met in the vicinity of nodes C and H at one end and in the vicinity of C’ and H’ at 

the other, and then passed through the centre of the joint as a single strut.  Similar crossed 

struts can be found in the models for the cores of units PVA-4 (shown in Figure 9-23) and 

PVA-1 (shown in Figure 9-25), and in both cases these struts should also be considered to 

contribute to a single stress field. 

9.4.2.3 Unit PVA-4 

Due to its similarity to unit RPC-1, it is next logical to progress to a discussion of the 

strut-and-tie model of unit PVA-4’s joint core.  This model is shown in Figure 9-23, and 

it should be immediately obvious that the model is conceptually identical to the model 

discussed in the preceding section.  For this reason, discussion of the model proposed for 

unit PVA-4’s joint core will be restricted to identifying aspects where differences exist 

between the models. 
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Figure 9-23 Joint core strut-and-tie model for unit PVA-4 
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Because the performance of the strain gauges in the joint core of unit PVA-4 was poorer 

than the performance of those in the joint core of unit RPC-1, less data was available 

from which to estimate the distribution of stresses along the beam reinforcement within 

the joint core.  As shown in Figure 9-24, the reinforcement stress as the tension 

reinforcement entered the joint core was calculated to be 586 MPa.  Data obtained from 

the strain gauges suggested that the reinforcement stress immediately prior to the upper 

90° bend was 400 MPa, and the stress on the lower horizontal portion of the bar just prior 

to the 90° bend was approximately 80 MPa (in tension).  From the data relating to the 

stresses in the upper horizontal part of the reinforcing bar, it was calculated that a 

triangular bond stress distribution with a peak stress of 8.5 MPa was required to effect the 

186 MPa stress change required.  It might be noted that this peak bond stress is 

substantially smaller than the peak bond stress that must have developed in unit PVA-2.  

This difference can be explained by considering that the development of high bond 

stresses normally occurs in conjunction with significant reinforcement movement or slip.  

The presence of the 90° bends in unit PVA-4 prevented the straight bar lengths from 

moving to the extent required to generate bond stresses of the magnitude that occurred in 

unit PVA-2’s joint core and limited the total reinforcement force that was anchored by 

bond. 
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Figure 9-24 Assumed distribution of stresses along beam reinforcement anchorage of unit 
PVA-4 

It was noted in section 8.10.4 that no information was obtained regarding the strains (and 

hence stresses) that occurred in the vertical part of the beam reinforcement within the 

joint core.  It was therefore necessary to estimate these stresses using engineering 

judgement.  Based on the stresses measured before the upper bend and after the lower 

bend it seemed that the stress below the upper bend would be of the order of 250 MPa, 

and that the stress above the lower bend would be approximately 100 MPa.  Based on 
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these stresses and those discussed in the previous paragraph, the forces to be anchored at 

various nodes within the joint core were as shown in Table 9-5. 

Table 9-5 Anchor forces required at nodes due to tension in beam reinforcement of unit 
PVA-4 

Force component to be anchored (kN) 
Node 

horizontal vertical 

A 44.3 to left 0 

B 138.3 to left 0 

E 0 147.3 down 

B’ 78.5 to right 0 

G’ 78.5 to left 98.2 down 

H 392.7 to left 245.4 up 

As was the case for unit RPC-1 it was necessary to make several assumptions regarding 

the realistic location of nodes and the magnitudes of certain forces in order to define the 

joint core strut-and-tie model for unit PVA-4.  In this case it was found that the 

magnitude of the direct transfer strut H-H’ needed to be approximately 225 kN to ensure 

that node E/E’ was located on the vertical part of the beam reinforcement.  Even with this 

assumption the location of node E/E’ is rather close to the more highly stressed end of the 

vertical bar.  It is not clear if this is completely realistic, but it is worth considering that 

this location for node E/E’ (upper left and lower right of the joint core respectively) 

places the node in a highly compressed region of the joint core that should be able to 

resist significant bond stresses to effect reinforcement stress change. 

In comparison to the models discussed previously, the calculated tensile forces in the 

joint core of unit PVA-4 are relatively small, which is clearly attributable to the apparent 

anchorage of only a small part of the total beam tension reinforcement force by bond and 

the correspondingly greater reliance on the anchorage provided by the 90° reinforcement 

bends.  The link between reduced forces being anchored by bond and smaller tensile 

demands being placed on the joint core is consistent with the behaviour of conventionally 

reinforced joints.  Specifically it has been recognised that debonding of the beam 

longitudinal reinforcement passing through an interior beam-column joint reduces the 

amount of transverse reinforcement required to ensure adequate joint shear performance 

(Ichinose 1991).  In contrast (and counterbalance) to the reduced tensile forces, the total 

compression demand on the joint core of unit PVA-4 is almost identical to the demand on 

the joint core of unit RPC-1 although the moment and shear demand on the joint core of 

unit RPC-1 is approximately 10% greater.  Further consideration of this fact and its effect 

on joint core performance is presented in section 9.4.3, but it is obvious that the different 
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compressive strengths of PVA-FRCC and RPC meant that the compression demand on 

unit PVA-4’s joint core was relatively much larger than the demand on unit RPC-1’s joint 

core. 

9.4.2.4 Unit PVA-1 

The joint core strut-and-tie model developed for unit PVA-1 is shown in Figure 9-25.  

Due to the similarities between the detailing of unit PVA-1 and units PVA-4 and RPC-1, 

the model shown in Figure 9-25 is based on the same framework as was used for the 

models of those two joints. 
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Figure 9-25 Joint core strut-and-tie model for unit PVA-1 

The lack of strain gauges in the joint core of unit PVA-1 means that the distribution of 

stresses along the beam longitudinal reinforcement anchorage required to define the strut-

and-tie model had to be estimated.  Guidance for the assumptions made during the 

estimation was taken from the stress distributions used for units PVA-2 (which had 

identical beam longitudinal reinforcement), and PVA-4 and RPC-1 (which had similar 
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anchorage detailing).  The final stress distribution can be seen in Figure 9-26.  The peak 

reinforcement stress at the point where the beam longitudinal reinforcement entered the 

joint core was calculated to be 409 MPa.  Comparison of this value to the equivalent 

stress that occurred in unit PVA-2 shows that the peak stress in unit PVA-1 was 

somewhat smaller.  This reduced stress might lead to the assumption that the 

reinforcement would be completely anchored before the start of the first 90° bend 

because the straight reinforcement before the bend had approximately the same length as 

the straight reinforcement that proved sufficient to completely anchor the reinforcement 

in the core of unit PVA-2.  However, as was noted previously the development of very 

high bond stresses requires significant reinforcement movement to occur.  It was shown 

in Chapter 8 that the reinforcement anchorages of unit PVA-2 moved appreciably more 

than the anchorages of unit PVA-1, which indicates that the bond stress in unit PVA-1 

would be lower than was the case in unit PVA-2.  It seems probable that the bond stress 

along the straight bar length in the joint core of unit PVA-1 was similar to the bond stress 

that occurred in unit PVA-4, which was therefore used as the basis for the reinforcement 

stresses shown in Figure 9-26.  By inverting equation 9-5 it was calculated that the stress 

at the start of the upper 90° bend was approximately 100 MPa.  Based on the ratio of 

start-of-bend to end-of-bend stresses measured in unit RPC-1, the stress at the end of the 

upper 90° bend was estimated to be 50 MPa.  This value was sufficiently small that it 

seemed realistic to assume that the entire 50 MPa stress would be anchored along the 

vertical part of the reinforcement, and hence that the lower 90° bend in the reinforcement 

would be unstressed.  As previously discussed the compression stress acting on the 

bottom reinforcing bar was assumed to be anchored within the region of compressed 

column concrete.  The distribution of stresses just discussed and shown in Figure 9-26 

allowed calculation of the forces to be anchored at various nodes along the reinforcement 

anchorage.  These forces are shown in Table 9-6. 

The strut-and-tie model shown in Figure 9-25 was calculated using the assumptions first 

stated in section 9.4.2.2.  One of these assumptions was that yielding occurred in the 

intermediate column longitudinal bar as it passed through the joint core.  Due to the large 

joint core deformation that ultimately occurred during testing this assumption was 

appropriate for units PVA-2, PVA-4, and RPC-1.  As discussed in section 8.7.5, the joint 

core of unit PVA-1 did not deform significantly during testing.  This observation makes 

the assumption that the intermediate column reinforcement yielded rather questionable.  

However, in the absence of other information and for consistency the assumption was 

retained when calculating the forces shown in Figure 9-25.  The effect of changing this 

probably incorrect assumption is considered further below. 
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Figure 9-26 Assumed distribution of stresses along beam reinforcement anchorage of unit 
PVA-1 

Table 9-6 Anchor forces required at nodes due to tension in beam reinforcement of unit 
PVA-1 

Force component to be anchored (kN) 
Node 

horizontal vertical 

A 61.4 to left 0 

B 229.8 to left 0 

E 0 47.1 down 

B’ - - 

G’ - - 

H 94.2 to left 47.1 up 

The joint core strut-and-tie model for unit PVA-1 reflects the relatively small force 

anchored at the 90° bends.  Both the direct transfer force H-H’ and the indirect forces H-

F/H’-F’ have small magnitudes.  As a result of the magnitude of the forces H-F/H’-F’, the 

tension forces required to deviate the forces to their final “reaction” points at C and C’ are 

also (negligibly) small.  While the bond-related tension forces are large relative to the 

total tension force being anchored (in comparison to the equivalent forces in units PVA-4 

and RPC-1), their magnitude is almost 30% smaller than was the case for unit PVA-2 

despite the magnitude of the forces acting on the joint core only differing by 5%.  This 

observation confirms that the use of 90° bends to anchor the beam longitudinal 

reinforcement is an effective method of reducing the tension demand placed on the joint 

core.  Another evident difference from the models postulated for units RPC-1 and PVA-4 

is that the compression force anchoring reinforcement at node B does not deviate along 

its path to node D’, which is a consequence of assuming that the upper left and lower 

right 90° reinforcement bends are unstressed. 
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As mentioned previously a probably incorrect assumption regarding the stress in the 

intermediate column longitudinal reinforcement was used to calculate the strut-and-tie 

model shown in Figure 9-25.  Due to the small joint core deformations that occurred 

during testing of unit PVA-1 it is probable that the stress in the intermediate column 

longitudinal reinforcement was actually somewhat less than its 306 MPa yield stress.  If it 

is assumed that the reinforcement stress change at nodes F/F’ must retain the value 

required by the model in Figure 9-25 (approximately 70 MPa) so that the force H-F can 

reach node C’, then the effect of requiring a stress less than yield in the length of bar from 

node F to F’ is to decrease the inclination from the horizontal of strut B-D’ (and also B’-

D) while simultaneously increasing the inclination of tie B-D (and B’-D’).  For example 

if the stress in tie F-F’ was 70% of yield (≈ 214 MPa), the inclination of strut B-D’ would 

be 43.3° (rather than 50.1°) and the inclination of tie B-D would be 37.9° (rather than 

27.8°).  The effect of this change on the magnitude of the strut-and-tie forces is small.  

Tie B-D increases from 130 kN to 146 kN, while strut B-D’ decreases from 179 kN to 

158 MPa.  The modified strut-and-tie model discussed here can be seen in Figure 9-30, 

which is presented later in this chapter. 

It is interesting to note following comparison of the strut-and-tie model for the joint core 

of unit PVA-1 (Figure 9-25) with the similar models for units RPC-1 and PVA-4 (Figure 

9-21 and Figure 9-23 respectively) that the tensile demand across the joint core of unit 

PVA-1 is shown to be larger than was the case for units RPC-1 or PVA-4, despite the 

forces acting on the joint core of unit PVA-1 being approximately 35% smaller.  This 

apparent anomaly can be explained by recognising that for unit PVA-1 a higher 

proportion of the forces were introduced to the joint core by bond than was the case for 

units PVA-4 and RPC-1, as is shown in Table 9-7.  It is well known from research related 

to conventional reinforced concrete beam-column joints that anchorage of reinforcement 

by bond places a greater demand on the tensile capacity of a joint core than does 

anchorage by use of reinforcement hooks, which are known to enhance the contribution 

made by the so-called “strut” mechanism (NZS 3101 2006).  Thus the proportionally 

larger tension demand placed on the joint core of unit PVA-1 in comparison to units 

PVA-4 and RPC-1 is consistent with the use of smaller diameter beam longitudinal bars 

and the resultant greater contribution of bond to the anchorage of beam tension forces. 

9.4.2.5 Unit PVA-3 

The final strut-and-tie model that related to the beam-column joints discussed in Chapter 

8 is shown in Figure 9-27 and illustrates the load paths of forces within the joint core of 
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unit PVA-3.  This model is substantially different to the previous four models due to the 

different reinforcement detailing employed in unit PVA-3. 

Table 9-7 Distribution of beam reinforcement tension force anchorage between bond and 
reinforcement bend for units PVA-1, PVA-4, and RPC-1 

Unit Reinforcement force Anchored by bond Anchored at bend 

 (kN) (kN) (%) (kN) (%) 

PVA-1 385.4 291.2 75.5% 94.2 24.5% 

PVA-4 575.4 182.7 31.7% 392.7 68.3% 

RPC-1 637.5 264.9 41.5% 372.6 58.5% 

As has been the case previously, before discussing the strut-and-tie model postulated for 

unit PVA-3 it is necessary to outline the probable distribution of stresses along the 

anchorages of the beam longitudinal reinforcement.  This distribution was mostly guided 

by strain data recorded during testing, although some interpretation was required as for 

other beam-column joints. 
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Figure 9-27 Joint core strut-and-tie model for unit PVA-3 
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Figure 9-28 shows that the maximum tension stress at the joint face of unit PVA-3 was 

401 MPa, which is similar to the stress that occurred in the units with similarly detailed 

beams (units PVA-1 and PVA-2).  Strain gauge readings indicated that the reinforcement 

stress at the start of the upper 90° bend was close to the yield stress of the reinforcement, 

thus for the analysis described here the stress at the start of the hook was assumed to be 

equal to the 321 MPa yield stress.  The required stress change indicated that a peak bond 

stress of 8.3 MPa was developed at the location of the start of the reinforcement bend.  

Considering the horizontal length of reinforcement in compression at the joint face, the 

assumption was again made that the entire beam compression stress was anchored within 

the compressed column concrete.  This assumption was validated by strain gauge data 

that indicated that small compression strains occurred at a location just before the start of 

the lower 90° bend.  The moment-curvature analysis used to determine the forces in the 

column section indicated that the neutral axis of the column was located just beyond the 

start of the lower 90° reinforcement bend.  Thus it was assumed that the reinforcement at 

the start of that bend was unstressed.  The stress state of the vertical part of the 

reinforcement was not entirely clear.  Strain gauges located in this region indicated that 

the stress did not change significantly between positive and negative load cycles.  

However these gauges were positioned close to the horizontal centreline of the joint and 

thus would be expected to read similarly during both directions of loading.  An estimate 

was made that the stress at the top of the vertical length was 150 MPa and that this stress 

was anchored completely before the end of the vertical length. 
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Figure 9-28 Assumed distribution of stresses along beam reinforcement anchorage of unit 
PVA-3 

The required anchorage forces resulting from the stress distribution shown in Figure 9-28 

are listed in Table 9-8.  The different anchorage detailing of unit PVA-3 means that most 

of the anchorage nodes are located quite differently to those in the previous models.  The 
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forces anchored by bond stresses along the horizontal section of the anchorage were 

collected at node A, located at the intersection of the beam and column longitudinal 

reinforcement.  The forces resisted by the 90° reinforcement bend were again assigned to 

an “artificial” node H, located at the point where the centrelines of the horizontal and 

vertical bars entering the bend intersected.  The force anchored along the vertical part of 

the reinforcing bar was initially assigned to a single node.  However, during development 

of the final strut-and-tie model it became apparent that splitting this force between three 

individual nodes would be more realistic.  The proportion of the force allocated to each 

node is explained in the following discussion of the strut-and-tie model. 

Table 9-8 Anchor forces required at nodes due to tension in beam reinforcement of unit 
PVA-3 

Force component to be anchored (kN) 
Node 

horizontal vertical 

A 82.6 to left 0 

I 0 34.1 down 

F 0 73.1 down 

J’ 0 34.1 down 

G’ - - 

H 294.9 to left 141.4 up 

As noted above, the strut-and-tie model of unit PVA-3’s joint core is significantly 

different to any of the models discussed previously.  The only major similarity is the 

continued existence of a diagonal strut directly transferring forces from the top left corner 

to the bottom right corner (strut C-C’).  The load paths transferring the beam tension 

reinforcement forces through the joint core are completely different to those found in the 

other joint cores.  The reason for this difference is that almost the total force from the 

beam tension reinforcement must be transferred across the vertical centreline of the joint 

core by the PVA-FRCC.  The model is best explained by working from the force that 

must be anchored by the 90° reinforcement bends at node H/H’. 

The compression force anchoring the 90° reinforcement bends is divided between three 

different compression struts.  Strut H-C’ (and H’-C) transfers compression forces directly 

from the anchorage to the diagonally opposite compressed corner of the joint.  The 

magnitude of this transfer mechanism is limited due to its steep inclination and the fact 

that the horizontal force component anchored at the 90° bend is much larger than the 

vertical force component (requiring that the resultant force anchoring the bend have a 

relatively shallow inclination).  The second strut, labelled H-E/H’-E’, has a much 

shallower inclination than strut H-C’ and terminates at a node located on the exterior 



Part 3  Chapter 9 

  367 

column longitudinal bar.  The magnitude of this strut’s horizontal component is equal to 

the magnitude of the horizontal force anchored by bond at nodes A and A’.  The third 

strut (H-D/H’-D’) transfers forces indirectly between the 90° bends at the top right and 

bottom left of the joint. 

The anchoring nodes on the vertical portions of the beam reinforcement anchorages are 

located at the intersection of the vertical reinforcement centreline and the tension forces 

originating at nodes D/D’ and E/E’.  At each of the anchoring nodes the bar force is 

assumed to be anchored by a change in the inclination and magnitude of the tension force.  

The proportion of the total bar force change along the vertical reinforcement length 

allocated to each node was determined so that it was proportional to the magnitude of the 

tension force acting on the node. 

By making a number of assumptions and then adjusting the locations of nodes D, E, F, 

and I, and the magnitude of the direct transfer strut H-C’, the strut-and-tie model shown 

in Figure 9-27 was determined.  The assumptions made were that: 

• The distance between nodes D and E should be maximised 

• Node D should be located so that the angle of strut H-D was “reasonable”, i.e. such 

that the strut diverged from the horizontal reinforcement force A-H. 

• The location of node I had to be on the straight vertical part of the reinforcement 

anchorage. 

It is not certain that the postulated model accurately reflects the behaviour of unit PVA-3, 

although no other reasonable force transfer mechanism was evident.  There are two 

concerns about the model.  The three tension load paths between nodes A and E’, D and 

D’, and E and A’ indicate the existence of a rather large, concentrated tension force.  This 

might reasonably be expected to cause localised distress to the joint, but none was evident 

during testing.  It is also likely that the postulated anchorage of the forces in the vertical 

parts of the reinforcement anchorages is incorrect.  A more realistic representation of the 

anchorage would involve some of the force being anchored by compression (probably 

along the line J-J’ in the existing model).  However no method could be developed for 

realistically estimating the division of the total anchorage force between these 

mechanisms. 
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9.4.3 Discussion of strut-and-tie analyses 

Having postulated strut-and-tie models for each of the tested FRCC joint cores described 

in Chapter 8 it is clearly of vital importance to consider how, or indeed whether, these 

models relate to the observed and measured performance of the joint cores.  The 

discussion presented in this section investigates the relationships that exist between the 

strut-and-tie models and the experimental performance of the joint core.  The discussion 

is divided into two parts.  In the first part the broad validity of the models is confirmed by 

comparing each model with the associated crack patterns observed in the FRCC joint 

cores.  The second part of the discussion focuses on the correlation between the forces 

predicted by the strut-and-tie models, the strength of the joint core FRCC, and the joint 

core performance observed during testing. 

9.4.3.1 Correlation between strut-and-tie models and crack patterns 

While cracking of concrete is generally undesirable and something that designers aim to 

minimise, the occurrence of cracking during experimental testing at least gives a good 

idea of the orientation and magnitude of forces that exist within a concrete or FRCC 

element.  Because of the undoubted relationship between the orientation and magnitude 

of forces and the occurrence of cracking, comparison of the postulated strut-and-tie 

models with the joint core crack patterns observed during testing can be used to provide 

confidence in the accuracy of the strut-and-tie models. 

Prior to discussing the individual joint core models, it will be seen in the following pages 

that the formulated strut-and-tie models generally have ties running directly across cracks 

without steel reinforcement being present to resist the forces.  This would be 

inappropriate for plain concrete, and probably even for conventional fibre reinforced 

concrete.  However, it is again emphasised that the primary distinguishing characteristic 

of the HPFRCC used in the joint cores being discussed is its ability to resist tensile 

stresses equal to or greater than the cracking tensile strength until the strain in the 

HPFRCC is an order of magnitude or more greater than the cracking strain, as discussed 

in section 9.3. 

The strut-and-tie models postulated for the joint cores of units PVA-1 to PVA-4 and 

RPC-1 generally agree reasonably with the crack patterns observed during testing of the 

units.  Examples of these comparisons can be seen in Figures 9-29 and 9-30, in which the 

strut-and-tie models of units PVA-1 and PVA-2 respectively are overlaid on photos of the 

joint core taken during the last stages of testing.  The strut-and-tie model of unit PVA-2 is 

identical to the one previously shown in Figure 9-19.  However, the strut-and-tie model of 
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unit PVA-1 differs from the one shown previously, and is in fact the model discussed at 

the end of section 9.4.2.4 when illustrating the effect of assuming a (more realistic) stress 

less than yield to occur in the intermediate column longitudinal reinforcement.  For both 

joint cores it is evident that the directions of the three main tension ties in the strut-and-tie 

model are approximately perpendicular to the cracks that they cross.  This observation is 

a satisfying result that supports the validity of the proposed models. 

 

Figure 9-29 Comparison of modified strut-and-tie model and crack pattern for unit PVA-1 

Referring again to Figure 9-30, it is questionable whether the strut C-C’ could transfer a 

large compression force across the wide crack shown in the joint core.  However, this can 

be explained if it is recognised that the struts (and also ties that do not align with 

reinforcing bars) are actually distributed stress fields rather than concentrated forces.  The 

nodes C and C’ are actually representative of an area that is bounded on the joint faces by 

the edges of the compressed concrete regions in the beams and columns.  The strut C-C’ 

could probably be more realistically (but less clearly) shown as a “bottle strut”, with the 

compression forces initially originating from the total area of node C before deviating so 

that the total width of compressed concrete towards the centre of the joint was 
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significantly wider, and then narrowing again to react at node C’.  As is well known, the 

deviation of the compression force in the bottle strut would have to be balanced by 

transverse tension forces.  These would add to the tension demand across the eventually 

critical crack and contribute to the failure of the joint core. 

 

Figure 9-30 Comparison of strut-and-tie model and crack pattern for unit PVA-2 

Direct comparisons between the strut-and-tie models and crack patterns for units PVA-4 

and RPC-1 are not presented here.  However, comparison of the strut-and-tie models 

presented in the previous section with photos found in sections 8.10.1 and 8.11.1 show 

that the agreement between the observed crack pattern and the postulated force 

distribution was similarly close to that shown in Figure 9-30 for unit PVA-2. 

Figure 9-31 shows the crack pattern observed to occur in the joint core of unit PVA-3, 

overlaid with the strut-and-tie model previously postulated.  The agreement between this 

model and the observed performance is less satisfactory than for the other beam-column 

joints.  As was mentioned when first presenting the strut-and-tie model, the experimental 

behaviour of the joint core suggests that the tension forces within the joint were more 

evenly distributed than is suggested by the model.  Two issues suggest that the 

compression forces should be more evenly distributed through the joint core than is 

indicated by the proposed model.  The first of these issues is that several of the struts 

shown (C-H’, C-C’, and H-C’) cross cracks associated with the same direction of loading, 

which is incompatible with the common assumptions of the strut-and-tie method.  The 

second issue is that the crack pattern suggests that struts exist between the bends at the 

compression side of each beam (i.e. top left and bottom right) and nodes I and I’ 

respectively.  While consideration was given to these issues, it became apparent that 

determining a reliable solution would require more detailed information (i.e. data at more 
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locations) regarding the strain in the beam reinforcement within the joint core.  Despite 

the noted shortcomings of the proposed model, it is however interesting to note that 

during the loading direction illustrated (cracks marked red), horizontal cracking across 

the outer column longitudinal bars was limited to the top right and bottom left corners of 

the joint.  This fact is in agreement with the postulated model, which indicates that for 

most of the depth of the joint core the outer column longitudinal bars were subjected to a 

small compression force, and hence would not be expected to cause cracking of the joint 

core matrix. 

 

Figure 9-31 Comparison of strut-and-tie model and crack pattern for unit PVA-3 

Concluding briefly, comparison of joint core crack patterns with the strut-and-tie models 

presented in the previous section indicates that the strut-and-tie models are acceptably 

accurate with respect to the directions of the tension forces in the joint.  The exception to 

this statement is that the model of unit PVA-3’s joint core seems less representative of the 

true behaviour of the unit.  This was not surprising as it was previously stated that the 

concentration of forces shown by this model appeared unrealistic despite no other force 

transfer mechanism being evident. 
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9.4.3.2 Correlation between strut-and-tie models, joint core strength, and 
joint core performance 

While the largely satisfactory correlation between crack patterns and strut-and-tie models 

described in the previous section is a pleasing partial validation of the models, a much 

more useful task is to determine a relationship between the forces predicted by the 

models, the strength of the FRCC used in a joint core, and the observed performance of 

the joint core during testing.  The focus of this section is to determine if such a correlation 

can be made for units PVA-1 to PVA-4 and RPC-1. 

It was reported in Chapter 8 that of the five FRCC joint cores tested, two remained 

essentially intact until testing was completed (i.e. until cycles to 5% drift were 

completed), two performed well until the cycles to 4% drift or more, and one failed 

during the first cycles that caused beam yielding (the cycles to 2% drift).  The 

information regarding how each joint core performed is summarised in Table 9-9.  Also 

listed in Table 9-9 are data regarding the assumed tensile and compressive strengths of 

the FRCC used in each joint core, and the peak horizontal shear stresses imposed on each 

joint during testing.  This last set of data is provided primarily as an index value to allow 

easy comparison with the demands placed on conventionally reinforced beam-column 

joints. 

Table 9-9 Summary of FRCC joint core performance and strength 

FRCC strength (MPa) 
Unit 

Observed 
performance 

Peak shear 
stress, vjh (MPa) tension compression 

PVA-1 no failure 3.65 5 70 

PVA-2 failed 5% drift 3.87 5 70 

PVA-3 no failure 3.60 6 70 

PVA-4 failed 2% drift 8.79 7.5 70 

RPC-1 failed 5% drift 9.74 11 130 

Considering initially only the three joint cores that failed during testing, a common form 

of failure was evident in all three joints.  The overall mechanism of failure was initially 

localisation of damage at a single crack, followed in the next cycles by progressive 

opening of this crack and a decrease in the force resisted by the beam-column joint.  

Although the details of the failure differed between the three joint cores, in all cases the 

critical crack extended approximately between the points where the compressed column 

reinforcement crossed the top and bottom faces of the joint core as shown in Figure 9-32.  

Based on the geometry of the joint cores, the average inclination of this crack was 

approximately 50°. 
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Figure 9-32 Approximate path of critical crack in FRCC joint cores 

To assess the correlation between strut-and-tie model forces, the tensile strength of the 

FRCC in the joint core, and the experimental performance of the joint core, the total 

tensile demand across the probable critical crack was calculated for each joint core.  

These values are listed in Table 9-10 and were calculated by summing the magnitudes of 

all the tension ties crossing the probable failure plane and then normalising the values to 

account for the out-of-plane width of some of the joint cores being 400 mm and some 

being 250 mm.  For example, the demand on the core of PVA-1 was calculated as 

( ) 400/100086421462 ×+×+× = 965 N/mm based on the strut-and-tie model shown in 

Figure 9-29.  It is recognised that the demands calculated in this manner do not accurately 

reflect the orientation of the forces in the joint relative to the probable critical crack as the 

tension ties are generally not oriented perpendicular to the crack.  However the proposed 

method was pursued for two reasons.  It was considered that the effect of the 

inconsistency was small because the angle between all significant tension ties and the 

critical crack was relatively close to 90° degrees.  It was also believed that prediction of a 

failure path that more accurately reflected the orientation of the tension forces was 

impractical due to the influence of local imperfections on the cracking of FRCCs and the 

imprecise nature of the strut-and-tie models that were used to predict the load paths. 

An estimate of the capacity of the joint core available to prevent opening of the critical 

crack was obtained by estimating the length of the crack and multiplying this length by 

the tensile strength of the joint core FRCC.  The result of this calculation gives the 

strength per unit width of the joint core, and is thus comparable with the demands 

calculated according to the method explained in the previous paragraph.  Assuming that 

the forces within the joint core are resisted by the FRCC located between the centrelines 

of the top and bottom beam longitudinal reinforcement, the approximate length of the 

critical crack shown in Figure 9-32 is 400 mm.  The theoretical tension capacities of the 

joint cores are listed in Table 9-10. 
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Table 9-10 Theoretical tension demand and capacity of FRCC joint cores 

Unit 
Observed 

performance 
Tension demand 

(N/mm) 
Capacity at crit. 
crack (N/mm) 

Ratio demand to 
capacity 

PVA-1 no failure 965 2000 0.48 

PVA-2 failed 5% drift 1188 2000 0.59 

PVA-3 no failure 1223 2400 0.51 

PVA-4 failed 2% drift 972 3000 0.32 

RPC-1 failed 5% drift 1632 4400 0.37 

No relationship between computed tensile demand, tensile capacity, and joint core 

performance as summarised in Table 9-10 is evident if the complete set of data is 

considered, although there appears to be a relationship between the ratio of demand to 

capacity and joint performance for units PVA-1, PVA-2, and PVA-3.  For these units no 

joint failure was observed if the demand to capacity ratio was 0.5 or less.  The implication 

of this statement is that the tensile strength that should be relied on is substantially less 

than the strength that would exist if the full tensile strength of the FRCC was developed 

along the full length of the crack.  This seems a reasonable conclusion in line with other 

facets of structural design.  However, for units PVA-4 and RPC-1 the ratio of tensile 

demand to capacity was substantially lower than for either of the units in which joint 

shear failure did not occur.  For unit RPC-1 this finding may be explained by considering 

the nature of the failure that occurred.  Joint shear failure did occur, but the joint shear 

distortion only increased significantly during the cycles to 5% drift, and the shear stress 

resisted by the joint only decreased significantly when the unit was subjected to a cycle to 

6% drift.  It has been noted previously that it is quite unrealistic to expect any structure to 

perform reliably at such large displacements.  The data for unit PVA-4 is a more 

significant concern.  This unit had the lowest computed ratio of demand to capacity and 

also failed due to joint shear at a smaller displacement than any of the other units. 

It is postulated that the inconsistencies evident in Table 9-10 are due to the interaction of 

tension and compression forces within the joint core.  Comparing units PVA-2 and PVA-

4, the average compressive stress along a diagonal plane from corner to corner through 

the centre of the joint core was approximately three times larger in PVA-4 than in PVA-2.  

The small data set available makes it impossible to draw definitive conclusions regarding 

the interaction of these forces, but it seems probable that as the compression forces 

(particularly the central strut consisting of force C-C’ and H-H’) flow through the joint 

core they spread, forming something akin to a bottle strut as they do so.  The additional 

tensile forces required to balance this bottle strut would rather significantly increase the 

total tensile demand in the joint core.  Brief calculations carried out based on these ideas 
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indicated that the additional tension stresses reduced but did not eliminate the noted 

discrepancy.  Full understanding of the failure of unit PVA-4 appears unlikely without 

further research being conducted on the behaviour of HPFRCCs when subjected to large 

magnitude bi-directional stresses. 

The main conclusion drawn from the discussion above is that observed joint core 

performance does not reliably correlate with the ratio of joint core tensile demand to 

strength that was calculated based on the previously presented strut-and-tie models.  This 

conclusion means that the strut-and-tie method cannot yet be used as the basis for the 

design of HPFRCC joint cores.  However, there appears to be a relationship between the 

calculated ratio of joint core tensile demand to capacity and the occurrence of joint shear 

failure for similarly stressed joints constructed using the same HPFRCC.  This suggests 

that further development of the strut-and-tie method proposed may lead to a useful 

analytical tool.  In particular, such further development would need to account for the 

apparent influence of joint core compression forces on the failure of more highly stressed 

joints.  In lieu of such development, empirical recommendations for predicting the shear 

strength of HPFRCC joint cores are presented in the next section. 

9.5 Recommendations related to the use of 
HPFRCC joint cores 

At the outset of the research discussed in Part 3 of this thesis the ultimate aim was to 

develop a method that could be used to design HPFRCC joint cores for use in real 

structures.  Regrettably several factors have conspired to prevent this aim from being 

comprehensively achieved.  Key amongst these problems were the variability of the 

properties of the HPFRCCs used in the joint cores, the small number of HPFRCC beam-

column joint tests that were conducted, and the broad range of joint core reinforcement 

details that were used in the test units.  The complexity inherent in analysing the shear 

strength of any concrete beam-column joint was also encountered while assessing the 

performance of the tested beam-column joints.  Nonetheless the investigation reported in 

Part 3 of this thesis has lead to a number of insights and recommendations that are 

pertinent to the possible use of HPFRCC joint cores in real structures. 

Before discussing the recommendations it is important to note that these comments are 

only expected to have relevance to joint cores constructed from HPFRCCs as previously 

defined.  It is believed that the ability of HPFRCCs to resist a tensile stress equal to or 

greater than the stress required to cause cracking until the strain is many times the 
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cracking strain (say at least 30 times greater, or approximately 0.5% total strain) is vital to 

achieving the toughness required from a joint core when the conventional transverse 

reinforcement that normally provides this toughness is absent from the design.  Extensive 

previous research (reviewed in Chapter 7) has shown that joint cores that rely on FRCCs 

that soften after cracking for their strength perform poorly when subjected to the large 

displacement demands that earthquake resistant moment resisting frames should be able 

to sustain.  To emphasise the point, strain softening FRCC joint cores are generally 

reported to lose stiffness rapidly after significant cracking occurs.  In contrast, although 

three HPFRCC joint cores were reported here to have failed by joint shear, one of these 

(unit PVA-2) did not deform sufficiently to exceed the recommendation (Cheung 1991) 

that joint shear deformation contribute no more than 20% of the total structural 

deformation  until the first cycle to 5% drift, while another (unit RPC-1) did not breach 

this recommendation before the conclusion of testing. 

9.5.1 Shear strength of HPFRCC joint cores 

The test results presented in Chapter 8 make it amply clear that HPFRCC joint cores 

without conventional transverse reinforcement can resist cyclic joint shears without 

degrading excessively.  To recap, two of the five joints that were tested did not degrade 

before the end of testing, and three of the joints degraded to an extent that could be 

described as shear failure.  However, two of the three joint shear failures that occurred did 

so after the displacements exceeded the required displacements discussed in Chapter 4. 

Despite the generally favorable performance of the joint cores that were tested, only 

limited recommendations can be made regarding the design and use of HPFRCC joint 

cores.  In particular it has not been possible to formulate a rational model able to predict 

the shear strength of HPFRCC joint cores.  This conclusion was due to the inability to 

find a definitive link between the joint core force transfer models postulated in the 

previous section and the observed performance of the test units. 

An observation that was made during analysis of the HPFRCC beam-column joints was 

that acceptable joint core performance occurred in all cases where the tensile strength of 

the joint core FRCC exceeded the horizontal shear stress imposed on the joint.  This 

observation is interesting, because the joint shear stress is equal to the principal tension 

stress occurring in the joint core for beam-column joints where no significant axial stress 

acts on the column (as was the case for units PVA-1 to PVA-4 and RPC-1).  Figure 9-33 

shows the quotient of joint core principal tension stress to joint core tensile strength 

(based on data in Table 9-8), with data bars for each unit being colour coded based on the 
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stage of testing at which joint failure occurred.  It is evident from Figure 9-33 that failure 

either did not occur, or occurred at a late stage of testing, if the ratio of joint principal 

tension stress to joint core tensile strength was 0.8 or less.  While empirical, this 

information suggests that when designing HPFRCC beam-column joints, satisfactory 

performance would be expected if the overstrength horizontal shear stress were less than 

75% of the nominal tensile strength of the HPFRCC used in the joint core.  For 

consistency with other aspects of structural concrete design the tensile strength used in 

design should be taken as the first cracking strength of the concrete, with any strength 

increase that occurs during the pseudo-strain hardening part of the tensile response being 

ignored.  This suggestion is equivalent to the common practice of ignoring the potential 

of steel reinforcement to strain harden when calculating the nominal strength of a 

reinforced concrete element.  Based on this recommendation, an HPFRCC joint core 

constructed from PVA-FRCC could be expected to safely resist joint core principal 

tensile stresses of approximately 4 MPa, while an RPC joint core should be capable of 

resisting principal tensile stresses of approximately 8 MPa. 
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Figure 9-33 Relationship between ratio of joint principal tension stress to joint core tensile 
strength and joint core performance 

The conservatism and accuracy of the recommendation made above cannot be confirmed 

from the small number of tests reported in this thesis.  Consideration of the only other 

HPFRCC beam-column joint tests reported in the literature (Chao 2005; Parra-

Montesinos et al. 2005) indicates that the recommendation may not be universally 

accurate.  The performance of the two joints tested by Parra-Montesinos et al. (Chao 
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2005; Parra-Montesinos et al. 2005) was satisfactory, despite being constructed using an 

HPFRCC with a tensile strength of approximately 2.5 MPa and being subjected to peak 

joint core principal tension stresses of 5.9 MPa and 7.4 MPa.  These stresses clearly 

exceed the tensile strength of the joint cores by a significant margin, indicating that the 

recommendation made above is significantly conservative for some joints.  However, 

there are two points that may contribute to the discrepancy noted.  Firstly the reported 

tensile strength of the HPFRCC used was rather low in comparison to similar materials 

reported by other researchers, and secondly there was some conventional steel 

reinforcement in the joint cores of these units, which is likely to have enhanced the joint 

core shear strength. 

9.5.2 Anchorage of beam longitudinal reinforcement in FRCC joint cores 

The second aspect of joint core design that is important is to ensure adequate anchorage 

of the beam longitudinal reinforcement within the joint core.  The nature of the testing 

reported in Part 3 of this thesis does not lend itself to postulation of detailed design 

recommendations for reinforcement anchorages in FRCC.  However, several comments 

and recommendations can be made regarding the various types of anchorage used. 

It has been known for some time and repeatedly verified that the addition of fibres to 

cementitious materials significantly improves the bond strength of the material (Chao 

2005; Harajli et al. 2002; Panda et al. 1986; Swamy and Al-Noori 1974).  This fact was 

most emphatically reflected in the research described here by the performance of the 

reinforcement anchorages of unit PVA-2.  The maximum storey shear applied to this unit 

meant that the straight 300 mm anchorages used had to develop an average bond stress of 

7.25 MPa to anchor the beam reinforcement (see Figure 9-20).  This value is a lower 

bound on the actual bond strength of the material as anchorage failure did not occur in 

unit PVA-2.  In New Zealand design practice the reliable bond strength of 70 MPa plain 

concrete anchoring a straight deformed bar is approximately 4 MPa (NZS 3101 2006), 

and anchorage using a straight development length would not normally be permitted 

immediately adjacent to a plastic hinge.  Although it is not possible to state the degree of 

conservatism inherent in the current anchorage design requirements, it is clear that the 

bond strength provided by the PVA-FRCC was significantly greater than that of plain 

concrete.  Chao (2005) suggested that for FRCCs with a strain capacity of at least 0.6% 

the reliable average bond stress can be calculated as: 

( )
bθ

0.25'
cpc

FRCCb,
dη

ff7
u =  (9-6) 
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where fpc is the peak tensile strength of the FRCC and ηθ is the fibre orientation efficiency 

factor discussed previously.  The equation has been adjusted from the original publication 

to allow use of metric units.  For the PVA-FRCC used in unit PVA-2, fpc was 

approximately 5 MPa, '
cf  was 70 MPa, and ηθ should be 0.5.  Thus for a 20 mm 

reinforcing bar the calculated bond strength would be 10.2 MPa.  Equation 9-6 was 

formulated for conventional anchorages rather than for anchorages adjacent to plastic 

hinges.  Thus the calculated bond strength may be somewhat non-conservative, but 

appears to be approximately correct after accounting for the fact that anchorage failure 

did not occur in unit PVA-2. 

Based on the discussion in the previous paragraph it is tentatively recommended that 

straight bar anchorages in HPFRCCs could realistically be designed using the equations 

found in NZS 3101:2006, but reducing the required anchorage length to 70% of the 

calculated value (i.e. relying on the available bond strength to be 50% greater than in 

plain concrete).  Despite the satisfactory performance of unit PVA-2 it is not 

recommended that straight discontinuous anchorages be used adjacent to plastic hinges as 

judgement suggests that this is not a robust design solution. 

Switching attention to bent reinforcement anchorages, the results from testing unit PVA-4 

in particular suggest that the hook development lengths specified by NZS 3101:2006 

could be reduced if the hook was to be anchored in HPFRCC.  Taking the concrete 

compressive strength as 70 MPa and assuming that the tail extension of the hook was 

constrained, the hook length required for an HD25 bar according to NZS 3101:2006 

would be 250 mm.  This hook length would be assumed to start at a distance of 8db from 

the face of the joint, requiring that the back of the hook be at least 450 mm from the face 

of the joint.  The anchorages of unit PVA-4 terminated 374 mm from the face of the joint, 

giving an effective anchorage length of just 174 mm, yet performed adequately.  This 

observation supports the contention above that anchorages in HPFRCCs could be reduced 

to 70% of the length required in conventional concrete. 

The bent anchorages of unit PVA-3 were relatively even shorter than those of unit PVA-

4.  NZS 3101:2006 would require a 120 mm hook length commencing 160 mm from the 

face of the joint core, whilst the actual anchorage provided had a total length of 215 mm 

(effective anchorage of only 55 mm).  The performance of these anchorages was 

reasonable during testing, although yield strains did penetrate to the point where the 90° 

bend commenced.  As the ultimate demand placed on the anchorages was limited by the 

premature failure of the beam plastic hinges it is felt that the satisfactory performance of 

these extremely short anchorages should be considered atypical. 
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Regarding the design of FRCC joint cores, it is recommended that if beam reinforcement 

is terminated at an interior beam-column joint then the anchorages should be designed so 

that the reinforcement of the left beam overlaps the reinforcement of the right beam (as in 

units PVA-2, PVA-4, and RPC-1).  Although the non-overlapping reinforcement of unit 

PVA-3 allows a less congested joint core to be designed, the overlapping hooks of the 

units just listed result in a tougher joint core with more redundancy and less chance of a 

beam reinforcement anchorage degrading catastrophically. 

It would be useful to make recommendations regarding the anchorage of continuous 

beam longitudinal reinforcement in HPFRCC joint cores, but the absence of relevant 

testing obviously makes this recommendation difficult to develop.  Chao (2005) tested a 

beam-column joint that performed adequately when 19 mm beam longitudinal 

reinforcement with a yield strength of 435 MPa (maximum stress during testing ≈ 

609 MPa) was anchored in a 356 mm deep joint core constructed from HPFRCC with a 

compressive strength of 43 MPa.  According to equation 4-30, the anchorage length 

required would be 530 mm if this joint core had been constructed from plain concrete.  

The satisfactory anchorage of bars in the 356 mm deep column tested by Chao provides 

further support for the previous suggestion that anchorages in HPFRCC should be 

designed so that their length is at least 70% of the length required in plain concrete.  It 

must be noted that this conclusion is by no means definitive.  Examination of the database 

assembled in Chapter 4 shows that a number of conventionally detailed beam-column 

joints performed acceptably despite having theoretically deficient anchorage.  Firm 

verification of the column depth to bar diameter ratio required in HPFRCC beam-column 

joints would require testing of additional test specimens with at least some units detailed 

so that bond failure was likely to occur. 

9.5.3 Practicality of using FRCCs in beam-column joints 

It was stated in Chapter 5 that a structure must meet three broad criteria if it is to be 

considered a successful design.  The focus of Part 3 of this thesis has so far been on 

determining whether FRCC beam-column joints can be constructed so that they meet the 

criterion of structural fitness for purpose.  However, if FRCC beam-column joints were 

ever to be used in an actual structure they would also have to achieve a combined level of 

economic viability and constructability that meant they were a compelling choice in 

comparison to conventionally reinforced joints.  These criteria are difficult to evaluate 

precisely.  Nonetheless it is possible to make comments regarding the likelihood of FRCC 

joints being seen as a practical choice. 
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If the costs of materials alone are considered it appears likely that FRCC joints would 

have a higher cost than an equivalent conventionally reinforced joint.  The only material 

saving made in an FRCC joint core is the removal of the transverse reinforcement.  In a 

heavily reinforced joint detailed to resist forces similar to those experienced by units 

PVA-4 and RPC-1, the volume of the transverse reinforcement would be approximately 

1% of the gross volume of the joint core.  For the use of FRCC joint cores with no 

transverse reinforcement to achieve cost parity or an economic benefit, the following 

approximate inequality would have to be true: 

jsteeljconcjFRCC Volχ0.01VolχVolχ +≤  (9-7) 

where χFRCC is the cost per unit volume of the FRCC, Volj is the volume of the joint core, 

and χconc and χsteel are the unit costs of conventional concrete and steel as used in Chapter 

5.  Rearranging, it can be stated that: 

conc

steel

conc

FRCC

χ

χ
01.01

χ

χ
+≤  (9-8) 

It was estimated in Chapter 5 that the ratio χsteel/χconc ranged from approximately 90 for 

low strength concrete to 45 for conventional high strength concrete.  Based on these 

values the maximum economically viable cost of FRCC would be approximately 1.9 

times the cost of conventional concrete.  However it is more realistic to assume that 

relatively high strength (40-50 MPa) concrete would be used in the joint core of the 

conventionally reinforced joint.  This assumption means that the cost premium for the 

FRCC would probably have to be less than 50% (i.e. χFRCC/χconc ≤ 1.5) for the FRCC joint 

to be materially cheaper.  It is not possible to state with certainty how much either PVA-

FRCC or RPC would cost, although indications are that the cost of PVA-FRCC would be 

approximately twice that of 40-50 MPa conventional concrete.  The cost of RPC is 

commercially sensitive, but by the author’s estimate the cost of RPC would be 

significantly higher again.  Thus neither material is likely to achieve material cost 

savings.  It is possible that cost savings could be made due to the ability to use a more 

convenient construction process, but making a generic estimation of such savings is not 

feasible. 

The more probable reason for using FRCC joints would be the simpler joint core detailing 

that can be achieved by eliminating the transverse reinforcement.  There is no question 

that the test units for Part 3 of this thesis were easier to construct than the conventionally 

detailed units constructed for Parts 1 and 2 of the thesis.  However, the size of the benefit 

is related to the joint shear stress that the joint is designed to resist, which can be 
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illustrated by considering the amounts of joint shear reinforcement shown in Figure 9-34.  

The two parts of Figure 9-34 show conventionally reinforced joints designed to resist 

forces equal to those acting on (a) units PVA-1, PVA-2, and PVA-3, and (b) PVA-4 and 

RPC-1 respectively.  The designs were completed by assuming that HR10 transverse 

reinforcement would be used, with the shape of the stirrup sets in both cases being the 

same as specified for the columns of the units.  The conventionally reinforced joints were 

assumed to be constructed using 50 MPa concrete.  It can be seen that the relatively low 

stress level imposed on units PVA-1 to PVA-3 would require only four stirrup sets within 

the joint core.  This amount of transverse reinforcement would fit in the joint core quite 

easily and would not be likely to cause significant construction difficulties, especially if 

the joint core was being constructed in a precast factory.  In contrast, the greater joint 

stress level imposed on units PVA-4 and RPC-1 would require seven stirrup sets within 

the joint core, which would result in quite severe reinforcement congestion. 

(a) PVA-1/PVA-2/PVA-3 (b) PVA-4 and RPC-1
 

Figure 9-34 Detailing required in conventionally reinforced joints equivalent to (a) units PVA-1, 
PVA-2, and PVA-3 and (b) PVA-4 and RPC-1 

The examples shown in Figure 9-34 are not necessarily representative of the 

reinforcement congestion that would occur in differently sized but similarly stressed 

joints.  However, without conducting an exhaustive assessment it seems reasonable to 

state that the use of FRCC would be most beneficial in highly stressed joints.  As it was 

previously stated that the maximum shear stress imposed on a PVA-FRCC should not 

exceed 4 MPa, the conclusion can be drawn that PVA-FRCC is less likely to be of 

practical use in joints than RPC, due to the inability of PVA-FRCC joints to withstand 

large joint shear stresses. 

A second aspect related to constructability that is worthy of consideration is the usability 

of the FRCCs.  In this respect PVA-FRCC is clearly a superior material to RPC.  The 

fibres found in PVA-FRCC are harmless and can be handled safely and comfortably 

without gloves or other protective clothing.  In contrast the fine steel fibres commonly 

used in RPC are unpleasant to work with.  Their sharpness results in numerous minor cuts 
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and pricks, but more seriously the fibres are fine and stiff enough to work themselves 

under the skin, resulting in splinters and reported entry of the fibres into the bloodstream.  

Aside from the properties of the fibres, PVA-FRCC is also a material more suited to in-

situ use on a construction site as would be required for the construction method proposed 

in Chapter 8.  While both PVA-FRCC and RPC are flowable materials and neither has 

problems filling relatively congested spaces, RPC is currently cast exclusively in purpose 

built precast factories equipped with high powered mixers and facilities to steam cure the 

RPC so that strength is maximised and shrinkage minimised.  It is however understood 

that efforts are being made to develop procedures for site casting RPC, which would 

make construction of the type discussed in this thesis possible. 

9.6 Conclusions 

This chapter has presented an analysis of the HPFRCC beam-column joint tests described 

in Chapter 8.  The aim of the chapter was to develop an understanding of the way that 

forces are transferred through HPFRCC joint cores, and to relate the forces acting on the 

joint core to the material strength and experimental performance of the joint core. 

Data was presented relating to the tensile properties of the PVA-FRCC and RPC used in 

the beam-column joint test units.  Attempts were made to obtain this data from direct 

tensile testing, but these attempts were unsuccessful.  Instead a method was developed to 

predict tensile stress and strain properties from data obtained during flexural testing of 

small FRCC beams.  The results of these analyses indicated that the tensile strength of the 

PVA-FRCC was approximately 5 MPa and the tensile strength of the RPC was 

approximately 11 MPa.  The strain capacity of the FRCCs was more variable, but in all 

cases exceeded 0.5%.  This strain capacity means that according to the definitions given 

in Chapter 7, both the PVA-FRCC and RPC would be classified as HPFRCCs. 

Analysis of the transfer of forces through the HPFRCC joint cores was undertaken using 

an adaptation of the strut-and-tie method.  By considering the forces acting on the faces 

of the joint core and the way that the forces introduced by the beam longitudinal 

reinforcement were anchored, strut-and-tie models were developed for each of the five 

joint cores tested.  These models indicated that anchorage of beam longitudinal 

reinforcement by 90° bends reduced the tensile demands placed on the joint core.  

Comparison of the strut-and-tie models with crack patterns observed during testing of the 

joint cores indicated that the models accurately predicted the alignment of forces within 

the joint core.  However, it was not possible to correlate the predicted tensile demands on 
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the joint cores with the tensile strength and observed performance of the joint cores, 

which prevented development of a rational design method for HPFRCC joint cores. 

A number of recommendations were made regarding the potential for use of HPFRCC 

joint cores in actual structures.  An empirical observation was made that satisfactory joint 

core performance always occurred if the principal tension stress (and hence, for the joints 

considered, the horizontal shear stress) imposed on a joint core was less than the tensile 

strength of the HPFRCC used in the joint core.  It was also noted that for a variety of 

anchorage conditions, acceptable performance was achieved if the anchorage length was 

at least 70% of the value specified by NZS 3101:2006 for conventional reinforced 

concrete.  Several practical comments were also made based on experience gained during 

the testing of HPFRCC joints.  These comments generally questioned the likelihood of 

HPFRCC beam-column joints becoming a practical, economic alternative to 

conventionally reinforcement joints.  The reasons for this negativity included the high 

cost of HPFRCCs in comparison to plain concrete, and the relatively small reduction of 

reinforcement congestion achieved by HPFRCC joints except in cases where very high 

stresses are applied to the joint. 
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Chapter 10  

CONCLUSIONS AND 
RECOMMENDATIONS FOR 
FURTHER RESEARCH 

10.1 Summary of Conclusions 

It is customary for a thesis to end with a summary of the key conclusions and 

recommendations made throughout the thesis.  The contents of this thesis were clearly 

and deliberately divided into three separate parts, which investigated respectively the 

anchorage of beam longitudinal reinforcement in beam-column joints, the use of 

inorganic polymer concrete in beam-column joints, and the use of high performance fibre 

reinforced cementitious composites (HPFRCCs) in beam-column joints.  The summarised 

conclusions are divided in the same manner in the following sections. 

10.1.1 Conclusions from Part 1 

Part 1 of this thesis was initially focussed on investigating the hypothesis suggested by 

other researchers that Grade 500E beam longitudinal reinforcement requires 

disproportionately greater anchorage lengths at interior beam-column joints than does 

Grade 300E reinforcement or the discontinued Grade 430E reinforcement.  A series of 

four interior beam-column joints were tested to investigate this hypothesis.  These test 

units contained Grade 500E beam longitudinal reinforcement and were designed so that 

their performance would have been limited by premature bond failure if the hypothesis 
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that disproportionately greater anchorage lengths were required by Grade 500E 

reinforcement was correct.  Test results showed that the performance of these four beam-

column joints was in fact satisfactory according to New Zealand criteria, indicating that 

anchorage of Grade 500E beam reinforcement in interior joint cores does not require 

special consideration. 

Based on the test results described above, it was decided to extend Part 1 of this thesis to 

include a full and critical re-examination of the design criteria used in New Zealand to 

ensure adequate anchorage of beam longitudinal reinforcement at interior beam-column 

joints.  Further impetus was given to this decision when a parametric comparison was 

made between five international design criteria intended to ensure adequate anchorage 

(ACI 318 2008; AIJ 1999; BS EN 1998-1 2004; NZS 3101 2006; Restrepo-Posada 1993).  

This comparison showed that there was little agreement between these design criteria 

regarding the three key relationships generally accepted to determine anchorage 

effectiveness, i.e. the relationships between dependable bond strength and concrete 

strength, column axial load and bond strength, and compression reinforcement stress and 

beam reinforcement asymmetry. 

The accuracy of the five existing anchorage design criteria was assessed by assembling a 

database of approximately 100 interior beam-column joint test results from the literature.  

These test results were processed and the performance of each beam-column joint was 

measured against criteria intended to define whether, and at what displacement level, 

premature bond or shear failure occurred during testing.  Each of the five different 

anchorage design criteria was used to calculate the required anchorage strength, the 

available anchorage strength, and the resulting demand to capacity (D/C) ratio for each 

beam-column joint test unit, and the ability of each design criteria to predict test 

performance was assessed by comparing the D/C ratio with the reported test performance 

of the beam-column joints.  From these comparisons it was concluded that none of the 

existing design criteria were able to adequately predict experimental performance.  It was 

also noted that there was no apparent need for the anchorage lengths of high strength 

reinforcement to be disproportionately longer than the anchorage lengths of low strength 

reinforcement in order for the same performance standard to be achieved. 

Using the assembled database of test results a parametric process was used to develop an 

improved anchorage design criterion that was able to predict experimental performance.  

While the form of the new criterion is broadly similar to the existing New Zealand 

criterion, there are differences between the details of the two criteria.  In common with 

the existing criterion, the new criterion is based upon the (revalidated) assumption that 
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reliable bond strength is related to the square root of concrete compressive strength, 

although the new criterion is based upon a lower value of the basic reliable bond strength 

than is the existing criterion.  However, the new criterion also allows for a more 

significant bond strength increase when the column framing into a joint carries significant 

axial loads.  The new design criterion does not require disproportionately long anchorages 

for high strength reinforcement.  It was shown that the new design criterion was able to 

predict the anchorage performance observed in beam-column joint tests with suitable 

conservatism. 

A suggestion was made for a relaxed anchorage design criterion equivalent to the existing 

criterion found in New Zealand standards for structures of limited ductility.  It was shown 

that basing anchorage design criteria on ductility demand was likely to result in 

performance being dependent on the reinforcement grade used in a structure.  Such 

dependency was considered undesirable as it is generally accepted that modern structural 

design procedures should be defined with the goal of so that structures have uniform 

performance and risk of failure, irrespective of the details of their construction.  It was 

therefore proposed that a better basis for relaxing anchorage design criteria would be the 

displacement demand expected to be imposed on a structure.  Working from this proposal 

a second anchorage design criterion was developed for use when a beam-column joint 

will experience only moderate displacement demands.  This second criterion has a similar 

form to the main criterion, but allows 13% shorter anchorage lengths than if a structure is 

subjected to full displacement demands. 

The final topic investigated in Part 1 of this thesis was whether there are valid arguments 

in favour of using Grade 300E beam longitudinal reinforcement instead of Grade 500E 

beam longitudinal reinforcement in moment resisting frames.  Aside from the disproved 

requirement for disproportionately longer anchorage lengths, arguments against the use of 

Grade 500E beam longitudinal reinforcement have been made on the grounds that, in 

comparison to Grade 300E reinforcement, its use: 

• Reduces the stiffness of moment resisting frames, leading to reduced ultimate limit 

state ductility and larger design forces. 

• Requires the use of an overstrength factor of 1.35 instead of 1.25 (NZS 3101 

2006). 

Consideration of the overstrength capacities of the approximately 100 beam-column 

joints assembled in the aforementioned database showed that the value of the beam 

flexural overstength factor should be 1.4, irrespective of the type of beam longitudinal 



Conclusions 

388 

reinforcement used.  Assessment of the yield displacements of the beam-column joints in 

the database reconfirmed that use of high strength reinforcement reduces the stiffness of 

moment reducing frames.  The effect of this reduced stiffness was assessed by conducting 

and presenting analyses quantifying the effect of using Grade 500E beam longitudinal 

reinforcement on the economics of moment resisting frames and the congestion of 

reinforcement within these frames.  Consideration of two different design scenarios 

showed that, despite the resultant stiffness reduction, use of Grade 500E beam 

longitudinal reinforcement is unlikely to increase reinforcement congestion, and may 

result in economic benefits due to the current high ratio of costs for steel and concrete. 

10.1.2 Conclusions from Part 2 

Part 2 of this thesis had the aim of investigating the suitability of inorganic polymer 

concrete in earthquake resistant structures.  Part 2 was a smaller piece of work than were 

either Parts 1 or 3 of this thesis, and hence fewer conclusions were reached for Part 2. 

Although not a novel conclusion, the review of literature that was conducted in order to 

gain an understanding of inorganic polymer concrete supported the argument that 

widespread adoption of inorganic polymer concrete could have a significant impact on 

the volume of carbon dioxide released into the atmosphere by humankind. 

Four interior beam-column joints were tested to assess the performance of inorganic 

polymer concrete structural elements subjected to earthquake induced forces.  Three of 

these joints were constructed from a proprietary inorganic polymer concrete developed by 

Siloxo Pty Ltd., while the fourth was a control unit with identical detailing to one of the 

inorganic polymer test units.  The beam-column joints were constructed at an Auckland 

precast concrete factory using conventional concrete production facilities, which proved 

capable of producing inorganic polymer concrete without any resultant problems.  It was 

thus concluded that introduction of inorganic polymer concrete for practical application 

could be achieved without significant changes being required at production facilities. 

Materials testing was conducted to assess the rate of strength development of inorganic 

polymer concrete, with the results of this testing showing that the strength of inorganic 

polymer concrete could be reliably predicted at the mix design stage, and that the rate of 

strength gain over the first 56 days was similar to that measured for the Portland cement 

concrete tested at the same time. 
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The four beam-column joints tested were designed using NZS 3101:2006 with the 

intention that performance would be limited by premature failures for some of the units.  

During testing the performance of the units matched the predictions made at the design 

stage, indicating that in earthquake resistant structures inorganic polymer concrete 

performs similarly to Portland cement concrete.  This conclusion was reinforced when the 

performances of the control unit and its inorganic polymer concrete twin were compared.  

In all aspects of performance this pair of beam-column joints were similar, indicating that 

inorganic polymer concrete could be substituted for Portland cement concrete without 

requiring alterations to design guidelines.  While being preliminary in nature due to the 

small scale of the experimental programme conducted and the use of only a single 

proprietary inorganic polymer concrete, this conclusion should make introduction of 

inorganic polymer concrete to the New Zealand construction market significantly simpler 

than would be the case if inorganic polymer concrete performed differently to Portland 

cement concrete. 

The limited extent of the test programme described in Part 2 of this thesis, specifically 

with regard to the small number of specimens tested and the use of only a single, 

proprietary, type of inorganic polymer concrete developed by Siloxo, means that 

conclusions regarding the performance of inorganic polymer concrete beam-column 

joints must be treated cautiously.  However, when the beam-column joints constructed 

from inorganic polymer concrete were subjected to reversed cyclic loading, their 

performance was similar to the performance that would have been expected if they had 

been constructed from Portland cement concrete.  Performance aspects considered and 

found to be similar for inorganic polymer concrete and Portland cement concrete beam-

column joints included yield drift and strength, overall hysteretic behaviour, joint core 

reinforcement anchorage, and joint core deformation.  It was therefore tentatively 

concluded that the design criteria of NZS 3101:2006 could be appropriately used to 

design inorganic polymer concrete beam-column joints. 

10.1.3 Conclusions from Part 3 

The aim of Part 3 of the thesis was to validate the ability of high performance fibre 

reinforced cementitious composites (HPFRCCs) to resist the forces imposed on beam-

column joint cores during severe reversed cyclic loading, and if this ability was validated, 

to develop design guidelines allowing such joints to be used in real structures.  HPFRCCs 

were defined as fibre reinforced cementitious composites that exhibit strain hardening 

behaviour beyond the occurrence of cracking, i.e. their ultimate strength is greater than 
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their cracking strength, and the strain corresponding to the development of ultimate 

strength is an order of magnitude or more greater than the cracking strain. 

A total of five beam-column joints with HPFRCC cores were tested.  The major variables 

covered by these tests were three types of beam longitudinal reinforcement anchorage 

detailing, two levels of design joint shear stress, and two types of HPFRCC for the 

construction of the joint core.  The two HPFRCCs that were used were differentiated 

primarily by the fibres they contained and by their strengths, with reactive powder 

concrete (RPC) containing steel fibres and having extremely high strength, while PVA-

FRCC contained polyvinyl alcohol (PVA) fibres and had moderately high strength.  The 

beam-column joints were constructed using a novel method proposed with the intention 

of simplifying construction of moment resisting frames and to take advantage of the 

absence of transverse reinforcement in HPFRCC joint cores.  The new construction 

method proved successful, and the HPFRCCs were found to be easy to work with. 

Test results showed that HPFRCC joint cores without any conventional transverse 

reinforcement performed acceptably when subjected to reversed cyclic loading provided 

that the applied forces were commensurate with the strength of the HPFRCC used in the 

joint core.  Two of the five joint cores did not fail during testing, two failed only after 

being subjected to very large displacements, and a single joint using the lower strength 

PVA-FRCC and subjected to large shear stresses failed soon after yielding of the beam 

longitudinal reinforcement first occurred. 

Attempts to rationally model the performance of HPFRCC joint cores were not 

successful.  Strut-and-tie models were proposed for each beam-column joint, and 

comparison with observed crack patterns indicated that these gave a broadly accurate 

indication of the alignment of forces within the joint cores.  However, the strut-and-tie 

derived tensile demands on the joint cores could not be accurately correlated with the 

tensile strength and observed performance of the joint core. 

Tentative design recommendations were made regarding the shear strength and anchorage 

abilities of HPFRCCs.  Based on empirical observation it was suggested that satisfactory 

joint core performance should be expected if the joint core principal tension stress was 

less than 75% of the tensile strength of the HPFRCC used in the joint core.  It was further 

recommended that, for consistency with other aspects of structural design, the first 

cracking strength of the HPFRCC (rather than the (higher) ultimate strength) should be 

used to calculate the reliable joint core strength.  These recommendations indicate that the 

maximum principal tension stresses applied to PVA-FRCC or RPC joint cores should be 
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approximately 4 MPa or 8 MPa respectively.  Consideration of the anchorage capability 

of HPFRCC indicated that acceptable performance should be expected as long as the 

anchorage length is at least 70% of the value calculated for conventional reinforced 

concrete according to New Zealand standards. 

After considering the practicalities of using HPFRCC beam-column joints in actual 

structures, it was concluded that such use is unlikely to be attractive to structural 

engineers.  This conclusion was based on the high cost of HPFRCCs in comparison to 

conventional concrete and on the relatively small reduction in reinforcement congestion 

achieved for most beam-column joints. 

10.2 Suggestions for further research 

No thesis can hope to answer all questions related to a particular topic.  The following 

three sections highlight some of the questions raised or left unanswered by this thesis.  

For convenience these questions have been divided along the same lines as the three parts 

of the thesis and the conclusions presented above. 

10.2.1 Issues related to bond in interior beam-column joint cores 

Based on the volume of past research conducted on the subject, the number of 

experimental results collected for use in this thesis, and the extensive revisions proposed 

herein, it is felt that the topic of bond in interior beam-column joints is, for practical 

purposes, largely a closed topic.  However there are a number of areas in which further 

work could be warranted. 

Computational studies investigating the effect of bond failure on overall structural 

performance should be undertaken.  It is felt that these studies may allow a relaxation of 

the criteria used to assess experimental beam-column joint performance. 

Despite the large number of beam-column joint tests considered in this thesis, little data 

was available concerning the performance of joints when the column supports large axial 

loads.  Additional information on this subject would allow refinement of the αp factor 

used to account for column axial load. 

The performance criterion proposed for structures requiring limited displacement capacity 

was based on the limited number of experimental beam-column joints in which bond 

failure occurred at appropriately small displacements.  Testing of further beam-column 
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joints in which bond failure was likely to occur at small displacement would improve 

understanding of anchorage in such joints.  However the practical significance of such 

work may be limited as the criterion proposed here should not unduly restrict designers. 

It was noted that use of reduced overstrength factors might be appropriate in structures 

intended to experience small displacement or ductility demands.  The adoption of this 

approach would require caution to ensure that the capacity design process was not 

compromised, but could lead to economies due to the reduced overstrength actions that 

would result.  Further research on this subject is recommended. 

10.2.2 Issues related to structural use of inorganic polymer concrete 

The research conducted for Part 2 of this thesis was limited in scope but indicated that 

inorganic polymer concrete beam-column joints could be designed using NZS 3101:2006 

without alterations to the design standard, which would be beneficial to the practical 

adoption of inorganic polymer concrete.  Before such a broad ranging conclusion can be 

definitively drawn, extensive further research should be undertaken regarding the 

structural use of inorganic polymer concrete, both in beam-column joints and in structural 

components.  It would be especially beneficial to conduct research on the use of 

prestressed inorganic polymer concrete.  Such research would allow use of inorganic 

polymer concrete in bridges and other infrastructure projects where the volumes of 

concrete used are large and the environmental benefits resulting from using inorganic 

polymer concrete would be significant. 

10.2.3 Issues related to FRCC beam-column joints 

Before any further research is conducted on the use of HPFRCC in beam-column joints, 

careful consideration should be given to the conclusion that HPFRCC joint cores seem 

unlikely to be an effective alternative to conventionally reinforced joint cores except in 

unusual cases.  Ignoring this comment, there are several areas in which further research 

would give increased confidence about the structural suitability of HPFRCC joint cores. 

Further beam-column joint tests would unavoidably have to be conducted in order to 

develop a rational design method for HPFRCC joints, which should not be surprising 

given the number of beam-column joint tests underpinning current design guidelines for 

conventionally reinforced joints.  It seems logical to recommend that the focus of any 

future HPFRCC beam-column joint tests should be on the use of RPC due to its high 

strength and resultant applicability to a wider range of structural designs.  The low shear 
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strength of PVA-FRCC beam-column joints indicated by the test results presented in this 

thesis suggest that such joints are unlikely to be beneficial in actual structures. 

Aside from the need to develop an enhanced understanding of the basic behaviour of 

HPFRCC joints, a number of other considerations may need investigation if such joints 

are to be accepted for use in real structures.  Two aspects worthy of investigation would 

be the ability of HPFRCC to adequately confine longitudinal reinforcement in heavily 

loaded columns, and the effect of fire on HPFRCCs.  This second concern was expressed 

by a practicing engineer, who raised the possibility of having to reinstate PVA-FRCC 

structural elements if these elements were subjected to temperatures high enough to melt 

the PVA fibres and thus compromise their strength. 

HPFRCCs offer a promising means of reducing required anchorage lengths, not only in 

beam-column joints, but also in other regions of structures.  A detailed investigation 

resulting in design guidelines for reinforcement anchorage in HPFRCCs would be 

broadly beneficial. 

Future investigations at the University of Auckland involving HPFRCCs would be 

greatly enhanced by the development of an effective direct tension test method, which 

would almost certainly require the provision of a stiff, closed-loop servo-controlled 

universal test machine in one of the structural engineering laboratories.  The usefulness of 

this type of test setup for a variety of research and commercial testing suggests that 

procuring such a setup should be a priority for the Department of Civil & Environmental 

Engineering. 
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Appendix A  

METHODS OF DATA  
COLLECTION AND  
REDUCTION 

A.1 Overview 

The purpose of this appendix is to provide greater detail about the methods used to record 

and analyse data during and after the beam-column joint testing described elsewhere in 

this thesis.  The appendix shows how instrumentation was arranged on the test units, and 

how this instrumentation differed between the three series of tests and between the 

individual units that comprised the third test series.  The readings from this 

instrumentation were used to analyse the performance of the test units, and this appendix 

contains details of the methods by which structural information was calculated from raw 

transducer readings.  Appendix A concludes by outlining a number of routine calculations 

used throughout the thesis to determine basic performance measures and predictions for 

the beam-column joints tested. 

A.2 Details of instrumentation 

The instrumentation used to measure forces, displacements, and deformations during the 

testing reported in this thesis has previously been summarised in sections 3.5.2, 6.4.4, and 

8.6.2.  To improve the flow of the document complete details of the instrumentation were 

not included in the body of the thesis.  This paucity of information is rectified in this 
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section, which more fully explains the types of instruments used and their layout.  Due to 

the fact that three series of tests were undertaken using two different test setups, the 

details of the instrumentation used varied over the course of the thesis.  The following 

sections first describe instrumentation features common to all three series of tests, after 

which the instrumentation used for each series of tests is described. 

A.2.1 Common features 

The instrumentation used for all three series of tests can be divided into three groups: 

• Load cells used to measure applied and reaction forces 

• Displacement transducers used to measure the gross displacement of points of 

force application 

• Transducers used to measure deformations of specific regions of the test unit. 

Section A.2 will focus primarily on the third group of instrumentation, since this is the 

area where significant details were previously omitted, and also the area in which the 

most post-processing of data was required to obtain meaningful structural information.  

The locations of the load cells used for each series of tests have been described 

previously, and these instruments will not be discussed or shown in illustrations 

throughout the remainder of section A.2. 

The most numerous instruments used during testing were portal gauge transducers.  These 

transducers measure displacements and were designed and manufactured at the 

University of Auckland.  The functional part of the transducer is a strain gauge, which is 

attached to a thin steel strip.  At its ends the steel strip is in turn connected to two legs, 

which are attached to the points between which it is desired to measure displacement.  As 

the distance between the attachment points changes, the thin metal strip bends, generating 

flexural strains that are measured by the strain gauge.  The range of displacements that 

can be measured is governed by the need to prevent plastic deformations from occurring 

in the metal strip, and therefore depends on the lengths of the legs.  The most common 

portal gauge transducers used during this research had a displacement range of ±25 mm, 

while a larger type had a displacement range of ±50 mm.  The portal gauge transducers 

are accurate to a resolution of less than 0.1 mm. 

During testing portal gauge transducers were used for three main purposes.  The 

predominant use was to measure the deformation between steel studs welded to the beam 

and column longitudinal reinforcement.  For this purpose the portal gauges were arranged 
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in a grid pattern, with the portal gauges spanning between the steel studs via a framework 

of 4 mm diameter steel rods.  The rods were connected to the welded studs via 8-way 

rosettes.  Where space permitted, gauge guides were connected to the rods on either side 

of the portal gauges.  These guides allowed the rods to move freely along their 

longitudinal axis, but stiffened them against movement along their perpendicular axes.  

Prior to attachment of any of the rosettes the distance between adjacent steel studs was 

recorded to provide a reference length with which portal gauge readings could be 

converted in average strains. 

Within the grid of portal gauges a repeating arrangement was used, with the repeating 

unit described here as a “gauge group”.  Figure A-1 shows the pattern of the five portal 

gauge transducers that made up each standard gauge group.  These standard gauge groups 

were mounted on the beams and columns of all test units, with the precise dimensions of 

the group depending on the location where they were used.  An effort was made to have 

the angle between the diagonal and orthogonal gauges close to 45°, except in the beam 

gauge groups adjacent to the joint core where the length of the gauge group was 

significantly shorter to allow more precise assessment of flexural deformations.  Using 

the methods outlined in section A.3 the gauges oriented parallel to the member 

longitudinal axis allowed calculation of flexural deformations, while the diagonal gauges 

allowed calculation of shear deformations.  The gauges perpendicular to the member 

longitudinal axis were not required for any specific measurement, but enabled verification 

of some of the assumptions that were the basis of the methods used to calculate shear and 

flexural deformations.  The joint side perpendicular gauge is shown in dashed lines, since 

this was considered to be part of the adjacent gauge group. In addition to the standard 

gauge group used on beams and columns, a group of portal gauges were used to measure 

deformations in the joint core region.  The arrangement of this group differed for each 

test series, and is therefore discussed in the following sections. 

Outside Joint side

Outside gauge

of next group

Gauge guide

Portal gauge

transducer

Rosette
(attached to

reinforcement)

Member longitudinal axis

 

Figure A-1 Arrangement of portal gauge transducers in standard gauge group 
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The second purpose for which portal gauge transducers were used was to record 

movements of the theoretically fixed reaction points.  If these movements due to support 

frame flexibility or slackness were not measured then the gross displacement readings 

taken at the points of force application would overestimate the relative displacement that 

occurred between different parts of the test unit.  The locations of portal gauge 

transducers installed for this purpose is described separately below for each test setup. 

The third purpose for which portal gauge transducers were used was to verify the 

accuracy of turn potentiometers during small displacement cycles.  Turn potentiometers 

were selected to measure the gross displacement of the points of force application due to 

their displacement range of over ±500 mm.  However, the resolution of turn 

potentiometers is of the order of 0.5 mm, which was potentially insufficient during cycles 

where the applied displacement was for example 10 mm.  During these cycles large portal 

gauge transducers were installed to measure the same displacement as the turn 

potentiometers, thus providing a means to ensure their accuracy.  Due to the limited 

displacement range of the large portal gauge transducers, these were always removed 

before displacements greater than 50 mm were imposed on the test units. 

A.2.2 Instrumentation used during testing of units 1B-4B 

The arrangement of instrumentation used during testing of units 1B-4B is shown in 

Figure A-2, and an enlarged view of the instrumentation used in the joint core region is 

shown in Figure A-3.  The arrangement of instrumentation was based on that used during 

previous testing of interior beam-column joints conducted at the University of Auckland 

(Amso 2005; Young 1998).  Note that to improve the clarity of Figure A-2 actuators and 

reaction frames are not shown but are instead replaced with symbolic representations of 

applied forces and reactions.  This method of clarification is also employed in the figures 

showing instrumentation schemes used during series two and three testing. 

The instrumentation used during testing of units 1B-4B can be summarised as follows: 

• Three full length gauge groups and one shorter gauge group on each beam 

• Two gauge groups on the column above the joint core and two gauge groups on the 

column below the joint core 

• A non-standard group of portal gauges in the joint core region described in more 

detail below 
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• Turn potentiometers placed to measure the gross displacement of the left and right 

beam tips, with a large portal gauge initially mounted in parallel to verify small 

displacement readings 

• Three isolated portal gauges used to measure horizontal and vertical movements at 

the column support points so that correction factors for the gross displacement 

measurements could be calculated according to the methods outlined in section 

A.4.1. 
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Figure A-2 Arrangement of instrumentation used during testing of units 1B-4B 

 

Figure A-3 Arrangement of instrumentation in the joint core region of units 1B-4B and L.IP, 
M.IP, M.PC, and H.IP 

For units 1B-4B the joint core gauge group consisted of eight portal gauges arranged as 

shown in Figure A-3.  To aid interpretation of the way that these gauges were mounted, 

the positions of beam and column reinforcing bars passing through the joint core are also 
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shown in Figure A-3.  The purpose of the two gauges placed diagonally across the joint 

core was to allow calculation of joint shear deformations during testing.  These diagonal 

gauges were attached to studs welded to the column longitudinal reinforcement located at 

the corners of the joint core.  The four portal gauges mounted parallel to the beam 

longitudinal reinforcement were used to measure movement (slip) of the reinforcement 

within the joint core.  At one end these gauges were connected to the corner studs that 

were welded to the column longitudinal reinforcement, while at the other end they were 

connected to studs welded to the beam longitudinal reinforcement.  The studs attached to 

the beam longitudinal reinforcement were placed at the centreline of the column when 

possible, or as close to the centreline as could be achieved when a column longitudinal 

reinforcing bar lay on the column centreline as shown in Figure A-3.  The portal gauges 

mounted parallel to the column longitudinal reinforcement were used to verify 

assumptions used during calculation of joint shear deformations as described in section 

A.3.3. 

It is noted that the use of studs attached to the outer column longitudinal reinforcing bars 

as the reference points used to determine reinforcement slip is not ideal since dilation of 

the column can result in the measured reinforcement slip being overestimated.  However, 

as noted in section A.3.5 the magnitude of this dilation was assessed during data 

reduction and found to be sufficiently small (approximately 1 mm) not to have a 

significant effect on the conclusions drawn from testing. 

A.2.3 Instrumentation used during testing of units L.IP, M.IP, M.PC, and 
H.PC 

The instrumentation used during testing of units L.IP, M.IP, M.PC, and H.IP was 

identical to that used during testing of units 1B-4B except that a reduced number of gauge 

groups were placed on the beams and column.  The arrangement of the instrumentation is 

shown in Figure A-4.  The number of gauge groups on each beam was reduced from four 

to three since experience had shown that very little deformation occurred beyond the third 

gauge group, while the number of gauge groups on the column was reduced from four to 

two due to the shorter column lengths of units L.IP, M.IP, M.PC, and H.IP.  The 

arrangement of instrumentation in the joint core, and the location of instruments for 

measurement of gross beam displacement and movement of the test unit within the 

support frames was identical to that described in section A.2.2. 
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A.2.4 Instrumentation used during testing of fibre reinforced beam-column 
joints 

The arrangement of instrumentation used during the testing of fibre reinforced precast 

beam-column joints described in Part 3 of this thesis was somewhat different to that used 

during the testing described in Parts 1 and 2 of the thesis.  Alterations to the 

instrumentation were required due to the new test setup used and due to the different 

reinforcement detailing used in the joint core region. 

The overall layout of the instrumentation used for PVA-1, PVA-2, PVA-3, PVA-4, and 

RPC-1 is shown in Figure A-5.  The grid arrangement of portal gauges used was similar 

to that described for units 1B-4B, with four standard gauge groups on each beam and four 

groups on the column.  It is worth noting that although the number of gauge groups used 

was greater than for units L.IP, M.IP, M.PC, and H.IP, the shallower depth of the beams 

required each gauge group to be smaller so the  proportion of the beams instrumented was 

similar.  A larger proportion of the column was instrumented in case unexpected 

deformations occurred in the vicinity of the column end plates. 
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Figure A-4 Arrangement of instrumentation used during testing of units L.IP, M.IP, M.PC, 
and H.IP 

Further instrumentation was required during testing of units PVA-1, PVA-2, PVA-3, 

PVA-4, and RPC-1 to measure gross displacements of the test unit and unwanted 

deformations that occurred due to the test setup.  Although used for a similar purpose, the 

arrangement of these instruments was completely different to the arrangement used for 

the previous series of tests because of the change to a different test setup.  The 
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displacement of the bottom end of the column was measured by a turn potentiometer 

connected between an independent support frame and a hook located on the bottom pivot 

pin’s axis of rotation.  Three sources of error were identified that could result in this 

measurement being unrepresentative of the relative displacement between the top and 

bottom pivots.  Two portal gauges were installed at the top and bottom ends of the 

column to record any slip that occurred in the bolted connection between the column end 

plate and the steel pivot plate.  A third portal gauge was installed to measure the 

horizontal deflection of the theoretically fixed pivot at the column top.  One end of this 

portal gauge was connected to the test frame on the top pivot pin’s axis of rotation, while 

the other end was connected to an independent frame that served as a fixed reference 

point. 
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Figure A-5 Arrangement of instrumentation used during testing of units PVA-1, PVA-2, PVA-
3, PVA-4, and RPC-1 

The arrangement of instrumentation in the joint core region was changed several times 

during the series of tests conducted on fibre reinforced joints.  Changes were made 

primarily due to the differences between the joint core reinforcement detailing of the 

units, but also due to changing understanding of the behaviour of fibre reinforced joint 

cores. 

Because of uncertainty about how fibre reinforced joint cores would perform, the joint 

core region of PVA-1 was more heavily instrumented than the joint cores of units that 

were part of previous series of tests.  The arrangement of the twelve portal gauges used in 
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the joint core region is shown in Figure A-6.  The arrangement and purpose of the two 

diagonal and six outer portal gauges was similar to the eight portal gauges used in the 

joint gauge group of earlier tests.  It is worth noting that because the beam longitudinal 

reinforcement was not continuous through the joint core, the horizontal pairs of gauges at 

the top and bottom of the joint core were only able to provide information about the 

performance of the reinforcement anchorages for the left beam.  To provide information 

about the reinforcement anchorages of the right beam two additional horizontal portal 

gauges were added to the gauge group.  These had one end connected to the intermediate 

column longitudinal reinforcing bar, and the other end connected to the right beam 

longitudinal reinforcement immediately after the 90° hook.  Mirror images of each of 

these gauges (with one end connected to the left beam longitudinal reinforcement) were 

also added to allow direct comparisons to be made about the performance of the left and 

right beam anchorages. 

 

Figure A-6 Arrangement of instrumentation in the joint region of PVA-1 

Further changes to the joint core instrumentation were made for the testing of PVA-2.  

The arrangement of portal gauges used is shown in Figure A-7.  Prior to testing of PVA-2 

it was anticipated that the unit’s performance would be governed by failure of the beam 

longitudinal reinforcement anchorages in the joint core, possibly leading to pullout of the 

discontinuous reinforcing bars.  It was therefore considered essential that slip of both 

beam’s longitudinal reinforcement could be measured.  This was achieved by welding 

four studs to the beam longitudinal reinforcement in the joint core, one each on the top 

and bottom longitudinal reinforcement of the left and right beams.  The detailing of the 

reinforcement (shown in Figure 8-6) meant that these studs had to be located 

approximately at the third points of the column depth.  Three portal gauges were mounted 

horizontally at the top of the joint, and a further three were mounted horizontally at the 

bottom of the joint.  For each set of three gauges, the outer two had one end connected to 

the outer column longitudinal reinforcing bar and the other end connected to the left or 

right beam longitudinal reinforcement respectively.  The third gauge, placed 

approximately at the centreline of the joint core, had one end connected to the left beam’s 
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longitudinal reinforcement, and one end connected to the right beam’s longitudinal 

reinforcement.  The arrangement and purpose of the diagonal and vertical portal gauges 

during testing of PVA-2 was similar to that used for previous beam-column joints. 

Figure A-8 shows the arrangement of joint core instrumentation used for PVA-3.  Figure 

A-8 consists of two parts.  The left part shows the arrangement of portal gauges used, 

while the right part shows the locations of strain gauges that were fixed to the beam 

longitudinal reinforcement of PVA-3 before the joint core concrete was placed.  The 

arrangement of portal gauges used was very similar to the arrangement used during 

testing of beam-column joints conducted for Parts 1 and 2 of this thesis.  However, due to 

the short lengths of the left and right beam longitudinal reinforcement anchorages in 

PVA-3, no practical location was available for mounting a stud on the beam longitudinal 

reinforcement in the joint core for slip measurement.  Therefore, the gauge group 

consisted of only six portal gauges, with the top and bottom horizontal gauges spanning 

directly between the outer column longitudinal reinforcing bars.  Gauges spanning 

between the vertical parts of the beam reinforcement hooks and the column longitudinal 

reinforcement similar to those installed on PVA-1 were not installed on PVA-3 since they 

had proven ineffective during the earlier test. 

 

Figure A-7 Arrangement of instrumentation in the joint region of PVA-2 

Due partially to the absence of portal gauges for measurement anchorage degradation, 

and partially to a requirement for more information about the distribution of stresses in 

the joint core region, six strain gauges were mounted on the beam longitudinal 

reinforcement of PVA-3.  Their locations can be seen in Figure A-8b.  All of the gauges 

were mounted on the longitudinal reinforcement of the left beam.  The gauges can be 

considered to be three pairs, with one of each pair on the top longitudinal reinforcement 

and one on the bottom longitudinal reinforcement.  One pair of strain gauges were 

mounted immediately after the beam longitudinal reinforcement passed behind the outer 

column longitudinal reinforcing bar, one pair were mounted immediately before the 90° 

bend in the reinforcement, and the final pair were mounted immediately after the 90° 



  Appendix A 

  425 

bend.  A very similar arrangement of strain gauges was used during testing of PVA-4 and 

RPC-1, although as can be seen in Figure A-9b the gauges were spaced further apart on 

these units due to the greater length of the beam longitudinal reinforcement anchorages. 

The arrangement of portal gauges used during testing of units PVA-4 and RPC-1 is 

shown in Figure A-9a.  This arrangement was identical to the arrangement used during 

the tests that were part of series one and two.  The studs connecting the top and bottom 

horizontal portal gauges to the beam longitudinal reinforcement were welded to the 

longitudinal reinforcement of the left beam.  No effort was made to measure movement of 

the right beam’s longitudinal reinforcement since previous tests gave confidence that 

grossly asymmetric behaviour was unlikely to occur in the joint core. 

(a) portal gauges (b) strain gauges  

Figure A-8 Arrangement of instrumentation in the joint region of PVA-3 

(a) portal gauges (b) strain gauges  

Figure A-9 Arrangement of instrumentation in the joint region of PVA-4 and RPC-1 

A.3 Methods used to calculate components of 
displacement 

The instrumentation described in the previous sections made it possible to calculate how 

different components contributed to the total displacement of a beam-column joint during 

testing.  The components that could be calculated were those due to shear and flexural 

deformations of the beams and columns, plus those due to shear deformation of the joint 
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core.  The purpose of this section is to outline the methods used to convert raw gauge 

readings in measures of deformation. 

Before proceeding to outline the calculation methods, it is worth stating that for all of the 

calculations described in this section it was assumed changes in angle were small.  This is 

a reasonable assumption since other sources of error such as reinforcement buckling 

affect the data more significantly at the late stages of testing where angle changes are 

likely to be large. 

A.3.1 Flexural displacement components 

Flexural deformations are estimated by calculating the angle of rotation between the 

outside and joint side of the gauge group shown in Figure A-1 and multiplying this angle 

by the distance from the centre of the gauge group to the point of zero moment 

(inflection) at the end of the beam or column on which the gauge group is mounted. 

Figure A-10 shows the displacements used to determine the rotation θ over the length of 

gauge group.  The “height”, h, of the gauge group is measured along the transverse axis 

of the member on which the gauge group is mounted.  The flexural rotation within the 

gauge group: 

h

δδ
θ bt −

=  (A-1) 

and the displacement at the end of the beam or column caused by this rotation is: 

θD∆ Flex =  (A-2) 

where D is the distance from the centre of the gauge group to the beam or column’s point 

of inflection.  The total flexural displacement of the beam or column is found by 

summing the displacements calculated for all gauge groups along the beam or column. 
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Figure A-10 Definitions used to determine rotation in a gauge group 

A.3.2 Beam and column shear displacement components 

To determine the magnitude of shear deformations that occurred in a gauge group it was 

assumed that the dimension of the gauge group parallel to the shearing force did not 

change, and therefore that the two shear displacements marked ∆Shear in Figure A-11 were 

equal.  For the purposes of this explanation it is assumed that δ2 is an extension (and 

hence a positive portal gauge reading) and that δ1 is a contraction (and the portal gauge 

reading is negative).  Due to the small geometry changes of gauge blocks during testing it 

is assumed that the angle Ω  remains constant, and is given by: 








= −

h

w
tanΩ 1  (A-3) 

where w and h are respectively the width and height of the gauge group.  From Figure 

A-11 it can be seen that: 

( )
Shear

1
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2
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δ

∆

δ
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−
==  (A-4) 

Rearranging equation A-4 and summing to provide an average value of ∆Shear gives: 

( )Ωcos2

δδ
∆ 12

Shear

−
=  (A-5) 

The total displacement due to shear at a beam or column point of inflection is simply the 

sum of the shear displacements of the gauge blocks on that beam or column. 
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Figure A-11 Definitions used to determine shear displacement in a gauge group 

A.3.3 Joint shear displacement components 

Shear deformation of a beam-column joint core results in displacements at the inflection 

points of both the beams and columns that frame into the joint core.  The relation of these 

displacements to the magnitude of the joint shear deformation can be easily understood if 

the total joint shear is initially fictitiously considered as vertical and horizontal 

components.  In Figure A-12a it can be seen that vertical joint shear deformation results 

in translation of the attached beam and rotation of the attached column.  In contrast 

Figure A-12b shows that the horizontal joint shear deformation results in rotation of the 

attached beam and translation of the attached column.  Importantly, it can be noted that 

for both the beam and the column the rotational and translational displacement 

components are subtractive. 

(b) horizontal shear(a) vertical shear  

Figure A-12 Effects of horizontal and vertical joint shear 

In order to calculation the translational and rotational components of the beam and 

column displacements due to joint shear deformation a more realistic indication of typical 

joint core deformation is shown in Figure A-13.  In this depiction it is assumed that the 

centroid of the joint core is a fixed point and that one of the joint diagonals elongates and 

amount δ2 while the other contracts an amount δ1.  Two approximations are made.  It is 
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assumed that the angles marked α in Figure A-13 are equal, and that the height, hjoint, and 

width, wjoint, of the joint gauge group do not change from their original values. 
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Figure A-13 Shear deformation of joint zone gauge group 

Based on the geometry in Figure A-13 the displacements ∆1 and ∆2 can be obtained using 

the following relationships: 
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where δ1 and δ2 are the readings from the diagonal gauges mounted on the joint core.  

Further, the angles of rotation of the vertical and horizontal joint faces γ1 and γ2 are equal 

to: 
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From these angles it is straightforward to determine the displacement of beam and 

column inflection points due to joint shear deformation.  Referring to Figure A-12 and 

recalling that the rotational and translational displacement components have opposite 

signs, the displacement of a beam inflection point due to joint shear deformation is equal 

to: 
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where lb is the total width of the beam-column joint subassembly and hc is the depth of 

the column cross section.  Similarly, the displacement of a column inflection point due to 

joint shear deformation is: 

2

h
γ

2

hh
γδ b

1
bunit

2column −






 −
=  (A-11) 

where hunit is the total height of the beam-column joint subassembly and hb is the total 

depth of the beam cross section. 

A.3.4 Determination of equivalent interstorey displacements 

In the preceding sections calculation methods were described for determining the overall 

beam and column inflection point displacements caused by shear and flexural 

deformations in the beams and columns and by joint shear deformations.  These methods 

were all described on the basis that the beam-column joint subassembly was fixed at the 

centroid of the joint (against both rotation and translation) and that all beam and column 

inflection points were free to displace.  This is obviously not the case for practical test 

setups in which at least half of the beam and column inflection points will be fixed in 

position (see for example Figure 3-11 showing the original test setup used in this research 

in which the two column inflection points are fixed against displacement, or Figure 8-19 

showing the improved test setup developed in which both beam inflection points and the 

upper column inflection point are fixed against displacement).  Further, comparison of 

experimental performance to the behaviour of real structures is most effectively 

accomplished by assuming that the beam inflection points do not displacement vertically, 

leading to the conclusion that all deformations of a frame in fact contribute to displacing 

the column inflection points – i.e. to the total interstorey displacement or drift. 

Figure A-14 shows that if inflection point displacements are first calculated assuming 

fixity at the joint core centroid and then a rigid body rotation is applied so that the net 

vertical displacement of the beam inflection points is zero, the total displacement of the 

column inflection points will be greater than was first calculated.  It can be shown simply 

that the total interstorey displacement, ∆IS, is equal to: 

b

unit
BEAMCOLUMNIS

l

h
∆∆∆ +=  (A-12) 

where ∆COLUMN is the sum of the column inflection point displacement resulting from 

column shear, column flexure, and joint shear deformation, and ∆BEAM is the sum of beam 
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inflection point displacement resulting from beam shear, beam flexure, and joint shear 

deformation. 

(a) beam and column displacements

assuming fixity at joint core centroid

(b) effective interstorey displacement

resulting from equal deformations

 

Figure A-14 Displacements resulting from identical deformations depending on points of fixity 

A.3.5 Measuring longitudinal reinforcement slip in the joint region 

During the beam-column joint tests described in this thesis it was normally required to 

measure slip of the beam longitudinal reinforcement within the joint core.  This section 

outlines the procedure used to achieve this. 

Beam reinforcement slip was generally measured by four portal gauge transducers 

installed for this purpose.  These are the top and bottom pairs of horizontal gauges in, for 

example, Figure A-3.  At the outer edge of the joint region these four gauges were 

attached to studs welded to the column longitudinal reinforcement, which was assumed to 

be a fixed reference point.  The other ends of the gauges (near the centreline of the 

column) were attached to longer studs that were welded to the beam longitudinal 

reinforcement.  Movement of this central stud relative to the column longitudinal 

reinforcement would indicate that the beam reinforcement was slipping within the joint 

core.  If the assumption that the distance between the column longitudinal bars at either 

side of the joint was correct then the readings of the left and right gauges on the top beam 

bar (δ1 and δ2 in Figure A-15) would be equal.  In reality, the best result was obtained by 

averaging the two readings.  Hence the slip of the top beam reinforcement was: 

2

δδ
S 21

t

−
=  (A-13) 

and similarly the slip of the bottom beam bar was: 

2

δδ
S 43

b

−
=  (A-14) 
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The subtractions in the above equations account of the fact that one gauge of each pair 

was expanding (positive reading) and one was contracting (negative reading) while 

measuring the same movement. 

δ3=δ4

δ1=δ2

original position of

gauge attachment

 

Figure A-15 Measurement of reinforcement movement in the joint region 

During data analysis it was simple to test the validity that the column longitudinal bars 

were fixed points of reference.  This was achieved by summing the readings of the pair of 

gauges measuring slip of a beam reinforcing bar (i.e. δ1 + δ2 or δ3 + δ4).  If the assumption 

was correct these sums would always equal zero.  This generally proved to be 

approximately correct providing that the shear deformation of the joint core was small.  

During tests where shear failure of the joint core occurred the width of the column at the 

top and bottom of the joint core generally expanded, and interpretation of the magnitude 

of beam reinforcement slip became impossible. 

A.4 Calculating correction factors for gross 
displacement readings 

During testing using both the original and newly developed test setups, the total 

deformation imposed on the test setup was measured.  This was achieved by measuring 

the displacement of the beam tips or the column base respectively.  If the test setups used 

were perfectly rigid, these gross displacement readings would represent the overall 

deformation of the test unit.  However, there is a degree of flexibility in all real test setups 

that results in additional, non-structural deformations occurring during testing.  These 

non-structural deformations result in the gross displacement readings over-estimating the 

overall deformation of the test unit relative to a fixed reference point.  To account for the 

test setup imperfections and obtain an accurate assessment of the overall deformation of 

the test unit, correction factors are calculated using data from instrumentation installed to 

measure the non-structural deformations.  Because the sources of non-structural 

deformations differed between the two test setups used, the procedures used to calculate 
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correction factors also differed.  The methods used to correct the gross displacement 

readings are described in the following sections. 

A.4.1 Correction factors for original test setup 

The source of non-structural deformations in the test setup used for Parts 1 and 2 of this 

thesis were largely a result of the test unit moving within the support frames due to 

imperfect fit.  These rigid body movements are most easily accounted for by separation 

into two components.  As shown in Figure A-16 these are lateral translation of the test 

unit along the axis of the column, and rigid body rotation of the test unit.  It was not 

necessary to consider lateral translation of the test unit parallel to the beams since the turn 

potentiometers measuring the gross displacement of the beam tips were installed parallel 

to the column and hence were not affected by small horizontal movements. 

A.4.1.1 Translation correction factor 

Translation of the unit parallel to the column was measured by a single portal gauge 

transducer connected to the base of the column.  This was installed so that the gauge gave 

a positive reading if the column moved upwards. 

To correct the readings of beam end deflections, this reading was applied as follows:  

cbvleftt, δC =  (A-15) 

cbvrightt, δC −=  (A-16) 

where Ct,left and Ct,right were the correction factors applied to the turn potentiometer 

reading for the left or right hand beam, and δcbv was the change in length of the portal 

gauge at the base of the column. 

b) rigid body rotationa) vertical translation

δcbv

δcth

δcbh

Ctr Cro

 

Figure A-16 Correction factors for overall movement of test unit 
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A.4.1.2 Rotation correction factor 

Two portal gauges were installed to measure the rotation of the unit within the column 

restraints.  These were mounted parallel to the beam at the top and bottom of the column 

as shown in Figure A-2.  The gauges were installed so that a positive gauge reading (an 

extension of the gauge length) resulted from a positive (anti-clockwise) rotation of the 

beam-column joint. 

The correction factor required was calculated from these readings as follows: 

( )
unit

b
cbhcthro

h2

l
δδC +=  (A-17) 

where δcth and δcbh were the readings from the gauges mounted at the top and bottom of 

the column respectively. 

A.4.2 Correction factors for improved test setup 

The gross displacement of the beam-column joints tested using the improved test setup 

was measured from the lower pivot where the actuator applied a horizontal force to the 

test unit.  Since the pivot at the top of the column was considered to be fixed horizontally, 

the displacement of the bottom pivot was approximately equal to the interstorey 

displacement.  For this approximation to be correct however, three sources of error had to 

be accounted for: slip displacements in the bolted connections that linked the top and 

bottom pivot plates to the test specimen, and elastic deformation of the steel A-frame that 

supported the top pivot.  Three portal gauge transducers were installed to record the 

magnitude of these displacements, and can be seen in Figure A-5.  The actual interstorey 

displacement could then be calculated as the bottom pivot turn potentiometer reading 

minus the readings of the readings from the three error gauges. 

A.5 Calculations related to test unit response 

Throughout this thesis repeated reference is made to the nominal strength and predicted 

strength of the beam-column joint test units.  In addition less frequent reference was made 

to the nominal yield displacement of test units.  All of these values were calculated using 

very simple methods but using quite specific definitions.  The purpose of this section is to 

outline the definitions of these terms. 
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A.5.1 Calculation of nominal strength 

The nominal strengths of the test units in this thesis were calculated based on specified 

material properties (lower characteristic reinforcement yield strength and 28 day concrete 

compressive strength.  When determining the nominal moment capacity of a beam the 

strength enhancement gained from compression reinforcement was ignored since it was 

felt that this simplified calculation most closely reflected the methods used everyday in 

design offices.  Flexural compression forces were assumed to be resisted by a Whitney 

stress block using parameters as described in NZS 3101:2006. 

A.5.2 Calculation of predicted strength 

While the nominal strength calculated using the method described in the previous section 

is useful for comparing the behaviour of structural elements with the behaviour suggested 

by routine design calculations, it does not provide a good means for predicting the actual 

strength of a test unit due to the differences between actual and specified material 

properties.  To rectify this deficiency, the predicted strength of each test unit was also 

calculated.  This calculation was undertaken using material properties measured at the 

time of testing, and the effect of compression reinforcement on the moment capacity of 

the beams was included in the calculation.  In common with the previous calculation, 

concrete compression stresses were approximated using a Whitney stress block as 

described in NZS 3101:2006. 

A.5.3 Calculation of yield drift from experimental data 

Despite the fact that the load histories used during the testing described in this thesis 

consisted of load cycles defined by levels of interstorey drift, it was considered useful to 

report yield displacements for each test unit.  The values reported were calculated using 

the procedure recommended by Park (1989), that is by determining the secant stiffness of 

the test unit when the force applied was equal to 75% of the predicted strength and using 

this stiffness to calculate the displacement expected when the predicted strength of the 

unit was reached.  Mathematically, this can be expressed by the following equation, with 

symbols as defined in Figure A-17. 

( )
2

θθ

3

4
θ 75%75%

y

−+ +
=  (A-18) 
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Figure A-17 Illustration of procedure used to calculate yield drift, using unit 3B from Part 1 as 
an example 
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Appendix B  

DATABASE OF BEAM-COLUMN 
JOINT TEST RESULTS 

B.1 Overview 

This appendix contains summaries of the calculations performed to determine the 

expected shear and bond performance of the 93 beam-column joints included in the 

database used in Chapters 4 and 5.  Information is provided about the reported 

dimensions, detailing, and material properties of each unit.  In addition, key data 

determined by inspection or calculation for this study is given.  This data includes the 

predicted and measured yield drifts and peak storey shears, the calculated failure drift, 

maximum beam reinforcement stress, quantity of joint shear reinforcement provided 

relative to the amount required according to NZS 3101, and the ratios of required to 

provided bond strengths according to the design criteria considered in Chapter 4.  Details 

of the methods used to obtain this data can be found in Chapters 4 and 5. 

B.2 Beam-column joint test results 

The following sections each relate to the beam-column joints tested by a single 

researcher, or at the same institution.  Tables are presented providing information about 

each beam-column joint considered in this research.  In some cases it may be observed 

that some beam-column joints in a series have been disregarded.  In these cases the 

design of the beam-column joint or its performance made it irrelevant to this study. 
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B.2.1 Joints tested by Amso (2005) 

Table B-1  Summary of data relating to Unit Amso 1 

Overall  unit width, lb 4456 mm  Depth Width 

Overall unit height , hunit 3240 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 29.3 MPa column 520 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 104 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 116 kN  Top bar Bottom bar 

Experimental, θy experimental  1.23% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.26% Total area, As 603 mm2 603 mm2 

Failure type Bond Yield stress, fy 564 MPa 564 MPa 

Maximum drift without bond failure 2.0% Ultimate stress, fu 695 MPa 695 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 621 MPa 621 MPa 

Calculated bond failure drift 2.0% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 159% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 110% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.96 1.56 1.66 1.41 0.62 1.16 

Bottom bar 0.96 1.56 1.66 1.41 0.62 1.16 

Table B-2  Summary of data relating to Unit Amso 2 

Overall  unit width, lb 4456 mm  Depth Width 

Overall unit height , hunit 3240 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 40.4 MPa column 520 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 201 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 230 kN  Top bar Bottom bar 

Experimental, θy experimental  1.21% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.30% Total area, As 1206 mm2 1206 mm2 

Failure type Bond Yield stress, fy 584 MPa 584 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 711 MPa 711 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 648 MPa 648 MPa 

Calculated bond failure drift 4.4% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 106% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 138% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.85 1.31 1.40 1.20 0.62 1.02 

Bottom bar 0.85 1.31 1.40 1.20 0.62 1.02 
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Table B-3  Summary of data relating to Unit Amso 3 

Overall  unit width, lb 4456 mm  Depth Width 

Overall unit height , hunit 3240 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 40.9 MPa column 520 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 110 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 113 kN  Top bar Bottom bar 

Experimental, θy experimental  0.70% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.30% Total area, As 603 mm2 603 mm2 

Failure type Bond Yield stress, fy 585 MPa 585 MPa 

Maximum drift without bond failure 3.0% Ultimate stress, fu 708 MPa 708 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 605 MPa 605 MPa 

Calculated bond failure drift 3.0% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 159% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 110% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.81 1.26 1.34 1.15 0.62 0.98 

Bottom bar 0.81 1.26 1.34 1.15 0.62 0.98 

Table B-4  Summary of data relating to Unit Amso 4 

Overall  unit width, lb 4456 mm  Depth Width 

Overall unit height , hunit 3240 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 53 MPa column 520 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 172 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 178 kN  Top bar Bottom bar 

Experimental, θy experimental  1.12% Diameter, db 20 mm 20 mm 
Yield drift 

Predicted, θy predicted  1.33% Total area, As 942 mm2 942 mm2 

Failure type Bond Yield stress, fy 595 MPa 595 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 712 MPa 712 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 617 MPa 617 MPa 

Calculated bond failure drift 4.0% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 136% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 105% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.90 1.34 1.43 1.23 0.77 1.09 

Bottom bar 0.90 1.34 1.43 1.23 0.77 1.09 
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B.2.2 Joints tested by Beckingsale (1980) 

Table B-5  Summary of data relating to Unit Beckingsale B11 

Overall  unit width, lb 4876 mm  Depth Width 

Overall unit height , hunit 3354 mm beam 610 mm 356 mm 

Concrete compressive strength, f'c 35.9 MPa column 457 mm 457 mm 

Column axial load ratio, N*/Agf'c 0.04 slab - - 

Predicted yield 178 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 209 kN  Top bar Bottom bar 

Experimental, θy experimental  0.62% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.59% Total area, As 2280 mm2 1140 mm2 

Failure type None Yield stress, fy 298 MPa 298 MPa 

Maximum drift without bond failure 3.7% Ultimate stress, fu 461 MPa 461 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 357 MPa 380 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 168% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 103% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.65 0.72 0.82 0.69 0.83 0.64 

Bottom bar 0.79 1.00 1.09 1.03 0.83 0.94 

Table B-6  Summary of data relating to Unit Beckingsale B12 

Overall  unit width, lb 4876 mm  Depth Width 

Overall unit height , hunit 3354 mm beam 610 mm 356 mm 

Concrete compressive strength, f'c 34.6 MPa column 457 mm 457 mm 

Column axial load ratio, N*/Agf'c 0.04 slab - - 

Predicted yield 178 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 211 kN  Top bar Bottom bar 

Experimental, θy experimental  0.62% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.59% Total area, As 1710 mm2 1710 mm2 

Failure type None Yield stress, fy 298 MPa 298 MPa 

Maximum drift without bond failure 3.7% Ultimate stress, fu 461 MPa 461 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 373 MPa 373 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 215% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 132% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.68 1.02 1.11 0.94 0.83 0.82 

Bottom bar 0.68 1.02 1.11 0.94 0.83 0.82 
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Table B-7  Summary of data relating to Unit Beckingsale B13 

Overall  unit width, lb 4876 mm  Depth Width 

Overall unit height , hunit 3354 mm beam 610 mm 356 mm 

Concrete compressive strength, f'c 31.4 MPa column 457 mm 457 mm 

Column axial load ratio, N*/Agf'c 0.26 slab - - 

Predicted yield 177 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 216 kN  Top bar Bottom bar 

Experimental, θy experimental  0.41% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.59% Total area, As 1710 mm2 1710 mm2 

Failure type None Yield stress, fy 298 MPa 298 MPa 

Maximum drift without bond failure 3.3% Ultimate stress, fu 461 MPa 461 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 381 MPa 381 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 184% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 179% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.67 0.91 1.02 0.85 0.83 0.73 

Bottom bar 0.67 0.91 1.02 0.85 0.83 0.73 
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B.2.3 Joints tested by Brooke (see Chapters 3 and 6) 

Table B-8  Summary of data relating to Unit 1B 

Overall  unit width, lb 4892 mm  Depth Width 

Overall unit height , hunit 3232 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 31.2 MPa column 800 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 232 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 292 kN  Top bar Bottom bar 

Experimental, θy experimental  1.17% Diameter, db 25 mm 25 mm 
Yield drift 

Predicted, θy predicted  1.35% Total area, As 1473 mm2 1473 mm2 

Failure type None Yield stress, fy 552 MPa 552 MPa 

Maximum drift without bond failure 5.0% Ultimate stress, fu 682 MPa 682 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 630 MPa 630 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 126% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 200% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.94 1.51 1.62 1.38 0.63 1.14 

Bottom bar 0.94 1.51 1.62 1.38 0.63 1.14 

Table B-9  Summary of data relating to Unit 2B 

Overall  unit width, lb 4905 mm  Depth Width 

Overall unit height , hunit 3219 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 40.6 MPa column 800 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 244 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 292 kN  Top bar Bottom bar 

Experimental, θy experimental  1.05% Diameter, db 25 mm 25 mm 
Yield drift 

Predicted, θy predicted  1.35% Total area, As 1473 mm2 1473 mm2 

Failure type None Yield stress, fy 552 MPa 552 MPa 

Maximum drift without bond failure 5.0% Ultimate stress, fu 682 MPa 682 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 628 MPa 628 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 129% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 246% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.82 1.26 1.35 1.16 0.63 1.00 

Bottom bar 0.82 1.26 1.35 1.16 0.63 1.00 



  Appendix B 

  443 

Table B-10  Summary of data relating to Unit 3B 

Overall  unit width, lb 4877 mm  Depth Width 

Overall unit height , hunit 3304 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 44.8 MPa column 675 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 230 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 269 kN  Top bar Bottom bar 

Experimental, θy experimental  1.20% Diameter, db 25 mm 25 mm 
Yield drift 

Predicted, θy predicted  1.32% Total area, As 1473 mm2 1473 mm2 

Failure type Bond Yield stress, fy 543 MPa 543 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 670 MPa 670 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 612 MPa 612 MPa 

Calculated bond failure drift 4.4% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 129% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 155% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.91 1.37 1.47 1.26 0.74 1.10 

Bottom bar 0.91 1.37 1.47 1.26 0.74 1.10 

Table B-11  Summary of data relating to Unit 4B 

Overall  unit width, lb 4892 mm  Depth Width 

Overall unit height , hunit 3220 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 42.8 MPa column 675 mm 360 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 235 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 278 kN  Top bar Bottom bar 

Experimental, θy experimental  1.08% Diameter, db 25 mm 25 mm 
Yield drift 

Predicted, θy predicted  1.33% Total area, As 1473 mm2 1473 mm2 

Failure type Bond Yield stress, fy 543 MPa 543 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 670 MPa 670 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 617 MPa 617 MPa 

Calculated bond failure drift 4.4% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 124% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 149% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.93 1.42 1.52 1.31 0.74 1.13 

Bottom bar 0.93 1.42 1.52 1.31 0.74 1.13 
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Table B-12  Summary of data relating to Unit M.PC 

Overall  unit width, lb 4892 mm  Depth Width 

Overall unit height , hunit 2436 mm beam 550 mm 220 mm 

Concrete compressive strength, f'c 38 MPa column 600 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 229 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 248 kN  Top bar Bottom bar 

Experimental, θy experimental  1.19% Diameter, db 25 mm 25 mm 
Yield drift 

Predicted, θy predicted  1.23% Total area, As 982 mm2 982 mm2 

Failure type Bond Yield stress, fy 552 MPa 552 MPa 

Maximum drift without bond failure 3.0% Ultimate stress, fu 680 MPa 680 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 600 MPa 656 MPa 

Calculated bond failure drift 3.0% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 101% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 106% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.10 1.72 1.84 1.58 0.83 1.33 

Bottom bar 1.17 1.80 1.93 1.65 0.83 1.41 
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B.2.4 Joints tested at Central Laboratories (Lawrance et al. 1991; Lawrance 
and Stevenson 1993; Stevenson and Beattie 1988; Stevenson and 
Beattie 1989) 

Table B-13  Summary of data relating to Unit Lawrance 1991 

Overall  unit width, lb 4258 mm  Depth Width 

Overall unit height , hunit 3658 mm beam 500 mm 250 mm 

Concrete compressive strength, f'c 28.9 MPa column 500 mm 500 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 83 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 88 kN  Top bar Bottom bar 

Experimental, θy experimental  0.75% Diameter, db 20 mm 20 mm 
Yield drift 

Predicted, θy predicted  0.72% Total area, As 942 mm2 942 mm2 

Failure type Bond Yield stress, fy 336 MPa 336 MPa 

Maximum drift without bond failure 3.0% Ultimate stress, fu 484 MPa 484 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 376 MPa 376 MPa 

Calculated bond failure drift 3.0% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 141% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 118% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.89 1.23 1.31 1.27 0.80 1.07 

Bottom bar 0.89 1.23 1.31 1.27 0.80 1.07 
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Table B-14  Summary of data relating to Unit Lawrance 1993 

Overall  unit width, lb 4258 mm  Depth Width 

Overall unit height , hunit 3658 mm beam 460 mm 230 mm 

Concrete compressive strength, f'c 83.3 MPa column 450 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 105 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 115 kN  Top bar Bottom bar 

Experimental, θy experimental  1.17% Diameter, db 28 mm 20 mm 
Yield drift 

Predicted, θy predicted  1.09% Total area, As 1232 mm2 628 mm2 

Failure type Bond Yield stress, fy 479 MPa 466 MPa 

Maximum drift without bond failure 7.0% Ultimate stress, fu 640 MPa 618 MPa 

Number of cycles at max. drift without bond failure 1 Peak stress, fmax 565 MPa 570 MPa 

Calculated bond failure drift 6.7% Ratio β 2.01 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 83% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 94% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.20 1.02 1.15 1.08 1.24 1.17 

Bottom bar 0.99 0.97 1.05 1.11 0.89 1.19 

Table B-15  Summary of data relating to Unit Stevenson 1988 

Overall  unit width, lb 4258 mm  Depth Width 

Overall unit height , hunit 3658 mm beam 900 mm 430 mm 

Concrete compressive strength, f'c 39.6 MPa column 1000 mm 500 mm 

Column axial load ratio, N*/Agf'c 0.04 slab - - 

Predicted yield 543 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 586 kN  Top bar Bottom bar 

Experimental, θy experimental  0.27% Diameter, db 28 mm 32 mm 
Yield drift 

Predicted, θy predicted  0.37% Total area, As 3041 mm2 3028 mm2 

Failure type None Yield stress, fy 315 MPa 315 MPa 

Maximum drift without bond failure 2.4% Ultimate stress, fu 468 MPa 478 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 360 MPa 353 MPa 

Calculated bond failure drift N/A Ratio β 1.01 0.99 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 114% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 287% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.50 0.63 0.68 0.65 0.56 0.61 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-16  Summary of data relating to Unit Stevenson 1989 

Overall  unit width, lb 4258 mm  Depth Width 

Overall unit height , hunit 3658 mm beam 750 mm 650 mm 

Concrete compressive strength, f'c 47.5 MPa column 900 mm 650 mm 

Column axial load ratio, N*/Agf'c 0.01 slab - - 

Predicted yield 600 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 686 kN  Top bar Bottom bar 

Experimental, θy experimental  0.41% Diameter, db 28 mm 28 mm 
Yield drift 

Predicted, θy predicted  0.43% Total area, As 4436 mm2 4436 mm2 

Failure type None Yield stress, fy 303 MPa 303 MPa 

Maximum drift without bond failure 3.3% Ultimate stress, fu 457 MPa 457 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 377 MPa 377 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 127% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 478% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.52 0.64 0.69 0.67 0.62 0.63 

Bottom bar 0.44 0.64 0.69 0.59 0.62 0.53 
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B.2.5 Joint tested by Cheung (1991) 

Table B-17  Summary of data relating to Unit Cheung 1D-1 slab 

Overall  unit width, lb 4055 mm  Depth Width 

Overall unit height , hunit 3500 mm beam 550 mm 400 mm 

Concrete compressive strength, f'c 38 MPa column 600 mm 550 mm 

Column axial load ratio, N*/Agf'c 0.00 slab 100 mm 3295 mm 

Predicted yield 197 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 272 kN  Top bar Bottom bar 

Experimental, θy experimental  0.45% Diameter, db 24 mm 24 mm 
Yield drift 

Predicted, θy predicted  0.52% Total area, As 2476 mm2 1571 mm2 

Failure type None Yield stress, fy 283 MPa 283 MPa 

Maximum drift without bond failure 4.5% Ultimate stress, fu 482 MPa 482 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 358 MPa 443 MPa 

Calculated bond failure drift N/A Ratio β 1.58 0.55 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 131% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 117% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.70 0.71 0.80 0.76 0.80 0.74 

Bottom bar 0.92 1.02 1.12 1.18 0.80 1.11 
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B.2.6 Joints tested by Dai (Park and Dai 1988) 

Table B-18  Summary of data relating to Unit Dai U1 

Overall  unit width, lb 4238 mm  Depth Width 

Overall unit height , hunit 2473 mm beam 457 mm 229 mm 

Concrete compressive strength, f'c 45.9 MPa column 406 mm 305 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 73 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 80 kN  Top bar Bottom bar 

Experimental, θy experimental  0.61% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.68% Total area, As 1005 mm2 402 mm2 

Failure type None Yield stress, fy 294 MPa 294 MPa 

Maximum drift without bond failure 4.3% Ultimate stress, fu 434 MPa 434 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 349 MPa 370 MPa 

Calculated bond failure drift N/A Ratio β 2.50 0.40 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 114% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 77% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.53 0.55 0.63 0.53 0.79 0.50 

Bottom bar 0.64 0.82 0.89 0.84 0.79 0.77 

Table B-19  Summary of data relating to Unit Dai U2 

Overall  unit width, lb 4238 mm  Depth Width 

Overall unit height , hunit 2473 mm beam 457 mm 229 mm 

Concrete compressive strength, f'c 36 MPa column 406 mm 305 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 100 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 112 kN  Top bar Bottom bar 

Experimental, θy experimental  0.79% Diameter, db 28 mm 20 mm 
Yield drift 

Predicted, θy predicted  0.71% Total area, As 1232 mm2 628 mm2 

Failure type Bond Yield stress, fy 314 MPa 300 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 482 MPa 447 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 365 MPa 367 MPa 

Calculated bond failure drift 4.4% Ratio β 2.05 0.49 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 116% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 94% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.11 1.28 1.44 1.22 1.38 1.09 

Bottom bar 0.91 1.22 1.31 1.24 0.99 1.10 



Appendices 

450 

Table B-20  Summary of data relating to Unit Dai U3 

Overall  unit width, lb 4238 mm  Depth Width 

Overall unit height , hunit 2473 mm beam 457 mm 229 mm 

Concrete compressive strength, f'c 36.2 MPa column 406 mm 305 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 72 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 79 kN  Top bar Bottom bar 

Experimental, θy experimental  0.53% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.68% Total area, As 1005 mm2 402 mm2 

Failure type None Yield stress, fy 294 MPa 294 MPa 

Maximum drift without bond failure 3.7% Ultimate stress, fu 434 MPa 434 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 344 MPa 367 MPa 

Calculated bond failure drift N/A Ratio β 2.50 0.40 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 56% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 46% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.60 0.64 0.73 0.62 0.79 0.56 

Bottom bar 0.72 0.96 1.03 0.98 0.79 0.87 

Table B-21  Summary of data relating to Unit Dai U4 

Overall  unit width, lb 4238 mm  Depth Width 

Overall unit height , hunit 2473 mm beam 457 mm 229 mm 

Concrete compressive strength, f'c 40.1 MPa column 406 mm 305 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 100 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 107 kN  Top bar Bottom bar 

Experimental, θy experimental  0.73% Diameter, db 28 mm 20 mm 
Yield drift 

Predicted, θy predicted  0.71% Total area, As 1232 mm2 628 mm2 

Failure type Bond Yield stress, fy 314 MPa 300 MPa 

Maximum drift without bond failure 3.6% Ultimate stress, fu 482 MPa 447 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 356 MPa 352 MPa 

Calculated bond failure drift 3.6% Ratio β 2.05 0.49 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 63% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 63% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.04 1.17 1.31 1.11 1.38 1.01 

Bottom bar 0.84 1.11 1.19 1.14 0.99 1.01 
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B.2.7 Joints tested by Durrani and Wight (1982; 1985) 

Table B-22  Summary of data relating to Unit Durrani S1 

Overall  unit width, lb 2496 mm  Depth Width 

Overall unit height , hunit 2248 mm beam 419 mm 279 mm 

Concrete compressive strength, f'c 41.6 MPa column 362 mm 362 mm 

Column axial load ratio, N*/Agf'c 0.06 slab 102 mm 724 mm 

Predicted yield 199 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 302 kN  Top bar Bottom bar 

Experimental, θy experimental  0.99% Diameter, db 22 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.51% Total area, As 1029 mm2 1140 mm2 

Failure type Shear Yield stress, fy 336 MPa 345 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 550 MPa 565 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 542 MPa 584 MPa 

Calculated bond failure drift N/A Ratio β 0.88 0.56 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 46% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 82% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-23  Summary of data relating to Unit Durrani S2 

Overall  unit width, lb 2496 mm  Depth Width 

Overall unit height , hunit 2248 mm beam 419 mm 279 mm 

Concrete compressive strength, f'c 30.8 MPa column 362 mm 362 mm 

Column axial load ratio, N*/Agf'c 0.08 slab 102 mm 724 mm 

Predicted yield 194 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 284 kN  Top bar Bottom bar 

Experimental, θy experimental  1.13% Diameter, db 22 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.51% Total area, As 1029 mm2 1140 mm2 

Failure type Shear Yield stress, fy 336 MPa 345 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 550 MPa 565 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 504 MPa 560 MPa 

Calculated bond failure drift N/A Ratio β 0.88 0.56 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 37% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 67% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-24  Summary of data relating to Unit Durrani S3 

Overall  unit width, lb 2496 mm  Depth Width 

Overall unit height , hunit 2248 mm beam 419 mm 279 mm 

Concrete compressive strength, f'c 28.3 MPa column 362 mm 362 mm 

Column axial load ratio, N*/Agf'c 0.06 slab 102 mm 724 mm 

Predicted yield 161 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 213 kN  Top bar Bottom bar 

Experimental, θy experimental  1.03% Diameter, db 22 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.50% Total area, As 776 mm2 855 mm2 

Failure type Bond Yield stress, fy 331 MPa 345 MPa 

Maximum drift without bond failure 3.6% Ultimate stress, fu 554 MPa 565 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 456 MPa 507 MPa 

Calculated bond failure drift 3.6% Ratio β 0.87 0.48 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 59% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 82% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.55 1.47 1.70 1.60 1.23 1.90 

Bottom bar 1.40 1.81 2.00 1.85 1.05 1.64 

Table B-25  Summary of data relating to Unit Durrani X1 

Overall  unit width, lb 2496 mm  Depth Width 

Overall unit height , hunit 2248 mm beam 419 mm 279 mm 

Concrete compressive strength, f'c 34.3 MPa column 362 mm 362 mm 

Column axial load ratio, N*/Agf'c 0.05 slab - - 

Predicted yield 163 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 205 kN  Top bar Bottom bar 

Experimental, θy experimental  0.90% Diameter, db 22 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.50% Total area, As 1552 mm2 1140 mm2 

Failure type Shear Yield stress, fy 331 MPa 345 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 554 MPa 565 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 439 MPa 460 MPa 

Calculated bond failure drift N/A Ratio β 1.31 0.77 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 41% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 73% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-26  Summary of data relating to Unit Durrani X2 

Overall  unit width, lb 2496 mm  Depth Width 

Overall unit height , hunit 2248 mm beam 419 mm 279 mm 

Concrete compressive strength, f'c 33.6 MPa column 362 mm 362 mm 

Column axial load ratio, N*/Agf'c 0.06 slab - - 

Predicted yield 163 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 215 kN  Top bar Bottom bar 

Experimental, θy experimental  0.79% Diameter, db 22 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.50% Total area, As 1552 mm2 1140 mm2 

Failure type Shear Yield stress, fy 331 MPa 345 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 554 MPa 565 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 458 MPa 481 MPa 

Calculated bond failure drift N/A Ratio β 1.31 0.77 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 38% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 68% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-27  Summary of data relating to Unit Durrani X3 

Overall  unit width, lb 2496 mm  Depth Width 

Overall unit height , hunit 2248 mm beam 419 mm 279 mm 

Concrete compressive strength, f'c 31 MPa column 362 mm 362 mm 

Column axial load ratio, N*/Agf'c 0.05 slab - - 

Predicted yield 124 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 167 kN  Top bar Bottom bar 

Experimental, θy experimental  0.56% Diameter, db 22 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.50% Total area, As 1164 mm2 855 mm2 

Failure type Bond Yield stress, fy 331 MPa 345 MPa 

Maximum drift without bond failure 2.7% Ultimate stress, fu 554 MPa 565 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 477 MPa 499 MPa 

Calculated bond failure drift 2.7% Ratio β 1.31 0.77 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 60% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 60% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.52 1.70 1.90 1.81 1.23 1.69 

Bottom bar 1.32 1.71 1.88 1.75 1.05 1.53 
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B.2.8 Joints tested by Englekirk et al. (Englekirk 1998b; Englekirk 1998a; 
Englekirk 2003; Pourzanjani and Englekirk 2000) 

Table B-28  Summary of data relating to Unit J12-1 

Overall  unit width, lb 6096 mm  Depth Width 

Overall unit height , hunit 5004 mm beam 762 mm 508 mm 

Concrete compressive strength, f'c 88.3 MPa column 762 mm 610 mm 

Column axial load ratio, N*/Agf'c 0.03 slab - - 

Predicted yield 781 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 824 kN  Top bar Bottom bar 

Experimental, θy experimental  N/A Diameter, db 35 mm 35 mm 
Yield drift 

Predicted, θy predicted  0.92% Total area, As 5748 mm2 5748 mm2 

Failure type Shear Yield stress, fy 460 MPa 460 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 515 MPa 515 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 51% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 86% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-29  Summary of data relating to Unit J12-2 

Overall  unit width, lb 6096 mm  Depth Width 

Overall unit height , hunit 5004 mm beam 762 mm 508 mm 

Concrete compressive strength, f'c 82 MPa column 762 mm 610 mm 

Column axial load ratio, N*/Agf'c 0.07 slab - - 

Predicted yield 777 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 845 kN  Top bar Bottom bar 

Experimental, θy experimental  N/A Diameter, db 35 mm 35 mm 
Yield drift 

Predicted, θy predicted  0.92% Total area, As 5748 mm2 5748 mm2 

Failure type Shear Yield stress, fy 460 MPa 460 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 528 MPa 528 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 54% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 93% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-30  Summary of data relating to Unit J12-3 

Overall  unit width, lb 6096 mm  Depth Width 

Overall unit height , hunit 5004 mm beam 762 mm 508 mm 

Concrete compressive strength, f'c 68.3 MPa column 762 mm 610 mm 

Column axial load ratio, N*/Agf'c 0.04 slab - - 

Predicted yield 771 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 889 kN  Top bar Bottom bar 

Experimental, θy experimental  1.20% Diameter, db 35 mm 35 mm 
Yield drift 

Predicted, θy predicted  0.92% Total area, As 5748 mm2 5748 mm2 

Failure type None Yield stress, fy 460 MPa 460 MPa 

Maximum drift without bond failure 5.0% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 555 MPa 555 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 75% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 72% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.81 1.08 1.17 0.99 0.92 0.97 

Bottom bar 0.81 1.08 1.17 0.99 0.92 0.97 
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Table B-31  Summary of data relating to Unit J6-1 

Overall  unit width, lb 6096 mm  Depth Width 

Overall unit height , hunit 5004 mm beam 762 mm 508 mm 

Concrete compressive strength, f'c 49.6 MPa column 762 mm 610 mm 

Column axial load ratio, N*/Agf'c 0.06 slab - - 

Predicted yield 754 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 770 kN  Top bar Bottom bar 

Experimental, θy experimental  1.67% Diameter, db 35 mm 35 mm 
Yield drift 

Predicted, θy predicted  0.92% Total area, As 5748 mm2 5748 mm2 

Failure type Shear Yield stress, fy 460 MPa 460 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 481 MPa 481 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 36% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 62% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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B.2.9 Joints tested by Joh et al. (1991b; 1991a; Kurose 1987) 

Table B-32  Summary of data relating to Unit Joh B1 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 150 mm 

Concrete compressive strength, f'c 21.3 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.16 slab - - 

Predicted yield 53 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 61 kN  Top bar Bottom bar 

Experimental, θy experimental  0.52% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.79% Total area, As 381 mm2 381 mm2 

Failure type Shear Yield stress, fy 371 MPa 371 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 557 MPa 557 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 433 MPa 433 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 41% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 106% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-33  Summary of data relating to Unit Joh B2 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 280 mm 

Concrete compressive strength, f'c 20.8 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.17 slab - - 

Predicted yield 55 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 64 kN  Top bar Bottom bar 

Experimental, θy experimental  0.33% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.79% Total area, As 381 mm2 381 mm2 

Failure type Shear Yield stress, fy 371 MPa 371 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 557 MPa 557 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 460 MPa 460 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 38% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 99% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-34  Summary of data relating to Unit Joh B4 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 150 mm 

Concrete compressive strength, f'c 21.7 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.16 slab - - 

Predicted yield 44 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 51 kN  Top bar Bottom bar 

Experimental, θy experimental  0.40% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.79% Total area, As 381 mm2 254 mm2 

Failure type Shear Yield stress, fy 371 MPa 371 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 557 MPa 557 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 432 MPa 444 MPa 

Calculated bond failure drift N/A Ratio β 1.50 0.67 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 41% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 105% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-35  Summary of data relating to Unit Joh B5 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 150 mm 

Concrete compressive strength, f'c 23.1 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.15 slab - - 

Predicted yield 53 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 62 kN  Top bar Bottom bar 

Experimental, θy experimental  0.64% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.79% Total area, As 381 mm2 381 mm2 

Failure type Shear Yield stress, fy 371 MPa 371 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 557 MPa 557 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 440 MPa 440 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 33% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 83% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-36  Summary of data relating to Unit Joh B8-HH 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 200 mm 

Concrete compressive strength, f'c 25.6 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.15 slab - - 

Predicted yield 59 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 65 kN  Top bar Bottom bar 

Experimental, θy experimental  0.56% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.87% Total area, As 381 mm2 381 mm2 

Failure type Bond Yield stress, fy 404 MPa 404 MPa 

Maximum drift without bond failure 4.1% Ultimate stress, fu 587 MPa 587 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 461 MPa 461 MPa 

Calculated bond failure drift 4.1% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 357% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 339% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.00 1.48 1.63 1.37 0.85 1.04 

Bottom bar 1.00 1.48 1.63 1.37 0.85 1.04 

Table B-37  Summary of data relating to Unit Joh B8-HL 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 200 mm 

Concrete compressive strength, f'c 27.4 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.15 slab - - 

Predicted yield 59 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 66 kN  Top bar Bottom bar 

Experimental, θy experimental  0.48% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.87% Total area, As 381 mm2 381 mm2 

Failure type Bond Yield stress, fy 404 MPa 404 MPa 

Maximum drift without bond failure 4.1% Ultimate stress, fu 587 MPa 587 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 473 MPa 473 MPa 

Calculated bond failure drift 4.1% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 357% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 339% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.99 1.43 1.58 1.33 0.85 1.02 

Bottom bar 0.99 1.43 1.58 1.33 0.85 1.02 
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Table B-38  Summary of data relating to Unit Joh B8-LH 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 200 mm 

Concrete compressive strength, f'c 26.9 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.15 slab - - 

Predicted yield 59 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 65 kN  Top bar Bottom bar 

Experimental, θy experimental  0.53% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.87% Total area, As 381 mm2 381 mm2 

Failure type Bond Yield stress, fy 404 MPa 404 MPa 

Maximum drift without bond failure 4.1% Ultimate stress, fu 587 MPa 587 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 467 MPa 467 MPa 

Calculated bond failure drift 4.1% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 50% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 339% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.99 1.44 1.59 1.33 0.85 1.02 

Bottom bar 0.99 1.44 1.59 1.33 0.85 1.02 

Table B-39  Summary of data relating to Unit Joh B8-MH 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 1750 mm beam 350 mm 200 mm 

Concrete compressive strength, f'c 28.1 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.15 slab - - 

Predicted yield 59 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 66 kN  Top bar Bottom bar 

Experimental, θy experimental  0.53% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.87% Total area, As 381 mm2 381 mm2 

Failure type Bond Yield stress, fy 404 MPa 404 MPa 

Maximum drift without bond failure 4.1% Ultimate stress, fu 587 MPa 587 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 470 MPa 470 MPa 

Calculated bond failure drift 4.1% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 83% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 339% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.97 1.40 1.55 1.30 0.85 1.00 

Bottom bar 0.97 1.40 1.55 1.30 0.85 1.00 
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B.2.10 Joints tested by Lin (1999) 

Table B-40  Summary of data relating to Unit Lin 1 

Overall  unit width, lb 3190 mm  Depth Width 

Overall unit height , hunit 2450 mm beam 550 mm 300 mm 

Concrete compressive strength, f'c 33.3 MPa column 390 mm 390 mm 

Column axial load ratio, N*/Agf'c 0.43 slab - - 

Predicted yield 210 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 228 kN  Top bar Bottom bar 

Experimental, θy experimental  0.67% Diameter, db 12 mm 12 mm 
Yield drift 

Predicted, θy predicted  0.76% Total area, As 905 mm2 905 mm2 

Failure type Shear Yield stress, fy 525 MPa 525 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 652 MPa 652 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 591 MPa 591 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 142% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 102% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-41  Summary of data relating to Unit Lin 2 

Overall  unit width, lb 3190 mm  Depth Width 

Overall unit height , hunit 2450 mm beam 550 mm 300 mm 

Concrete compressive strength, f'c 33.3 MPa column 390 mm 390 mm 

Column axial load ratio, N*/Agf'c 0.43 slab - - 

Predicted yield 210 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 234 kN  Top bar Bottom bar 

Experimental, θy experimental  0.66% Diameter, db 12 mm 12 mm 
Yield drift 

Predicted, θy predicted  0.76% Total area, As 905 mm2 905 mm2 

Failure type Bond Yield stress, fy 525 MPa 525 MPa 

Maximum drift without bond failure 2.6% Ultimate stress, fu 652 MPa 652 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 608 MPa 608 MPa 

Calculated bond failure drift 2.9% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 193% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 99% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.87 0.95 1.09 0.97 0.62 1.02 

Bottom bar 0.74 0.95 1.09 0.89 0.62 0.87 



Appendices 

462 

Table B-42  Summary of data relating to Unit Lin 3 

Overall  unit width, lb 3190 mm  Depth Width 

Overall unit height , hunit 2450 mm beam 550 mm 300 mm 

Concrete compressive strength, f'c 37 MPa column 390 mm 390 mm 

Column axial load ratio, N*/Agf'c 0.10 slab - - 

Predicted yield 163 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 172 kN  Top bar Bottom bar 

Experimental, θy experimental  0.60% Diameter, db 12 mm 12 mm 
Yield drift 

Predicted, θy predicted  0.76% Total area, As 679 mm2 679 mm2 

Failure type Bond Yield stress, fy 525 MPa 525 MPa 

Maximum drift without bond failure 3.6% Ultimate stress, fu 652 MPa 652 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 581 MPa 581 MPa 

Calculated bond failure drift 3.6% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 107% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 74% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.93 1.13 1.23 1.16 0.62 1.03 

Bottom bar 0.79 1.13 1.23 1.04 0.62 0.87 

Table B-43  Summary of data relating to Unit Lin 4 

Overall  unit width, lb 3190 mm  Depth Width 

Overall unit height , hunit 2450 mm beam 550 mm 300 mm 

Concrete compressive strength, f'c 37 MPa column 390 mm 390 mm 

Column axial load ratio, N*/Agf'c 0.10 slab - - 

Predicted yield 162 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 179 kN  Top bar Bottom bar 

Experimental, θy experimental  0.61% Diameter, db 12 mm 12 mm 
Yield drift 

Predicted, θy predicted  0.76% Total area, As 905 mm2 452 mm2 

Failure type Bond Yield stress, fy 525 MPa 525 MPa 

Maximum drift without bond failure 3.7% Ultimate stress, fu 652 MPa 652 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 587 MPa 622 MPa 

Calculated bond failure drift 3.7% Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 80% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 56% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.94 0.84 0.95 0.89 0.62 0.83 

Bottom bar 0.97 1.17 1.28 1.20 0.62 1.05 
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Table B-44  Summary of data relating to Unit Lin 8 

Overall  unit width, lb 3190 mm  Depth Width 

Overall unit height , hunit 2450 mm beam 550 mm 300 mm 

Concrete compressive strength, f'c 33.2 MPa column 390 mm 390 mm 

Column axial load ratio, N*/Agf'c 0.10 slab - - 

Predicted yield 210 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 226 kN  Top bar Bottom bar 

Experimental, θy experimental  0.97% Diameter, db 12 mm 12 mm 
Yield drift 

Predicted, θy predicted  0.76% Total area, As 905 mm2 905 mm2 

Failure type Shear Yield stress, fy 525 MPa 525 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 652 MPa 652 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 586 MPa 586 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 80% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 84% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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B.2.11 Joints tested by Milburn (1982) 

Table B-45  Summary of data relating to Unit Milburn U1 

Overall  unit width, lb 5740 mm  Depth Width 

Overall unit height , hunit 3550 mm beam 457 mm 229 mm 

Concrete compressive strength, f'c 41.3 MPa column 406 mm 305 mm 

Column axial load ratio, N*/Agf'c 0.10 slab - - 

Predicted yield 113 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 113 kN  Top bar Bottom bar 

Experimental, θy experimental  0.94% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.99% Total area, As 1608 mm2 1608 mm2 

Failure type None Yield stress, fy 315 MPa 315 MPa 

Maximum drift without bond failure 5.6% Ultimate stress, fu 468 MPa 468 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 336 MPa 336 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 145% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 96% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.57 0.79 0.86 0.73 0.79 0.62 

Bottom bar 0.57 0.79 0.86 0.73 0.79 0.62 
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B.2.12 Joints tested by Oka & Shiohara (1992) 

Table B-46  Summary of data relating to Unit J7 

Overall  unit width, lb 2860 mm  Depth Width 

Overall unit height , hunit 1400 mm beam 300 mm 240 mm 

Concrete compressive strength, f'c 79.2 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.12 slab - - 

Predicted yield 210 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 219 kN  Top bar Bottom bar 

Experimental, θy experimental  1.40% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  1.61% Total area, As 929 mm2 664 mm2 

Failure type 5.5% Yield stress, fy 676 MPa 676 MPa 

Maximum drift without bond failure 0 Ultimate stress, fu 860 MPa 860 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 731 MPa 786 MPa 

Calculated bond failure drift  Ratio β 1.40 0.71 

Used in analysis to assess the effect of: No 

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 23% 

reinforcement asymmetry on compression bar stress 5.5% Vertical reinforcement, Vsv 171% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.96 1.02 1.14 0.93 0.87 0.92 

Bottom bar 1.18 1.24 1.36 1.24 0.87 1.24 

Table B-47  Summary of data relating to Unit J9 

Overall  unit width, lb 2860 mm  Depth Width 

Overall unit height , hunit 1400 mm beam 300 mm 240 mm 

Concrete compressive strength, f'c 79.2 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.12 slab 60 mm 1000 mm 

Predicted yield 283 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 294 kN  Top bar Bottom bar 

Experimental, θy experimental  1.90% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  1.61% Total area, As 929 mm2 929 mm2 

Failure type None Yield stress, fy 676 MPa 676 MPa 

Maximum drift without bond failure 5.0% Ultimate stress, fu 860 MPa 860 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 679 MPa 816 MPa 

Calculated bond failure drift N/A Ratio β 1.00 0.73 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 16% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 123% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.92 0.99 1.10 0.90 0.87 0.99 

Bottom bar 1.20 1.27 1.39 1.27 0.87 1.26 
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B.2.13 Joints tested by Priestley (1975) 

Table B-48  Summary of data relating to Unit Priestley P1 

Overall  unit width, lb 8840 mm  Depth Width 

Overall unit height , hunit 3435 mm beam 889 mm 457 mm 

Concrete compressive strength, f'c 48.5 MPa column 686 mm 686 mm 

Column axial load ratio, N*/Agf'c 0.03 slab - - 

Predicted yield 463 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 590 kN  Top bar Bottom bar 

Experimental, θy experimental  0.62% Diameter, db 29 mm 29 mm 
Yield drift 

Predicted, θy predicted  0.69% Total area, As 4304 mm2 2565 mm2 

Failure type None Yield stress, fy 276 MPa 276 MPa 

Maximum drift without bond failure 5.0% Ultimate stress, fu 457 MPa 457 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 387 MPa 381 MPa 

Calculated bond failure drift N/A Ratio β 1.68 0.60 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 223% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 152% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.68 0.65 0.74 0.70 0.83 0.71 

Bottom bar 0.77 0.80 0.88 0.92 0.83 0.92 

 



  Appendix B 

  467 

B.2.14 Joints tested by Restrepo-Posada (1993) 

Table B-49  Summary of data relating to Unit Restrepo U5 

Overall  unit width, lb 3810 mm  Depth Width 

Overall unit height , hunit 2800 mm beam 700 mm 300 mm 

Concrete compressive strength, f'c 27 MPa column 600 mm 450 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 284 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 325 kN  Top bar Bottom bar 

Experimental, θy experimental  0.59% Diameter, db 24 mm 28 mm 
Yield drift 

Predicted, θy predicted  0.41% Total area, As 1810 mm2 1847 mm2 

Failure type Bond Yield stress, fy 285 MPa 321 MPa 

Maximum drift without bond failure 2.4% Ultimate stress, fu 444 MPa 481 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 337 MPa 375 MPa 

Calculated bond failure drift 2.4% Ratio β 0.87 1.15 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 133% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 106% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.87 1.12 1.20 1.24 0.80 1.03 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-50  Summary of data relating to Unit Restrepo U6 

Overall  unit width, lb 3810 mm  Depth Width 

Overall unit height , hunit 2800 mm beam 700 mm 300 mm 

Concrete compressive strength, f'c 44 MPa column 600 mm 450 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 272 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 336 kN  Top bar Bottom bar 

Experimental, θy experimental  0.49% Diameter, db 24 mm 24 mm 
Yield drift 

Predicted, θy predicted  0.39% Total area, As 1810 mm2 1810 mm2 

Failure type None Yield stress, fy 285 MPa 285 MPa 

Maximum drift without bond failure 2.9% Ultimate stress, fu 444 MPa 444 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 371 MPa 371 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 135% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 167% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.67 0.85 0.91 0.89 0.80 0.81 

Bottom bar 0.57 0.85 0.91 0.78 0.80 0.69 
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B.2.15 Joints tested by Soleimani (1978) 

Table B-51  Summary of data relating to Unit Soleimani BC3 

Overall  unit width, lb 3658 mm  Depth Width 

Overall unit height , hunit 1829 mm beam 406 mm 229 mm 

Concrete compressive strength, f'c 31.1 MPa column 432 mm 432 mm 

Column axial load ratio, N*/Agf'c 0.36 slab - - 

Predicted yield 176 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 212 kN  Top bar Bottom bar 

Experimental, θy experimental  0.96% Diameter, db 19 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.10% Total area, As 1140 mm2 594 mm2 

Failure type Bond Yield stress, fy 490 MPa 492 MPa 

Maximum drift without bond failure 4.2% Ultimate stress, fu 676 MPa 703 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 567 MPa 611 MPa 

Calculated bond failure drift 4.6% Ratio β 1.91 0.52 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 102% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 344% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.24 1.05 1.25 1.12 0.88 1.16 

Bottom bar 1.07 1.21 1.38 1.27 0.74 1.21 
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B.2.16 Joints tested by Teraoka et al. (2005; 1997) 

Table B-52  Summary of data relating to Unit HJ-1 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 54.2 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 172 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 197 kN  Top bar Bottom bar 

Experimental, θy experimental  0.39% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.72% Total area, As 1148 mm2 1148 mm2 

Failure type None Yield stress, fy 382 MPa 382 MPa 

Maximum drift without bond failure 7.0% Ultimate stress, fu 535 MPa 535 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 480 MPa 480 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 61% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 187% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.76 0.96 1.08 0.88 0.96 0.81 

Bottom bar 0.76 0.96 1.08 0.88 0.96 0.81 

Table B-53  Summary of data relating to Unit HJ-2 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 54.2 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 193 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 220 kN  Top bar Bottom bar 

Experimental, θy experimental  0.68% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.17% Total area, As 796 mm2 796 mm2 

Failure type Bond Yield stress, fy 624 MPa 624 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 780 MPa 780 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 773 MPa 773 MPa 

Calculated bond failure drift 4.4% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 54% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 165% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.03 1.30 1.45 1.19 0.80 1.09 

Bottom bar 1.03 1.30 1.45 1.19 0.80 1.09 
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Table B-54  Summary of data relating to Unit HJ-3 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 54.2 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 192 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 197 kN  Top bar Bottom bar 

Experimental, θy experimental  1.09% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  1.61% Total area, As 574 mm2 574 mm2 

Failure type Bond Yield stress, fy 858 MPa 858 MPa 

Maximum drift without bond failure 3.0% Ultimate stress, fu 1073 MPa 1073 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 959 MPa 959 MPa 

Calculated bond failure drift 3.0% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 54% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 166% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.60 2.05 2.26 1.85 0.96 1.69 

Bottom bar 1.60 2.05 2.26 1.85 0.96 1.69 

Table B-55  Summary of data relating to Unit HJ-4 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 54.2 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 240 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 253 kN  Top bar Bottom bar 

Experimental, θy experimental  0.55% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  0.72% Total area, As 1722 mm2 1722 mm2 

Failure type Shear Yield stress, fy 382 MPa 382 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 535 MPa 535 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 455 MPa 455 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 38% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 197% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-56  Summary of data relating to Unit HJ-5 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 54.2 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 280 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 296 kN  Top bar Bottom bar 

Experimental, θy experimental  1.00% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  1.21% Total area, As 1148 mm2 1148 mm2 

Failure type Bond Yield stress, fy 645 MPa 645 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 806 MPa 806 MPa 

Number of cycles at max. drift without bond failure 3 Peak stress, fmax 721 MPa 721 MPa 

Calculated bond failure drift 4.2% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 33% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 169% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.20 1.54 1.70 1.39 0.96 1.27 

Bottom bar 1.20 1.54 1.70 1.39 0.96 1.27 

Table B-57  Summary of data relating to Unit HJ-6 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 54.2 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 280 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 286 kN  Top bar Bottom bar 

Experimental, θy experimental  1.27% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  1.61% Total area, As 861 mm2 861 mm2 

Failure type Bond Yield stress, fy 858 MPa 858 MPa 

Maximum drift without bond failure 3.0% Ultimate stress, fu 1073 MPa 1073 MPa 

Number of cycles at max. drift without bond failure 3 Peak stress, fmax 929 MPa 929 MPa 

Calculated bond failure drift 3.2% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 34% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 175% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.56 2.01 2.22 1.82 0.96 1.65 

Bottom bar 1.56 2.01 2.22 1.82 0.96 1.65 
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Table B-58  Summary of data relating to Unit HJ-7 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 92.6 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 358 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 376 kN  Top bar Bottom bar 

Experimental, θy experimental  0.57% Diameter, db 22 mm 22 mm 
Yield drift 

Predicted, θy predicted  0.79% Total area, As 2322 mm2 2322 mm2 

Failure type None Yield stress, fy 422 MPa 422 MPa 

Maximum drift without bond failure 5.0% Ultimate stress, fu 591 MPa 591 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 501 MPa 501 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 89% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 141% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.72 0.84 0.94 0.74 1.11 0.77 

Bottom bar 0.72 0.84 0.94 0.74 1.11 0.77 

Table B-59  Summary of data relating to Unit HJ-8 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 92.6 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 356 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 395 kN  Top bar Bottom bar 

Experimental, θy experimental  1.00% Diameter, db 22 mm 22 mm 
Yield drift 

Predicted, θy predicted  1.12% Total area, As 1548 mm2 1548 mm2 

Failure type None Yield stress, fy 599 MPa 599 MPa 

Maximum drift without bond failure 7.0% Ultimate stress, fu 749 MPa 749 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 713 MPa 713 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 94% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 149% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.03 1.20 1.33 1.05 1.11 1.09 

Bottom bar 1.03 1.20 1.33 1.05 1.11 1.09 
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Table B-60  Summary of data relating to Unit HJ-9 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 92.6 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 377 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 382 kN  Top bar Bottom bar 

Experimental, θy experimental  1.14% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  1.61% Total area, As 1148 mm2 1148 mm2 

Failure type None Yield stress, fy 858 MPa 858 MPa 

Maximum drift without bond failure 5.0% Ultimate stress, fu 1073 MPa 1073 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 930 MPa 930 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 88% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 140% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.20 1.41 1.56 1.23 0.96 1.27 

Bottom bar 1.20 1.41 1.56 1.23 0.96 1.27 

Table B-61  Summary of data relating to Unit HJ-10 

Overall  unit width, lb 2800 mm  Depth Width 

Overall unit height , hunit 1800 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 88.7 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 379 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 444 kN  Top bar Bottom bar 

Experimental, θy experimental  0.93% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.07% Total area, As 1592 mm2 1592 mm2 

Failure type None Yield stress, fy 611 MPa 611 MPa 

Maximum drift without bond failure 8.0% Ultimate stress, fu 764 MPa 764 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 861 MPa 861 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 67% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 122% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.86 0.98 1.10 0.87 0.80 0.91 

Bottom bar 0.86 0.98 1.10 0.87 0.80 0.91 
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Table B-62  Summary of data relating to Unit HJ-11 

Overall  unit width, lb 2800 mm  Depth Width 

Overall unit height , hunit 1800 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 88.7 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 524 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 581 kN  Top bar Bottom bar 

Experimental, θy experimental  1.04% Diameter, db 22 mm 22 mm 
Yield drift 

Predicted, θy predicted  0.77% Total area, As 3096 mm2 3096 mm2 

Failure type Shear Yield stress, fy 441 MPa 441 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 617 MPa 617 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 557 MPa 557 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 38% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 49% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-63  Summary of data relating to Unit HJ-12 

Overall  unit width, lb 2800 mm  Depth Width 

Overall unit height , hunit 1800 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 88.7 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 686 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 681 kN  Top bar Bottom bar 

Experimental, θy experimental  1.59% Diameter, db 22 mm 22 mm 
Yield drift 

Predicted, θy predicted  1.06% Total area, As 3096 mm2 3096 mm2 

Failure type Shear Yield stress, fy 604 MPa 604 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 755 MPa 755 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 653 MPa 653 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 24% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 43% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-64  Summary of data relating to Unit HJ-13 

Overall  unit width, lb 2800 mm  Depth Width 

Overall unit height , hunit 1800 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 116.9 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 475 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 541 kN  Top bar Bottom bar 

Experimental, θy experimental  1.20% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  1.09% Total area, As 1944 mm2 1944 mm2 

Failure type None Yield stress, fy 625 MPa 625 MPa 

Maximum drift without bond failure 7.0% Ultimate stress, fu 781 MPa 781 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 859 MPa 859 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 58% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 106% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.90 0.99 1.11 0.85 0.96 0.95 

Bottom bar 0.90 0.99 1.11 0.85 0.96 0.95 

Table B-65  Summary of data relating to Unit HJ-14 

Overall  unit width, lb 2800 mm  Depth Width 

Overall unit height , hunit 1800 mm beam 400 mm 300 mm 

Concrete compressive strength, f'c 116.9 MPa column 400 mm 400 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 714 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 714 kN  Top bar Bottom bar 

Experimental, θy experimental  1.70% Diameter, db 22 mm 22 mm 
Yield drift 

Predicted, θy predicted  1.06% Total area, As 3096 mm2 3096 mm2 

Failure type Shear Yield stress, fy 604 MPa 604 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 755 MPa 755 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 684 MPa 684 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 30% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 55% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-66  Summary of data relating to Unit HJ-15 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 450 mm 320 mm 

Concrete compressive strength, f'c 138.2 MPa column 450 mm 450 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 610 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 613 kN  Top bar Bottom bar 

Experimental, θy experimental  0.97% Diameter, db 22 mm 22 mm 
Yield drift 

Predicted, θy predicted  1.29% Total area, As 1548 mm2 1548 mm2 

Failure type Shear Yield stress, fy 776 MPa 776 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 970 MPa 970 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 748 MPa 748 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 63% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 189% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-67  Summary of data relating to Unit HJ-16 

Overall  unit width, lb 3000 mm  Depth Width 

Overall unit height , hunit 2000 mm beam 450 mm 320 mm 

Concrete compressive strength, f'c 138.2 MPa column 450 mm 450 mm 

Column axial load ratio, N*/Agf'c 0.20 slab - - 

Predicted yield 896 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 835 kN  Top bar Bottom bar 

Experimental, θy experimental  1.21% Diameter, db 22 mm 22 mm 
Yield drift 

Predicted, θy predicted  1.29% Total area, As 2322 mm2 2322 mm2 

Failure type Shear Yield stress, fy 776 MPa 776 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 970 MPa 970 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 679 MPa 679 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 42% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 126% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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B.2.17 Joints tested at the University of Tokyo (Kitayama et al. 1992; 
Kitayama et al. 1991; Kurose 1987; Lee et al. 1992) 

Table B-68  Summary of data relating to Unit C1 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 25.6 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.08 slab - - 

Predicted yield 72 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 98 kN  Top bar Bottom bar 

Experimental, θy experimental  0.64% Diameter, db 10 mm 10 mm 
Yield drift 

Predicted, θy predicted  0.72% Total area, As 852 mm2 426 mm2 

Failure type None Yield stress, fy 320 MPa 320 MPa 

Maximum drift without bond failure 7.2% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 432 MPa 503 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 12% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 86% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.80 0.78 0.89 0.84 0.63 0.76 

Bottom bar 0.86 1.11 1.23 1.13 0.63 0.98 
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Table B-69  Summary of data relating to Unit C2 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 25.6 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.08 slab - - 

Predicted yield 72 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 98 kN  Top bar Bottom bar 

Experimental, θy experimental  0.57% Diameter, db 10 mm 10 mm 
Yield drift 

Predicted, θy predicted  0.72% Total area, As 852 mm2 426 mm2 

Failure type None Yield stress, fy 320 MPa 320 MPa 

Maximum drift without bond failure 6.8% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 432 MPa 503 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 38% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 86% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.80 0.78 0.89 0.84 0.63 0.76 

Bottom bar 0.86 1.11 1.23 1.13 0.63 0.98 

Table B-70  Summary of data relating to Unit C3 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 25.6 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.08 slab - - 

Predicted yield 72 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 94 kN  Top bar Bottom bar 

Experimental, θy experimental  0.68% Diameter, db 10 mm 10 mm 
Yield drift 

Predicted, θy predicted  0.72% Total area, As 852 mm2 426 mm2 

Failure type None Yield stress, fy 320 MPa 320 MPa 

Maximum drift without bond failure 7.1% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 412 MPa 480 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 89% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 91% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.78 0.75 0.86 0.81 0.63 0.73 

Bottom bar 0.83 1.08 1.20 1.10 0.63 0.95 
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Table B-71  Summary of data relating to Unit I1 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 98.8 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.04 slab - - 

Predicted yield 380 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 350 kN  Top bar Bottom bar 

Experimental, θy experimental  2.85% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.80% Total area, As 1592 mm2 1592 mm2 

Failure type Shear Yield stress, fy 799 MPa 799 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 860 MPa 860 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 816 MPa 816 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 3% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 73% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-72  Summary of data relating to Unit I3 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 41.4 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.03 slab - - 

Predicted yield 123 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 144 kN  Top bar Bottom bar 

Experimental, θy experimental  1.22% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.81% Total area, As 1194 mm2 796 mm2 

Failure type Shear Yield stress, fy 361 MPa 361 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 536 MPa 536 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 440 MPa 491 MPa 

Calculated bond failure drift N/A Ratio β 1.50 0.67 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 10% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 87% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-73  Summary of data relating to Unit I4 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 39.7 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.03 slab - - 

Predicted yield 122 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 137 kN  Top bar Bottom bar 

Experimental, θy experimental  1.33% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.83% Total area, As 1194 mm2 796 mm2 

Failure type Shear Yield stress, fy 370 MPa 370 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 549 MPa 549 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 465 MPa 489 MPa 

Calculated bond failure drift N/A Ratio β 1.50 0.67 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 6% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 80% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-74  Summary of data relating to Unit I5 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 85.4 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.02 slab - - 

Predicted yield 156 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 181 kN  Top bar Bottom bar 

Experimental, θy experimental  1.61% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  1.73% Total area, As 762 mm2 381 mm2 

Failure type Shear Yield stress, fy 769 MPa 769 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 819 MPa 819 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 967 MPa 1074 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 9% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 137% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-75  Summary of data relating to Unit I6 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 85.4 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.02 slab - - 

Predicted yield 201 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 219 kN  Top bar Bottom bar 

Experimental, θy experimental  1.79% Diameter, db 19 mm 19 mm 
Yield drift 

Predicted, θy predicted  1.74% Total area, As 861 mm2 574 mm2 

Failure type Shear Yield stress, fy 772 MPa 772 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu 835 MPa 835 MPa 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 892 MPa 925 MPa 

Calculated bond failure drift N/A Ratio β 1.50 0.67 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 8% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 121% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-76  Summary of data relating to Unit J1 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 25.7 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.08 slab - - 

Predicted yield 102 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 118 kN  Top bar Bottom bar 

Experimental, θy experimental  0.92% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.90% Total area, As 1016 mm2 508 mm2 

Failure type Shear Yield stress, fy 401 MPa 401 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 428 MPa 520 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 7% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 60% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-77  Summary of data relating to Unit J2 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 24 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.08 slab - - 

Predicted yield 101 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 118 kN  Top bar Bottom bar 

Experimental, θy experimental  0.84% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.90% Total area, As 1016 mm2 508 mm2 

Failure type Shear Yield stress, fy 401 MPa 401 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 427 MPa 523 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 14% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 57% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-78  Summary of data relating to Unit J3 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 24 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.08 slab - - 

Predicted yield 101 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 129 kN  Top bar Bottom bar 

Experimental, θy experimental  0.92% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.90% Total area, As 1016 mm2 508 mm2 

Failure type Shear Yield stress, fy 401 MPa 401 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 470 MPa 575 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 31% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 51% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-79  Summary of data relating to Unit J4 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 25.7 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.23 slab - - 

Predicted yield 102 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 112 kN  Top bar Bottom bar 

Experimental, θy experimental  0.88% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.90% Total area, As 1016 mm2 508 mm2 

Failure type Shear Yield stress, fy 401 MPa 401 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 407 MPa 494 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 10% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 89% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 

Table B-80  Summary of data relating to Unit J5 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 28.7 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.07 slab - - 

Predicted yield 104 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 106 kN  Top bar Bottom bar 

Experimental, θy experimental  0.92% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.90% Total area, As 1016 mm2 508 mm2 

Failure type Shear Yield stress, fy 401 MPa 401 MPa 

Maximum drift without bond failure N/A Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure N/A Peak stress, fmax 388 MPa 464 MPa 

Calculated bond failure drift N/A Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 9% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 0% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar N/A N/A N/A N/A N/A N/A 

Bottom bar N/A N/A N/A N/A N/A N/A 
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Table B-81  Summary of data relating to Unit J6 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 28.7 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.07 slab - - 

Predicted yield 69 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 78 kN  Top bar Bottom bar 

Experimental, θy experimental  0.64% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.90% Total area, As 508 mm2 381 mm2 

Failure type Bond Yield stress, fy 401 MPa 401 MPa 

Maximum drift without bond failure 2.2% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 3 Peak stress, fmax 476 MPa 486 MPa 

Calculated bond failure drift 2.3% Ratio β 1.33 0.75 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 47% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 209% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.17 1.31 1.45 1.38 0.85 1.23 

Bottom bar 1.17 1.51 1.65 1.55 0.85 1.31 

Table B-82  Summary of data relating to Unit S1 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 27.8 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.21 slab - - 

Predicted yield 59 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 73 kN  Top bar Bottom bar 

Experimental, θy experimental  0.50% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.77% Total area, As 508 mm2 381 mm2 

Failure type Bond Yield stress, fy 344 MPa 344 MPa 

Maximum drift without bond failure 2.2% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 3 Peak stress, fmax 443 MPa 451 MPa 

Calculated bond failure drift 2.3% Ratio β 1.33 0.75 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 189% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 130% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.02 1.06 1.21 1.12 0.85 0.98 

Bottom bar 1.01 1.22 1.37 1.26 0.85 1.04 
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Table B-83  Summary of data relating to Unit S2 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 27.8 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.07 slab - - 

Predicted yield 59 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 73 kN  Top bar Bottom bar 

Experimental, θy experimental  0.59% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.77% Total area, As 508 mm
2
 381 mm

2
 

Failure type None Yield stress, fy 344 MPa 344 MPa 

Maximum drift without bond failure 4.3% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 443 MPa 451 MPa 

Calculated bond failure drift N/A Ratio β 1.33 0.75 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 156% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 95% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.07 1.20 1.34 1.27 0.85 1.13 

Bottom bar 1.07 1.38 1.51 1.41 0.85 1.19 

Table B-84  Summary of data relating to Unit S3 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 27.8 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.21 slab - - 

Predicted yield 68 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 85 kN  Top bar Bottom bar 

Experimental, θy experimental  0.63% Diameter, db 10 mm 10 mm 
Yield drift 

Predicted, θy predicted  0.94% Total area, As 497 mm2 355 mm2 

Failure type Bond Yield stress, fy 417 MPa 417 MPa 

Maximum drift without bond failure 2.2% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 3 Peak stress, fmax 541 MPa 554 MPa 

Calculated bond failure drift 2.3% Ratio β 1.40 0.71 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 149% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 102% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.92 0.94 1.08 1.00 0.63 0.88 

Bottom bar 0.92 1.11 1.25 1.15 0.63 0.97 
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Table B-85  Summary of data relating to Unit S4 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 25.1 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.23 slab - - 

Predicted yield 70 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 81 kN  Top bar Bottom bar 

Experimental, θy experimental  0.63% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.84% Total area, As 597 mm2 398 mm2 

Failure type Bond Yield stress, fy 371 MPa 371 MPa 

Maximum drift without bond failure 2.2% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 439 MPa 454 MPa 

Calculated bond failure drift 2.2% Ratio β 1.50 0.67 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 137% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 96% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.35 1.36 1.56 1.45 1.06 1.27 

Bottom bar 1.36 1.67 1.87 1.74 1.06 1.46 

Table B-86  Summary of data relating to Unit S6 

Overall  unit width, lb 2700 mm  Depth Width 

Overall unit height , hunit 1470 mm beam 300 mm 200 mm 

Concrete compressive strength, f'c 25.1 MPa column 300 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.23 slab - - 

Predicted yield 59 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 70 kN  Top bar Bottom bar 

Experimental, θy experimental  0.59% Diameter, db 13 mm 13 mm 
Yield drift 

Predicted, θy predicted  0.77% Total area, As 508 mm2 381 mm2 

Failure type Bond Yield stress, fy 344 MPa 344 MPa 

Maximum drift without bond failure 2.2% Ultimate stress, fu unknown unknown 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 425 MPa 434 MPa 

Calculated bond failure drift 2.2% Ratio β 1.33 0.75 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 56% 

reinforcement asymmetry on compression bar stress No Vertical reinforcement, Vsv 137% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.03 1.09 1.24 1.15 0.85 1.01 

Bottom bar 1.03 1.25 1.41 1.31 0.85 1.07 
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B.2.18 Joints tested by Xin (1992) 

Table B-87  Summary of data relating to Unit Xin U1 

Overall  unit width, lb 3500 mm  Depth Width 

Overall unit height , hunit 2470 mm beam 500 mm 250 mm 

Concrete compressive strength, f'c 30.9 MPa column 450 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 139 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 152 kN  Top bar Bottom bar 

Experimental, θy experimental  0.84% Diameter, db 12 mm 12 mm 
Yield drift 

Predicted, θy predicted  0.79% Total area, As 792 mm2 792 mm2 

Failure type None Yield stress, fy 453 MPa 453 MPa 

Maximum drift without bond failure 3.4% Ultimate stress, fu 617 MPa 617 MPa 

Number of cycles at max. drift without bond failure 0 Peak stress, fmax 533 MPa 533 MPa 

Calculated bond failure drift N/A Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 86% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 84% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.68 1.08 1.16 0.99 0.53 0.82 

Bottom bar 0.68 1.08 1.16 0.99 0.53 0.82 

Table B-88  Summary of data relating to Unit Xin U2 

Overall  unit width, lb 3500 mm  Depth Width 

Overall unit height , hunit 2470 mm beam 500 mm 250 mm 

Concrete compressive strength, f'c 40.8 MPa column 450 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 110 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 127 kN  Top bar Bottom bar 

Experimental, θy experimental  0.58% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.78% Total area, As 804 mm2 402 mm2 

Failure type Bond Yield stress, fy 445 MPa 445 MPa 

Maximum drift without bond failure 1.2% Ultimate stress, fu 605 MPa 605 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 540 MPa 553 MPa 

Calculated bond failure drift 1.3% Ratio β 2.00 0.50 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 70% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 56% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.79 0.89 1.00 0.85 0.71 0.78 

Bottom bar 0.93 1.21 1.30 1.24 0.71 1.11 
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Table B-89  Summary of data relating to Unit Xin U3 

Overall  unit width, lb 3500 mm  Depth Width 

Overall unit height , hunit 2470 mm beam 500 mm 250 mm 

Concrete compressive strength, f'c 42.5 MPa column 450 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 146 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 167 kN  Top bar Bottom bar 

Experimental, θy experimental  0.67% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.78% Total area, As 804 mm2 804 mm2 

Failure type Bond Yield stress, fy 445 MPa 445 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 605 MPa 605 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 537 MPa 537 MPa 

Calculated bond failure drift 4.4% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 99% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 97% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.77 1.16 1.24 1.07 0.71 0.93 

Bottom bar 0.77 1.16 1.24 1.07 0.71 0.93 

Table B-90  Summary of data relating to Unit Xin U4 

Overall  unit width, lb 3500 mm  Depth Width 

Overall unit height , hunit 2470 mm beam 500 mm 250 mm 

Concrete compressive strength, f'c 47.2 MPa column 450 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 101 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 117 kN  Top bar Bottom bar 

Experimental, θy experimental  0.57% Diameter, db 20 mm 16 mm 
Yield drift 

Predicted, θy predicted  0.82% Total area, As 628 mm2 402 mm2 

Failure type Bond Yield stress, fy 492 MPa 445 MPa 

Maximum drift without bond failure 3.4% Ultimate stress, fu 665 MPa 605 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 607 MPa 557 MPa 

Calculated bond failure drift 3.4% Ratio β 1.73 0.58 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 95% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 72% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.02 1.19 1.33 1.13 0.89 1.04 

Bottom bar 0.86 1.10 1.18 1.13 0.71 1.04 
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Table B-91  Summary of data relating to Unit Xin U5 

Overall  unit width, lb 3500 mm  Depth Width 

Overall unit height , hunit 2470 mm beam 500 mm 250 mm 

Concrete compressive strength, f'c 60.7 MPa column 450 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 190 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 225 kN  Top bar Bottom bar 

Experimental, θy experimental  0.51% Diameter, db 20 mm 20 mm 
Yield drift 

Predicted, θy predicted  0.86% Total area, As 942 mm2 942 mm2 

Failure type Bond Yield stress, fy 492 MPa 492 MPa 

Maximum drift without bond failure 3.1% Ultimate stress, fu 665 MPa 665 MPa 

Number of cycles at max. drift without bond failure 4 Peak stress, fmax 612 MPa 612 MPa 

Calculated bond failure drift 3.4% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 95% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 82% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.90 1.28 1.38 1.19 0.89 1.09 

Bottom bar 0.90 1.28 1.38 1.19 0.89 1.09 

Table B-92  Summary of data relating to Unit Xin U6 

Overall  unit width, lb 3500 mm  Depth Width 

Overall unit height , hunit 2470 mm beam 500 mm 250 mm 

Concrete compressive strength, f'c 59.3 MPa column 450 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 180 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 208 kN  Top bar Bottom bar 

Experimental, θy experimental  0.66% Diameter, db 28 mm 20 mm 
Yield drift 

Predicted, θy predicted  0.84% Total area, As 1232 mm2 628 mm2 

Failure type Bond Yield stress, fy 463 MPa 492 MPa 

Maximum drift without bond failure 4.0% Ultimate stress, fu 618 MPa 665 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 557 MPa 606 MPa 

Calculated bond failure drift 4.0% Ratio β 1.84 0.54 

Used in analysis to assess the effect of:  

concrete strength on bond strength No 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength No Horizontal reinforcement, Vsh 72% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 63% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 1.18 1.29 1.45 1.23 1.24 1.18 

Bottom bar 1.06 1.29 1.39 1.33 0.89 1.27 
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B.2.19 Joints tested by Young (1998) 

Table B-93  Summary of data relating to Unit Young 1 

Overall  unit width, lb 4456 mm  Depth Width 

Overall unit height , hunit 3240 mm beam 500 mm 200 mm 

Concrete compressive strength, f'c 49.2 MPa column 520 mm 300 mm 

Column axial load ratio, N*/Agf'c 0.00 slab - - 

Predicted yield 151 kN Beam longitudinal reinforcement details 
Storey shear 

Peak experimental 168 kN  Top bar Bottom bar 

Experimental, θy experimental  1.11% Diameter, db 16 mm 16 mm 
Yield drift 

Predicted, θy predicted  1.16% Total area, As 1005 mm2 1005 mm2 

Failure type Bond Yield stress, fy 519 MPa 519 MPa 

Maximum drift without bond failure 4.4% Ultimate stress, fu 672 MPa 672 MPa 

Number of cycles at max. drift without bond failure 2 Peak stress, fmax 612 MPa 612 MPa 

Calculated bond failure drift 4.4% Ratio β 1.00 1.00 

Used in analysis to assess the effect of:  

concrete strength on bond strength Yes 

Joint shear reinforcement relative to amount required by 

NZS 3101 

column axial load on bond strength Yes Horizontal reinforcement, Vsh 148% 

reinforcement asymmetry on compression bar stress Yes Vertical reinforcement, Vsv 156% 

 Ratio of required to available bond strength according to: 

 NZS 3101 AIJ EC 8 Restrepo ACI 318 Brooke 

Top bar 0.71 1.05 1.12 0.97 0.62 0.86 

Bottom bar 0.71 1.05 1.12 0.97 0.62 0.86 
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Appendix C  

DESIGN OF IMPROVED  
TEST METHOD FOR  
BEAM-COLUMN JOINTS 

C.1 Overview of the new test method 

In Chapter 8 a brief description was given of an improved setup used to test the beam-

column joints that formed Part 3 of this thesis.  This setup allowed beam-column joints to 

be tested in an upright position as shown in Figure 8-19 in contrast to the setup used 

during Parts 1 and 2 of this thesis, which required beam-column joints to be tested while 

lying horizontally.  Several factors combined to provide motivation for developing the 

improved test setup: 

• Very limited space was available in the Civil Engineering Test Hall at the 

University of Auckland.  As shown in Figure C-1 the space required by the new 

test setup was approximately one third of the space required by the original setup. 

• The use of two independent actuators to apply cyclic loads in the original setup 

lead to significant control problems as described in Chapter 6.  The new test setup 

was developed so that cyclic forces only had to be applied at a single location, 

which simplified the control process. 

In addition to these main motivating factors the new test setup offers some additional 

benefits: 
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• It is much easier to precisely identify the location of points of inflection in the 

beams and columns with the new setup since the ends of the beams and columns 

are all supported by pinned connections. 

• It would be relatively simple to modify the new setup so that realistic P-delta 

effects were applied to the test unit.  This capability was not however developed 

for the research described in this thesis. 

Mod el : x yz

Cap ci ty : 5 00 kN
              5 .0 9 t

Stro ke : 3 00 mm
S/N: ADA2 34 Z

Model: xyz
Capcity: 500kN

              5.09t
Stroke: 300mm
S/N: ADA234Z

1000 mm
Scale

new setup

space required

~4.5m x 1.8m

original setup

space required

~4.5m x 5.5m

 

Figure C-1 Plan views of old and new test setups 

This appendix provides details of the design of the new test rig.  The main purpose of 

providing such details is to ensure a permanent record is available outlining the 

capabilities of the setup to simplify the task of using or adapting the setup for use in 

future research. 

C.1.1 Determination of key performance requirements 

Having decided that it was worthwhile to redevelop the method used to test beam-column 

joints it was necessary to decide on a target specimen size and strength.  To minimise the 

costs associated with developing the new test setup it was evident that the size and 

strength of the test specimens should be based on the crane and hydraulic actuators 

already available in the Test Hall.  This resulted in two main limitations: 

• Maximum long stroke, cyclic actuator capacity of 300 kN, possibly with two 

operating in parallel to apply a force of 600 kN 
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• Maximum test specimen mass of three tonnes. 

Considering first the mass limit imposed by the crane capacity, the beam-column joints 

tested for Parts 1 and 2 of this thesis were used as reference items.  The mass of the joints 

tested for Part 1 of the thesis was right on the limit of the laboratory crane and hence 

these units were awkward to handle in the lab.  Those tested for Part 2 of the thesis had a 

more useable weight, but had somewhat unusual proportions due to the columns being 

shortened to aid transportation.  Thus the decision was made to size the beam-column 

joints for Part 3 of the thesis so that their column height was approximately equal to those 

from Part 2, but to keep the proportions closer to those from Part 1 of the thesis. 

The actuator capacity and stroke determine the maximum force and displacement that can 

be applied to a test unit.  It is of course important for a beam-column joint being tested for 

earthquake resistance to be subjected to a force of up to 150% of its yield capacity and a 

displacement equivalent to at least 5% drift in each direction.  The capacity and stroke of 

the available actuators can be related to the moment and drift applied to a test specimen 

using the following equations, developed with reference to Figure 4-6. 

The moment applied to the beam-column joint is: 

( )
b

cb
unitcolmax

l2

hl
hVM

−
=  (C-1) 

where in this case Vcol is equal to the force that can be applied by the actuator.  The test 

unit drift θ and actuator stroke are related as follows: 

θh∆ unitactuator =  (C-2) 

From the actuator specifications listed above, a tentative test unit design was developed.  

The available actuator stroke of ±150 mm would allow a ±5% drift range for units up to 

3,000 mm tall.  However this would rely on the actuator being precisely centred at the 

start of testing.  This is hard to guarantee, and hence an approximate column height of 

2,400 mm was chosen to provide some tolerance. 

Taking the chosen column height of 2,400 mm and arbitrarily selecting unit width and 

column depth as 4,800 mm and 600 mm respectively, the maximum moment that can be 

developed using a single 300 kN actuator is approximately 315 kNm.  This limit is 

somewhat lower than the maximum moment of approximately 400 kNm that occurred 

during the testing reported in Parts 1 and 2 of this thesis.  However, the units in Part 1 of 

the thesis in particular were relatively heavily reinforced, and certainly had a greater 
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capacity than the majority of beam-column joint sub-assemblies tested in laboratories 

worldwide.  The use of a single 300 kN actuator to apply forces to the test units was 

therefore considered to be sufficient. 

C.2 Design of the main elements of the new setup 

The new test setup consisted of three main components.  These are the central A-frame 

supporting the column (made up of two individual frames and a cross member) and the 

two struts supporting the beam tips.  The design of these elements is described in this 

section, and all elements can be seen in Figure C-2. 
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Figure C-2 Plan, elevation and cross-section of improved test setup 

The overall dimensions of the A-frames in particular were estimated initially using 

engineering judgement.  The selected column height of 2,400 mm determined the 

distance between the pivots at the top and bottom of the columns.  Estimation of the space 

required for the pivots, support skate, and A-frame members required for the frame 

indicated that the height of centroid of the cross member at the top of the A-frame was 

required to be 2,800 mm.  A width of approximately 2,000 mm appeared to be 

appropriate for the base of the A-frame, and the final width of 2,032 mm was selected 

since it is five times the 406.4 mm (16”) spacing of the anchor points in the strong floor.  

The spacing of strong floor anchor points also lead to the nominal width of the test unit 

being increased to 4877 mm. 
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C.2.1 Design forces on A-frame 

Although the capacity of the selected actuator was given in the previous section as 

300 kN, this was in fact the maximum cyclic (push/pull) capacity.  As with most actuators 

the “push” capacity of the actuator was actually somewhat higher, being in the vicinity of 

500 kN.  To ensure the A-frame was capable of withstanding this force, a design force of 

600 kN was applied to the A-frame.  This loading is shown in Figure C-3.  The legs of the 

A-frame were assumed to be pinned at the base in the direction of loading. 
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300 kN 300 kN
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2
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Figure C-3 Forces acting on A-frame 

Summing moments about one of the legs gives: 

827kNF

28006002032F

v

v

=

×=×
 (C-3) 

the horizontal force at each side of the frame is 300 kN.  Converting these forces to an 

axial/transverse coordinate system for each leg of the A-frame gives the following forces: 

440kNcos70
2

003
sin70

2

278
Faxial =+=  (C-4) 

0kNsin70
2

003
cos70

2

278
Ftrans =−=  (C-5) 

C.2.2 Selection of section for A-frame legs 

The strength of the frame will be governed by the strength of the leg in compression.  

Therefore: 
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489kN
0.9

440

φ

F
N axial

n ==≥  (C-6) 

The capacity of the compression member must be greater than this value.  i.e. 

ynfccn fAkαNN =<  (C-7) 

Using a 6150150 ×× SHS from the Onesteel range the appropriate properties are 

kf = 1.0, An = Ag = 3330 mm2, and fy = 350 MPa.  αc is dependent on the effective length 

(Le) and the radius of gyration (rx=ry).  The effective length was taken as twice the length 

of the frame legs, since the cross member was assumed to provide only limited restraint 

to lateral buckling.  Determining αc: 

0.5αb −=  (cold formed hollow section where kf=1.0) (C-8) 

mm5957101628002L 22

e =+=  (C-9) 

121.1
250

350
1

58.2

5957

250

f
k

r

L
λ

y

f
e

n ===  (C-10) 

( ) 457.0
5

1.1
340.4463.0463.0αc =−−=  (C-11) 

Therefore: 

kN33535033301.00.457fAkαN ynfcc =×××==  (C-12) 

Thus a 6150150 ×× SHS is sufficient for the legs of the A-frame. 

C.2.3 Design of cross member 

The cross member at the top of the frame was conservatively assumed to be pinned at 

each end, and was loaded by an eccentric 600 kN point load at its midpoint.  It has a 

length of 1,070 mm, and hence the maximum bending moment in the member was: 

178kNm
9.04

07.1600

4φ

PL
M n =

×
×

==  (C-13) 

A 9002002 ×× SHS with 140 mm by 8 mm plates welded on all four sides was selected 

for this member.  The member cross section is shown in Figure C-4.  The 
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9002002 ×× SHS is a compact section.  Assuming that the section is to remain 

completely elastic during use, the moment capacity is: 

yy ZfM =  (C-14) 

The section modulus of the base section is 392,000 mm3.  The section modulus of the 

modified section is calculated below. 

3

326

mm171,216

108

12/14082104804121039.2

y

I
Z

=

××+×××+×
==

 (C-15) 

The moment capacity of the modified section is therefore: 

kNm217350171,216M y =×=  (C-16) 

which is sufficient. 
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Figure C-4 Cross section for cross member 

The maximum expected shear force in the cross member is 300 kN, and the design force 

is therefore 333 kN. 

Checking to ensure that web buckling does not occur (ignoring the additional web plates 

which will stiffen the webs further): 

69.320.2

350

25082

9

92200

f

25082

t

d

yw

p

≤

≤
×−

≤

 (C-17) 
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Therefore the shear force is resisted by the full depth of the webs. 

( )[ ]
kN688

webs29220093500.6

Af0.6V wyu

=

××−×××=

=

 (C-18) 

The section has sufficient shear strength even neglecting the web plates. 

As noted the force is applied eccentrically to the cross member, a fact that can be seen 

later in Figure C-6.  The magnitude of the eccentricity is 235 mm.  As a result of this 

eccentricity, a torsional moment develops in the cross member. 

kNm71
2

600
0.235MT =×=  (C-19) 

The torsional stress developed by this moment is: 

C

M
τ T=  (C-20) 

where C is the torsional modulus, which is approximately: 

tA2C m≈  (C-21) 

Am is the mean area of a thin walled hollow section, and t is the wall thickness.  For the 

plain 9200200 ×× SHS, Am is 1912 mm2, and t is 9 mm.  Thus: 

332 mm1065791912C ×=××=  (C-22) 

which compares reasonably with the value of 
33 mm10599 ×  given by tables of section 

properties.  Adding the four web plates, the torsion modulus will increase too 

approximately: 

( ) 332 mm101240891912C ×=+××≈  (C-23) 

This value is rather approximate, since (i) the mean area of the section increases with the 

addition of the web plates, and (ii) the web plates are not as long as the flanges of the 

SHS.  Based on the above value of the torsion modulus, the torsional stress generated is: 

MPa57
101240

1071

C

M
τ

3

6
T =

×

×
==  (C-24) 
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This is clearly OK.  It is also necessary to check the combined effect of shear and torsion 

in the critical web.  Conservatively, the shear stress in the webs is: 

MPa55
160172

10300

A

V 3

w

=
××

×
==v  (C-25) 

Summing the stress created by shear and torsion gives a resultant stress of 112 MPa, 

which is low enough to ensure that yielding does not occur. 

C.2.4 Design of struts to restrain beam ends 

By inspection, the force in these struts is considerably lower than the 586 kN capacity of 

the 6150150 ×× SHS found in section C.2.2.  The effective length of these struts is of 

the order of 1,000 mm.  This reduced effective length results in a member compression 

capacity of approximately 1,000 kN.  Depending on the length of beams used, the axial 

force in these struts will be approximately 300 kN.  The struts will therefore use the same 

6150150 ×× SHS section as the legs of the A-frame. 

C.3 Design of smaller parts 

In addition to the main frame and support struts the new test setup required a large 

number of smaller parts and connections to be designed or checked.  This section contains 

design details of smaller items within this rig.  Most of these smaller items were designed 

for commonality with similar parts already in the inventory of the Test Hall.  In such 

cases it was assumed that the designs had been previously proven by testing, and hence 

specific design was in many cases not completed.  Where specific design was conducted 

it was assumed that the smaller items were “project specific”, that is the strengths needed 

only to be sufficient for units tested for this thesis.  Since the test units were designed so 

that the maximum shear force that could be developed in the column was less than 

300 kN, smaller items and connections used in the test setup were designed only to resist 

forces occurring when a column shear force of 300 kN existed. 

Figure C-5 shows front and side elevations of the pivot detail used at the base of the 

column.  The pivot consisted of two steel pieces.  The lower half rested on a 10 mm thick 

skate in order to resist friction between the test unit and the strong floor.  The upper half 

of the pivot was bolted to the column bottom plate.  Details of this bolted connection can 

be found below.  The eyelet of the hydraulic actuator was inserted between the two halves 

of the pivot.  All three parts were connected by a 50 mm diameter steel pin. 
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Figure C-5 Detail of column bottom pivot 

Figure C-6 shows the steel pivot used at the top of the column.  This is similar to the 

bottom pivot, but does not include an actuator.  The upper half of the pivot has two 

support legs, and is welded directly to the 9002002 ×× SHS cross member of the A-

frame.  The two legs were drilled to accept a 50 mm diameter pin as in the bottom pivot.  

The upper half of the pivot was supported by three 10 mm plate stiffeners on each side of 

the main crossmember.  The lower half of the pivot has two support legs, which have 

slots cut into them that are 100 mm long and 50 mm wide.  These elongated slots provide 

tolerance for vertical inaccuracies in the system.  The tolerance provided by the slots is 

illustrated in Figure C-7 

C.3.1 Strength of bolted connections between pivots and column 
top/bottom plates and between A-frame legs and cross member 

Figures C-8, C-9, and C-10 show the bolted connections between the bottom and top 

column plates and pivots, and between the A-frame legs and cross member respectively.  

It can be seen that all of these connections rely on four bolts to transfer forces, and hence 

the design of all connections can be considered together. 

First checking the bearing strength of the plates.  24 mm bolts were used, and the 25 mm 

steel plate had an ultimate strength of at least 250 MPa: 

432kN

25242503.20.9

td3.2fφV pfu

*

b

≤

××××≤

×≤

 (C-26) 

This value is the force that can be transferred into the 25 mm plate by one bolt.  It is clear 

that bearing capacity did not govern the design. 
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Figure C-6 Detail of column top pivot 
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Figure C-7 Vertical tolerance of column top pinned connection 

Checking that four 24 mm bolts are sufficient to transfer the maximum force of 300 kN 

applied to the connection.  The shear force that can be carried by one M24 Grade 8.8/S 

bolt in single shear is: 

kN133

32418300.628.0

Akf0.62φV cruff

=

××××=

= φ

 (C-27) 

Based on this four M24 Grade 8.8/S bolts have sufficient shear strength to connect the 

eyelet to the column top or bottom plate. 
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Figure C-8 Eyelet to column bottom plate connection detail 
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Figure C-9 Eyelet to column top plate connection detail 

The shear force at the pivot is transferred eccentrically to the connection between the 

eyelet and the column plate.  The worst eccentricity would be if the complete tolerance at 

the top plate had been used, resulting in an eccentricity of 135 mm as shown in Figure 

C-9.  The tension force in each of the pair of bolts resisting this tension is: 

kN1092/
185

135300
N*

tf =
×

=  (C-28) 
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and the tensile capacity of an M24 Grade 8.8 bolt is: 

kN2348303538.0

fAN ufstf

=××=

= φφ
 (C-29) 

Checking the combined shear and tension load case, 
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 (C-30) 

Therefore 4 M24 Grade 8.8/S bolts are sufficient for connecting the eyelet to the column 

top or bottom plate. 
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Figure C-10 Cross member to A-frame connection showing assembled and disassembled 
connections 

C.3.2 Welded connections 

The development of the new test setup required a large number of welded connections to 

be formed between various parts.  For brevity only a single example calculation is shown 
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here.  It was generally found that all welded connections could adequately be made using 

full penetration butt welds or 6 mm fillet welds as appropriate. 

A-Frame Footplates 

These welds must resist an axial force of 827/2 = 414 kN and a shear force of 150 kN 

(see section C.2.1).  The dimensions of the connection are shown in Figure C-11. 
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The leg length of the weld used must therefore be greater than 5.1 mm, therefore use 

6 mm fillet welds. 
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Figure C-11 Dimensions of A-frame footplate welds 

C.4 Evolution of test method 

During the tests conducted for Part 3 of this thesis during which the new test setup was 

used a number of minor issues with the test setup were encountered.  These were 

generally corrected on an ad-hoc basis without specific calculation, and hence are only 

described here. 

Design of rollers supporting test unit 

As noted in section 8.6.1 it was found during the testing of unit PVA-1 that the out of 

plane stiffness of the test unit/test setup was insufficient to prevent out of plane 
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movement during testing.  Thus guide rollers were added to the bottom pivot support and 

roller for the testing of later units. 

It was also found that the initial design of the rollers was not satisfactory and that the 

small diameter rollers originally selected became clogged with crushed concrete as testing 

progressed.  An initial effort to alleviate this problem was made by adding a rubber blade 

at either end of the rollers with the purpose of sweeping the path clear of debris.  This 

improved the situation, but was not perfect.  An improved set of larger diameter rollers 

were fabricated for use during testing of units PVA-3, PVA-4, and RPC-1.  These rollers 

were much more effective since they were able to roll over/crush most of the fine 

concrete particles that escaped the sweeper blades. 

Connection between A-frame legs and cross member 

During the design stage it had been envisaged that a precisely machined bolted 

connection would be achieved between the cross member and A-frame legs.  However, 

when the test rig components were received from the fabricator it was found that the 

plates attached to the A-frame legs and cross member had not been “match drilled”, and 

that as a result the bolt holes were not properly aligned.  This lead to some of the holes 

having to be enlarged and introduced a significant degree of slackness at this critical 

connection.  During testing of unit PVA-1 it was noted that the cross member was 

rotating significantly and affecting the displacement data recorded.  Although gauges had 

been installed that allowed this unwanted displacement component to be removed from 

the analysed data (see section A.4.2) the rotation of the connection reduced the effective 

displacement capacity of the test rig.  Therefore before testing of unit PVA-2 the stiffness 

of the connection was increased significantly by welding the cross member and A-frame 

connection plates together.  This successfully stiffened the connection for future testing, 

but meant that the complete A-frame could not be easily disassembled for storage 

purposes. 

Sliding of the A-frame support 

During all tests conducted using the new setup it was noticed that there was a tendency 

for the feet of the A-frame to slide relative to the strong floor.  This sliding occurred 

despite the feet being heavily stressed to the floor.  No effective solution to this problem 

was implemented during the testing reported in this thesis.  However, it is recommended 

that future performance could be improved by physically keying the A-frame feet into the 

anchor holes in the strong floor using thick walled steel tubes.  Using the thick walled 
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tubes as a shear keys would still allow the feet to be stressed down to resist axial forces in 

the A-frame. 

Stiffness of the A-frame 

Data recorded during testing showed that the A-frame is relatively flexible.  This can be 

seen in Figure C-12, which shows the relationship between column shear force and the 

lateral deflection of the A-frame during testing of unit PVA-2.  There are two obvious 

components in the deflection.  The deflection that occurred when the force applied was 

low (and approximately constant) is related to the sliding of the A-frame feet discussed 

above.  The parts of the curve with measureable stiffness indicate the inherent properties 

of the frame itself.  Inspection of data from the tests conducted indicates that this stiffness 

is of the order of 30-40 kN/mm.  As discussed in section A.4.2 it was simple to account 

for this displacement when determining the actual deformation experienced by the test 

units.  Hence the relative flexibility was not a great concern for the research described in 

this thesis.  However, any movement of the top of the A-frame (and hence movement of 

the top pivot point) reduces the maximum displacement that can be applied to a test unit.  

Hence if the A-frame were reused for testing higher strength beam-column joints it may 

be desirable to stiffen the frame and thus minimise its deformation. 
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Figure C-12 Example force-deflection curve for A-frame (measured during testing of unit PVA-
2) 




